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Preface 


Tilt  I'nivcrsity  of  Missouri-Rolla  li.n)  hosteti  a  very  suaessful  International  (.onferente  on  (iase  His¬ 
tories  in  ( leoteehnital  Mnitineerin^  in  Mav  |9S  i.  The  Set'onti  (ionference  in  the  series  was  planned  in  198^, 
and  a  (  all  for  Papers  was  issued  in  Deteniber  P)86.  The  conference  has  been  co-s[sonsored  and  partially 
funded  by  the  L’.S.  Army  Department  of  Research.  P  has  been  orj^janized  in  cooperation  with  the  Interna¬ 
tional  Society  for  Soil  Mechanics  and  I'oundation  Pn^ineering.  International  Association  of  parthqiiake 
I  nuineerint;,  harthquake  linpineering  Research  Institute.  Association  of  lin^meerin^  ( ieolo^jists.  I'nited 
States  Caimmittee  on  l  arye  Dams,  I'nited  States  National  (.ommittee  for  Rock  Mechanics.  Transportation 
Research  Board,  American  .Society  of  (iivil  lin^ineers — Mid-Missouri  Section,  Association  of  Soil  and  I'oun¬ 
dation  P.nqinecrs,  .ind  Pngineerin^  Cteokyity  [division  of  the  (reolo^ical  Society  of  .America 

The  (.all  for  Papers  w.is  issued  in  December  l9H6  and  papers  were  contributed  from  l~  countries: 
Australia,  Austria.  Brazil,  Bulgaria,  (ianada,  (ihina.  Denmark,  Pgypt.  France,  (iermany.  (ihana.  (ireece,  Hong 
Kong,  India,  Indonesia,  Ir.iq,  Ireland,  Israel,  Italy,  Japan.  Jordan,  Kenya.  Korea,  l.ibya,  Mexico.  Netherlands. 
New  Zealand.  Nigeria,  Norway.  Pakistan.  Panama,  Peru,  Portugal,  Puerto  Rico,  Romania,  Saudi  Arabia. 
Singapore.  .South  Africa,  Sri  l.anka,  Sweden,  Taiwan,  Turkey.  I'nited  Kingdom,  Imited  States,  U.S.S.R., 
N'ietnam,  and  Yugoslavia,  making  this  conference  a  tnily  international  one.  The  large  number  of  papers 
received  were  reviewed  by  a  panel  of  12  international  experts. 

The  conference  papers  and  state-of-the-art  reports  have  been  printed  in  two  volumes  which  will  be 
issued  before  the  conference.  The  third  volume  containing  reports,  discussions,  authors'  replies,  speeches 
and  special  programs,  will  be  issued  after  the  conference.  The  first  volume  contains  1  Vi  papers,  and  the 
second  volume  contains  100  papers  and  six  state-of-the-art  papers. 

The  organizing  committee  was  always  ready  to  assist  in  matters  of  organization.  In  the  initial  stages 
of  planning,  guidance  was  obtained  from  ''XAD.  Liam  Finn,  F.,  D'Appolonia.  Norbert  O.  Schmidt,  and  Allen 
VC'.  Hatheway.  The  University  of  Missouri-Rolla  staff  has  been  very  ciKiperative  throughout,  especially  per¬ 
sonnel  of  the  Engineering  Continuing  Education  unit.  In  addition,  our  secretaries,  particularly  Janet  Pearson, 
worked  hard  to  keep  pace  with  the  paperwork  asstKiated  with  such  a  venture.  Their  work  is  especially 
appreciated  since  everyone  knows  how  difficult  it  would  be  to  handle  such  a  monumental  work  without  the 
active  cooperation  of  these  people. 

The  timely  printing  of  the  prtxteedings  has  been  made  possible  through  the  efforts  of  personnel  at 
UMR  Centralized  Printing  Office.  Without  the  expertise  and  technical  a,ssistance  of  these  individuals,  the 
proceedings  would  nor  exist  in  their  present  form. 

We  now  l(x)k  forward  to  a  successful  conference  in  St.  Louis  during  the  week  of  June  1-  A,  1988. 


Shamsher  Prakash,  Fiditor 
and  Conference  Chairman 
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Synopsis:  One  of  the  problems  regularly  facing  engineers  in  designing  additions  to  buildings  or  other  structures  is  dealing  with  excavating  for  footings 
directly  adjoining  existing  footings  but  at  a  deeper  level. 

This  was  accomplished  in  sandy  soils  economically  and  quickly  for  a  noted  Conference  Center  in  1 983  by  using  compaction  grouting.  Compaction  piles 
were  utilized  to  pick  up  existing  loads  as  well  as  the  horizontal  loads  which  would  normally  allow  the  building  to  tip,  settle  and  crack.  We  believe  this  was 
the  first  use  of  compaction  piles  as  '‘anchor"  piles  to  pick  up  horizontal  loads.  By  using  this  process,  the  sandy  soils  along  the  excavation  stood  without 
other  support  when  excavating  with  a  backhoe. 

The  paper  presents  the  criteria  used  in  developing  this  method,  summarizes  the  critical  loads,  and  explains  the  operation.  There  has  been  no  settlement 
at  the  site. 


One  of  the  problems  regularly  facing  architects  and  engineers  designing 
additions  to  buildings  or  other  structures  is  dealing  with  excavation 
directly  adjoining  present  structures  where  new  footings  need  to  be 
placed  below  the  existing  foundation  level.  That  typical  problem 
presented  itself  at  the  Harrison  Conference  Center  in  Glen  Cove,  NY,  on 
the  north  shore  of  Long  Island. 

An  addition  incorporating  an  indoor  sports  center  was  planned  to  attach 
directly  to  a  two  story  wing  used  as  sleeping  quarters  at  the  Center.  The 
exterior  walls  for  the  existing  two  story  brick  structure  were  supported  by 
continuous  spread  footings  on  natural  soils,  a  mixture  of  loose  to  medium 
dense  glacially  deposited  beach  sand,  stones,  and  silt.  The  ground  floor 
was  a  slab  on  grade.  The  addition  was  to  be  connected  at  its  enclosed 
stairwell  to  allow  direct  passage  to  the  second  story  of  the  new  addition. 
The  new  section  was  a  three  story  structure  set  so  the  root  lines  would 
match.  The  new  basement  was  to  be  placed  below  the  level  of  the  existing 
first  floor  with  the  new  continuous  strip  footings  to  be  placed  from  6.5  to 
13.5  feet  below  the  existing  footings. 

The  existing  building  was  about  eight  years  old  at  the  time.  It  had  been 
well  constructed.  Examination  showed  no  evidence  of  settlement  and  no 
cracks,  internal  or  external.  Existing  continuous  footing  loads  ra,-igcd  from 
about  2.1  to  3.6  kips/lin.  ft.  The  site  is  some  200  feet  in  elevation  above 
ocean  level.  Soil  borings  showed  the  soils  to  be  well-drained. 

The  most  common  method  of  providing  support  for  an  existing  structure 
where  a  new  structure  is  to  be  built  next  to  it,  but  at  a  lower  level,  is  to 
underpin  it  with  concrete  piers.  Pier  holes  at  relatively  wide  spacing  are 
excavated  below  the  existing  footings  to  a  depth  below  the  excavation 
level  required  for  the  new  structure,  then  lagged  with  timber  prior  to 
placing  reinforcement  and  filling  them  with  concrete.  After  tfie  first  set  of 
piers  have  sufficient  strength,  additional  piers  are  constructed  in  between 
in  a  similar  manner  until  a  continuous  wall  exists.  This  work  requires  hand 
labor  and  is  slow  and  tedious.  Even  though  great  care  is  taken,  loss  of 
ground  during  the  excavation  for  the  piers  often  occurs  which  results  in 
settlement  of  the  existing  structure. 

Compaction  grouting  has  the  attributes  to  solve  the  potential  problems 
associated  with  this  situation.  Compaction  piles  are  placed  through  small 
2  inch  diameter  holes  which  create  no  potential  for  settlement  during  pile 
placement.  No  excavation  for  the  new  building  fakes  place  until  the 
compaction  piles  are  in  place.  During  the  grouting,  the  soil  is  compacted 
and  fensified  so  that  when  excavation  does  take  place,  neither 
settlement  nor  lateral  failure  can  occur. 

The  concept  for  the  Conference  Center  project  was  to  provide  vertical 


support  forthe  existing  building  footings  by  using  compaction  piles  placed 
through  those  footings.  These  piles  extended  a  suitable  distance  below 
the  eventual  excavation  depth.  The  piles  were  angled  slightly  inward  so 
that  excavation  equipment  would  not  cut  into  them.  Horizontal  support  to 
the  soils  and  support  to  prevent  lateral  movement  of  the  building  was 
provided  by  45  degree  anchor  piles.  The  bases  of  these  piles  were  placed 
beyond  the  shear  line  of  the  soil,  and  the  top  end  anchored  into  the 
foundation.  Each  pile  was  attached  to  the  footing  by  a  threaded 
reinforcing  bar  extending  through  a  hole  cored  in  the  footing,  and  the 
whole  assembly  epoxied  in  place. 

After  the  grouting  was  complete,  the  existing  building  was  fully  supported 
on  its  own  piles.  Soils  for  the  new  excavation  were  then  cut  away  adjacent 
to  the  existing  structure,  and  there  was  no  need  for  backfill  nor  to  allow 
for  the  usual,  eventual  settlement. 

The  general  plan  of  the  existing  footing  is  shown  in  Figure  1 .  That  plan 
shows  the  pattern  of  piles  placed  under  the  building.  Pile  and  soil 
calculations  were  based  on  three  criteria: 

•  Settlement  potential  of  the  existing  soil 

•  Lateral  pressure  and  forces 

•  Bending  forces  on  the  piles 


It  was  judged  that  a  pile  with  a  nominal  and  minimal  diameter  of  one  foot 
was  reasonable  to  attain  m  these  soils  When  the  first  trial  calculations 
were  completed,  it  was  evident  that  the  lateral  forces  would  govern  and 
would  become  the  limiting  design  criteria 


The  advantages  of  the  compaction  grouting  method  are  that  loss  of 
ground  and  subsidence  during  the  underpinning  operation  are  virtually 
eliminated.  Furthermore,  the  underpinning  can  be  completely  installed 
prior  to  excavating  to  a  level  below  the  existing  structure's  foundation. 


For  the  Glen  Cove  proj¬ 
ect,  compaction  grout 
piles  were  designed  to 
provide  both  vertical  sup¬ 
port  for  the  existing  con¬ 
tinuous  spread  footing 
foundation  and  lateral 
support  to  the  wedge  of 
soil  beneath  the  existing 
structure  which  would 
tend  to  slide  into  the  exca¬ 
vation  if  not  restrained. 
Ve.lical  support  was  pro¬ 
vided  by  compaction 
grout  piles  on  4  to  6  foot 
centers  having  a  batter  of 
1  horizontal  to  10  vertical. 
The  purpose  of  the  batter 
was  to  minimize  their  in¬ 
trusion  into  the  area  of  the 
new  structure.  It  was  not 
considered  necessary  to 
Grouting  an  anchor  pile  make  the  piles  form  a 

continuous  wall  since  the 
water  table  was  below  the  depth  to  be  excavated.  These  piles  were 
designed  for  both  axial  compression  and  flexure.  The  tops  of  the  1;10 
batter  piles  were  restrained  laterally  by  compaction  piles  having  a  batter 
of  1  horizontal  to  1  vertical.  The  1:1  batter  piles  were  located  midway 
between  the  1 :10  batter  piles  and  were  designed  for  tension. 


Both  types  of  piles  were  reinforced  with  a  single  steel  fhieaded  bar  over 
their  full  length.  All  bars  extended  through  the  existing  footings.  The  bars 
had  bearing  plates  at  the  top,  and  were  grouted  Into  the  top  of  the  toolings. 
Either  no.  8  or  no.  10  bars  were  used  depending  on  the  design 
requirements.  The  1:10  batter  piles  were  designed  for  a  diameter  of 
approximately  1 2  inches  at  the  top.  increasing  to  1 5  inches  at  5  feet,  to 
20  inches  at  10  feet,  and  continued  at  that  diameter  to  the  tip.  The  1 :1 
batter  piles  were  designed  for  a  diameter  of  approximately  1 2  inches  for 
the  first  1 0  feet,  increasing  to  1 5  inches  at  1 5  feet,  to  20  inches  at  20  feet, 
and  continuing  at  20  inches.  Pile  lengths  ranged  from  15  to  25  feet.  The 
required  grout  strength  was  3000  psi  and  grade  60  steel  reinforcement 
was  used. 


Design  loading  lor  the  piles  was  based  on  a  lateral  earth  pressure  loading 
of  one-half  the  vertical  pressure  from  the  underside  of  the  existing  floor 
slab  to  the  underside  of  the  existing  footings.  Below  this  level,  the  lateral 
pressure  was  assumed  to  remain  constant  to  the  depth  where  it  is  equal 
to  the  active  pressure;  that  active  earth  pressure  was  assumed  to  be  one- 
quarter  of  the  vertical  pressure. 


The  calculations  for  the 
design  axial  loads  at  the 
top  of  the  piles  were  calcu  • 
lated  based  on  the  as¬ 
sumption:  the  lateral  earth 
pressure,  from  the  level  of 
the  existing  floor  subgrade 
to  a  level  midway  between 
the  bottom  of  the  existing 
footing  and  the  excavation 
level  of  the  new  footing, 
will  be  supported  by  the 
1  -.1  batter  piles.  The  lateral 
earth  pressure  below  this 
was  assumed  to  be  sup¬ 
ported  by  the  embedded 
portion  of  the  1  ;10  batter 
piles  below  the  level  of  the 
new  excavation. 

The  1.1  batter  tension 
piles  had  calculated  de¬ 
sign  loads  ranging  from 


Grout  casings  and  drilling 
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1 7.5  to  20  kips.  Their  design  length  was  such  that  they  extended 
approximately  14  feet  past  a  1 :1  slope  up  from  the  nearest  excavation 
level.  The  calculated  pile  friction  in  this  zone  was  in  excess  of  three  times 
the  calculated  design  load. 


Excavation  done  by  backhoe 

The  1:10  batter  compression  piles  had  calculated  axial  design  loads 
ranging  from  22.5  to  35  kips.  Since  the  end  bearing  capacity  of  a  20  inch 
diameter  pile  in  compact  sand  is  much  greater  than  the  axial  design  loads, 
the  lateral  loading  governed  the  required  pile  penetration  below  the  new 
excavation  level.  The  calculated  lateral  load  to  be  supported  by  the 
embedded  portion  of  the  pile  ranged  from  5  to  1 2  kips  depending  on  the 
depth  of  the  excavation.  Using  laterally  loaded  pile  analysis  methods,  it 
was  found  that  penetrations  of  9  to  12  feet  were  suitable.  Maximum 
bending  moments  resulting  from  this  analysis  determined  a  suitable  pile 
diameter,  size  for  reinforcing  steel,  and  required  concrete  strength. 

The  selection  of  pile  size  and  length  took  into  account  the  compressibility 
of  the  soil.  In  the  vicinity  of  the  existing  foundation  and  floor  slab,  the  size 
of  the  pile  was  to  be  no  larger  than  1 2  inches  since  the  ground  may  not 
have  been  able  to  compress  that  much  and  heave  of  the  structure  may 
have  occurred.  The  diameter  of  the  lower  portion  of  the  piles  was 
inoreased  up  to  20  inohes  to  meet  design  requirements. 


Comer  showing  sewer  connection 


The  resulting  layout  IS  shown  in  Figure  1  and  sections  through  the  footings 
and  shown  in  figures  2-4.  Load  calculations  are  summarized  in  the  Table 
below; 

Design  Excess 

Criteria  Units  Req’d  SF=3  over  SF 


End  bearing 


Min.  dia.  =  1  ft 

tons 

17.5 

87.0 

69.5 

Bending  (max  case) 

Rebar  size 

sq.  in. 

1.04 

1.27 

0.23 

Concrete  strength 

psi 

2,200 

3,000 

800 

Lateral  earth  pressure 

Rebar  size  (tension) 

sq.  in. 

0.63 

0.79 

C.16 

Min.  embedment  depth 

ft. 

7.6 

18.8 

11.2 

Final  excavation  before  new  footings 


In  order  toobtain  adequate  support  directly  underthe  existing  strip  footing 
and  to  get  the  minimum  1  foot  diameter  at  shallow  depths,  stage  grouting 
from  the  top  down  was  chosen  as  the  best  technique.  This  is  often  done 
in  compaction  grouting  where  exceptional  support  near  the  bottom 
surface  of  the  existing  footings  is  needed  and  where  confinement  of  the 
surrounding  soil  may  be  inadequate.  The  procedure  minimizes  the 
tendency  for  grout  return,  ground  heave,  and  floor  lift  before  the  desired 
amount  of  material  can  be  introduced  near  the  surface. 

Holes  were  drilled  in  the  footing  and  2  inch  diamctergrout  casing  it  stalled. 
Earth  drills  then  carried  a  pilot  hole  to  about  5  feet  below  the  footing  and 
the  first  stage  of  grouting  began.  Grout  slump  was  0  to  1  inch.  The  grout 
was  allowed  to  set,  usually  overnight  for  operational  convenience.  The 
casing  was  then  drilled  out  and  drilling  continued  through  the  first  stage 
and  into  the  earth  below  for  another  5  feet  I'he  next  stage  of  grout  was 
placed  below  the  first  and  the  process  continued  by  approximately  5  foot 
stages  until  the  design  level  was  reached.  After  the  second  stage,  there 
is  minimal  danger  of  uplift  because  point  forces  of  injection  are  being 
transferred  to  such  a  la'^ge  mass  above.  This  is  particularly  important  on 
the  1  ;1  batter  piles  where  the  upper  restraint  is  provided  only  by  a  light 
floor  slab. 

During  the  last  and  deepest  stage  of  grouting,  the  reinforcing  bar  was 
placed  in  the  hole  and  grouted  in  place.  The  top  of  the  threaded  rebar 
extending  tiirough  the  footing  had  washerc  and  nuts  placed  on  them.  The 
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1  :i  batter  rebar  had  bearing  plates  placed  over  the  ends  at  45  degrees 
and  the  nuts  drawn  up  tight  to  accept  the  tension  loads. 


During  grouting  on  one  end  of  the  building,  an  unexpected  perched  water 
zone  was  encountered  at  a  depth  of  about  20  feet.  The  sand  and  gravel 
turned  to  a  flowablo  mush  and  drilled  pilot  holes  would  not  stay  open  for 
the  next  stage  grout.  Conventional  methods  of  holding  a  hole  open  with 
drilling  fluids  do  not  work  with  compaction  grouting  where  the  grout  is  near 
zero  slump  and  injection  pressures  run  to  several  hundred  psi.  In  order 
to  get  past  this  obstacle,  the  grout  holes  from  the  20  foot  level  down  were 
cased  to  the  bottom,  the  reinforcing  bar  installed,  and  the  bottom  of  the 
pile  grouted  from  bottom  up  by  pulling  the  casing  in  1  foot  increments.  This 
turn  about  method  was  used  on  1 2  piles  whore  the  perched  water  was 
encountered. 


During  excavation,  a  few  piles  were  partially  exposed.  Close  digging  in 
the  area  of  section  B  scraped  against  the  grout  at  the  fop.  On  the  right 
corner,  pile  number  34  was  hit  during  excavation  by  earth  moving 
equipment  breaking  away  sizable  sections  In  the  end,  no  harm  was  done 
and  the  digging  contractor  returned  to  using  a  backhoe  rather  than  a 
bulldozer  for  excavation  near  the  structure.  It  is  interesting  that  the  shape 
of  the  exposed  pile,  number  34,  is  roughly  square  rather  than  roughly 
round  as  might  be  surmised. 

No  special  precautions  were  observed  during  excavation.  Because  of 
construction  scheduling,  the  vertical  face  was  exposed  and  unsupported 
for  about  a  month.  The  soil  between  the  piles  along  the  face  had  been 
compressed  so  densely  during  grouting  that  there  was  no  noticeable 
difference  in  appearance  after  the  month  passed. 


When  the  new  footings  and  walls  were  in,  the  space  behind  the  new  walls 
was  filled  with  concrete  to  prevent  any  major  migration  ot  soil  from 
beneath  the  building.  However,  no  attempt  was  made  to  pump  the  space 
full  so  the  end  of  the  old  structure  will  remain  supported  only  on  its 
compaction  pile  base. 


Pile  #34  bracing  is  for  personal 
protection,  not  structural  support 


No  settlement  has  occurred.  Minor  cosm.elic  cracking  to  the  inner  floor 
and  some  inner  walls  resulted  from  small  uplift  during  the  upper  stages 
during  the  grouting  process.  Use  of  compaction  grouting  on  this  proiect 
gave  a  solid  and  probably  the  best  technical  solution  to  this  common 
construction  problem,  and  with  no  setllcment.  The  project  was  completed 
in  about  one-third  the  time  estimated  for  conventional  underpinning  and 
at  52%  of  the  contractor's  budgeted  cost  for  the  best  alternate. 
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Recent  Examples  of  Cut  and  Fill  Reinforcement  on  A41 -Highway  in  France 
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Expert  in  Soil  Mechanics,  Sple-Batignolles,  France 


SYNOPSIS  :  At  EVIRES  PASS,  between  ANNECY  and  MONT  BLANC  in  FRANCE,  subsoil  is  made  up  of  unstable 
clayey  natural  versants  and  marly  bedrock  affected  by  previous  or  current  slidings.  The  problems 
encountered  during  the  new  A41-Highway  construction  were  aggravated  by  the  proximity  of  Road  and 
Railway  located  on  top  of  the  same  versant.  The  final  Design  consisted  of  succession  of  cuts  and 
embankments  with  special  soil  re i nf orcemen t  techniques  to  improve  stability.  So  two  existing  unsta¬ 
ble  Railway  embankments  were  promptly  consolidated  by  "soil  nailing"  with  driven  steel  dowel-piles 
which  were  either  anchored  or  not.  Two  other  high  cuts  in  marls  and  sandstones  affected  by  previous 
landslides  were  reinforced  by  incorporation  of  several  ranges  of  anchored  concrete  slabs.  A  high 
embankment  on  inclined  Soft  Soil  was  founded  on  stone-columns  made  of  crushed  limestone  strongly 
compacted  in  order  to  provide  safety  against  sliding.  Control  instruments  were  installed  prior  and 
after  performance  of  works,  with  a  wiew  to  observe  the  actual  behaviour  of  the  performed  reinforce¬ 
ments  and  to  adapt  the  Project  if  necessary. 


1  -  INTRODUCTION 

The  versants  at  COL  D'EVIRES  between  ANNECY  and 
MONT  BLANC  in  FRANCE  (Fig.  1.1),  are  generally 
gentle  slopes  made  of  plastic  clays  and  silts 
covering  the  inclined  substratum  of  marly 
sandstone  named  "Molasse".  During  the  wet  sea¬ 
sons,  and  more  particularly  during  thawings,  the 
overburden  becomes  unstable,  especially  where 
the  dip  of  the  underlaying  rock  is  unfavourably 
oriented  towards  the  Valley.  The  marl  interbeds 
were  even  the  cause  of  ancient  collapses  of 
versants  that  are  today  either  almost  oblite¬ 
rated,  or  still  the  seat  of  active  layer-on- 
1 ayer  slidings. 

The  problems  encountered  during  the  new  A41- 
Highway  construction  were  aggravated  by  the 
proximity  of  a  main  Road  or  of  a  Railway  located 
on  upstream  side  of  the  same  unstable  versant. 

A  realistic  Highway  Project  was  designed  consis¬ 
ting  of  a  succession  of  cuts  and  fills  along  the 
critical  versant  with  special  precautions  being 
taken  to  reduce  the  problems  : 

-  " sp 1 i t - 1  eve  1 -carr i age-way s "  to  minimize  the 
height  of  excavations  and  embankments,  follo¬ 
wing  the  natural  slope  as  close  as  possible  ; 

-  prior  reinforcement  of  the  existing  Road  and 
Railway  at  the  specific  locations  of  critical 
stability  ; 

-  prior  soil  improvement  below  the  embankments  ; 

-  prior  and  permanent  drainage  of  the  site  ; 

-  monitoring  and  control  of  the  site  and  the 
works  during  and  after  the  construction  ; 

-  arrangement  of  permanent  accesses  to  the  rein¬ 
forced  areas  with  a  view  to  be  able  to  quickly 
execute  additional  reinforcements  later  on  if 
necessary. 

Chosen  reinforcement  techniques  had  to  satisfy  2 
main  Design  Criteria  ; 


-  use  of  light  equipment  and  machine  ; 

-  design  of  solutions  which  are  easily  adaptable 
to  the  specific  soil  conditions  during  the 
performance  of  works. 

The  related  Examples  of  executed  soil  reinforce¬ 
ments  are  : 

-  Reinforcement  of  the  existing  unstable  Railway 
embankment  at  2  locations  by  "soil  nailing" 
with  several  rows  of  driven  steel  dowel-piles, 
whose  tops  were  either  tied  together  by  hori¬ 
zontal  beams,  or  anchored  to  the  bedrock  by 
inclined  prestressed  tie-rods. 

-  reinforcement  of  2  new  high  cut  slopes  below 
the  existing  Railway  or  Road  by  several  levels 
of  reinforced  concrete  slabs  which  were  an¬ 
chored  to  the  stable  rock  stratum  by  100-tons 


Fig.  1.1  -  View  of  worksite  at  EVIRES  Pass 
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pt'e  stressed  tie  - barks.  In  these  cases,  the 
sites  Kiere  at  fee  ted  by  ancient  versant  collap¬ 
se  Of  by  Lutr'ent  sliding  of  rock  mass, 
boil  i  m p r' o  V  e m e n  t  by  means  of  s  t  o n e  - c o  1  u m n s  for 
the  foondation  of  a  new  high  embankment  on 
unsteady  ,  e  r  s  a  n  t  . 


example  of 
0  0  W  E  .  -  ?  I  L  E  S 

ces  huuones' 


itOPE  NAILING  Bt  DRIVEN  STEEL 


•  Nsu. 


Along  the  critical  zone  named  "Les  Hooches" 
(f’q.  ?•!),  the  existing  Railway  embankment  is 

in  average  of  4m  height  and  of  precarioos  stabi¬ 
lity,  although  the  clayey  versant  has  a  gentle 
slope  of  only  about  15  % . 

Soil  1 n ves t i ga t i ons  and  tests  revealed  suitable 
characteristics  of  the  clayey  overburden,  with  a 
thickness  of  5  to  om  : 

Cu  =  40  kPa  with  J/fn  =  0° 

=  3?°  with  C'  =  ?5  kPa  from  triaxial  tests 
PI  =  300  to  500  kPa  from  pressuremeter  tests 
GWL  at  about  3  to  4m  below  GL . 

The  underlaying  sandy  clay  was  found  to  be  stiff 
and  marly  sandstone  encountered  at  14m  depth. 


2.2  Highway  Design  (Fig.  2,2} 

The  Highway  was  designed  to  be  in  a  slight 
split-level  cut  located  at  a  85m  distance 
downstream  from  the  Railway  in  order  to  minimize 
the  problems.  However,  the  relocation  of  a  local 
road  necessitated  a  cut  down  to  7m  in  depth  at 
distance  of  40  m  from  the  Railway. 

The  stability  analysis  concerning  circular  sli¬ 
ding  surface  of  large  radius  and  based  on  the 
above  measured  soil  characteristics  showed  a 
sufficient  safety  coefficient  at  short-term 
(Fu  =  1,45  with  high  GWL)  and  a  superabundant 
long-term  security  (F'  =  2,6). 

Nevertheless,  it  was  decided  to  improve  the 
general  stability  of  the  versant  aiid  cut  slopes 
by  means  of  heavy  draining  masks  made  of  limes¬ 
tone  quarry-run  placed  against  the  cut  slopes, 
and  of  s ub - h dr i z on t a  1  bored  drains  to  lower  the 
water-tz‘'e.  In  addition,  topographical  bench 
marks  and  inclinometer  tubes  were  set  up  over 
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•  ,  2  Rows  of  driven  steel  girders  HEAI40  ' 
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Sandy  C!  [  Lateral  Road 


Fig.  2.1  -  Railway  embankment  during  Nailing 


the  workside,  especially  alcng  the  Railway  in 
order  to  continually  observe  the  ground  bena- 
viour  during  the  earthworks. 

2.3  Unexpected  slope  sliding 

Right  from  the  beginning  of  the  earthworks, 
consisting  of  few  meters  of  cutting  at  40m  dis¬ 
tance  from  the  railway  (fig.  2.2),  the  versant 
showed  signs  of  instability  :  displacement  of 
bench  marks,  deformation  of  inclinometers. 

In  addition,  heavy  rains  in  Autumn  after  a  long 
dry  season,  contributed  to  xcuelerate  the 
ground  movements  causing  the  shearing  off  of 
some  inclinometers  at  5m  depth  and  important 
settlements  of  the  Railway  embankment  at  the 
location  of  a  "bulge"  on  the  versant  which  in 
fact  was  a  "reversed  relief"  formed  by  an  an¬ 
cient  sliding  along  a  "fossile  thalweg". 

2.4  Emergency  measures  for  stabilization 

As  the  settlements  of  the  Railway  persited  and 
necessitated  important  recharging  of  ballast,  it 
was  necessary  to  stop  the  earthworks  and  to 
stabilize  the  railway  embankment  without  delay. 
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Fig.  2.2  -  Soil  Profile  at  "Les  Houches"  Zone  with  Highway  and  Soil  nailing  Project 


In  the  first  d  1  a  c  e  ,  the  t  >j  e  of  the  sliding  zone 
was  0  V e r  1  0  a d e d  with  a  heavy  heap  of  q u  a  r  r  y - r u n 
while  add’tid'tal  ronttoi  instruinents  were 
i  1 s  t  a  I  1 e  d  c  n  the  site.  Odc  e  this  effected,  the 
1  ti  s  t  a h  i  e  V  e r  s  a h  t  was  "nailed"  d >  driving  a  num¬ 
ber  oh  r'fA-steel  girders.  aL'ing  as  vertical 
dowels,  along  the  toe  of  the  Railway  embank.nent. 
Subsequent  additional  soil  improvements,  such  as 
partial  substitution  and  drainage,  were  per¬ 
formed  under  cover  of  tne  above  nailing  system. 


2.5  Preliminary  Design  of  the  dowel-piles 

Topographical  survey  and  i n c I i n ome t r i c  measure¬ 
ments  revealed  that  the  sliding  of  the  clayey 
overburden  practically  occured  on  a  inclined 
plane  Surface  located  at  a  depth  of  about  5m 
(fig.  2.3).  Hence  the  residual  shearing  resis¬ 
tance  of  soil  along  this  sliding  plane  could  be 
estimated  to  be  only  of  Cur=15kP3  (corresponding 
to  the  short-term  safety  Fu  -  1),  instead  of 
Cu  =  ‘10kFa  measured  in  the  overbuden  itself. 


2.6  Executed  slope  nailing 

A  total  of  300  nos  ot  HEA-140  steel  girders  of 
9m  average  length,  were  driven  down  every  50cm 
distance  along  2  parallel  rows,  Im  apart,  and 
75m  long  at  the  toe  of  the  Railway  embankment 
(fig.  2.1) 

The  steel  girders  were  set  in  place  in  the 
clayey  overburden  by  low-frequency  vibro-driving 
meihoQ,  men  driven  down  into  me  lower  compact 
layer  with  the  help  of  a  15  kU  PAJOT  Hammer. 
After  driving,  the  girders  heads  were  linked 
together  by  longitudinal  and  transversal  HEA-160 
beams  (fig.  2.4)  in  order  to  distribute  more 
uniformly  the  uneven  earth  pressures  over  the 
complete  na i 1 i n g - p i 1 e s  system. 

2.7  Additional  reinforcements 

As  soon  as  the  first  40  nos  of  girders  were 
nailed  in  over  the  75m  length,  the  sliding  dis¬ 
placements  slowed  down  considerably. 


As  no  Suitable  analysis  method  was  available  at 
the  time  of  the  works,  the  nailing  piles  network 
was  approximately  designed  with  respect  to  the 
following  assumption  :  the  necessary  number  of 
steel  girders  had  to  be  such  that  their  shearing 
resistance  would  compensate  the  lack  of  shearing 
resistance  along  the  sliding  plane  in  order  to 
obtain  a  safety  factor  of  F  +  lif  >1. 

It  was  thus  estimated  that  by  nailing  HEA-140 
steel  girders,  4  nos  per  linear  meter  cf  the 
unstable  embankment,  it  would  be  possible  to 
increase  the  safety  factor  F  up  to  20^,  i.e.  ; 

AT 

F  +  AF  #  -  =  1,2 

Itk-hx  L„  sino(  .  cos^ 

with  at  =  4  X  76  kN  for  HEA-140  girders 
=  5  m  -  100m  0^  =  p  =  8° 

In  fact,  the  above  Summary  analysis  meant  that 
the  dowel-piles  were  capable  of  contributing  the 
maximum  of  their  shearing  resistance,  and  that 
the  unstable  soil  located  downsteam  had  to  offer 
a  Sufficient  lateral  subgrace  reaction  in  such  a 
way  that  the  piles  would  not  fail  by  bending 
moment  excess. 


RAILWAY 


Fig.  2.3  -  Simplified  scheme  for  dowel-piles 
calculations 


After  setting  in  the  whole  of  300  girders,  the 
Railway  embankment  and  the  downstream  versant 
were  practically  stabilized.  However,  in  order 
to  improve  the  general  stability  of  the  whole 
site  even  more,  additional  works  and  rei.iforce- 
ments  were  undertaken  under  cover  of  the  nailing 
piles  network  : 

-  raising  the  longitudinal  profile  of  the  late¬ 
ral  local  road  in  order  to  reduce  the  cut 
depth  (Fig.  2.1)  ; 

-  improving  the  drainage  of  the  Railway  embank¬ 
ment  by  means  of  a  longitudinal  5m  depth  drai¬ 
ning  trench,  placed  along  upstream  side  ; 

-  reinforcement  of  the  downstream  clayey  over¬ 
burden  by  means  of  cast-in-situ  frictional 
buttresses  (or  "hard  core  drains")  made  of 
0/400m  quarry-run  backfilled  in  4m  wide,  5m 
deep  and  60m  long  trenches  running  perpendicu- 
lary  to  the  dowel-piles  curtain  ; 


Fig.  2.4  -  View  of  2  dowel-piles  rows  with 
link  beams 
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Sisplacement  of  a  dowel-pile  Vad 


MAXIMUM  SHEAR  FORCE 


Fig.  2.5  -  Pile  head  displacement  versus  time 


-  sub-horizontal  bored  drains,  40m  long,  in  4 
fan-shaped  networks  belows  the  Railway 
embankment  base. 

Draining  trenches  and  frictional  buttresses  were 
executed  inside  a  telescopic  KRINGS  sheeting  and 
by  successive  sections. 

2.8  Follow-up  and  evolution 

Since  the  completion  of  the  two  rows  of  dowel- 
piles,  the  site  has  been  perfectly  stabilized. 
Some  displacements  of  the  pile  heads  were  only 
observed  during  the  execution  of  additional 
draining  and  frictional  buttresses  (fig.  2.5). 

However,  regular  i nc 1 i nometr i c  measurements  re¬ 
vealed  that  the  clayey  overburden  was  still 
moving  very  slightly  :  1  to  3mm  of  displacement 
in  2  years  at  a  depth  of  5  to  6m  below  the  GL . 

2.9  Posterior  Analysis  of  dowel-piles  stability 

The  computer  Program  "POP"  evolved  by  SPIE- 
BATIGNOLLES  now  allows  to  calculate  the  intern 
efforts  and  displacements  of  piles  which  are 
subject  to  any  sol  1 icitations  of  whatever  type 
( vert i cal /hor i zontal  forces,  overturning  moment. 


Fig.  2.6  -  Computed  Bending  Moment  M  and 

Displacement  Ux  of  a  Oowel-pile 
Subjected  to  Ph  »  40  kN 


I  T  (kN) 


Fig.  2.7  -  Calculated  shear  Force  Tmax  in  a 

dowel-pile  in  terms  of  modulus  ksl 
for  various  earth  pressure  Ph 


Fig.  2.8  -  Calculated  Bending  Moment  Mmax  in  a 
dowel-pile  in  terms  of  modulus  ksl 
for  various  earth  pressure  Ph 


lateral  earth  pressures  etc...),  and  embedded  in 
a  mu  1 1 i 1 ayer - so i 1  having  lateral  subgrade  reac¬ 
tion  modul us  ks . 

The  simplified  scheme  for  c  a  1  c  1  a  t  i  on  of  the 
earth  pressure  Ph  due  to  the  unstable  overburden 
and  Railway  embankment  on  the  dowel-piles  is 
shown  on  Fig.  2.3. 

Fig.  2.6  shows  the  computed  curves  of  bending 
moments  M  and  of  displacement  Ux  of  a  dowel  pile 
sujected  to  the  earth  pressure  Ph  =  40  kN  and 
supported  by  different  subgrade  reactions  Ksl 
=  0,  1,25  ;  2,5  kN/m^  and  Ks2  =  50  KN/m^. 

Fig.  2.7  and  2.8  show  the  variation  of  the 
calculated  maximum  bending  moment  Mmax  and  the 
maximum  shear  force  Tmax  in  terms  of  the  sub¬ 
grade  reaction  modulus  Ksl  of  the  overburden. 

From  the  above  POP  Analysis,  the  performed  do¬ 
wel-piles  system  would  fail  rather  by  bendidg 
moment  excess,  than  by  shearing  force  when  the 
downstream  part  of  the  unstable  overburden  tends 
to  steal  away  (i.e.  Ksl  0 )  .  But  a  negligible 
subgrade  reaction  of  the  unstable  soil  was  found 
sufficient  to  insure  the  stability  of  the  dowel- 
piles.  Such  a  fact  was  effectively  observed  on 
the  site.  This  is  in  view  of  preserving  this 
essential  subgrade  reaction,  that  additional 
soil  reinforcements  were  undertaken  downstream 
of  the  dowe 1 -p i 1 es . 

2.10  Posterior  analysis  of  nailed  slope  stabili¬ 
ty. 

It  is  presently  possible  to  analyse  the  effect 
of  the  nailing  piles  on  the  general  stability  of 
the  vers  an t , us i ng  the  recent  “TALREN"  Program 
evolved  by  TERRASOL  (Paris). 

Basically,  the  method  consists  in  applying  the 
general  stability  Analysis  with  failure  surfaces 
such  as  circular  one  or  wedges.  Efforts  mobi¬ 
lized  in  the  resistant  Inclusions  are  taken  into 
account  in  the  general  equilibrium  of  forces 
(weight  of  soil,  shear  strength  along  failure 
surface,  external  forces)  in  order  of  calculate 
the  overall  safety  factor  F  against  sliding.  The 
TALREN  Program  considers  the  general  case  of 
both  retaining  structures  and  slopes  stability, 
and  takes  into  account  4  failure  criteria  re¬ 
lated  to  the  strength  of  the  materials  (soil  and 
inclusions)  and  to  the  interaction  phenomena 
between  them.  These  4  criteria  are  (fig.  2.9)  : 

-  Tensile  and  Shear  strengths,  and  bending  in 
the  Inclusions, 


Fig.  2.9  -  Principles  of  TALREN  Program  for 

stability  Analyse  of  a  nailed  slope 


-  Shear  Resistance  in  the  soil 

-  Longitudinal  interaction,  i.e.  lateral  Fric¬ 
tion  between  Soil  and  Inclusions, 

-  Transversal  interaction  i.e.  lateral  Earth 
pressure  on  the  Inclusions. 

In  the  present  case,  the  short-term  and  long¬ 
term  safety  coefficients  have  been  calculated 
with  the  soil  characteristics  corresponding  to 
observed  plane  failure  surface  before  reinforce¬ 
ment  and  to  safety  coefficient  F  =  1  : 

0u  =  0  with  Cu  =  13  kPa  at  short-term 
0'  =  13“  with  C  0  at  long-term. 

The  computation  Results  of  several  examined 
cases  are  summarized  in  Table  I. 

Table  I  :  Results  from  TALREN  program 


examined  cases 

Safety 
Factor  F 

5hor  t 

Long 

term 

term 

-  Stable  natural  versant  - 

1  ,08 

- 

-  after  cut  causing  slide  - 

0,98 

1  ,01 

-  versant  with  1  row  of  dowel-piles 

1,01 

1,03 

-  versant  with  2  rows  of  dewel  piles 

1  ,04 

1  ,07 

-  with  lavering  of  the  GWL  — - 

- 

- 

-  with  GWL  lowering  and  buttresses- 

CO 

to 

The  most  outstanding  Result  is  that  the  observed 
stabilization  of  the  versant  following  on  the 
nailing  of  dowel-piles,  corresponds  to  a  very 
slight  increase  of  the  safety  Factor  :  to  651. 
This  result  is  in  agreement  with  the  observa¬ 
tions  and  conclusions  presented  by  other  Au¬ 
thors,  that  stabilization  by  nailing  of  an 
unstable  slope  could  be  obtained  with  an  impro¬ 
vement  of  the  safety  Factor  of  only  about  5%. 

It  is  also  to  be  noted  that  the  most  efficient 
and  durable  technique  for  the  long-term  stabili¬ 
ty  in  this  present  case  consists  in  drainage  by 
draining  trenches,  and  in  partial  soil  susbtitu- 
tion  by  frictional  buttresses. 

3  -  EXAMPLE  OF  NAILING  BY  ANCHORED  DOWEL-PILES 

3.1  "Chez  Louiset"  site 

The  site  named  "chez  Louiset"  was  comparable  to 
the  previous  one  named  "Les  Houches"  :  unsteady 
Railway  embankment,  settled  slope  at  exact  loca¬ 
tion  of  a  "bulge"  on  the  versant  having  gentle 
slope  of  only  10  %. 

Actually,  additional  soil  investigations  carried 
out  subsequently  to  the  "Les  Houches"  experien¬ 
ce,  revealed  the  existence  of  an  overdeepen i ng 
fossile  thalweg  of  the  marly  Sandstone  substra¬ 
tum  at  the  location  of  the  observed  "bulge"  in 
topography,  which  in  fact  is  a  "reversed  re¬ 
lief".  This  ancient  thalweg  was  covered  with 
soft  plastic  clay  (undrained  cohesion  of  Cu  =  20 
to  30  kPa)  and  remolded  marls  (probably  slided), 
7m  to  8m  thick  (Fig.  2.1). 

3.2  The  Highway  Design 

The  Highway  was  designed  in  slight  split-level 
cut  placed  at  50m  distance  from  the  Railway.  In 
order  to  avoid  excessive  settlement  of  the 
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Fig.  3.1  -  Soil  profile  at  "Chez  Louiset"  Zone 
with  soil  reinforcement  by  anchored  dowel-piles 


Highway  pavement  and  at  the  same  time  to  improve 
the  stability  of  the  Railway  embankment,  it  was 
planned  to  remove  away  the  unstable  clay  and 
marl  along  the  fossile  thalweg,  up  to  the  toe  of 
the  Railway  embankment,  then  to  blackfill  with 
coarse  draining  material. 

Even  by  working  by  successive  sections,  such  a 
substitution  down  to  7m  depth  could  well  cause 
disorders  to  the  Railway. 

3.3  Studied  Solutions  for  soil  reinforcement 

Thanks  to  the  preceding  experience  at  Les 
Houches  zone,  it  was  decided  to  first  of  all 
improve  the  Railway  stability  by  a  soil  reinfor¬ 
cement  technique  which  was  to  stand  up  to  the 
following  criteria  : 

-  possible  execution  with  rather  light  equipment 
on  unsteady  versant  ; 

-  assured  safety  for  the  Railway  during  the 
reinforcement  works  and  soil  substitution 
along  the  fossile  thalweg  ; 

-  no  excessive  induced  settlement  to  the  Railway 
embankment . 

The  considered  Solution  was  to  nail  the  soil 
with  a  curtain  made  of  several  rows  of  steel 
dowel-piles  which  were  fitted  into  the  marly 
bedrock  and  head-anchored  by  semi -prestressed 
tie-backs  . 

Two  locations  for  the  curtain  were  examined  : 

-  at  the  toe  itself  of  the  Railway  embankment  : 
-or  at  a  minimum  distance  fo  40m  from  the 

Railway  (Fig.  2.1). 

Stability  Analysis  on  the  basis  of  residual  soil 
characteristics  led  to  the  following  designs  : 

the  first  case,  by  nailing  at  the  toe  of 
Railway  embankment,  it  was  necessary  to 
3  nos  of  HEB-180  steel  girders  per  li- 
ri.  meter,  and  to  anchor  with  300  kN  tie-rods 
at  4m  i  nterva I s . 

steel  girders  HE8-160  type  per  linear  meter, 
with  300  kN  tie  rods  every  4m  distance,  were 
necessary. 


•Fig.  3.2  -  Sealing  of  dowel-piles  in  vertical 
borings 


With  a  view  to  definitively  stabilize  the  Rail¬ 
way,  obviously  the  first  nailing  Solution  at  the 
toe  appeared  to  be  the  most  efficient  one.  Howe¬ 
ver,  the  concerned  Owner  prefered  the  adoption 
of  a  temporary  stabilisation  by  the  far-off 
nailing  1 ayout . 

3.4  Excuted  nailing  structure 

The  executed  network  of  anchored  dowel-piles 
consisted  of  3  rows  of  50m  long  and  Im  apart,  of 
HEA-160  steel  girders  nailed  in  soil  every  Im 
distance.  The  steel  girders  were  sealed  into  the 
marly  bedrock  by  cement  grout  in  vertical  bo¬ 
rings  of  200mm  diameter  and  12m  depth  (Fig.  3.2) 
A  reinforced  concrete  coping  beam  allowed  the 
anchoring  of  the  girder  heads  with  13  inclined 
600  KN  SIF  tie-rods  which  were  partly  tensioned 
up  to  300  kN  in  order  to  limit  further  deforma¬ 
tions  of  the  nailing  system. 

The  control  device  included  : 

-  topographical  bench  marks  ; 


Fig.  4.3  -  Execution  of  1000  kN  anchor-rods 


Fig.  4.2  -  Execution  of  3  upper  levels  of 
concrete  slabs 


The  adopted  reinforcement  technique  that  was 
used  in  this  case  consisted  of  several  levels  of 
reinforced  concrete  slabs  anchored  to  the  marly 
sandstone  substratum  by  inclined  prestressed 
tie-backs  (Fig.  4.1). 

Theoretically,  the  adopted  mul ti -anchored  slabs 
system  allowed  a  degree  of  movement  freedom  to  a 
potential  circular  sliding  surface.  But  in  the 
conceivable  hypothesis  of  a  qu as  1 -r ec t i 1 i near 
sliding  of  the  overburden  mass  on  the  inclined 
plane  of  bedrock  roof,  such  a  system  could  be 
justified.  Therefore,  the  Design  of  the  necessa¬ 
ry  prestressed  anchors  has  been  computed  consi¬ 
dering  that  their  introduced  tensions  in  the 
soil  would  compensate  the  deficit  of  shear 
resistance  along  the  potential  sliding  plane  in 
order  to  obtain  the  adequate  increase  of  safety 
factor  . 


4.4  Executed  reinforcement  works  {Fig.  4.1). 

The  cut  slope  reinforcement  finally  consisted  of 

-  3  levels  of  strip  concrete  slabs  3,5m  wide, 
50m  long,  cast  in  place  on  slopes  of  45° 
inclination  (Fig.  4.2) 

-  50  active  1000  kN-SIF  anchor  rods,  45°  incli¬ 
nation  and  3m  apart,  35m  to  40m  length  with 
minimum  6m  of  sealing  length  in  the  marly 
sandstone  bedrock  (Fig.  4.3). 

The  anchor  rods  were  fixed  on  the  supporting 
slabs  with  an  extra  length  at  head  allowing  a 
further  re-tensioning  if  necessary.  In  addition, 
reservation  holes  (recess)  were  provided  for 
supplementary  anchor  rods  on  the  same  slabs.  All 
the  works  were  excuted  by  successive  descending 
phases  from  the  top  of  the  Hillock. 


Fig.  4.4  -  Removal  of  unstable  soils 
under  cover  of  anchored  slabs 
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ding  of  the  upper  part  of  weathered  and  frac¬ 
tured  marly  sandstone  on  the  inclined  roof  of 
the  stable  sandstone  substratum.  The  marl  and 
sandstone  layers  were  dipping  about  12°  to  16° 
towards  the  valley,  but  the  unfavourable  effect 
jf  the  dip  was  attenuated  by  the  fact  that  the 
strike  direction  of  bedding  was  oblique  with 
respect  to  the  Highway  route. 

5.2  Stabilization  Project. 

Basing  on  the  fact  that  the  sliding  was  a  plane 
one  made  of  a  rock  mass  on  an  inclined  stable 
substratum  located  at  about  15m  depth,  the  rock 
nailing  technique  by  a  network  of  high  capacity 
anchor-rods  with  supporting  slabs  was  considered 
to  be  the  most  adequate  stabilization  solution 
(Fig.  5.2). 

in  order  to  reduce  the  cost,  the  expensive  sys¬ 
tem  of  mu  1 1 i - anc hored  slabs  was  only  to  be  ap¬ 
plied  to  the  upper  part  of  the  cut  slope  where 
the  main  Road  safety  had  to  be  urgently  assured. 


Under  cover  of  such  prior  upper  rock  reinforce¬ 
ment,  the  lower  part  of  the  cut  could  be  stzbi- 
lized  by  flatteiing  the  slope,  removing  the 
unstable  material,  draining  the  ground  water  and 
placing  a  heavy-mask  made  of  quarry-run  on  the 
slope  toe . 

Obviously,  the  preceding  reinforcement  experien¬ 
ce  at  "Chez  Jacquet"  site  has  influenced  the 
adoption  o'"  a  solution.  But  in  this  present 
case,  the  rock  reinforcement  technique  by  multi- 
anchorec  slabs  was  applied  subsequently  to  the 
cut  failure  (i.e.  F=1  already),  while  the  cut 
reinforcement  at  "Chez  Jacquet"  was  rather  a 
preventive  measure. 

5.3  Executed  reinforcement  works 

The  first  reinforcement  works  carried-out  on  the 
upper  part  of  the  cut  slope  and  below  the  exis¬ 
ting  main  Road  comprised  for  a  100m  length  ; 

-  a  preliminary  retaining  structure  by  soil  nai- 


View  of  Cut  slope  slide  at  "Les 
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ling  of  the  cut  slope  top, at  the  border  of  the 
existing  Road, by  2  levels  of  steel  bars  T32mni, 
4  and  6m  long,  2m  apart,  sealed  in  predrilled 
boreholes  with  cement  grout.  The  facing,  or 
"skin",  necessary  to  ensure  local  soil  stabi¬ 
lity  between  the  nailing  bars,  consisted  of 
10cm  thick  shotcrete  on  welded  mesh  and  fitted 
with  cross-drains  (Fig.  5.3)  ; 

-  and  a  stong  rock  reinforcement  system  by  2 
split  levels  of  strip  concrete  slabs  which 
were  cast  in  place  on  inclined  slopes  (Fig. 
5.6)  and  anchored  to  the  stable  bedrock  by 
prestressed  1000  kN  anchor  rods  (Fig.  5.4). 
For  theoretical  and  practical  reasons,  the 
upper  slab  was  inclined  by  60°  with  respect  to 
the  horizon  (Fig.  5.3)  and  anchored  with  tie- 
backs  inclined  at  30°  and  3m  apart,  and  the 
lower  slab  inclined  by  45°  (Fig.  5.5)  with 
anchor  rods  at  45°  and  3m  apart. 

The  subsequent  stabilisation  works  on  the  lower 
part  of  the  cut  slope  consisted  of  traditional 
techniques  (Fig.  5.7), 
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-  flattening  of  the  slope  to  25°  with  removal 
away  and  substitution  of  sliden  materials  by 
coarse  and  draining  quarry-run. 

-  surcharging  of  the  lower  part  of  the  flattened 
slope  by  a  heavy  mask  and  a  massive  7m  high  4m 
wide  footbank  made  of  0/400  mm  quarry-run . 

-  deep  underground  draining  by  40m  long  subhori¬ 
zontal  drains  bored  at  various  levels. 

The  Design  procedure  was  the  following  ;  as  the 
sliding  had  already  occured,  it  was  possible  to 
calculate  the  residual  effective  characteristic 
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Fig.  5.7  -  View  of  reinforced  and  masked  cut  slope  after 
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6  -  EXAMPLE  OF  EMBANKMENT  FOUNDATION  ON  STONE 
COLUMNS 

6.1  "Chez  Vavert"  Site  (Fig.  6.1). 

In  that  zone  named  "chez  Vavert",  the  Highway 
was  designed  to  tos'  nvor  a  depression  in  natu¬ 
ral  versant,  by  an  embankment  of  12m  in  height. 
This  hollow  area  probably  corresponds  to  the 
subsidence  of  the  upper  part  of  an  ancient 
lanslide  presently  stabilized. 

In  fact,  the  soil  investigation  results 
demonstrated  that  the  overburden  of  3  to  12m  in 
thickness,  bearing  a  water  table  at  2m  depth, 
was  constituted  mostly  cf  sift  clay  (undrained 
cohesion  of  Cu  =  30  to  50  ki ’)  and  of  remolded 
marl  laying  on  the  inclined  mariy  oeaiui-k  (dip 
of  about  25^  towards  valley. 

6.2  Soil  improvement  solution  (Fig.  6.2) 

Theore t i ca 1 1 y ,  the  short  term  stability  of  the 
designed  embankment  impplied  that  the  clayey 


overburden  had  an  undrai.ied  cohesion  of  at  least 
Cu=70kPa.  As  the  actual  cohesion  was  lower  or 
equal  to  Cu=50kPa,  a  soil  mplacement  or  impro¬ 
vement  appeared  to  be  nect  ..ny  before  erecting 
the  embankment. 

A  possible  solution  would  have  consisted  of  a 
quasi-total  substitution  of  the  soft  clay  and 
remolded  marl  by  a  granular  material  forming  a 
frictional  and  draining  foundation  seating  for 
the  high  embankment.  Such  solution  presented 
some  difficulties  and  risks  during  the  works  due 
to  the  depth  of  the  tempor^y  excavation  (down 
to  12m)  and  to  the  prc^.  ’ity  of  a  Farm. 

Therefore  the  technique  of  soil  reinforcement  by 
"stone-columns",  was  preferred  because  it  of¬ 
fered  the  following  advantages  : 

-  suppression  of  the  difficult  and  dangerous  ex¬ 
cavation  for  substitution  works  on  the  versant 

-  obtaining  bearing  improvement  of  bearing  capa¬ 
city  and  consolidation  speeding-up  of  founda¬ 
tion  soil  ; 


6.4  Final  Design  of  stone-columns  network 


Theor^cal  computations  and  practical  consi¬ 
derations  led  to  the  following  final  Design  of 
the  stone-columns  (Fig.  6.2). 

-  -clu.T.ns  of  d'ameter  2  SOcir.  m.ade  of  limestone 
quarry-run  having  the  angle  of  internal  fric¬ 
tion  ^lo1-4C®  ; 

-  grid  layout  implantation  spaced  2mx2,5m,  hence 
density  of  1  column  per  5m^  of  soil  surface, 
i.e.  "replacement  ratio"  of  a  =  0,10. 

-  s tone-co 1 umn s  placed  along  11  rows,  2m  apart, 
below  the  dowstream  slope  of  the  embankment 
(where  the  potential  sliding  surfaces  reached 
the  compact  substratum). 

'  draining  blanket  over  the  s t on e - c o 1 umn s  net¬ 
work  with  a  view  to  assure  the  drainage  at 
the  base  of  the  embankment. 


-ig.  6.3  -  execution  of  s  t  o  n  e  -  c  o '  ur„n  s  using 
-RANK!  eq  i.  i  pmen  t 


-  iaSy  jdiEtation  of  the  improvement  depth  by 
.ary’ng  on  demand  the  length  of  s t c n e - r. 0 1  umn s 

r  acco '"dance  w'th  the  unevenness  of  the  bed- 
r  '0  c  k  Surface. 

6.;  Design  of  tne  stone-c  lumns  network 

’'lie  Design  ;j‘  the  embankment  founded  on  stone- 
cr,  ;.,mns  was  realized  in  2  phases  : 

-  '■■rst  priase  preliminary  dimensioning  of  the 
required  stone- columns  network  ; 

-  '-'econd  phase  :  general  stability  analysis  of 

tne  embankment  with  the  predimensioned  stone- 
columnsnetwork.  Fig.6.4-Aeria1viewofworksiteduring 

first  consolidation  phase 

Tne  preliminary  dimensioning  study  was  based  on 
the  simplified  analysis  of  the  bearing  capicity 
of  stone-columns  which  are  constituted  of  granu¬ 
lar  material  having  an  angle  of  internal  fric-  6.5  Execution  of  the  stone-columns 

tion  j2fcol  and  embedded  in  a  cohesive  foundation 

soil  having  an  apparent  cohesion  Csol.  The  den-  Two  techniques  were  considered  for  the  execution 

sity  of  columns  (number  of  necessary  columns  of  of  the  designed  stone-columns  network  : 

diameter  B  per  unit  surface  of  foundation  soil) 
was  then  determined  in  such  a  way  that  they  1) 

ro-j'O  alone  bear  the  designed  embankment  with  a 
safety  coefficient  of  only  F  =  1. 

The  second  design  stage  of  general  stability 
analysis  with  failure  surfaces,  either  circular  2) 

or  not,  necessitated  the  use  of  a  computer 
Program  and  the  simulation  of  the  stone-col  urns 
(wnich  are  discontinuous  i.e.  "pcnctual"  in  the 
tQjndation  layer)  as  an  equivalent  network  of 
"stone  d i aphr agm- wa 1 1 s "  made  of  the  same  fric-  The  first  technique  using  FRANKI  piling  equip- 

ticnal  material  with  a  reduced  width.  These  ment  was  finally  adopted  for  the  following  prac- 

simulated  .tone-walls  were  introduced  into  the  tical  reasons  ;  elimination  of  jetting  water 

computer  Program  as  a  series  of  vertical  layers  which  could  pollute  the  site  and  soften  the 

of  soil  having  the  internal  friction  j^col  and  clayey  foundation  soil  ;  avoidance  of  soft  soil 

alternating  with  other  vertical  layers  of  natu-  removal  to  place  the  columns.  So  there  is  com- 

ra!  soil  having  the  cohesion  Csol.  paction  of  in-place  soft  soil  when  driving  the 

casing  ;  strong  compaction  of  stony  material  to 
form  large  and  dense  columns. 

In  fact.  Such  computation  was  conservative,  for 

it  would  have  been  more  correct  to  also  intro-  Using  2  piling  rigs  of  8CHP,  the  network  in¬ 
duce  the  " 1 0 nr Pn t r j t i " n  factor"  of  loads  on  the  eluding  395  s tone -co 1 umn s  of  8m  in  average 

stone-columns  which  would  increase  the  shearing  length  was  executed  in  7  weeks,  incorporating  a 

re'iiStance  of  these  s t one - c o 1 umn s  in  the  same  volume  of  1800m’  of  0/60mm  quarry-run  into  the 

ratio  (up  to  about  4  in  the  present  case).  ground  (Fig.  6.3). 


The  usual  technique  of  cast  in-situ  piles, 
for  instance  FRANKI  piling  system  (Fig. 
6.3),  where  a  steel  casing  is  rammed  down 
and  filled  with  stone  while  the  casing  is 
removing  up  and  the  stone  strongly  tamped. 
The  modern  technique,  using  KELLER  electric 
vibrator  or  BAUER  hydraulic  one,  with  water 
jetting  to  create  the  hole  and  keep  it  open 
when  the  vibrator  is  lowered  down. 


6.6  Control  and  instrumentation 


6.7  Findings 


In-situ  tests,  such  as  static  penetrometer  tests 
and  Menard  pressuremeter  tests  in  boreholes, 
were  carried-out  on  the  site  before  and  after 
execution  of  the  stone-columns.  Coni  rarity  to 
all  expectation,  tne  strong  tamping  of  stone- 
columns  without  removal  of  the  in-place  soft 
soils,  u  i  d  not  i  n  V  'X 1  V  e  a  s  i  g  n  i  f  '  c  a  t  i  v  e  improve¬ 
ment  of  the  consistency  of  these  soils.  In  fact, 
as  the  soft  soils  were  clayey  and  saturated,  the 
forced  incorparation  of  the  ISOOm^  of  quarry- run 
has  rather  caused  some  40  cm  heave  of  the  wor¬ 
king  plate-form. 

With  a  view  to  monitore  the  behaviour  of  the 
embankment  on  improved  subsoil,  control  instru¬ 
ments  were  installed  on  the  site  prior  to  the 
embankment  construction  such  as  :  hydraulic 
settlement  cells  on  the  plate-form,  pore-pres¬ 
sure  cells,  piezometer  and  inclinometer  tubes  in 
the  ground,  topographical  bench  marks,  etc... 


As  an  additional  precaution,  it  was  decided  to 
construct  the  embankment  in  three  successive 
phases  with  periods  of  resk  after  each  phase 
allowing  con  so  1 i t a t i o n  of  the  reinforced 
subsoil  : 

-  first  phase  ;  of  6m  heigtit  of  fill. 

-  second  phase  :  up  to  8m  (Fig.  6.5) 

-  third  phase  :  up  to  the  final  height  of  12ra 

(this  phase  was  suppressed). 

As  a  matter  of  fact,  after  completion  of  the 
second  phase  earthmoving,  the  inclinometric 
surveys  did  disclose  an  unexpected  slight  and 
slow  sliding  movement  in  a  marly  interoed  below 
the  stone-columns  base  at  about  18  m  in  depth. 
In  the  meantime,  the  piezometric  measurements 
pointed  out  that  the  excess  pore  pressure  .n  the 
clayey  soil  between  stone-columns  was  remaining 
at  high  values  :  the  columns,  made  of  draining 
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Genera?  view  of  "Chez  Vavert"  embankment  after  achievement  of  works 
and  with  Highway  in  operation 


■material,  seemed  enable  to  speed-up  the  under- 
groarid  drainage.  Furh  terra  ore,  these  columns 

i-a.in, g  been  strongly  compacted  had  a  high  bea- 
r’pg  capacity,  which  consequently  did  transfer 
most  of  tne  embankment  weight  directly  to  tiie 
substratum  arc  were  so  causing  some  equilibrium 
disturbance  within  the  marly  interbed  at  about 
'  t  r  of  d  e P  t  ii . 

6.3  “reject  adaptation  and  additional  works. 

Trie  above  unexpected  findings  led  to  the  deci¬ 
sion  to  m, axe  several  modifications  to  tne  Design 
and  to  undertake  additional  works  on  the  site  : 

-  Reduction  of  the  Highway  embankment  volume, 
hence  weight,  by  placing  the  downstream  car¬ 
riage  way  (on  Valley  side)  at  a  level  lower  by 
3m,  with  respect  to  the  upstream  one.  This 
split-levelling,  obtained  by  construction  of  a 
cantilever  retaining  wall  (Fig.  6-6),  of  pre¬ 
cast  concrete  CHAPSOL  type  wall,  required  only 
a  rather  smal  volume  of  additional  fill  com¬ 
pare  to  the  already  in  place  embankments  (Fig. 
6.5). 

-  Improvement  Of  the  underground  drainage,  hence 
soil  consolidation,  by  adding  2  fan-shapes 
networks  of  Subhorizontal  drains.  These  drains 
were  bored  from  2  temporary  excavations  lo¬ 
cated  at  the  stone-columns  base  level.  The 

atohment  waters  were  then  collected  and  eva¬ 
cuated  along  a  deep  "French  draining  trench" 
down  to  the  valley  (Fig.  6.7).  It  is  to  be 
noted  that  thanki,  to  the  bored  drains,  the 
jbserved  lowering  height  of  the  groundwater 
table  was  7m  in  average. 

-  After  achievement  of  the  works,  additional 
inc linometer  tubes  were  installed  through  the 
fill  and  down  to  the  bedrock  (Fig.  6.6),  with 
a  view  to  observe  the  long  term  behaviour  of 
the  so  constructed  embankment  on  stone-co- 
I  inn  s  . 

nig.  b.’  given  the  general  views  of  the  Highway 
after  completion  of  the  works. 


7  -  CONCLUSION 

The  various  reinforcement  systems  which  have 
been  excuted  used  mostly  steel  inclusions  in  the 
ground.  This  was  intended  principally  to 
strengthen  or  to  stabilize  an  existing  main  Road 
or  Railway  prior  to  the  general  Highway 
earthworks.  Such  steel  inclusions,  passive  or 
tensioned.  were  rather  flexible  and  slender  in 
comparison  with  the  soil  mass  to  be  reinforced. 
But  appropriately  conceived  and  correc'’iy 
designed,  they  could  really  form  efficient  rein¬ 
forcement  systems  offering  the  advantage  to  be 
executable  with  rather  light  equipment  on  quite 
unsteady  inclined  versant  and  at  proximity  of  an 
existing  traffic  way.  Furthermore,  these  rein¬ 
forcement  systems  could  be  easily  adaptable  to 
the  ground  irregularity  and  could  also  be  exten¬ 
ded  in  case  of  further  requirements. 

But  concerning  the  general  stability  problem  of 
natural  clayey  versants  or  of  ancient  sliding, 
the  most  efficient  and  economical  stabilisation 
techniques  are  the  classical  ones,  such  as  : 
underground  drainage,  substitution  of  unstable 
soils,  heavy  draining  masks  on  cut  slop,  fric¬ 
tional  "hard  core  drains"  running  up  and  down 
the  versant,  etc...  In  the  hereabove  examples, 
such  classical  techniques  were  always  applied 
under  cover  of  a  previously  installed  special 
reinforcement  system. 

The  Design  of  the  cited  reinforcement  examples 
was  based  on  simplified  schemes  of  soil  failure, 
but  it  also  took  into  account  as  much  as  possi¬ 
ble  all  the  failure  criteria  related  to  the 
strenght  of  soil  and  inclusions  and  also  the 
interaction  phenomena  between  those.  As  the 
subsoil  frequently  offers  numerous  enigmas  main¬ 
ly  on  the  areas  of  ancient  sliding,  the  actual 
behaviour  of  the  executed  soil  reinforcement 
systems  was  checked  by  control  instruments.  This 
allowed  to  judiciously  introduce  corrections  to 
the  Design  and  works  when  and  where  it  was  found 
necess  ary . 
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SYNCFSIS:  In  practice  there  are  different  processes  which  are  used  to  support  excavations  and 
to  maintain  the  groundwater  level  in  excavations  which  go  down  to  this  level.  In  urban  areas 
the  diaphragm  wall  is  frequently  used  to  protect  the  excavation  and  as  underground  water 
packing  against  groundwater  flowing  in  form  the  side.  In  addition,  the  lowering  of 
groundwater  is  necessary  using  a  well  point  within  the  excavation. 

A  new  fondation  trench  sheeting  has  been  developed  by  the  author  of  this  paper.  This  new 
method  is  an  improvement  on  the  diaphragm  wall  by  which  not  only  is  the  earth  shored  up,  but 
the  lowering  of  the  groundwater  within  the  excavation  can  also  be  carried  out.  In  accordance 
with  the  function  of  this  method,  we  refer  to  the  new  type  of  foundation  trench  sheeting  as 
drainage  walling.  This  drainage  walling  is  manufactured  in  a  similar  way  to  the  diaphragm 
wall . 


A'e  have  observed  drainage  walling  on  building  sites  which  differ  greatly  from  each 
other.  The  results  of  our  observations  are  intended  to  demonstrate  the  advantages  and  also 
the  problems  involved  in  this  new  process  to  the  planning  and  project  engineers. 


IKTRCDUCTIOr; 

A  planning  engineer  is  continually  faced 
with  the  task  of  choosing  a  method  of 
excavation  support  for  a  given  structure.  He 
then  has  to  decide  on  all  ensuing  details. 

It  is  not  until  building  has  been  completed 
that  it  becomes  clear  whether  the  correct 
choice  was  made  and  whether  the  building 
methods  were  economically  viable. 

The  choice  of  excavation  support  is  not  easy 
as  the  choice  is  dependent  not  only  on 
technical  factors  but  also  on  non-technical 
factors  and  conditions.  By  technical  factors 
we  mean  such  factors  as  the  size  and  depths 
of  the  excavation,  a  possible  adjoining 
excavation  and  the  type  of  subsoil.  The 
non-technical  factors,  such  as  the  necessity 
of  there  being  no  change  in  the  underground 
water  level  outside  the  excavation  can  be 
numerous  and  of  import. 

The  many  demands  made  on  an  excavation  mean 
that  there  is  a  tendancy  to  set  up  various 
types  of  support  next  to  each  other.  The 
required  conditions  are  thus  met  locally, 
but  this  method  is  highly  unsatisfactory  as 
far  as  the  whole  excavation  is  concerned. 

For  this  reason  a  diaphragm  wall  and  a 
grouting  wall  are  often  combined  with  a 
sheet  pile  or-  another  kind  of  support.  This 
leads  to  various  subgrade  surfaces  beneath 
the  structure  and  usually  to  difficulties 
such  as  differences  in  settlement  which  then 
have  to  be  equalized. 


If  one  compiles  a  list  of  the  demands  made 
on  excavation  support,  it  soon  becomes  clear 
that  there  are  numerous  solutions  available 
at  present  but  that  these  are  unsatisfactory 
in  certain  cases.  This  report  aims  at 
introducing  a  new  type  of  excavation  support 
which  should  close  this  gap  to  building 
specialists.  I  intend  to  base  my 
explauiations  of  this  new  type  of  excavation 
support  on  current  practices  and  thus  show 
the  necessary  basis  for  planning.  This 
method  of  excavation  will  then  be 
demonstrated  by  an  existing  example. 


EXCAVATIONS  BELOW  GROUNDWATER  LEVEL 

Nowadays  there  are  many  different  types  of 
excavation  support  available.  If  the 
excavation  is  more  than  two  storeys  in 
depth,  the  number  of  possibilities  is 
reduced.  This  is  especially  the  case  in  an 
urban  area,  as  vertical  excavation  walls  are 
required  here  in  general. 

These  deep  excavations  frequently  reach  the 
groundwater  level.  The  excavation  must  be 
free  from  water  for  construction  work,  which 
means  that  the  groundwater  must  not  be 
allowed  to  penetrate  into  the  excavation, 
but  must  be  diverted  before  this  can  happen. 
It  is  possible  to  seal  off  the  groundwater. 
In  the  following  diagram  normal  procedures 
are  shown  which  are  independent  of  the  type 
of  support.  , 
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I-'is:  :  ex ',ava‘;io:is  below  groundwater  level 

-  open  dewatering  with  drainage  conduit 
and/or  sur.p.  Simplest  type  but  groundwater 
lowering  only  possible  up  to  1-2  metres  at  a 
maximum;  danger  of  hydraulic  seepage  into 
the  excavation  bottom. 

-  well  .  reduce  tension  with  drainage 
conduit:  especially  advantageous  in 
excavatioris  where  coheseive  and  pebbly  soils 
alternate;  lowering  of  groundwater  possible 
up  to  a  maximum  of  three  metres. 

-putTvp  wel  ;  inside  the  excavation; 
groundwater  can  be  lowered  to  any  depth; 
watertight  excavation  support  has  additional 
advantages;  hydraulic  seepage  is  largely 
avoided;  the  preparation  of  waterright 
foundation  slab  car.  cause  hindrances. 

-  pump  wo.',  outside  the  excavation; 
groundwater  car.  be  lowered  to  any  depth; 
extreme  depths  mean  large  amounts  of  water 
which  h.ave  to  be  pumped  off;  any  type  of 
excavation  suppor^  can  be  applied;  no 
hindrance'  raused  by  the  preparation  of 
watertight  foundation  slab. 

-  sealinr  off  using  underwater  concrete 
bottom:  watertight  excavation  support 
neces.ary;  u.nderwater  concrete  is  introduced 
after  completion  of  underwater  excavation; 
buoyancy  anchor  rods  may  be  necessary  as  an 
extra  buoyancy  guarantee;  the  lowering  of 
the  groundwater  level  should  not  take  place 
until  buoyancy  reliability  has  been 
obtained. 


-  impermeable  grouting  bottom:  watertight 
excavation  support  necessary;  excavation 
dow.n  the  groundwater  level;  production  of 
grounting  element,  strength  and  depth  depend 
on  buoyancy  security. 

-  partly  permeable  grouting  bottom, 
production  as  above  although  it  merely 
serves  as  a  braking  stratum  (comparable  to  a 
cohesive  interim  stratum);  remaining  water 
has  to  be  pumped  off  using  open  predrainage. 

Tne  main  difficulty  with  excavations  below 
the  groundwater  level  is  avoiding  hydraulic 
seepage.  This  can  be  done  using  pump  wells 
(inside  or  outside  the  excavation)  or  tail 
water  concrete  bottom  and  a  grouting 
stratum.  It  must  be  borne  in  mind  here  that 
the  latter  two  methods  often  tend  to  be 
expensive.  The  use  of  the  pump  well  within 
the  excavation  ensures  good  control  of  the 
groundwater  lowering  but  it  is  relatively 
difficult  to  seal  the  foundation  slab 
against  pressure  from  the  groundwater.  The 
reason  for  this  is  that  the  wells  are  in 
full  use  during  building.  This  problem  does 
not  occur  with  wells  outside  the  excavatit-n. 
It  is,  however,  often  difficult  to  arrange 
wells  outside  the  excavation,  as  excavation 
support  is  often  situated  at  the  edge  of  the 
building  site  and  the  wells  would  have  to  be 
set  up  on  ad.Joining  building  sites. 


PRIHCIPLE  OF  DRAINAGE  WALLING 

Taking  the  possibilities  of  supporting  deep 
excavations  with  predrainage  as  a  starting 
point,  it  becomes  apparent  that  the 
above-mentioned  solutions  often  do  not 
correspond  with  the  wishes  of  the  builders 
and  contractors  or  with  the  building 
conditions.  For  this  reason  the  demands  made 
by  deep  excavations  below  the 
groundwaterlevel  have  been  listed: 

-  The  excavation  should  be  deeper  than 
foundations  of  directly  adjoining  buildings 

-  The  excavation  bottom  should  be  flat  to 
ensure  full  use  of  the  lowest  storey  (as  a 
storeroom  or  carpark). 

-  The  excavation  or  excavation  support 
should  be  set  up  directly  along  the  edge  of 
the  plot. 

-  A  terracing  of  the  excavation  bottom  is 
not  permitted  as  this  would  mean  the  loss  of 
otherwise  usuable  volume  of  building  work. 

-  The  excavation  must  be  completely  open 
during  building,  i.e.  no  shoring  should 
reach  into  the  excavation. 

-  It  is  not  permitted  to  make  demands  on 
neighbouringbuilding  sites,  although  this 
may  be  possible  for  a  short  period  during  a 
difficult  stage  of  building. 

-  A  predrainage  of  the  groundwater  must  not 
be  allowed  to  infringe  on  building  work  and 
the  excavation  bottom  in  particular  should 
be  kept  clear. 
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-  'io  hydrau*-'  seepat'e  in  ‘rhe  excavation 
must  e  siiiowev  "  c  occur  tr.rouc;. 
predrainac-^. 

-  ii'.e  excavat io:.  support  si-ould  te  at  ieast 
te c'r.ni c al ly  watertight  so  t'r.a,t  a  later 
sea'-inc  o;'  the  lower  ground:"  oors  against 
-r, -ur-lwater  wcouli  not  have  to  re  carried 
cu-  in  entirety. 

-  l"::e  excavaticr.  support  sh.ouli  be  includes 
ir.-o  the  pla:t:'.ed  structure  as  :'ar  as 
possible  in  order  to  keep  costs  down. 

-  The  io'ondation  slab  must  be  adjoined  to 
the  excavation  support  in  such  a  way  as  to 
be  watertigh*: . 

-  As  soon  as  buoyancy  of  the  structure  is 
guaranteed,  prodrainage  should  be  stopped. 

-  Ihe  possibility  of  a  later  groundwater 
iowerinc  should  be  left  open  te  avoid 
subsequent  work  or.  the  fO'undatioon  s"^ab  and 
oel.ar  walls  leading  to  floodi;o:. 

-  A  continuous  drawing  off  of  grouccdwater  is 
to  te  reckoned  with  to  ensure  that  available 
water  for  washinr  plants  ar.d  heat  puaps  etc. 
is  avail  at ie. 

-  Iroundwatsr  must  not  seep  into  cellars 
when  water  is  being  made  available  for  use. 

If  one  accepts  these  points,  excavation 
support  must  fulfil  five  different 
requirements: 

"I.  .lupport  of  the  excavation  against  soil. 

2.  Fredrainage  of  groundwater. 

5.  Sealing  against  groundwater, 
i-.  Removal  of  building  loads. 

5.  Possibility  of  later  drawing  off  of  water 
for  use. 


Cross  section  Excavation 

through  excavation  support 


Ground  Uv*l 


Fig  ?:  Area  distribution  of  the  requirements 
made  on  excavation  support. 


Excavation  in  present  general  use  cannot 
fulfil  these  requirements.  In  order  t'^  find 
a  new  solution,  the  area  distribution  of  the 
requirements  must  be  looked  at  from  uhe 
excavation  support.  Figure  2  is  included  for 
this  reason. 

Area  A:  Support  of  the  excavation,  sealing 
against  groundwater  and  removal  of  building 
loads;  in  such  cases  ordinary  excavation 
support  such  as  a  diaphragm  wall  or  an 
overlapping  bored  pile  wall  can  be  used. 

Area  B:  Groundwater  lowering,  subsequent 
drawing  off  of  water  for  use  and  removal  of 
building  loads;  the  well  function  and 
bearing  capacity  can  be  combined  with  a 
permeable  load-bearing  building  material  for 
development  of  this  area.  Pervious  concrete 
is  a  possible  permeable  building  material 
with  load-bearing  qualities. 

A  type  of  excavation  support  shich  fulfils 
both  of  these  conditions  is  known  as 
drainage  wailing.  In  principle,  the 
diaphragm  wall,  pile  wall  or  single  pile 
could  be  used  as  axcavation  support.  Figure  5 
■ihows  a  cross-section  of  drainage  piles. 


InUrnoliooQl  poUnt 


Fig  3:  Structure  of  drainage  piles 

As  opposed  to  the  ordinary  pile,  a  drainage 
pipe  is  additionally  built  into  the  middle. 
The  lower  part  of  this  pipe  (via  which  the 
groundwater  lowering  should  take  place) 
consists  of  a  screen  pipe  and  the  upper  part 
of  a  solid  pipe.  In  addition,  pervious 
concrete  is  built  into  the  lower  part 
instead  of  the  normal  pile  concrete.  This 
enables  underground  draining  to  take  place 
via  the  pipe  in  addition  to  the  fact  that 
the  pile  has  a  load-bearing  capacity  and  is 
able  to  absorb  bending  moments. 

The  same  structure  can  of  course  be  carried 
out  on  one  element  of  a  diaphragm  wall.  In 
this  case  we  speak  of  a  single  drainage 
wall. 
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APPLICATICN 

The  new  drainage  walling  represents  an 
extension  of  excavation  support  in  general 
use  at  present.  Using  the  drainage  pile 
described  above  as  a  starting  points,  four 
different  types  of  drainage  support  can  be 
listened  here. 


Pig  Drainage  walling  Systems 


Single  Drainage  File;  Any  single  pile  can  be 

built  into  a  drainage  pile  and  it  does  not 
necessarily  have  to  be  used  as  excavation 
support.  The  single  drainage  pile  is  of 
especial  interest  for  covered-in  building 
methods,  as  it  ensures  that  very  large 
excavations  can  be  opened  and  the  surface 
course,  which  is  appropriate  to  the  terrain, 
supports  itself  in  the  deeper  building  plot 
by  this  drainage  pile.  At  the  same  time  the 
whole  predraining  process  can  be  carried  out 
by  means  of  the  drainage  piles. 

Drainage  Pile  Wall:  Single  drainage  piles 

can  be  arranged  in  the  pile  wall  as 
excavation  support  to  ensure  the  predrainage 
of  the  excavation.  In  Fig.  5  we  can  see  a 
drainage  wall  under  construction.  Whether 
the  drainage  pile  has  to  be  deeper  than  the 
other  piles  or  not  now  depends  entirely  on 
the  subsoil  conditions.  A  decisive  reason 
for  making  the  drainage  pile  deeper 
is  the  pressure  of  the  groundwater  and  the 
permeability  of  the  subsoil. 


Drainage  Wall  Two  sided:  As  in  the  drainage 

pile  wall  a  drainage  element  is  built  into 
the  lower  part  of  the  diaphragm  wall.  In 
this  way  the  same  effect  is  attained  as  in 
the  drainage  pile  wall.  A  diagram  did  not 
appear  necessary  in  this  case. 

Drainage  Wall  One-sided:  Using  the  diaphragm 
wall  as  a  departing  point ,  a  drainage 
element  is  built  into  single  elements  of  the 
lower  part  on  one  side  only.  This,  of 
course,  demands  very  great  precision  in  all 
stages  of  work.  The  advantages  are,  however, 
of  great  import.  The  one-sided  sinking 
arrauigments  make  it  possible  to  extract 
water  from  within  the  excavation  and  more  or 
less  retain  the  level  of  the  groundwater 
outside  the  excavation  at  the  same  time. 

This  method  is  of  special  importance  in 
urban  excavations  where  a  normal  lowering  of 
the  groundwater  would  lead  to  settlement  of 
adjoining  buildings.  A  one-sided  drainage 
Wall  under  construction  can  be  seen  in  Fig.  6. 


Fig  6:  Construction  of  one-sided  Drainage  Wall 

The  one-sided  drainage  wall  is  not  only 
advantageous  for  the  excavation  itself  but 
also  for  environmental  reasons.  For  example, 
the  natural  groundwater  stream  underneath  a 
rubbish  tip  or  a  contaminated  waste  depot 
can  be  cut  off  by  using  a  one-sided  drainage 
Wall  and  an  artificial  afcreni  underneath  the 
tip  can  be  forced.  In  this  way  the 
groundwater  which  has  been  soiled  by  seepage 


908 


i:i-  o 


wa'er  :ar.  i--  dra^T.  of:'  and  a  'fi'. ter  plant 
0 an  tv  r i: ■  . ^  use. 


:'r.v  ::.-o-sided  drainage  wall  can  also  'ce  used 
•:  c  -ir,  aifst-tare  in  the  case  of  a  tank  sttre 
as  ir.  fir.  f.  fhould  a  leak  occur  in 

t;'.e  -art,  then  soiled  sroundwater  oar.  'oe 
tut.tvt  ';:'f  and  purification  carried  out. 


Fir  :  drainage  '.vailing  as  a  Security  Mesure 
v.i*-h  Oir  hanks 


~'te  ii.'  fere.nt  uses  of  a  drainage  wall  have 
^vjtainly  net  yet  beer,  fully  recognized. 
I'frure  use  will  bring  a  number  of 
improve.T.er.ts  in  technical  realazation  and 
production.  It  is,  therefore,  especially 
important  for  the  future  that  engineers  and 
tn‘;racting  firms  work  closely  together 
urrnr  production  and  calculation  of 
raincre  walls. 


fll'UA'T'I'f  uijypni;;f3 

Prainare  walling  was  first  put  into  use  at 
an  excavation  for  the  construction  of  a 
power  plant  in  V.'ald  in  Salzburg.  The 
excavation  support  was  intended  for  the 
first  'ruilding  phase  at  a  depth  of  approx. 

12  metres.  The  soil  to  be  supported  in  this 
area  consists  mainly  of  boulder  decritius  on 
a  slope  consisting  of  all  particle  sizes 
ranging  from  silt  and  stones  to  large 
stones.  The  subsoil  is  densely  compacted, 
which  means  relatively  good  characteristic 
values  for  the  dimensioning  of  the 
excavation  support.  Fig.  9  shows  a 
cross-section  through  the  excavation  giving 
the  most  important  data. 


COOT- 

•  V  •  y  "v'y 
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‘j’cn«v  OfJvti 
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Fig  9:  'ross-sec'ion  through  ar;  excavation 

An  addicior.a:  lowering  of  the  grvu.ndwater 
was  necessary  for  excavating  since  "he 
groundwater  level  was  measured  at  approx. 

1.5  metres  below  the  upper  edge  of  "he 
excava"ion.  As  far  as  permeability  was 
concerned,  "he  subsoil  in  and  unter  the 
bottom  of  the  excavation  was  relatively 
dense.  From  the  beginning  it  was  not 
necessary  to  reckon  with  high  groui'.dwater 
flow  as  the  permeability  was  k  =  :.ooo5cm/sec. 
For  this  reason  i.t  was  decided  to  arrange  four 
drainage  elements  in  the  chosen  diaphragm  wall 
in  order  to  relieve  tension  on  the  subsoil  from 
groundwater  pressure  in  the  excavating  phase 

Because  of  the  detailed  soil  stratum  water 
pressure  of  between  2  Euid  5  1/seo.  maximum 
was  calculated  for  the  entire  excavation. 

The  water  should  then  be  drawn  off  from  the 
subsoil  via  the  four  drainage  elements.  A 
pumping  off  of  the  water  found  in  the 
excavation  area  was  also  provided  f or  during 
excavation  via  additional  open  predrainage. 

The  entire  excavation  should  then  be  kept 
dry  by  using  the  four  built-in  drainatre 
elements. 

CONSTRUCTION  OF  THE  DRAINAGE  WAT; 

As  mentioned  above  a  diaphragm  wal 1  was 
intended  from  the  beginning  as  ex.avation 
support.  The  difference  between  tl.is  and 
drainage  walling  lies  merely  ir.  th.e 
integrating  of  the  drainage  elerae.at  into  an 
element  of  the  diaphragm  wall,  .''ew  extra 
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construction  steps  were  necessary  in 
addition  to  the  construction  of  "  normal 
diaphragm  wall  to  construct  this  drainage 
element  which  was  arranged  in  all  four  cases 
at  a  depth  of  between  17.5  and  2o.5  metres. 
Drainage  piping  was  inserted  into  every  one 
of  the  four  elements  as  shown  in  Fig.  1o. 

The  drainage  piping  consisted  of  a  4  metre 
long  filter  pipe  with  a  solid  pipe  above. 

The  filter  element  was  thus  only  placed 
within  the  area  of  the  drainage  element. 


Fig  1o:  Drainage  Pipe  and  Reinforcement  for 
the  Diaphragm  Wall 

Fig.  11  shows  the  drainage  wall  element 
before  concreting.  As  can  be  seen  from  the 
diagram  two  concreting  pipes  were  used  to 
obtain  a  constant  pouring  level  for  the 
filter  concrete.  Filter  concrete  was  then 
inserted  via  the  concrete  pipe.  The  filter 
concrete  consisted  of  filter  gravel  4-32  mm 
and  25o  kilos  of  cement  per  cubic  metre  of 
precast-concrete.  An  additive  was  included 
before  concreting  which  fixed  the  cement 
glue  to  the  gravel  grains. 


Fig  11:  Preparation  for  Concreting  for  a 
Drainage  Element 


After  bringing  the  filter  concrete  into  the 
desired  positron  the  remaining  part  was 
concreted  with  normal  precast-concrete  as 
with  ordinary  diaphragm  walls.  After 
hardening  over  a  period  of  approx,  ten  days, 
the  bentonite  suspension  was  removed  from 
the  drainage  pipe  and  the  layer  of 
precast-concrete.  This  was  achieved  by 


extremely  powerful  shocking  (powerful,  rapid 
pressure  changes)  as  when  sand  is  removed 
from  a  well.  Immersion  pumps  were  then  built 
into  the  drainage  piping  and  pumping  off  i)f 
the  groundwater  could  commence.  In  tig.  12 
we  can  see  water  pumped  off  using  a  drainage 
element.  The  pumped  off  water  amounts 
corresponded  approx,  to  those  previously 
calculated  theoretically  for  reducing  the 
groundwater  level. 


Fig  12:  Pumped  off  Groundwater  using  a 
Drainage  Element 


comcluoI't; 

This  paper  aims  to  introduce  a  new  type  of 
excavation  support  to  specialists.  Taking 
present  solutions  as  a  starting  point,  this 
excavation  support  represents  an  extension 
whereby  groundwater  lowering  can  be  carried 
out  within  the  excavation  support  for  the 
first  time. 

It  was  possible  to  use  this  new  type  of 
drainage  support  for  an  excavation  used  for 
a  power  plant.  The  pumped  off  amounts  of 
water  corresponded  exactly  with  these  which 
had  teen  previously  theoretically  calculated. 

It  is  hoped  that  this  new  possibility  of 
groundwater  lowering  will  bo  used  in  future 
in  structures  and  in  cenneotior.  with 
excava‘;ior.  support.  It  is  also  hoped  that 
the  economic  viability  will  thus  be  proved. 
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SYNOPSIS:  Ground  runs  during  mining  of  the  Papago  Freeway  Drain  Tunnels  posed  significant 

potential  risk  to  utilities,  street  pavement,  and  buildings  located  above  and  adjacent  to  one  of 
the  three  tunnel  alignments.  Ground  response  to  the  larger  ground  runs  resulted  in  open  chimneys 
and  settlement  of  the  ground  surface  of  up  to  several  feet.  Modifications  to  the  tunneling  machine 
included  addition  of  poling  plates  and  breasting  boards.  Further  modification  to  the  tunneling 
method  included  use  of  compaction  grouting  in  conjunction  with  mining  for  the  entire  length  of  one 
tunnel  alignment,  and  use  of  chemical  grouting  to  prestabilize  the  ground  surrounding  the  tunnel 
opening  in  areas  of  high  risk  utilities  and  in  areas  where  subsurface  conditions  suggested  that 
running  ground  would  be  encountered  during  mining. 

This  paper  presents  a  summary  of  the  ground  behavior  with  and  without  the  compaction  and 
chemical  grouting  and  describes  the  grouting  methods. 

INTRODUCTION 


This  paper  presents  a  case  history  of  soft 
ground  tunneling  for  the  Papago  Freeway 
Drainage  Tunnels  in  Phoenix,  Arizona 
constructed  from  the  spring  of  1984  through 
mid-1987.  Specific  objectives  are  to  describe 
the  subsurface  conditions,  tunneling  methods, 
the  ground  behavior  in  response  to  tunneling. 
The  case  history  Includes  a  description  of 
compaction  and  chemical  grouting  methods  that 
were  used  in  conjunction  with  tunnel 
excavation  over  part  of  the  project.  The 
grouting  allowed  for  rapid  tunnel  excavation 
while  minimizing  surface  settlements  above  the 
tunnel  thereby  reducing  the  risk  to  overlying 
utilities,  pavements,  streets  and  adjacent 
buildings . 

The  Papago  Freeway  Drainage  Tunnels  are  part  of 
a  drainage  system  for  the  highway  expansion  and 
improvements  undertaken  by  the  Arizona 
Department  of  Transportation  in  the  greater 
Phoenix  metropolitan  area.  Large  sections  of 
the  highway  system  are  depressed  below  existing 
ground  elevations  to  minimize  visual  and  noise 
impacts.  The  tunnels  are  part  of  an  inverted 
siphon  designed  to  carry  surface  runoff  from 
Intense  rainfall.  The  system  carries  water  to 
the  Salt  River  and  provides  drainage  for  an 
approximately  40  square  mile  area.  Tunnels 
were  selected  because  of  the  disruption  that 
cut  and  cover  construction  of  alternatives 
would  have  caused  to  the  utilities,  traffic, 
streets,  and  adjacent  business  located  along  or 
near  the  system  alignment. 

The  entire  highway  project  is  managed  by  the 
Arizona  Department  of  Transportation  (ADOT) . 
The  drainage  tunnels  were  designed  by  Howard 
Needles  Tammen  and  Bergendoff  (HNTB), 
construction  was  done  by  the  consortium  of 
Shank- Artukovich-Ohb '  /ashi  (S-A-0)  and 
construction  management  was  provided  by  CRS 
Sirrine  (CRSS) . 


The  tunnel  project  consisted  of  three  tunnels, 
the  North,  East  and  West  Tunnels,  shown  in 
Figure  1.  The  total  length  of  the  three 
tunnels  is  approximately  6.5  miles  making  this 
one  of  the  largest  soft-ground  tunneling 
projects  in  North  America.  The  North  Tunnel 
runs  east  and  west,  is  6,700  ft  long,  has  a 
finished  diameter  of  14  ft  and  an  excavated 
diameter  of  17  ft.  The  East  and  West  Tunnels 
run  north  and  south,  are  13,550  and  13,970  ft 
long  respectively,  have  a  finished  diameter  of 
21  ft,  and  an  excavated  diameter  of  25  ft.  The 
North  Tunnel  slopes  gently  toward  the  center 
where  it  intersects  with  the  West  Tunnel.  The 
East  and  West  Tunnels  slope  gently  from  north 
to  south.  The  depth  of  cover  of  the  North 
Tunnel  was  between  25  and  40  ft.  The  depth  of 
cover  at  the  East  and  West  Tunnels  was  between 
33  and  45  ft.  Each  tunnel  is  connected  to  a 
concrete  inlet  or  outlet  structure  at  each  end 
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and  to  a  number  of  concrete  drop  structures 
located  along  each  tunnel  alignment.  The  North 
Tunnel  alignme.it  includes  several  800  to  1,000 
ft  radius  curves  and  the  West  Tunnel  is 
straight  except  for  a  reverse  curve  section 
with  two  1,200  ft  radius  curves. 

The  remainder  of  this  discussion  deals 
exclusively  with  construction  of  the  East  and 
West  Tunnels.  No  further  considerations  of  the 
North  Tunnel  are  included. 

The  tunnels  were  excavated  using  a  shield  with 
digger  manufactured  by  Hitachi  Zosen  of  Japan. 
The  East  Tunnel  was  driven  first  md  was 
excavated  from  south  to  north.  Upon 
completion  of  East  Tunnel  excavation,  the 
shield  was  disassembled,  moved  and  reassembled 
at  the  south  shaft  of  the  West  Tunnel,  and  used 
to  excavate  the  West  Tunnel . 

Almost  immediately  after  the  shield  mined  out 
of  the  south  shaft  at  the  East  Tunnel,  a  series 
of  large  ground  runs  occurred.  The  runs 
resulted  in  large  surface  settlements  of  the 
order  of  6  to  10  ft  and  in  large  open  chimneys 
to  the  ground  surface. 

As  a  result  of  these  ground  runs,  modifications 
were  made  to  the  shield.  These  modifications 
included  addition  of  poling  plates  to  the  upper 
half  of  the  shield  and  breasting  boards  inside 
the  upper  half  of  the  shield.  The  poling 
plates  were  installed  from  springline  to 
springline  and  were  capable  of  extending  8  ft 
beyond  the  leading  edge  of  the  shield.  The 
breasting  boards  extended  from  upper  quarter 
arch  to  quarter  arch  and  could  also  be  extended 
beyond  the  face  cf  the  shield. 

After  these  shield  modifications,  excavation  of 
the  East  Tunnel  was  completed  within  a  period 
of  eight  months.  During  excavation  however, 
approximately  five  percent  of  the  tunnel 
experienced  significant  ground  runs. 
Individual  losses  associated  with  these  runs 
ranged  from  approximately  5  to  250  cubic  yards. 
These  ground  losses  occurred  at  the  top  of  the 
face  and  above  the  forward  edge  of  the  shield. 
Surface  settlement  abo-'e  the  tunnel  of  up  to  10 
ft  and  open  chimneys  from  3  to  10  ft  in  maximum 
dimension  resulted  from  these  ground  losses. 

The  surface  expression  of  the  ground  losses  had 
little  impact  at  the  East  Tunnel  which  was 
constructed  primarily  below  cleared  highway 
right-of-way.  However,  surface  settlement  and 
open  chimneys  at  the  West  Tunnel  represented 
unacceptable  risk  to  overlying  utilities, 
streets,  pavements  and  adjacent  buildings. 
Consequently,  further  modifications  were  added 
to  the  tunneling  method  including  1)  compaction 
grouting  to  redensify  soils  loosened  by  ground 
losses  during  mining  and  to  fill  voids  from 
ground  runs  at  the  face,  and  2)  chemical 
grouting  to  prestabilize  the  ground  surrounding 
the  tunnel. 

Compaction  grouting  was  used  in  conjunction 
with  excavation  of  the  entire  length  of  the 
West  Tunnel.  The  grouting  was  Integrated  with 
the  tunnel  excavati'>n  and  Implemented 
continuously  and  concurrently  with  tunnel 
excavation.  Chemical  grouting  was  used  in 
section  totalling  1,441  ft  of  the  13,970  ft  of 


the  West  Tunnel.  A  total  of  41  ft  of  this 
chemical  grouting  was  done  to  prestabilize  the 
ground,  to  reduce  risk  to  utilities  or  adjacent 
buildings,  and  1,400  ft  was  done  in  areas  where 
subsurface  information  indicated  a  high 
probability  that  running  ground  conditions 
would  be  encountered  during  tunne’  excavation. 


GEOLOGIC  INVESTIGATIONS  AND  SUBSURFACE 
CONDITIONS 


The  subsurface  conditions  along  the  tunnel 
alignments  were  determined  by  existing  rotary 
borings,  percussion  borings,  and  four  large 
diameter  borings  (LDB's)  and  by  additional 
LDB's  and  tunnel  face-mapping  performed  during 
tunnel  construction.  These  methods  allowed  for 
a  characterization  of  ground  conditions  during 
design  and  bidding  for  project  construction, 
and  for  further  detailed  characterization  of 
subsurface  conditions  during  construction. 

Rotary  borings  are  difficult  to  advance  to 
depth  because  of  the  coarse  alluvial  deposits 
characteristic  of  the  area.  Therefore,  no 
subsurface  data  at  tunnel  depth  were  available 
from  these  borings.  Percussion  borings  using 
reverse-circulation  drills  were  used  to 
investigate  subsurface  conditions.  These 
borings  advanced  well  through  the  coarse 
alluvial  deposits  but  the  results  were 
difficult  to  interpret  as  little  or  no  sampling 
is  typically  conducted  with  this  boring  method. 
Careful  observation  of  the  diesel  hammer  blows 
required  to  advance  these  borings  in  one  foot 
increments  allowed  for  some  useful 
interpretation  of  subsurface  conditions. 
Several  existing  borings  drilled  using  this 
method  extended  to  tunnel  invert  and  were  used 
to  interpret  subsurface  conditions  within  the 
tunnel  horizon.  A  total  of  four  LDB's  were 
drilled  at  selected  locations  along  the  tunnel 
alignments  during  site  inspections  for 
prospective  contractors.  Down-hole  inspections 
were  available  for  representatives  of  each 
prospective  contractor  from  within  casing 
lowered  to  full  depth  of  each  boring. 

A  total  of  27  LLB's  were  drilled  on  500-ft 
centers  along  the  West  Tunnel  alignment  and 
five  LDB's  were  drilled  at  selected  locations 
along  the  East  Tunnel  alignment.  These  borings 
consisted  of  drilling  three  foot  diameter  holes 
to  the  elevation  of  tunnel  springline,  setting 
a  steel  casing  to  the  bottom  of  each  boring, 
and  inspecting  and  sampling  from  tunnel 
springline  to  a  point  lO-ft  above  tunnel  crown. 

The  five  LDB's  drilled  at  the  East  Tunnel  were 
located  to  determine,  1)  the  conditions  at 
areas  where  significant  ground  losses  had 
occurred  in  the  completed  portion  of  the  tunnel 
and  2)  to  determine  ground  conditions  at  an 
instrumented  section  of  the  tunnel.  The  27 
LDB's  at  the  West  Tunnel  were  drilled  to 
determine  detailed  subsurface  conditions  along 
that  alignment  and  to  compare  and  contrast 
those  conditions  to  those  encountered  at  thu 
East  Tunnel . 

The  project  lies  within  the  Basin  and  Range 
physiographic  province.  The  Phoenix  Basin 
consists  of  between  500  and  1,200  ft  of 
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variably  consolidated  alluvial  sediments. 
These  sediments  are  generally  coarse  and  are 
the  result  of  rapid  infilling  of  the  broad 
graben-like  basin  characteristic  of  the  Basin 
and  Range. 

The  general  subsurface  conditions  at  the  East 
and  West  Tunnels  are  as  follows: 

UNIT  A  -  Thin  surface  layer  of  fine-grained 
soils  consisting  of  silty-clay,  sandy 
clay,  silt  and  silty  sand  with  small 
amounts  of  gravel.  Variable  lime 
cementation  (caliche)  varying  from 
strong  to  none  was  observed.  The 
thickness  of  this  unit  varied  from  0 
to  20  ft  with  an  average  thickness  of 
15  ft  . 

UNIT  B  -  Transitional  sand  and  gravel 
underlying  Unit  A  and  consisting 
primarily  of  relatively  clean  sands, 
sand  and  gravel  mixtures,  and 
occasional  silty  sands.  This  unit 
occurred  erratically  and  was  not 
present  in  many  areas. 

UNIT  C  -  Lower  sand,  gravel,  cobble  (SGC) 
underlying  Unit  B.  All  tunnels  were 
constructed  in  this  unit.  This  unit 
was  distinguished  from  Unit  B  soils  by 
the  presence  of  cobbles.  The  unit 
includes  highly  variable  alluvial 
deposits  of  gravelly  coarse  to  fine 
sand,  silty  gravel,  gravelly  cobbles, 
sandy  gravel,  cobbly  gravel,  sand, 
some  clay  lenses,  and  sand  and 
cobbles.  All  deposits  vary  in  fines 
content  from  clean  to  trace  silt  or 
clay.  Manganese  oxide  staining  was 
often  observed  on  loose  gravel  lenses. 
Variable  cementation  was  observed  in 
some  SGC  caused  by  calcium  carbonate 
and  clay-fraction.  Clay  content 
generally  increased  below  a  depth  of 
35  ft. 

Groundwater  generally  occurred  below  the  tunnel 
invert  except  in  the  southern  third  of  the  East 
and  West  Tunnel  alignments.  Groundwater  levels 
followed  regional  trends  and  occurred 
approximately  10-ft  above  tunnel  crown  at  the 
south  shaft  of  the  East  and  West  Tunnels. 
Groundwater  levels  were  drawn-down  to  below 
tunnel  invert  using  several  large  diameter, 
high-capacity  wells. 


GROUND  RESPONSE  TO  TUNNELING  WITHOUT  GROUTING 


Ground  response  to  tunneling  without  grouting 
was  measured  at  14  sites  located  along  the  East 
Tunnel  alignment.  Thirteen  of  the  14  sites 
were  located  in  "normal"  ground,  where 
significant  ground  losses  did  not  occur.  One 
site  was  located  in  a  zone  of  "running"  ground. 
No  grouting  was  used  during  construction  of 
this  tunnel. 

In  general,  instrumentation  at  the  East  Tunnel 
consisted  of  subsurface  settlement  markers, 
multiple  point  borehole  extensometers,  and 
surface  settlement  points.  In  addition, 
inclinometers  were  installed  at  three  of  the 
fourteen  instrumentation  sites  to  measure 


horizontal  movements. 

Figure  2  presents  the  general  ground  behavior 
based  on  data  from  the  13  "normal"  ground 
sites.  This  figure  illustrates  typical 
instrument  locations  relative  to  the  excavated 
tunnel,  the  zone  of  influence  of  the  tunnel, 
and  the  Generalized  Surface  Settlement  Profile. 

Vertical  soil  displacements  shown  by  this 
figure  for  "normal"  ground  conditions  indicate 
that  displacements  occur  within  a  limited  zone 
directly  above  the  tunnel,  that  displacement  is 
generally  symmetrical  about  the  tunnel 
centerline,  and  that  maximum  displacement 
varies  from  12  inches  at  a  point  5  ft  above 
tunnel  crown  to  1.2  inches  at  ground  surface. 
Most  significant  vertical  displacements 
(greater  than  one-quarter  inch)  are  confined 
within  a  zone  equal  to  the  width  of  the  tunnel 
and  all  movement  occurs  within  a  zone  extending 
from  tunnel  springline  upward  to  ground  surface 
at  an  angle  of  20  degrees  from  vertical. 

Instrumentation  data  from  the  only  running 
ground  site  and  observation  of  settlement 
troughs  and  open  chimneys  indicated  the 
settlement  was  limited  to  the  width  of  the 
tunnel,  the  larger  depression  or  chimneys  were 
generally  symmetrical  about  tunnel  centerline, 
and  the  width  of  the  open  chimneys  was  less  in 
the  uppermost  fine  grained  soils  than  in  the 
SGC  below. 

When  large  settlement  troughs  or  open  chimneys 
developed  to  the  ground  surface,  the  following 
conditions  were  noted: 

1.  Loose  soils  above  the  shield  ran  into 
the  heading  creating  a  void  above  and 
slightly  behind  the  leading  edge  of 
the  shield. 

2.  The  loss  of  soil  from  above  the  shield 
occurred  when  uniform  or  gap  graded, 
loose  native  soils  were  encountered  at 
the  tunnel  crown. 

3.  In  general,  soils  ahead  of  the  tunnel 
face  did  not  run  into  the  face. 

4.  Significant  settlement  troughs  or  open 
chimneys  developed  at  the  ground 
surface  and  generally  occurred  within 
minutes  or  up  to  several  hours  after 
the  run  in  the  tunnel  heading. 

5.  The  surface  width  of  settlement 
troughs  and/or  open  chimneys  is  less 
than  the  width  of  the  tunnel. 

6.  The  size  of  the  surface  settlement 
trough  and/or  open  chimney  is  directly 
related  to  the  total  volume  of 
running  ground  removed  from  within  the 
tunnel . 

7.  The  surface  expression  of  open 
chimneys  or  surface  settlement  troughs 
is  symmetrical  about  tunnel 
centerline . 

Settlement  was  studied  as  a  function  of 
distance  from  the  instrument  to  the  tunnel 
face’  this  indicated  that  the  total  settlement 
can  be  divided  into  four  categories  based  on 
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loss  mechanisms  within  the  tunnel,  as  follows: 

o  Face  losses  -  losses  ahead  of  the 

tunnel  face. 

o  Shield  losses  -  losses  above  the 

shield . 

o  Tail  losses  -  losses  as  soils  load  the 
initial  lining. 

o  Long  term  losses  -  losses  due  to 
compaction  of  the  ground  after  mining 
is  complete. 

The  majority  of  settlement  is  tail  loss  and 
some  settlement  also  occurs  as  shield  loss. 
Settlements  from  both  face  loss,  and  long  term 
loss  are  negligible. 

Based  upon  field  observations,  ground  losses  in 
general  occurred  vertically  above  and  behind 
the  shield,  and  did  not  extend  laterally  beyond 
springline  nor  ahead  into  the  face. 


GROUND  MODIFICATION  PROGRAM 


Introduction 

Potential  ground  losses  during  mining  presented 
considerable  risk  to  utilities,  streets, 
pavements,  and  possibly  buildings  located 
above  and  adjacent  to  the  West  Tunnel 
alignment.  Based  upon  an  analysis  of  this 
risk,  a  ground  modification  program  consisting 
of  compaction  grouting  and  chemical  grouting 
was  recommended  for  mining  the  West  Tunnel. 
This  section  describes  the  risk  analysis  and 
presents  details  of  the  ground  modification 
program. 

Risk  Analysis 

The  risk  analysis  was  made  with  considerable 
input  from  the  owner.  The  utilities,  buildings 
and  streets/pavements  in  the  vicinity  of  the 
tunnel  were  grouped  into  four  levels  of  risk, 
designated  Low,  Moderate,  High  or  Very  High, 
depending  upon  the  anticipated  consequences  of 
settlement,  ground  loss  or  failure  of  the 
utility. 

The  Low  Risk  category  included: 

1.  Service  gas  lines,  less  than  2  psi. 

2.  Small  water  lines,  less  than  12  inch 
diameter. 

3.  Small  sanitary  sewer  lines,  less  than 
18  inch  diameter. 

4.  Small  storm  sewers,  less  than  30  inch 
diameter. 

5.  Service  electric  lines. 

6.  Low  volume  telephone  lines. 

7.  Irrigation  lines  for  residences. 

8.  Residential  buildings  and  one  story 
commercial  buildings. 

9.  Streets/pavements  with  low  traffic 
volumes. 

10.  Sidewalks. 

The  Moderate  Risk  category  included: 

1.  Irrigation  lines  for  farms. 

2.  Two  to  three  story  commercial 
buildings. 

The  High  Risk  category  included: 


1. 

Gas  distribution  lines. 

2  to  60 

psi. 

2  . 

Large  water  lines,  12 
diameter. 

to  30  inch 

3. 

Sanitary  sewers,  18 
diameter. 

to  30 

inch 

4  . 

Large  storm  sewers. 

equal 

to  or 

greater  than  30  inch  diameter. 

5.  Electric  distribution  lines,  7  to  12.5 


KV. 

6.  Multi-story  commercial  buildings  and 
municipal  buildings. 

7.  Buildings  containing  machinery 
sensitive  to  settlement. 

8.  Streets/pavements  with  high  traffic 
volumes. 

9.  Interstate  highways. 

10.  Railroad  lines. 

The  Very  High  Risk  category  was  assigned  to 
utilities  which,  if  severed,  could  result  in 
loss  of  life  or  significant  repair  costs.  The 
Very  High  Risk  category  included: 

1.  High  pressure  gas  lines,  greater  than 
60  psi. 

2.  Large  water  lines,  greater  than  30 
inch  diameter. 

3.  Large  sanitary  sewers,  greater  than  30 
inch  diameter. 

4.  High  voltage  electric  li.nes,  230  KV. 

5.  High  volume  telephone  lines. 

In  order  to  determine  the  risk  areas  along  the 
West  Tunnel  alignment,  the  utilities,  buildings 
and  streets/  pavements  located  within  the 
tunneling  zone  of  influence  were  reviewed. 
Utility  locations  were  determined  through  a 

review  of  the  Utility  Plans  and  Profiles  in  the 
Contract  Drawings  and  through  discussions  with 

utility  companies.  Eight  Very  High  Risk 

utilities  were  identified,  as  follows: 

1.  One  66  inch  sanitary  sewer 

2.  Two  30  inch  sanitary  sewers 

3.  One  10  inch,  300  psi  gas  line 

4.  One  230  KV  electric  line 

5.  One  42  inch  water  line 

6.  One  Transcontinental  Light  Guide 
(fiber-optic)  telecommunication  cable 

7.  One  jet  fuel  line. 

Engineering  recommendations  were  presented  to 
minimize  the  potential  for  significant  ground 
surface  settlement,  ground  loss  and  open 

chimneys  to  the  ground  surface  based  upon  the 
soil  conditions,  the  anticipated  ground 
behavior,  and  the  level  of  risk  assigned  to 
utilities,  buildings  and  streets/pavements 

within  the  tunneling  zone  of  influence.  These 
recommendations  are  summarized  in  the  following 
paragraphs . 

Good  tunneling  techniques  were  recommended 
during  mining.  Good  tunneling  techniques 
included  control  of  the  shield  alignment  to 
minimize  the  pitch,  yaw  and  roll  of  the 
machine.  Good  tunneling  also  Included  careful 
excavation  techniques  to  minimize  ground 
losses  during  tunneling. 

To  supplement  good  tunneling  techniques,  a 
ground  modification  program  was  recommended 
consisting  of  compaction  grouting  and  chemical 
grouting.  Compaction  grouting  was  recommended 
along  the  entire  length  of  the  West  Tunnel  to 
minimize  ground  settlement  by  re-denslfylng 
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loosened  soil  behind  the  tail  shield  and 
replacing  lost  ground  during  tunneling. 

Chemical  grouting  was  recommended  at  specific 
areas  of  active.  very  high  risk  utilities 
crossing  the  West  Tunnel.  Chemical  grouting 
was  considered  necessary  to  minimize  risk  to 
these  active  utilities  by  pre-stabilizing  the 
soil  around  the  tunnel  below  these  utilities. 
Pre-stabilizing  the  soil  further  reduced 
settlement  potential  by  reducing  the  likelihood 
of  significant  ground  losses  at  utility 
locations.  Where  a  very  high  risk  utility 
could  be  deactivated  during  tunnel  mining 
below,  chemical  grouting  was  not  recommended. 

Compaction  Grouting 

Purpose 

Compaction  grouting  consisted  of  injecting  low 
slump  soil  or  soil/cement  grout  to  form  a  bulb 
above  the  crown  of  the  tunnel .  Compaction 
grouting  was  used  along  the  entire  length  of 
the  West  Tunnel,  due  to  the  risk  associated 
with  settlement  of  moderate  to  high-traffic 
volume  streets,  and  overlying  buildings.  The 
purpose  of  the  compaction  grouting  program  was 
to  minimize  potential  ground  settlement  by 
dcnsifying  loosened  soil  behind  the  tail 
shield,  and  replacing  ground  lost  at  the  tunnel 
face. 

Procedures 

Compaction  grouting  was  accomplished  by 
drilling  holes  from  ground  surface  at  10  ft 
centers  along  tunnel  centerline  to  within 
approximately  10  ft  above  the  tunnel  crown,  and 
inserting  a  3  inch  pipe  into  each  hole.  After 
the  tail  shield  passed,  a  low  slump,  soil  grout 
was  injected  to  form  a  bulb,  which  densified 
any  loosened  soil  above  the  initial  precast 
lining.  During  grout  injection,  lining 
deflection  was  monitored  and  used  as  a 
criterion  for  termination  of  grouting.  When 
large  ground  runs  occurred,  the  grouting 
operation  was  moved  directly  over  the  shield, 
cement  was  added  to  the  soil  grout,  and  a  large 
volume  of  grout  was  injected  to  rapidly  replace 
lost  ground. 

During  compaction  grouting,  voice  communication 
was  maintained  between  the  grout  technician  on 
the  surface  and  the  tunnel  technician 
underground.  Constant  communication  was 
necessary  to  monitor  grouting  progress,  to  stop 
grout  injection  when  temporary  lining 
deflections  reached  tolerable  limits,  and  to 
adjust  grouting  operations  to  events  in  the 
tunnel . 

Initially  the  grout  consisted  of  well  graded 
silty  sand  having  at  least  20  percent  but  not 
more  than  50  percent  passing  the  U.S.  NO.  200 
sieve,  flyash,  and  water  with  a  slump  of 
approximately  2  inches.  Due  to  the 
availability  of  a  native  sandy  silt,  vandalism 
of  the  flyash  silo,  and  problems  with  sand 
blockage  during  grouting,  the  grout  mix  was 
changed  to  silt  with  greater  than  50  percent 
passing  the  U.S.  No.  200  sieve,  and  use  of 
flyash  was  discontinued. 

When  grouting  in  areas  of  ground  losses  in 
excess  of  100  cubic  yards,  one  bag  of  portland 


cement  was  added  to  every  2  yards  of  grout  mix 
to  strengthen  the  grout  and  reduce  the  chances 
of  grout  flowing  into  the  heading  around  the 
face  of  the  shield. 

Compaction  grouting  was  performed  using  two 
shifts  in  conjunction  with  mining  of  the  West 
Tunnel.  The  grout  was  pumped  until  one  of  the 
following  grouting  termination  criteria  was 
met: 

1.  For  initial  precast  concrete  lining 
segments  located  approximately  40  ft 
behind  the  tail  of  the  shield  that 
were  loose  (i.e.,  tolerate  0.08  feet 
of  deflection  and  still  meet  final 
lining  specifications),  grout  was 
injected  until  0.08  feet  of  deflection 
occurred  in  one  of  the  segments.  The 
grout  pipe  was  raised  several  feet  and 
pumped  again  until  additional 
deflection  occurred. 

2.  For  initial  precast  concrete  lining 
segments  located  approximately  40  ft 
behind  the  tail  of  the  shield  that 
were  tight  (i.e.,  tolerate  less  than 
0.08  feet  of  deflection  and  still  meet 
final  lining  specifications) ,  grout 
was  injected  until  all  tolerable 
deflection  occurred.  The  grout  pipe 
was  raised  several  feet  and  pumped 
again  until  additional  deflection 
occurred . 

3 .  Segments  and/or  keyblocks  below  the 
active  grout  pipe  began  to  crack, 

4.  Heave  of  the  ground  or  street  surface 
near  the  active  grout  pipe  was 
observed. 

5.  Pressures  in  excess  of  500  psi 
developed  at  the  top  of  the  active 
grout  pipe. 

When  large  ground  runs  occurred,  the  tunnel 
technician  radioed  the  grout  technician  to 
report  the  volume  of  the  ground  run  and  its 
location.  The  grout  crew  responded  by  halting 
normal  grouting  behind  the  shield,  identifying 
the  grout  pipe  closest  to  the  run,  and  moving 
the  grouting  equipment  forward.  Pumping  of 
compaction  grout  continued  until  one  of  the 
following  grouting  termination  criteria  was 
met: 

1.  Grout  was  observed  at  the  face  or  tail 
of  the  shield. 

2.  Segments  and/or  keyblocks  at  the  tail 
of  the  shield  cracked. 

3.  Pumping  pressure  exceeded  300  psi  or 
back  pressures  exceed  150  psi. 

4.  Surface  heave  was  observed. 

5.  100  percent  of  the  reported  ground  run 
volume  was  Injected. 

Once  a  run  had  been  filled,  a  normal  grouting 
sequence  resumed. 

On  several  occasions,  a  ground  run  surfaced, 
which  resulted  in  collapse  of  the  street 
pavement.  When  this  occurred  the  void  was 
backfilled  with  either  pea  gravel,  aggregate 
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base  course  (ABC) ,  tunnel  muck  or  a  combination 
of  these  materials. 

Results 

Compaction  grouting  of  the  sand-gravel-cobble 
alluvium  encountered  was  effective.  Compaction 
grouting  densified  the  loosened  soils  over  the 
crown  of  the  tunnel,  minimized  surface 
settlements,  and  rapidly  backfilled  voids, 
thereby  minimizing  tunnel  excavation  downtime. 

Compaction  grouting  during  normal  tunneling 
generally  resulted  in  placement  of  between  0.1 
and  0.5  cubic  yards  of  compaction  grout  per 
linear  foot  of  tunnel.  During  normal  tunneling 
and  normal  ground  behavior,  the  compaction 
grout  densified  the  soil  above  the  tunnel 
resulting  in  deflection  of  the  precast  concrete 
segment.  In  most  cases,  segment  deflection 
resulted  in  grout  termination  under  normal 
tunneling  conditions. 

When  compaction  grout  was  used  to  fill  large 
voids  from  ground  losses  due  to  running  ground, 
grout  volume  placed  was  between  50  and  90 
percent  of  the  ground  loss.  In  most  cases 
ground  heave  occurred  prior  to  deflection  of 
the  precast  concrete  segments  and  determined 
when  grout  injection  was  stopped. 

The  totax  cost  for  the  compaction  grouting, 
including  hole  drilling,  grouting,  backfilling 
and  placing  a  cold  patch  at  street  level  was 
$2,191,680  or  about  $160  per  linear  foot  of 
tunnel.  Additional  project  costs  not  included 
in  this  figure  were  costs  for  tunnel  crew 
standby  time  during  grouting,  repair  of  the 
asphalt  surface,  and  repair  of  utilities 
damaged  during  grout  hole  drilling. 

Chemical  Grouting 

Purpose 

The  chemical  grouting  program  consisted  of  the 
injection  of  sodium  silicate  grout  using  "flood 
grouting"  methods  prior  to  tunnel  excavation. 
Chemical  grouting  was  used  in  areas  of  active, 
very  high  risk  utilities  and  in  areas  of 
anticipated  running  ground.  The  purpose  of  the 
chemical  grout  was  to  strengthen  the  alluvial 
soils  by  increasing  their  cohesion,  in  order  to 
minimize  the  potential  for  large  ground  losses 
and  associated  surface  settlement. 

Chemical  grouting  to  stabilize  the  loose, 
cohesionless  soil  conditions  was  accomplished 
through  the  injection  of  a  sodium  silicate 
solution  from  the  ground  surface  prior  to 
tunnel  excavation  through  the  particular  zone 
of  concern.  The  ground  was  saturated  with  the 
low  viscosity  solution,  which  set-up  to  form  a 
stiff  gelatinous  solid.  This  gel  provided 
cohesive  strength  to  the  loose  sand,  gravel, 
and  cobble  soils. 


The  annulus  at  the  upper  10  ft  of  the  pipe  was 
backfilled  with  Portland  cement  grout  to 
provide  a  seal.  Additional  chemical  grout 
holes  were  cased  with  1-1/2  inch  I.D., 
schedule  40,  closed  end  PVC  pipe  with  four  1/4 
inch  perforations  on  1  ft  centers  along  the 
lower  10  to  15  ft  of  pipe.  The  pipes  were 
drilled  to  within  5  to  7  ft  of  tunnel  crown, 
and  the  annulus  backfilled  with  pea  gravel  to 
cover  perforations  and  then  filled  to  the 
street  surface  with  portland  cement  grout. 

Liquid  sodium  silicate  was  clear  Grade  40,  with 
a  silica  to  soda  ratio  of  3.22  and  a  specific 
gravity  of  4i.5  degrees  Baume.  Initially,  the 
grout  mixture  consisted  of  a  30  percent  sodium 
silicate  solution.  This  was  modified  to  40 
percent  to  reduce  grout  set  time.  A  number  of 
different  activators  were  used  including 
glyceryl  diacetate  and  sodium  bicarbonate. 
When  glyceryl  diacetate  was  used  as  the 
activator,  calcium  chloride  was  added  as  an 
accelerator.  With  each  chemical  grout  mixture, 
a  series  of  tests  were  performed,  to  identify 
the  mixture  which  would  give  the  desired  30  to 
45  minute  gel  time. 

Chemical  grouting  was  performed  using  flood 
grouting  procedures  and  batch  mixing  methods. 
Grouting  was  accomplished  by  flooding  three 
holes  simultaneously  with  predetermined 
quantities  of  chemical  grout.  Flow  rates  and 
pressure  to  each  hole  was  adjusted  by  valves 
until  injection  was  approximately  equal. 
Generally  the  following  grouting  procedure  was 
used: 

o  A  concentrated  activator  solution  (50  lbs 
of  sodium  bicarbonate  in  100  gallons  of 
water)  was  injected  into  each  hole  to  cause 
quick  gel  of  subsequent  grout  in  areas  of 
open  gravels. 

o  1,000  gallons  of  sodium  bicarbonate/sodium 
silicate  grout  was  injected  into  each  hole 
as  quickly  as  possible  to  saturate  the  soil 
mass  in  the  target  zone. 

o  100  gallons  of  concentrated  activator  was 
injected  into  each  hole. 

o  Another  1,000  gallons  of  grout  was  injected 
into  each  hole. 

o  A  final  200  gallons  of  concentrated 
activator  was  injected  into  each  hole. 

Grout  samples  were  taken  periodically  during 
the  above  process  to  check  gel  time  of  the 
grout.  The  process  was  crude  in  terms  of 
mixing  and  delivering  grout  solutions  to  the 
ground  and  relied  on  alternately  flooding  a 
target  zone  in  the  ground  with  sodium 
silicate/sodium  bicarbonate  grout  and 
accelerator.  The  process  allowed  for  rapid 
placement  of  chemical  grout  in  the  general  area 
desired. 


Procedure  Results 

In  general,  chemical  grouting  was  performed  Chemical  grouting  of  the  cand-gravel-cobble 
using  the  grout  pipes  installed  for  compaction  alluvium  by  injecting  sodium  silicate  grouts 
grouting  In  some  instances  additional  holes  effective.  The  grouting  process  was 
were  drilled.  For  combination  compaction  and  continually  adapted  as  information  was  obtained 
chemical  grouting,  the  grout  pipes  consisted  of  after  the  tunnel  was  mined  through  each  grouted 
3  inch  I.D.,  schedule  40,  open  end  steel  pipe. 
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section.  The  design  objective,  strengthening 
the  alluvial  soils  to  prevent  large  ground  runs 
into  the  tunnel  heading  and  unacceptable 
surface  subsidence,  was  accomplished. 

No  ground  losses  were  observed  at  any  of  the 
sewer  crossings  that  received  treatment  with 
chemical  grout.  A  total  of  1,400  linear  feet 
of  West  Tunnel  alignment  was  grouted  in  11 
zones  that  had  been  identified  as  having 
potentially  unstable,  cohesionless  ground  and 
high  probability  of  ground  runs.  Significant 
ground  runs,  greater  than  5  cubic  yards  lost 
during  one  "push"  of  the  shield,  occurred  in 
only  two  of  these  11  zones.  The  first  area 
was  at  Second  Street  and  Polk  Street,  in  front 
of  the  Arizona  Republic  and  Gazette  Building. 
At  this  location,  a  total  of  55  cubic  yards  of 
ground  was  lost  over  a  50  ft  interval  within  a 
chemically  grouted  zone.  Extensive,  very 
porous,  gravel  lenses  existed  in  this  area. 
The  second  area  was  between  Filmore  and  Pierce 
on  Second  Street.  At  this  location,  a  total  of 
approximately  500  cubic  yards  of  ground  were 
lost  over  a  30  ft  interval  within  a  chemically 
grouted  zone.  Ground  conditions  within  this 
zone  included  a  3  to  4  ft  thick  lens  of  dry, 
loose  sand  at  the  tunnel  crown.  Tunnel 
progress  was  halted,  additional  holes  were 
drilled  in  front  of  the  excavated  face  and 
more  chemical  grout  was  injected.  Upon 
resumption  of  tunneling,  the  sand  lens  was 
stable  and  was  excavated  in  large  cemented 
chunks.  No  large  losses  of  ground  occurred 
after  tunneling  was  resumed  following  injection 
of  the  additional  chemical  grout. 

Small  ground  runs,  less  than  5  cubic  yards  lost 
during  one  "push"  of  the  shield,  occurred  over 
approximately  one  third  of  the  chemical  grout 
zones.  Grout  pipes  terminated  10  ft  above  the 
tunnel  crown  and  these  losses  appeared  to 
consist  of  material  located  between  the  tunnel 
crown  and  the  grouted  soil. 

In  many  instances  alrn-j  the  West  Tunnel 
alignment  ground  runs  occurred  immediately 
before  and/or  after  a  chemical  grout  zone. 
This  suggested  that  the  ground  was  loose  and 
prone  to  running,  that  the  grout  prevented 
runs,  and  that  the  ground  would  probably  have 
run  if  the  chemical  grouting  had  not  been 
performed . 

The  effectiveness  of  grouting  to  permeate  the 
soil  within  the  tunnel  face  was  tested  as  the 
tunnel  was  mined  using  phenolphthalein  to 
indicate  the  presence  of  high  pH  grout  in  the 
soil.  This  testing  revealed  that  the  soils  at 
the  tunnel  face  were  generally  well  saturated 
with  grout  solution  where  grout  pipes  extended 
below  tunnel  crown.  No  grout  saturation  was 
found  within  the  tunnel  face  in  areas  where 
grouting  was  done  through  compaction  grout 
holes  which  terminated  10  ft  above  tunnel 
crown.  These  observations  suggest  that  the 
chemical  grout  did  effectively  saturate  a  soil 
zone  near  the  base  of  the  grout  pipes. 

The  total  cost  for  chemical  grouting  was 
$410,000  or  about  $250  per  foot  of  tunnel  that 
was  grouted.  In  most  cases,  chemical  grouting 
was  done  through  existing  holes  drilled  and 
cased  for  compaction  grouting,  therefore,  this 
cost  does  not  include  the  cost  of  drilling 
grout  holes  from  the  ground  surface. 


GROUND  RESPONSE  TO  TUNNELING  WITH  GROUTING 

Ground  response  to  tunneling  with  grouting  was 
measured  at  14  sites  along  the  West  Tunnel 
alignment.  All  of  the  sites  were  located  in 
"normal"  ground  and  no  ground  runs  occurred 
within  20  ft  of  any  instruments  along  the  West 
Tunnel  alignment. 

In  general,  instrumentation  used  at  the  West 
Tunnel  was  simpler  than  that  used  at  the  East 
Tunnel .  West  Tunnel  instrumentation  had  two 
purposes,  to  determine  ground  movements  in 
soils  surrounding  the  tunnel  during  mining,  and 
to  provide  documentation  of  ground  behavior  in 
the  vicinity  of  critical  structures.  Because 
of  the  magnitude  of  movements  observed  at  the 
East  Tunnel,  subsurface  settlement  markers  were 
primarily  used  to  measure  subsurface  ground 
movements.  Extensometers  and  inclinometers 
were  generally  used  to  provide  information  only 
at  critical  structures. 

Based  on  the  data  obtained  from  the  14  sites  a 
Generalized  Ground  Behavior  Profile  was 
developed  as  shown  in  Figure  3.  This  figure 
illustrates  typical  instrument  locations 
relative  to  the  tunnel  excavation.  The  figure 
also  contains  approximate  vertical 
displacement  contours  to  illustrate  the  soil 
movements  observed.  Vertical  soil 

displacements  shown  by  this  figure  for  "normal" 
ground  conditions  indicate  that  displacement 
occurs  within  a  limited  zone  directly  above  the 
tunnel,  that  displacement  is  generally 
symmetrical  about  the  tunnel  centerline,  and 
that  the  magnitude  of  maximum  displacement 
ranges  from  22  inches,  5  ft  above  tunnel 
centerline  to  less  than  one-half  inch  at  ground 
surface.  No  measurable  horizontal  movements 
were  indicated  by  inclinometers  installed 
between  20  and  60  ft  from  tunnel  centerline. 

Comparing  the  vertical  ground  movements  at  the 
West  Tunnel  with  those  observed  in  normal 
ground  at  the  East  Tunnel  indicates  the 
following: 

o  The  magnitude  of  displacement  at  5  ft  above 
tunnel  crown  is  almost  one  foot  larger  at 
the  West  Tunnel,  yet  displacement  at  20  to 
25  ft  above  tunnel  crown  and  at  ground 
surface  is  generally  less  at  the  West 
Tunnel .  Larger  movement  close  to  tunnel 
crown  resulted  from  larger  teeth  installed 
on  the  shield  and  from  other  tunneling 
procedures.  Compaction  grouting  limited 
the  upward  limit  of  these  larger 
displacements  and  reduced  the  amount  of 
vertical  displacement  observed  at  ground 
surface. 

o  The  limit  of  vertical  ground  displacements 
is  defined  by  a  line  extending  from  tunnel 
springline  upwards  to  intersect  the  ground 
surface  at  an  annle  of  20  degrees  from 
vertical . 

o  No  horizontal  soil  movements  were  observed 
in  any  instrument  within  8.5  ft  of  tunnel 
springline.  This  was  consistent  at  both 
the  East  and  West  Tunnels. 

Several  areas  of  the  West  Tunnel  experienced 
significant  ground  runs  during  excavation. 
These  runs  involved  between  20  and  500  yards  of 


918 


material.  Generally,  ground  runs  were 
backfilled  with  compaction  grout  before  surface 
subsidence  or  open  chimneys  developed.  In  a 
few  areas  at  the  northern  end  of  tne  tunnel  and 
at  the  beginning  of  the  reverse  curve,  ground 
losses  in  the  tunnel  resulted  in  surface 
settlement  and/or  development  of  open 
chimneys.  As  at  the  East  Tunnel,  these  were 
limited  to  the  width  of  the  tunnel. 


SUMMARY  AND  CONCLUSIONS 

A  total  of  approximately  27,000  ft  of  25  ft 
diameter  tunnels  were  excavated  at  depths  of 
about  45  ft  in  coarse  alluvial  sand-gravel- 
cobble  deposits  in  downtown  Phoenix. 

Ground  movements  resulting  from  running  ground 
conditions  encountered  during  mining  posed 
unacceptable  risk  of  damage  to  utilities  and 
streets  overlying  the  West  Tunnel  alignment. 
In  order  to  reduce  these  risks,  chemical  and 
compaction  grouting  techniques  were  amended  to 
the  contract  provisions  during  construction  and 
were  utilized  during  mining  of  the  West  Tunnel. 
Chemical  grouting  was  performed  prior  to 
mining,  by  placing  sodium  silicate/sodium 
bicarbonate  grout  using  flood  grouting  methods 
to  place  grout  at  or  above  the  tunnel  crown. 
Chemical  grout  was  used  to  prestabilize  the 
ground  at  the  location  of  two  active  utilities 
which  could  not  be  effectively  shut-off  or  re¬ 
routed  if  they  were  disrupted  by  ground 
movements  around  the  tunnel.  Chemical  grouting 
was  also  used  at  areas  of  the  alignment  where 
subsurface  information  suggested  that  running 
ground  would  occur  during  tunnel  excavation. 
The  chemical  grouting  was  successfully  applied 
and  no  significant  ground  losses  occurred 
within  areas  treated  by  chemical  grouting  prior 
to  tunnel  excavation. 

Compaction  grouting  was  performed  concurrently 
with  tunnel  excavation  along  the  entire  length 
of  the  West  Tunnel.  Grout  was  injected  along 
tunnel  centerline  using  soil  or  soil/cement 
grout  to  redensify  soil  loosened  around  the 
tunnel  during  mining  or  to  fill  voids  above  the 
tunnel  shield  Immediately  after  ground  runs 
occurred  at  the  tunnel  face.  Compaction 
grouting  successfully  reduced  soil  movements 
around  the  tunnel  and  minimized  potential 
damage  to  utilities,  street  pavement  and  nearby 
buildings. 

Comparison  of  generalized  ground  movements 
above  the  East  Tunnel  where  no  grouting  was 
performed  and  the  West  Tunnel  where  both 
chemical  grouting  and  compaction  grouting  was 
performed  shows  that: 

o  Several  large  ground  runs  occurred  along 
the  West  Tunnel  with  little  or  no 
corresponding  near-surface  ground 
movement.  Ground  runs  of  similar  magnitude 
at  the  East  Tunnel  resulted  in  large 
surface  settlement  or  open  chimneys. 

o  The  average  surface  settlement  at  tunnel 
centerline  along  the  West  Tunnel  under 
"normal"  ground  conditions  was  0.75  Inches 
and  1.20  inches  at  the  East  Tunnel.  Both 
settlement  profiles  were  symmetrical  about 
the  tunnel  centerline.  No  surface 
settlement  was  generally  observed  beyond  20 


to  25  ft  from  tunnel  centerline. 

Generally,  the  grouting  performed  in 
conjunction  with  excavation  of  the  West  Tunnel 
was  effective  in  limiting  near  surface  ground 
movements.  This  effectively  minimized  the  risk 
of  damage  to  utilities,  street  pavement,  and 
nearby  building  throughout  most  of  the  West 
Tunnel  alignment. 
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SYNOPSIS:  The  paper  discusses  in  detail  the  specifics  of  the  dynamic  compaction  procedures  imple¬ 

mented  at  the  Bristol  Resource  Recovery  Facility,  and  correlations  developed  between  the  two  veri¬ 
fication  test  methods,  the  advantages  and  disadvantages  of  these  methods  and  how  the  verification 
testing  aided  in  modifying  the  original  approach,  while  still  maintaining  a  difficult  schedule.  The 
paper  further  discusses  the  estimated  bearing  capacities  and  settlements  calculated  from  each  test 
method.  Finally,  the  paper  provides  recommendations  for  specifying,  performing  and  verifying  dynamic 
compaction  based  on  the  experience  and  data  obtained  from  this  project. 


INTRODUCTION  SITE  AND  SUBSURFACE  CONDITIONS 


The  Bristol  Resource  Recovery  Facility  is  a  650 
ton  per  day  refuse  to  energy  plant,  located  in 
Bristol,  Connecticut.  The  site  is  an  irregular 
shaped  area  located  between  an  industrial  park 
and  the  City  of  Bristol  landfill.  The  turn  key 
project  team  consisted  of  Ogden  Martin  Systems, 
the  Owner /Operator ,  Burns  and  Roe  Enterprises, 
the  Architect/Engineer,  and  J.  A.  Jones,  the 
Contractor . 

Preliminary  geotechnical  data  provided  by  the 
City  of  Bristol  with  the  bid  package  recommended 
that  H-Piles  driven  to  rock  should  be  used  for 
establishing  the  design  and  construct  costs 
during  the  bidding  phase. 

The  initial  site  investigation  revealed  essen¬ 
tially  a  two-soil  layer  system  overlying  rock. 

In  general,  the  upper  soils  were  loose  to  medium 
sands,  which  were  underlain  by  a  dense  to  very 
dense  silty  fine  sand  with  gravel.  The  depth  to 
*wOk  varie'^  from  45  to  55  . ..  ..,^l.'.g 

grade . 

Because  of  the  apparent  very  dense  nature  and 
the  presence  of  gravel  and  boulders  in  the  lower 
dense  silty  sand  stratum,  there  was  concern 
regarding  the  ability  to  consistently  advance  the 
H-Piles  to  the  top  of  rock.  However,  it  was  ne¬ 
cessary  to  bid  the  project  based  on  the  recommen¬ 
dations  contained  to  the  request  for  proposal. 

After  being  awarded  the  project,  the  design  team 
performed  a  detailed  review  of  the  existing 
subsurface  data.  This  review  resulted  in  the 
recommendation  that  dynamic  compaction  would  be 
the  most  prudent  and  cost-effective  method  of 
foundation  support  for  the  main  plant  structures; 
and  that  a  detailed  subsurface  investigation  be 
performed  to  confirm  this  recommendation.  This 
investigation  confirmed  that  dynamic  compaction 
could  be  implemented  at  the  site  permitting  the 
use  of  shallow  foundations  and  a  $400,000  savings. 


Prior  to  construction,  the  ground  surface  sloped 
from  elevation  214  at  the  northern  limit  to 
about  elevation  205  at  the  southern  limit  of  the 
site  where  a  marshy  area  was  present. 

The  detailed  subsurface  investigation  consisted 
of  thirty-five  borings  performed  using  Standard 
Penetration  Testing  at  5-foot  intervals  and  at 
many  locations  continuously.  These  borings  were 
performed  to  delineate  a  detailed  subsurface 
profile,  confirm  the  viability  of  dynamic  com¬ 
paction,  and  thereby  establish  the  dynamic 
compaction  guidelines. 

The  subsurface  profiles  from  grade  to  a  depth  of 
18  to  30  ft  is  a  coarse  to  fine  sand,  with  vary¬ 
ing  amounts  of  coarse  to  fine  gravel,  and  trace 
amounts  of  silt.  Typically,  SPT  values  ranged 
from  6  to  15  blows/foot.  Underlying  this 
stratum  to  the  top  of  rock  is  a  very  distinct 
layer  of  fine  sand  with  some  silt  and  fine  to 
o'-’vel.  Silt  content  ranged  from  20  to 
30%  at  depths  of  20  to  30  feet.  Typically,  SPT 
values  ranged  from  50  to  more  than  100  blows/ 
foot.  The  contact  between  the  loose  soils  and 
the  very  compact  soils  was  found  to  be  very 
sharp.  It  occurred  at  a  depth  of  18  feet  at  the 
northern  limit,  and  30  feet  at  the  southern  limit. 

A  medium  dense  to  dense  horizon  between  2  to  8 
feet  thick  also  occurred  through  most  of  the 
site  within  a  depth  interval  from  2  to  10  feet 
below  existing  grade. 

These  overburden  soils  extend  to  depth  of  44  to 
56  feet  at  which  an  arkosic  sandstone  was  en¬ 
countered  . 

The  groundwater  table  varied  from  elevation  207 
to  205  MSL. 


DYNAMIC  COMPACTION  CRITERIA 


TT.e  scoci :  icat  ion  devolopoC.  for  this  project 
required  a  Contractor  e xpcr  .1 .  ■  need  in  dynamic 
c  icojact  ion  .  Tiic  Contractor  was  required  to 
provide  a  lamp  suit,  price  for  oompact ion  of  at 
proximately  lo  1,000  square  f’O-t  and  performing 
Verification  testing  to  dccuiiienc  that  the  nro- 
Cess  had  achieved  the  11011010111100  requirements. 
Tile  requirements  the  dynamic  counpact  ion  was 
reaaired  to  achieve  were: 

1)  For  isolated  footings  founded  at  elevation 
012,  and  ailowanle  bearing  capacity  of  not 
less  than  5  kips  per  square  foot. 

2)  Th.e  allowable  total  settlement  of  striK-tures 
net  excecdinc  three-quarters  of  an  inch. 

3)  The  allowable  differential  settlement  of 
structures  not  to  exceed  one-half  inch  be¬ 
tween  structural  columns  spaced  25  feet  apart. 


Compaction  commenced  with  a  13.5-ton  octogonal 
weiqh.t  falling  from  60  to  70  feet  in  the  north¬ 
ern  part  of  the  site  where  the  thickness  of 
loose  soils  was  the  least.  At  the  onset,  it 
became  ev'ident  that  considerable  amount  of  com- 
pactive  energy  was  required  to  punch  through  the 
dense  layer  near  surface.  To  insure  maximum 
energy  penetration,  first  the  number  of  blows 
was  increased  and,  second,  the  weight  was  in¬ 
creased  to  15  tons  for  compaction  south  of  the 
pit  area. 

Finally,  when  it  became  amply  evident,  with  the 
results  of  the  final  verification  testing  that 
the  ironing  pass  was  not  required  over  most  of 
the  site,  it  was  decided  that  compaction  at 
depth  would  be  further  enhanced  by  transferring 
the  compactive  energy  planned  for  that  pass  to 
the  initial  high  energy  passes.  The  ironing 
pass  was  nevertheless  maintained  in  the  marshy 
areas  at  the  south  end. 


Far  calculation  of  bearing  capacity  and  settle¬ 
ment  at  a  maximum  column  load  of  300  kips,  a 
m.axim.um,  footing  ’width  of  12  feet  was  to  be  used. 
This  approach,  in  our  opinion,  is  more  viai.le 
ti:an  the  approach  of  specify!-:.;  a  decree  :q'  soil 
im.provement ,  such  as  specifying  a  minimum  N 
value  after  compaction.  In  most  case;%,  the  riuil 
purpose  is  to  treat  the  soils  in  order  to  ci.tain. 
adequate  bearing  capacity  and  settlement  hvir- 
acteristics. 

The  ’/erif ication  testing  program  spe..-;  '11.,!  wis 
quite  extensive,  and  required  the  Cont  ;■  i  .-tor  t  :> 
use  two  different  test  methods.  Allowina  for 
two  methods  of  testing  is  advantageous  in  dif¬ 
ficult  applications.  Insitu  testing  methods  all 
have  limitations,  and  when  used  exclusively,  can 
send  the  wrong  signals.  One  of  the  required 
methods  was  Standard  Penetration  Testing,  with 
the  alternate  methods  of  Pressuremeter  testing 
or  Cone  Penetrometer  Testing.  Pressuremeter 
Testing  was  used  and,  therefore,  Geopac  was 
required  to  perform  precompaction  PMT  at  the 
locations  of  the  initial  SPT  testing,  to  estab¬ 
lish  precompaction  correlations  between  the  test 
methods.  After  completion  of  the  dynamic  com¬ 
paction  work,  correlations  again  were  developed 
between  the  two  methods  during  initial  testing; 
and  thereafter,  verification  testing  was  per¬ 
formed  by  the  Contractor  selection  option,  in 
this  case  PMT. 

Dynamic  compaction  results  in  vibrations  resul¬ 
ting  from  the  impact;  therefore  the  Contractor 
was  required  to  monitor  vibration  levels  to 
ensure  vibrations  would  not  endanger  existing 
structures.  The  Contractor  was  required  to 
maintain  vibration  levels  less  than  2-in/sec  at 
the  closest  property  boundary. 

DYNAMIC  COMPACTION  PROGRAM 

Prior  to  performing  the  dynamic  compaction,  all 
organic  material  and  vegetation  was  excavated 
fro.m  the  rite.  In  order  to  ensure  that  the 
dynamic  compaction  was  performed  with  the  ground- 
water  table  at  least  5  feet  below  the  working 
surface,  granular  fill  was  placed  on  the  site. 
This  fill  was  not  compacted  during  placement 
because  of  the  use  of  dynamic  compaction  to 
compact  the  underlying  naturally  occurring  soils. 


The  total  amount  of  compactive  energy  applied 

was  14.6  x  10^  ft-lb  compared  to  13.9  x  10^  ft- 
Ib  as  originally  planned. 

The  lifting  plant  was  a  .Manitowoc  3900  crawler 
crane  equipped  with  a  100-foot  boom. 

The  typical  grid  patterns  for  the  high  energy 
phases  as  well  as  the  distribution  of  compactive 
energy  are  shown  on  Drawing  Figure  1. 
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Fig.  1  Compaction  Program 
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r:;o  aioa  co-npaaca.l  ;  .  ina'untL-J  to  L-11,900 


"inal  Van  f  laat  loa  v  v  ;n  n'var:  October  23  and 

VcRlFIOAr: JN  TES'i'lN:- 
?rossore~etor  Toctn.  : 

A  total  of  2b  press  ,c-.a-etor  tests  at  3  locations 
before  treatrr.er.t ,  ar  i  126  tests  at  20  locations 
fol  los'tp.g  troato.er’.t . 

The  tests  before  ctttt  ; vtion  were  done  next  to 
6Px  oore.'aoles  BP-l,  iP-1  BR'll,  3R~18  and 
RR-2b  so  as  to  a  1 1  jw  a  o.‘ rtp^mson  between 
press  orcroter  -r:a  :-T' 1  '.Mlaes. 

A  t rv.ck-:tounted  drill  ri't  and  Menard  pressure- 
r.eter  apparatus  was  ■■rr.p  1  eyed  with  tests  carried 
i.-.side  a  calibrated  slotm!  AW  casing.  bocation 
of  boroitoles  is  sinwn  on  Drawing  figure  2. 
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Fig.  2  Verification  Testing  Locations 

As  a  .'Tiethod  of  foundation  engineering,  the 
pressuremetor  has  a  number  of  advantages,  one 
of  which  is  that  it  measures  deformation  prop¬ 
erties  of  the  soil  in  addition  to  a  rupture  or 
limit  resistance.  The  test  models  the  way  in 
which  actual  foundations  behave,  which  is  pjar- 
ticularly  true  with  respect  to  spread  footings 
where  the  maximum  or  limit  resistance  of  the 


ar  .io  me  acurici  :  y  i  ;;e  pressuremeter  is  very 

•.'lose  e- •  i  he  iii*  ;o  -■  ■  ipaiiity  o:’  trio  footina. 

meler  i-'Sti;;.;  ;s  line  '  in-  guality  of  the  test 
car.  n.dued  frin  oni-  n  :-::;e  r  i  me  n  t  a  1  curve  and 

that,  in  i  in  -m.  f  h'wer  quality  tests, 

tile  results  cin  us  !  y  :,e  partially,  if  not 
completely,  explo;-;  - 

At  nristoi,  exaFinal  :  -n  of  the  e.xper ime nt a  1 
curves  sii-ws  that  tin-  iverall  quality  of  testing 
was  excellent.  Of  t'l-'  128  pressuremeter  tests 
performeil  follow, no  hyna.m.ic  compaction,  only  Ifi 
or  12.1  per  cent  ha:  t  '  he  rejected.  Another  13 
tests  or  10  per  civn.  -.f  th.c  total  had  deficien¬ 
cies  which:  did.  not  tr-iven.t  their  use  for  settlc- 

Kith  very  few  excet-t  i-on.s ,  these  deficiencies 
were  encountered  at  a  deeth  of  24  feet  or  ■••rcat- 
er  where  stresses  increase  due  to  foundation 
loads  are  less  tb.an  13  per  cent.  Their  impact 
on  measurement  of  th.e  settlement  characteristics 
of  the  foundation  soil;i  are  therefore  minimal 
^settlement  ca 1 cu  1  at i  in  for  a  12  foot  square 
footing  using  the  f'rmula  developed  by 
Sch-mertmiinn  (1970)  d.ae.-;  not  take  into  account 
the  character ist ics  of  soils  below  24  feet) . 

Nevertheless,  these  -ccurrcnces  were  investica- 
ted  by  additional  SPT  and  pressuroraotcr  testinc. 
In  essence,  the  problem.s  encountered  in  test  inn 
were  in  most  cases  related  to  remolding  of  the 
borehole  walls  which  occurred  as  a  result  of 
sand  flowing  inside  the  slotted  tulie  during  its 
expansion.  This,  a.s  sh.owr.  by  sampling,  occurred 
in  fine  silty  sand  layers  or  clean  sand  layers 
overlaid  by  silty  horizons,  where  a  condition  of 
slight  excess  pore  pressure,  probably  worsened 
by  the  driving  of  the  slotted  tube,  still  per¬ 
sisted.  Where  the  reason  for  the  lower  values 
could  not  be  ascertained,  the  existence  of  a 
weak  layer  was  assumed  for  the  calculation  of 
the  theoretical  sottlemont,  as  shown  later. 

SPT  Testing 

Five  of  the  20  locations  tested  Ipy  pressuremeter 
following  treatment  were  also  tested  by  the 
Standard  Penetration  Test  method  using  the  same 
drill  rig  and  same  crew. 

SPT  tests  were  also  performed  at  other  locations 
to  verify  pressuremeter  tests. 

Correlation  between  pressuremeter  and  SPT  values 

Correlation  between  post-compaction  N  values, 
the  SPT  resistance  to  penetration  corrected  for 
overburden  pressure,  and  ,  the  pressuremeter 

pressuremeter  limit,  is  given  in  Figure  3. 
Correlation  between  E  and  P.^  is  given  in  Figure 
4.  ^ 

Figure  3  shows  NiP^^  ratios  generally  varying 

between  1  and  i.  The  best-fit  curve  indicates 
a  ratio  of  2.3  near  surface,  which  should 
correspond  to  coarser  sands,  and  of  1.3  it  a 
depth  of  24  feet  which  would  correspond  to 
siltier  sands.  This  variation  in  our  view  i  1 1 s 
very  well  ‘he  soil  ;s  t  ra  t  i  g  r  aphy  at  t.he  Bristol 
site.  F'lr  sands  only  Banuolin,  Jezoiuel  and 
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Shields  Ref.  2  recommend  a  ratio  of  2.  On 

a  project  where  more  than  400  SPT  borings  and 
400  static  cone  soundings  were  performed  Dames 
i  Moore  Ref.  3  showed  N:P^  ratios  for  sand  to 

vary  between  2  and  3. 
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TABLE  1.  Induced  Settlement  VS  Energy  Input 


Fig.  3  Correlation  Between  Post-Compaction  N 

Values  Corrected  For  Overburden  Pressure 
and  Pressuremeter  Limit 


Pass  Average  Energy 

Input 

No.  ft-lb/ft* 


Average 

Induced  Settlement 
ft 


The  E:Pj^  ratio  for  normally  consolidated  sand 

has  generally  been  found  to  be  10.  For  silty 
sand,  this  may  decrease  to  6.  High  E.-Pj^  ratio 

for  sand  indicate  some  degree  of  overconsolida¬ 
tion.  It  will  be  seen  from  Figure  4  that  the 
highest  E:Pj^  ratios  are  found  at  a  depth  of  8 

feet.  Which  corresponds  to  the  level  of  maximum 
improvement.  Again,  the  lower  E:Pj^  values  below 

15  feet  probably  reflect  siltier  conditions. 


Evaluation  of  Enforced  Settlement 

Elevation  surveys  were  carried  out  before  each 
pass  of  energy  input  and  an  initial  elevation 
was  recorded  for  each  point.  Following  each 
pass  of  the  treatment  a  survey  of  the  crater 
depth  and  crater  diameter  were  taken  and  the 
data  recorded  on  a  site  plan. 

Table  1  gives  the  average  energy  input  for  each 
pass  of  compaction  and  the  corresponding  induced 
settlement  calculated  from  the  volume  of  the 
craters . 


1 

2 

Ironing 


61  058 
36  635 
3  084 


0.53 

0.31 

0.08 

0 . 92 


Vibration  Monitoring 

A  total  of  528  measurements  were  taken  on  the 
northern  border  of  the  site  and  17  additional 
measurements  on  the  building  situated  at  the 
corner  of  Crystal  Pond  Place  and  Horizon  Drive 
which,  at  a  distance  of  400  feet,  was  the  build¬ 
ing  closest  to  the  operations. 

The  highest  peak  particle  velocity  measured  at 
the  northern  border  of  the  site  was  0.146  inch 
per  second.  The  highest  peak  particle  velocity 
measured  on  the  building  at  the  corner  of 
Crystal  Pond  Place  and  Horizon  Drive  was  0.0241 


inch  per  second.  This  is  many  times  lower  than 
the  accepted  safe  limit  of  2.0  inch  per  second 
and  cannot  possibly  constitute  any  risk  of 
damage . 

SOIL  CHARACTERISTICS  AFTER  TREATMENT 
Allowable  Bearing  Capacity 

The  calculation  of  bearing  capacity  is  made 
according  to  the  rules  stated  by  .Menard  (1960) 
and  using  the  results  of  pressuremeter  tests 
performed  after  dynamic  compaction. 

Allowable  bearing  capacity  is  given  by  the 
relation : 


where  =  is  the  allowable  bearing  capacity 

=  is  the  geometric  mean  of  limit 
pressure  values  measured  over  a 
depth  range  equal  to  1.5  times  che 
width  of  the  footing 

k  =  is  a  shape  factor  based  on  the  size 
and  embedment  of  the  footing. 

Based  on  this  equation,  an  allowable  bearing  in 
excess  of  5  tsf  is  available. 

Settlement 


Post-construction  settlements  were  calculated 
using  the  pressuremeter  values  measured  in 
boreholes  V-1  to  V-20  and  SPT  values  measured 
in  boreholes  V-IA,  V-8A,  V-lOA,  V-15A  and  V-17A. 


Using  pressurem’eter  data  in  accordance  with 
Menard  (1960),  the  settlement  under  finite  foo¬ 
tings  is  given  by  the  relation: 


S 


1.33  p  Ro 


3E 


B 


/>'  R\<^  ,  PC  pX'R 
(  I  4.5 


X,  X 
a 


is  settlement 
is  bearing  stress 

is  consolidation  and  distortion  modulus 

is  half  the  footing  width  in  cm 
is  a  reference  width  equal  to  30  cm 
are  shape  factors  for  footings 
is  a  rheological  factor 


Where  low  pressuremeter  results  were  encountered 
and  could  not  be  clearly  attributed  to  a  defect 
in  the  method  of  testing,  the  presence  of  a  weak 
layer  was  assumed  and  settlement  was  computed 
according  to  the  relation: 

S  =  (3) 


q*  (z) 


(4) 


Where 


«z 

Z 

E 

m 

a*  iz) 


the  rheological  factor  at  depth  z 
is  the  thickness  of  the  soft  layer 
is  t;:e  modulus  of  the  soft  layer 

is  the  modulus  of  the  surrounding  soil 

is  the  pressure  increase  calculated  on 
the  assumption  that  the  soil  is  an 
elastic  homogeneous  half-space 


In  case  of  the  16  rejected  tests  previously 
mentioned,  settlement  calculations  were  per¬ 
formed  using  pressuremeter  values  derived  from 
SPT  tests  performed  at  corresponding  elevations, 
using  the  correlations  shown  in  Figures  3  and  4. 


Using  SPT  data,  the  settlement  under  finite 
footings  has  been  calculated  with  the  developed 
by  Sclunertmann  (1970)  formula. 

S  =  0.5  S^  (5) 

n 

S  =  Cl  CzA  p  ^  I  z  A  z  (6) 

1  1  X 

SI  =  settlement  calculated  by  Schmertmann ' s 
formula  for  first  loading  cases 
Cl  =  correction  factor  for  depth  of  embedment 
C2  =  correction  factor  for  secondary  creep 
settlement 

A  p  =  net  foundation  pressure  increase  at 

I  bottom  of  footing 

z  =  strain  influence  factor  at  centerheight 
of  each  sublayer 
n  =  number  of  qc  sublayers 
A  z  =  thickness  of  sublayers 

X  =  factor  by  which  to  multiply  CPT  qc  to 
obtain  equivalent  Voung's  modulus 
qc  =  resistance  to  static  cone  penetration 


Table  2  summarizes  the  results  of  settlement 
calculations  at  the  location  of  each  post¬ 
compaction  pressuremeter  and  SPT  boreholes  for 
a  12  foot  square  footing  bearing  a  total  load 
of  800  kips. 


The  most  important  feature  of  Table  2  is  that 
calculations  using  the  results  of  two  different 
methods  of  control  provide  clear  confirmation 
that  the  requirements  of  the  specifications 
with  regard  to  total  and  differential  settlement 
were  met. 


Total  settlement  calculated  by  the  Schmertmann 
formula  is  higher  than  that  calculated  with  the 
pressuremeter  method,  on  the  other  hand,  differ 
ential  settlement  is  lower.  Explanation  for 
these  differences  could  be  attributed  to: 


Where  S^^  is  the  settlement  which  is  calculated 

from  the  general  relation  (2)  and  which  would 
occur  if  the  soft  layer  was  the  same  as  the 
surrounding  soil,  and  where  S2  is  the  additional 

settlement  due  to  the  consolidation  of  the  soft 
layer,  which  is  computed  from  the  relation: 


1.  The  qc/N  correlation  factor  for  this  site  has 
not  been  established.  A  factor  of  4  is  used 
for  this  report  but  Robertson  &  Campenella 
(1983)  have  shown  that  for  medium  and  coarse 
sand  the  factor  could  actually  vary  between 
4.5  and  7. 
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2.  A  higher  factor  would  in  effect  reduce  the 
settlement  c,  Iculated  with  the  Schmertmann 
formula.  With  a  factor  of  6  for  instance, 
the  average  calculated  settlement  would  be 
the  same  as  that  calculated  by  the  pressure- 
meter  method. 

3.  Settlement  calculation  for  a  square  footing 
using  the  Schmertmann  formula  ignores  the 
soils  at  depths  lower  than  two  times  the 
width  of  the  footing.  The  pressuremeter 
method  on  the  other  hand  accounts  for  soils 
down  to  a  depth  equal  to  8  times  the  width  of 
the  footing.  The  fact  that  the  Schmertmann 
formula  ignores  the  weaker  layer  found  below 
24  feet  may  explain  the  lesser  differential 
settlement . 


Table  2.  Calculated  Settlement 


Calculation  Using 
Pressuremeter  Values 

Calculation  using  SPT 
Values 

Borehole 

Settlement 

Borehole 

Settlement 

No. 

In 

No. 

In 

V-1 

0.20 

v-1  A 

0 . 50 

V-2 

0.27 

V-3 

0.21 

V-4 

0.17 

V-5 

0.17 

V-6 

0.41 

t-7 

0.30 

V-8 

0.19 

V-8A 

0.49 

V-9 

0.22 

V-10 

0.29 

V-lOA 

0. 39 

V-11 

0 .54 

V-12 

0.  31 

V-13 

0.  30 

V-14 

0.46 

V-15 

0.31 

V-15A 

0. 38 

V-16 

0.44 

V-i7 

0.27 

V-17A 

0.55 

V-18 

0.16 

V-1 9 

0.  36 

V-20 

0.49 

Two  more  comments  must  be  made  about  the  calcu¬ 
lated  settlements  given  in  Table  2. 

The  first  comment  is  that  the  driving  of  the 
slotted  tube  into  the  soil  causes  a  certain 
degree  of  disturbance  which  in  effect  tends  to 
lower  the  modulus  values.  Using  these  values 
for  calculation  leads  to  a  conservative  evalu¬ 
ation  of  post-construction  settlement. 

The  second  comment  concerns  the  fact  that  becau¬ 
se  of  the  demands  of  the  construction  schedule, 
verification  testing  had  to  be  performed  imme¬ 
diately  following  compaction.  As  a  result, 
important  time  dependent  strength  gains  may  have 
been  overlooked  in  the  process.  Mitchell  and 
Solymar  Ref.  7  have  demonstrated  that  sands 
freshly  densified  by  vibro-compaction ,  dynamic 
compaction  and  compaction  by  explosives  may 


exhibit  sukst  intial  stiffening  and  strength 
increase  wit.-,  times  up  to  several  months. 

Ground  Improuement  Achieved 

The  induce.;  .settlement  is  the  tangible  proof 
that  the  treatment  has  achieved  dens i f icat ion . 

Its  imoortance  depends  cn  the  efficiency  of  the 
compaction  plan  but  also  upon  the  nature  of  the 
soil  and  its  initial  degree  of  compactness. 
Experience  has  shown  that  for  a  natural  soil  it 
usually  varies  between  4  and  6  per  cent  of  the 
thickness  of  the  compressible  soils. 

Table  1  shows  tb.at  the  average  enforced  settle¬ 
ment  resultina  from  the  treatment  at  Bristol 
amounts  to  0.92  feet.  Since  the  average  thick¬ 
ness  of  the  loose  soils  (N  20)  as  determined 
from  pre-compaction  SPT  boreholes,  was  15.1  feet, 
the  enforced  settlement  represents  5.9  per  cent 
of  the  thickness  of  loose  soils,  which  must  be 
considered  satisfactory  for  this  site. 

The  comparison  between  pre  and  post-compaction 
test  results  shown  in  Figures  5  and  6  is  evi¬ 
dence  that  the  treatment  achieved  very  substan¬ 
tial  improvement  down  to  elevation  182,  or  down 
to  about  the  top  of  the  compact  layer. 


:d 
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Fig.  5  Comparison  of  Average  Values  Pefore 
and  after  i-reatment 


CONCLUSIONS  AND  RECOMMENDATIONS 

The  ground  improvement  work  was  extensively 
monitored  with  Pressuremeter  and  Standard  Pene¬ 
tration  Test  Testing  performed  before  and  after 
compaction.  Both  verification  control  methods 
demonstrates  conclusively  that  the  requirements 
of  the  specifications,  in  terms  of  allowable 
bearing  capacity,  maximum  total  settlement  and 
maximum  differential  settlement  were  satisfied. 
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The  induced  settlement  and  the  comparison  of  pre 
and  post-compact  ion  test  results  further  demon¬ 
strate  the  improvement  achieved. 
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Fig .  6 


Comparison  of  Average  N  Values  Before 
and  .After  Treatment 


Extensive  ground  vibrations  monitored  showed 
that  the  operation  was  safe  and  did  not  consti¬ 
tute  any  risl:  for  adjacent  structures. 

The  plant  is  now  in  operation  and  all  recorded 
settlement  levels  are  well  below  the  specifica¬ 
tion  require, ments . 

The  success  of  this  projt  .-t  and  the  increasing 
number  of  failures  at  other  sites  where  dynamic 
compaction  has  been  employed  reinforces  the 
need  for  the  engineer  to  specify  meaningful 
compaction  criteria,  and  to  require  extensive 
verification  testing. 

Dynamic  compaction  requirements  should  stipulate 
that  the  Contractor  achieve  certain  performance 
goals,  such  as  allowable  bearing  capacity  and/or 
settlement.  Furthermore,  because  of  the  limita¬ 
tions  of  various  verification  testing  methods 
and  the  subsurface  conditions,  at  least  two 
methods  should  be  used  to  ensure  the  Owner/ 
Engineer  that  the  contractor  has  obtained  the 
specification  requirements. 
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SYNOPSIS 


Two  case  hi'^torios  illustrate  the  effects  that  collapse  settlement  of  the  fill  forming  a  Reinforced  Earth  wail  can  have 
on  the  structure. 

Pre-rc^uisitos  for  collapse  .settlement  are  inadequate  compaction,  compaction  at  too  low  a  water  content,  or  a 
combination  of  rhe.so.  Collap.se  settlement  occurs  subsequently  when  the  water  content  of  the  fill  is  increased  by 
infiltration. 


The  effects  of  collapse  settlement  identified  in  this  paper  are: 

ii)  a  temporary  release  of  friction  on  the  reinforcing  strips  with  the  result  that  the  wall  facing  moves  outwards; 
and 

lii)  relative  settlement  between  the  fill  and  the  wall  facin®  with  the  result  that  the  reinforcine  strips  become 
inclip,--*d  to  the  horizontal  and  their  tension  increases. 


EFFECTS  OF  COLLAPSE  SETTLSMENT  OF  FILL  ON  STRIP 
FRICTION 

A  loose  fill  has  an  unstable  structure  that  is 
maintained  by  capillary  stresses.  In  clayey  fills  the 
structure  will  consist  of  an  assemblage  of  clods  that 
behaves  like  a  granular  mass.  Each  clod  maintains  its 
inregriry  by  means  of  strength  imparted  by  capillary 
stresses  acting  within  it.  The  void  space  between  clods 
is  large  relative  to  the  void  space  within  each  clod, 
i.e.  individual  clods  are  compact  relative  to  the 
overall  soil.  In  sand  fills  the  unstable  structure  will 
bo  maintained  by  capillary  stresses  between  individual 
grains  or  groups  of  grains. 

When  water  later  infiltrates  the  fill,  the  capillary 
stresses  are  released.  Clods  lose  strength  and  compact 
into  the  surrounding  voids  and  sand  grain  assemblages 
break  down.  The  net  effect  is  a  settlement  of  the  fill 
that  has  been  defined  as  collapse  settlement.  The 
amount  of  collapse  settlement  that  occurs  depends  on 
the  quantity  of  water  infiltrating  and  the 
r ime-set t I emont  relationship  depends  on  the 
distribution  of  the  infiltration  with  time.  The 
transient  effect  of  the  settlement  on  friction  between 
the  reinforcing  strips  and  the  soil  will  be  illustrated 
by  a  case  history: 

A  reinforced  earth  wall  was  built  at  Koingnaas  on  the 
west  coast  of  .South  Africa.  The  climate  is  desert  with 
an  average  annual  precipitation  of  90  mm  and  an  annual 
pan  evaporation  of  IQ^Omm.  The  wall  supports  a  fill  of 
uniform  fine  dione  ‘^anvl  which  was  placed  without  control 
on  moisture  content  and  with  little  compaction.  Shortly 
after  a  high  pressure  sea  water  hose  had  burst  on  the 
platform  at  the  top  of  the  wall,  the  wall  abruptly 
moved  forward  a  distance  of  I  ^Omm  to  200mm  anvl  then 
again  came  to  rest. 


The  sand  was  uniform  in  grading,  having  a  dj^  size  of 


O.lnun  and  a  ratio 


An  investigation  in 


the  laboratory  showed  that  the  angle  of  shearing 
resistance  of  the  sand  was  high  (t'  =  4o°)  although  the 
angle  of  friction  of  the  loose  dry  sand  on  the  ."urfaces 
of  the  smooth  galvanized  steel  reinforcing  strips  was 
surprisingly  low  When  the  sand  was  inundated 
in  the  shear  box.  the  angle  of  friction  increased  to 
19^. 


A  re-analysis  of  the  str*  ility  of  the  wall  showed  that 
for  6  the  factor  of  safety  against  pull-out  of  the 
strips  from  the  fill  would  be  as  low  as  1.1  at  a 
distance  of  2.Sm  below  the  top  of  the  wall,  increasing 
to  1.5  at  and  to  close  to  2.0  at  6m.  the  base  of 
the  wall.  Because  the  effect  of  wetting  was  ultimately 
to  increase  the  factor  of  safety  against  a  pull-out  of 
the  strips,  it  appeared  that  some  transient  phenomenon 
had  occurred,  presumably  as  the  wetting  front,  arising 
from  the  burst  hose,  passed  through  the  fill. 

The  phenomenon  was  modeled  in  the  laboratory  by  loading 
a  dry  sand-to-galvanized  .steel  surface  in  ♦'he  shear 
box,  to  a  factor  of  safety  of  2  against  shear  failure. 
The  sand  was  then  inundated  and  the  movement  of  the 
sand  and  the  shear  load  were  recorded  on  a  TV  recorder. 
A  typical  result  of  such  a  test  is  shown  in  Figure  1. 

AB  in  the  figure  represents  the  stage  during  which  the 
dry  sand  was  loaded  to  a  factor  of  safety  of  about  2 
(actual  5  -  6.1^).  At  B  the  loading  was  stopped  and  the 
sand  inundated.  At  C  it  appears  that  the  water  reached 
the  sand-galvanized  steel  interface  and  the  shear 
stress  reduced  (C  to  P)  to  an  angle  of  friction  of  less 
than  1^.  .Simultaneously  the  sand  settled,  although  most 
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<i>  --  6,1° 
(F.S,  =  2) 


Sand  dry  shear 
stress  increasing 


Shear  stress  relaxing 


Inundated 


5,8° 


Shear  stress  falls 
as  sand  settles 


1 ,26  mm 


Settlement  of  sand 
0,68  mm  =  2,68% 


0=0,74° 


Figure  1 :  Variation  of  shear  load  at  sand-steel 
interface  when  dry  sand  is  inundated. 


of  The  .setrlement  occurred  after  the  frictional 
ro-iist.inco  at  the  s,ind-sreel  interface  had  been  lost. 


It  can  be  inferred  from  Fisuro  1  that  as  the  wettins 
front  moved  do^Tiwards  through  the  fill,  successive 
layers  of  reinforcing  strips  temporarily  lost  their 
shear  resistance  and  allowed  the  pressure  in  the  fill 
to  move  the  wall  facing  forward.  As  the  wetting  front 
passed,  shear  resistance  was  re-established,  possibly 
at  a  greater  angle  of  friction,  and  the  wall  facing 
re-stabili:ed. 

The  effect  of  saturating  the  fill  on  strip  friction  has 
previously  been  investigated  by  the  Reinforced  Earth 
Company-  Although  they  found  that  saturation 
reduces  the  frictional  coefficient  between  a  dune  sand 
and  a  steel  reinforcing  strip,  the  transient  phenomenon 
illustrated  in  Figure  1  appears  not  to  have  been 
identified  at  that  time. 

A  possible  secondary  effect  of  wafer  entry  is  that 
water  pressure  may  develop  in  the  fill,  thus  reducing 
its  shear  strength  and  precipitating  a  rotational  shear 
failure.  In  the  Koingnaas  case,  this  did  not  occur 
because  the  quantity  of  water  was  limited  and  the  fill 
was  relatively  free-draining. 


EFFECT  OF  COLLAPSE  SBirLtMENT  OF  FILL  ON  STRIP  TENSION 

The  collapse  settlement  of  a  poorly  compacted  fill  has 
its  effect  on  strip  tension  by  dragging  the  reinforcing 
strips  down  relative  to  the  wall  facing.  If  the  latter 
consists  of  concrete  panels,  the  facing  is  stiff  in  a 
vertical  plane,  relative  to  the  fill,  once  the  20mm 
joints  between  the  concrete  elements  have  closed  up. 
This  closure  corresponds  to  1.?'  of  post  construction 
settlement  of  the  fill. 

There  is  also  the  possible  secondary  effect  of  water 
pressure  to  consider,  if  sufficient  water  enters  the 
fill  and  if  the  fill  is  not  free-draining. 

The  effect  of  collapse  settlement  on  strip  tension  is  a 
complex  geometrical  one,  which  depends  on; 


20°  40°  60°  80°  e 


Figure  2;  Strip  tension  T  required  to  exert  horizontal 
component  for  various  inclinations  d . 


the  relative  settlement  of  the  reinforcins  strip  to 
the  tie  strip  taking  into  account  the  ability  of  the 
cladding  to  compress  in  the  vertical  plane 

the  movement  of  the  reinforcing  strip  required  to 
mobilise  the  friction  in  the  loose  fill  along  the 
length  of  the  strip. 
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As  .1  ro'^ult  c'f  tho  rolarivo  soft  lemon  t .  the  strips 
eoeome  inv.  iuu-J  .'Ki  i<Kenr  re  me  wall.  For  an  ine  lined 
strip  re  e\err  a  horizontal  fension 
torsion  in  ’"he  strip  has  re  bo  i  see  Fiiruro  _' ) 

T  T,  see  - 


'omponent  T^,  the 


monitored  over  a  period  of  five  months.  Th'='  nhserved 
movo.ient  was  only  Imm  and  hence  measurements  were 
stopped.  The  observed  movements  of  the  north  wall  over 
the  period  107Q  to  10^4  illustrated  in  Figure  4. 

The  10S4  measurements  seem  to  show  that  the  rate  of 
movement  of  the  wall  had  been  almost  constant  with 
t  ime. 


Figure  3:  Frontal  view  of  the  failure  at 
Grootgeluk  Mine 


As  «jhovsTi  by  Figure  2,  T  increases  ranidlv  with 
increasing  ■r.  If  the  design  factor  of  r.afety  against 
yield  of  a  reinforcing  strip  is  1.6,  a  strip 
inclination  of  51^  '*'ill  cause  yioid.  If  the  factor  of 
safety  against  tensile  fracture  is  2,  an  inclination  of 
60'-''  will  result  in  fracture. 

The  occurrence  of  this  effect  of  fill  settlement  will 
also  be  illustrated  by  a  case  history: 

At  the  Grootgeluk  Coal  Mine  in  the  north-west  Transvaal 
province  of  South  Africa,  the  two  arms  of  a  I'-shaped 
crusher  complex  were  constructed  of  Keinforced  Earth 
walls. 

The  walls  support  the  earth  ramps  that  provide  access 
for  -lOT  haul  trucks  to  tip  their  loads  from  the  base 
of  tho  r  into  a  primary  crusher.  Eight  years  after 
construction  one  of  the  side  walls  (the  south  wall)  of 
the  I  failed,  a  wedge  of  fill  sliding  out  together  with 
a  section  of  the  concrete  panel  facing.  The  height  of 
the  section  that  failed  was  l6m.  A  view  of  the  failure 
is  '^hown  in  Figure 

F>arly  in  the  life  of  the  wall  complex  there  had  been 
concern  because  the  facing  of  the  north  arm  of  the  (’ 
had  been  found  to  be  moving  outwards.  The  movement  of 
the  wall  was  monitored  for  fifteen  nonths,  but  when  the 
rate  of  movement  was  seen  to  be  moderate  (between  !0 
and  20mm  per  vear).  measurements  were  stopped.  At  tho 
same  rime.  the  wall  that  ultimatelv  failed  was 


An  examination  of  the  failure  showed  the  following: 

(i)  A  water  pipe  in  the  failed  area  had  been 
leaking  for  an  unknown  period,  discharging 
water  into  the  fill, 

(ii)  The  fill  consisted  of  a  sandy  gravel  which 

contains  a  considerable  proportion  of  clay.  It 
was  certainly  not  free-draining  but  had  an 

estimated  permeability  of  only  Im/year. 
Penetration  of  water  into  the  fill  by 
infiltratior.  of  rainwater  would  have  been  slow. 
Equally,  water  fed  into  the  fill  by  the  leaking 
pipe  would  not  readily  have  dispersed. 

(iii)  Several  reinforcing  strips  had  never  been 

placed  in  the  wall.  For  example,  one  facing 

panel  was  attached  to  four  instead  of  the 

required  six  strips.  In  other  cases  60mm  x  onun 
strips  had  been  used  instead  of  80mm  x  J,rm 

strips. 

(iv)  Strips  in  the  wall  adjacent  to  the  failed 

section  were  found  to  bo  inclined  at  steep 
angles  to  the  horizontal.  Inclinations  as  steep 
as  ^0^  were  found.  It  is  surmised  that  a 

similar  situation  applied  to  the  section  of 

wall  that  failed.  Figure  5  shows  a  row  of 

inclined  strips  uncovered  in  tho  post-failure 
examination. 


Figure  4:  Observed  movements  of  north  wall  at 
Grootgeluk  Primary  Crushing  Plant. 


The  inclination  of  the  strips  ttay  have  resulted  from 
setting  the  facing  slabs  too  far  ahead  of  the  fill  with 
the  result  that  the  unsupported  reinforcing  strips 
drooped  down  to  rest  on  the  fill  surface.  On  the  other 
hand,  the  observed  progressive  movements  of  the  north 
wall  were  probably  caused  by  a  similar  mechanism, 
involving  collapse  settlement,  to  the  movement  of  the 


Koningnaas  wall.  Because  of  the  relatively  low 
permeability  of  the  fill,  the  process  of  progressive 
release  of  friction  would  have  taken  place  slowly  over 
the  j'ears  as  each  seasonal  wetting  front  progressed 
through  the  fill.  The  same  process  was  probably  taking 
place  on  the  south  wall,  hut  was  unobserved. 


Figure  5:  Inclined  reinforcing  strips  uncovered 
during  post-failure  examination 
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(v)  A  deep  rut  in  the  surface  of  the  fill  showed 
that  a  heavy  wheel  load  had  been  applied  to  the 
surface  of  the  tailed  area  shortly  before  the 
failure  occurred. 

(vi)  Several  of  the  strips  supporting  the  failed 
section  had  clearly  broken  some  time 
previously.  as  the  fracture  surfaces  had 
rusted. 

■An  engineering  failure  seldom  stems  from  a  single 
cause.  It  is  usually  the  concatenat ion  of  a  number  of 
circumstances  that  results  in  a  failure.  The 
Grootgeluk  failure  was  obviously  no  exception.  All  the 
above  factors  would  have  pushed  the  condition  of  the 
wall  nearer  to  failure. 

Accepting  the  various  construction  errors  mentioned 
above,  a  likely  scenario  for  the  failure  is  the 
following : 

Because  of  progressive  collapse  settlement  and 
construction  errors,  the  factor  of  safety  of  the 
section  of  wall  that  failed  may  have  been  close  to 
unity  before  the  water  pipe  starred  to  leak.  The 
penetration  of  the  fill  by  water  from  the  leak  would 
have  resulted  in  further  collapse  settlement  and  an 
increasing  inclination  of  the  reinforcing  strips  in 
this  tone.  Simultaneously,  the  accumulation  of  water 
would  have  reduced  the  shear  strength  of  the  fill.  The 
last  straw  may  have  been  the  straying  of  a  heavy 
vehicle  onto  the  surface  of  the  fill  above  this  zone, 
now  in  a  critical  state.  As  often  happens  in 
engineering  failures,  there  was  no  coherent  eye-witness 
account  of  the  failure. 

Observations  at  Grootgeluk  indicated  that  reinforcing 
strips  were  dragged  down  over  a  distance  of  500mm  to 
7S0mm  back  from  the  wall  facing.  If  one  .sets  the 
acceptable  angle  of  inclination  at  37°  (a  25  per  cent 
increase  in  strip  tension),  then  the  maximum 
permissihle  settlement  of  the  backfill  relative  to  the 
wall  facings  is  375iti''-  Hence  the  limitation  on 
settlement  or  misplacement  of  strips  in  elevation  is 
not  severe.  Relative  displacements  of  less  than  375mm 
over  a  fill  height  of  l6m  should  be  easily  possible 
with  good  supervision  and  careful  compaction. 
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CCmCLUDINC  R0URKS 

The  case  histories  described  above,  illustrate  the 
importance  of  applying  the  usual  conti  i  norms  during 
the  construction  of  Reinforced  Earth  structures,  as 
well  as  the  necessity  for  adequate  compaction  of  the 
fill.  As  shown  by  measurements  on  Reinforced  Earth 
structures,  the  tensions  in  reinforcing  strips  at  a 
particular  level  can  vary  widely  (Blight,  Dane  and 
Smith  (  i)).  Circumstances  that  result  in  increasing 
strip  tensions  may  cause  certain  strips  to  break,  thus 
reducing  the  overall  factor  of  safety  of  the  structure. 
Recognition  of  these  facts  will  lead  to  the  building  of 
safe,  durable  structures. 
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Pavement  Failures  Caused  by  Soil  Erosion 
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-.ISO  faiatirea  ci  read  caverent 
reveal  trait  tie  lailv.res  cce.li  be 
ruttir.-  rsope  Gtively.  Incisicr.  - 
■Si.o'alier  to  tr.o  pave:..en1:  lav.rs 
t;  e  paveient  involves  ti.e  v/eukerj.; 
11  th;'°o  -^--.pes  are  governed  by  t;,! 


;  in  :.i_;eria,  caMeei  by  soil  ercoicn  by 
jroapee  int.  tia’ee  types  collectively  Imcvni 
.;.a  rcatin- ;  ..cti:  involve  tie  prcyressive 
:aalr’.£  to  tl-O  ultimate  I’ailare  cf  the  sur- 
,y  01  t..G  pavenent  s  r;;ctitre  by  the  aocucrr.'a- 
30 ii  properties. 


It  1,3  deiiioei  that  tr.e  pave.'ie 
■tentaa  prirGiples  cf  ocil  c-.-c'.a.'do 
co.;pj.el  liih  th^  carsf^dly  issiit: 


J  o.ald  be  protected  I'ro.v.  ercsio::  by  water  bv  ap:  Ivi.. 
c;il;,  reco tr.i.tinr  tne  peciaiar  natare  cf  the  p-aveiiort 
pott  construction  nana^enont  strategies. 


fiinda- 
ture , 


lerhaps  t lis  icvelcpir.:-  oovaitries  suffer  r.ost  fron 
t:.s  devastating  activities  of  soil  erosion  by 
the  virtue  of  the  fact  that  those  countries  rely 
■greatly  or.  agricult^ure  for  their  ecor.onic 
gre.-ftn.  iiie  activities  of  soil  erosion  do  not 
stop  at  V7a3:.ir.g  av7a,v  the  plant  nutrient  but  nay 
prooeec  to  aeface  the  ground  v/iti:  uglv  ditci’es 
ana  crevices.  '  ■" 


Cfter.  these  erosion  units  are  cut  tiircuth 
roads  ar.a  highvfays  thereby  limiting  Kur.an 
movements  and  diverting  the  traffic. 

Cfte.n,  t;.--;  reads  are  paved  in  crier  to 
extend  life_  span.  Although  some  cf  these 

paves  reals  have  oeer.  desig'nei  with  special 
f  oa  i  ...res  j  erosion  has  oiten  succeeded  in  desta— 
bilizin,';  them. 
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Ihis  paper  pre  :er.t3  a  few  casesof  fail-ures 
t;-.e  pa/ed  roads  in  the  Southern  parts  of 

wnich  nave  ceer.  ca'used  by  soil  erosion, 
exampiu^  cutea  are  used  to  illustrate  the 
.'.anisms  of  the  destacilizatio.n  of  paved  roads 

f,3il^erc3ion  a.nd  the  princivles  of  the  control 
tne  failures. 


T:-3c?.y 

ihe  earli  ;3t^  mat;. e.mat  leal  model  cf  soil  erosion 
is  t.'.e  .so-called  universal  ocil  loss  equation 
whic';  v/as  developed  ir 
ticn,  1952),  i.e. 

A  =  Soil  loss  (mass 

where 

R  -  rainfall  factor 
0  -  croppir.,-  factor 


America  (soil  consoiva- 
pe r  unit  area) 

(1) 


1  ~  slope  length 

E  =  soil  factor 
p  =  controj.  factor 
I.  =  manage-ient  factor 

Be.  (1)  is  higl_Ly  empirical  and  so  leaves  room 
for  manip;J.  ;,tion  as  values  are  assigned  arbi¬ 
trarily  to  each  of  tli-s  factors  contained  th.erein. 

l.ore  recently  other  raath.ematical  models 
have  bee;-,  introd'seed  v/hich  car.  acoo',sit  for  the 
erc.sion  of  both  clay  and  ether  soil  tj^pes.  for 
example  litci.ell  and  Arulanandan  (1968), 
Parthe.niades  and  Paawell  (197C)  and  Eandia 
(1975)  sho'>;  that  the  sodi'um  absorption  ratio, 

3AR,  '..uAcn  is  related  to  the  cation  exch-aiege 
capacity  of  the  soil  is  directly  proportional  to 
t;,e  dispersivenoss  of  the  soil  immersed  in  'waten 
hence  to  the  susceptibility  to  erosion  of  the 
soil.  Ihus  a  soil  that  exhibits  high  SAR  is 
more  susceptible  to  erosion  than  the  sell  v.lth 
a  lov/er  value  cf  SAR  under  tr.e  same  environ¬ 
mental  conditions. 

It  is  deduced,  tier,  fore,  that  t;.e  use  of 
SAR  to  evaluate  soil  erod ibility  is  likely  to 
fall  through  when  tl.e  suu-face-active  particles 
in  the  soil  (clay  fraction)  tend  to  zero.  See 
also  Cliukweze  (1966). 


An  alternative  equatiori  to  the  use  of  SAR 
is  due  to  Creod  (1981).  I'ere  the  rate  of  the 
clay  particle  detachment,  Og  given  by  the 
equ.at  io,n  ; 

o  o 

•  ^  aE  (2) 


where 

A  = 


C.07  /P  3 
1  +  r. 


(2a) 


935 


exp.  !■: 


culvert  and  tends  to  degrade  the  strean  bed 
ti.ere,  there hp  undermining  and  undercutting  the 
culvert  struct'.'.re.  Such  failures  may  be  studied 
by  uair.j  tine  ecuation  due  tc  Caesar  et  al  (19S3) 


/  s  =  soil  particle  der.sity 

Vq  =  water  ilou  velocity 

V  =  shiiar  flow  veicoity 

S  =  tlaiohness  of  the  boundary  layer 

P  =  particle  energy/ 

-  sh  .ar  stress 

A  =  interparticle  displacen.ent 

E  =  activation  energy' 

T  =  absolute  temperature 

R  =  universal  soil  constant 

2 

I.  =  no.  of  oonds  per  n  of  soil 

Several  authors  leave  discussed  eq.  2  eg. 

Elandamir  et  al  (1982),  Ha  dkivi  Zz  Tan  (1984) 
and  Ar'-ilanadan  et  al  (1973).  In  general  many  of 
the  parameters  of  ec.  2  are  too  difficult  to 

determine  thus  making  eq.  2  unusable. 

In  another  attempt,  Chukueze  (1987)  visua¬ 
lises  soil  erosion  as  a  composite  of  the  three 
separate  events,  vis; 

(i)  particle  detaohxient 

(ii)  buoyancy 

(iii)  viscous  drag;  and  shows  that  the  rate 
of  soil  erosion  may  be  estimated  from  a  know¬ 
ledge  of  the  critical  detachuic-nt  energy,  of 
the  ’’ainfall,  the  crital  viscous  resistance, 
and  the  relative  density,  of  fl-S 
detached  soil  particle.  (Chukweze,  1987).  ie. 


-  naxipum  dimension  of  the  scour  hole 
=  dia;:.e:er  of  the  culvert 

4  (, 


g  =  gravitationsl  constant 

q  =  discharge  of  vrater  thjrough  cuILvert 

a,  b  =  factors  dependent  on  t;-S  maximum  sco’ur 
hole  diameter  (Caesar,  1981).  Thus  it  may  be 
concluded  fron.  the  available  literatvje,  that 
the  erosion  of  road  pavement  by  vrater  cannot  be 
isolated  from  uhe  general  principles  of  soil 
erosion  but  the  control  strategy  should  alv.-ays 
recognise  the  nature  of  the  r oad  pavement 
structures . 

FIELD  SVlDSIbCES 


The  area  covered  by  ti'.e  present  stud 
in  fig.  1. 


13  Sn  OWT. 


=  unit  weif^.t  of  the  soil 
=  gravitational  constant 

=  area  of  exposure  to  rain  fall 
impact  energy 

=  volume  of  water  collected 
=  time  interval 
=  fluid  viscosity 

=  acceleration  of  flow 


In  addition  to  particle  detachment  by  the 
flowing  water,  land  slides  also  occur  where  pre¬ 
existing  slopes  exceed  the  critical  height 
(Chukweze,  1986;  Korgenstein  &  Price,  1965; 
Bishop  a  Korgenstein,  I960). 

In  drainage  channels,  the  water  emerges  in 
a  localised  torrent  at  the  lower  end  of  the 


I  OI««> 

W  WW 

»•!« 


a,M-CM*«w  MM* 
40,  44M4lt4 


Fig.  I.  Th*  gtology  of  tho  Aaomkro  Slolo,  NIgoria. 


The  major  rod:  associations  found  here  are  the 
shales,  false-bedded  sandstones  containing  some 
coal  seams  and  the  river  sands  arid  alluvial 
deposits.  The  area  is  drained  by  several  rivers 
flowing  esseiiti  ally  south  ward.  Some  pl'.otographs 
imivo  beer,  talce'"  to  .s}  ow  the  different  t.'pes  of 
pavement  destructions  associated  with  the 
erosion  activities  in  the  area. 

pave;£I!t  i..ci3ior; 

Fig.  2.0  shows  a  flexible,  bituminous  pavement 
the  edge  of  v;i  ioh  has  been  cut  by  a  shallow 
channel  runrang  parallel  tc  it.  '  T!.e  small 
cliannel  started  as  a  rill  around  September,  1986 
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PAvi.  i-.x  il-.u- 


Figs.  4  and  5  src,/  the  dif.'erent  nodes  of 
fait.ure  of  a,  road  by  the  case  aooamr.'.ulati on  of 
erosion  debris. 

Fi  4  3ho-.K  a  paved  road  in  llsul^ka  v;!  j.  ch 


as  oinoe  -rovo:  t;c  u  aes  uaciai^ir,"  ixnix  ci 
resent  di:-.  ns  ions ;  0.12r.  at  the  v;idest 
at  oj  e  t:n  '.r.d  .acre  tin.-.r.  1.4Cn  deep  at 


Ihereby  oalied  incision  the  erosion  activi- 

0  V  o  tiie  ^I'eiSoed  Sii'-'L.ilv^er 

nen  -nndernir.es  and  •andercuts  the  hard 
of  the  paver.er.t  surfacing. 

3  sho'.fo  the  routing  of  a  new  road  by  soil 


loas  been  completely  closed  with  erosion  debris 
i iici .'.a axig  uxOuivo  Ox  ux’Oiven  Concrete  Wt*xj-S. 
Incessant  flooding  of  this  section  of  the  road 
has  caused  t’n^e  pavement  here  to  vneahen  and 
rut.  fhe  cyclic  deposition  of  flood  materials 
has  helped  the  pavement  rutting  by  further 
closin.n  up  the  drainage  channels,  dote  the 
•^loiok  Seposit  of  erratics. 


Fig.  5  shans  another  case  of  rutting  of 


erosion,  here  the  road  is  cut  across  by  a 
large  gorge  nalning  it  impossible  for  further 
use.  Ihe  pr.enom.enon  started  as  a  culvert 
erosion.  As  tne  culvert  is  undermined  and 
'undercut  it  collapoes  with  the  superjacent  soil 
mass.  As  t'ne  collapsed  soil  mass  is  removed 
by  flo'/dn.'  water  and  the  oiulvert  is  further 
exposed  and  uridermined  that  section  again 
collapses  v;ith  the  superjacent  soil  mass  and 
the  gorge  sc  created  grows  across  the  highway 
and  the  road  is  put  O'ut  of  use.  Pavement  rout¬ 
ing  is  common  i.o  higeria  and  has  occurred 
near  Emugu,  Awka ,  Aghuira  (near  Oklgvfe)  and  near 
Cnit  sh^ . 


the  road  pavement  along  the  Awka-Onitsha  road. 
The  settin-  is  also  typical  for  the  4th  mile 
from  9th  Idle  fnear  Enugu)  to  dakurdi  road.  Here 
the  road  cut  has  collapsed  and  the  soil 
materials  are  deposited  on  the  road  pavement 
which  ruts  and  weakens  with  time. 

DISCUS 31 0K3 

Pavement  failures  resulting  from  soil  erosion 
hal^ebeen  grouped  here  into  three  illustrated 
categories;  Incision,  routing  and  rutting. 
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Pavement  routing  initiated  by  culvert 
erosion*  This  can  be  prevented  partially 
by  usin^  monolith!  cally  oast  culvert 
chamber  (dotted  line)* 


r;.o  i.-.cider.oe  ii  j,hvei.er.t  eiiir.ateft 

prii.cipilly  fron  poor  de:j;,-r.  and  constriction, 
fir*  4*  ilius'.  rates  ti.e  case  of  a  draimje 
channel  ir.  a  soil  v/hose  ercdibility  varies  '.vith 
the  depth  Cl  excavation.  The  chanr.el  deepens 
with  aye  and  th.e  sides  (slope)  collapse  into 
and  ui'idenr.ine  the  fiir.ctior.s  of  th.e  draina.ye 
channel* 

Fi"*  5  illustrates  the  case  cf  inccapetent 
design  cf  the  slopes*  It  is  seer,  tiat  p'U’t  of 
ti.^  slope  is  matted  with  thin  ce.ment  layer 
wiici'  acts  rerely  a„s  a,  protective  skin  h.ii-t;  y;ct 
slope  retainer* 

Pavement  ruttirig  ."ay  thus  be  prevented  by 
providing  designs  suitable  for  retaining  the 
slopes  at  cuts  along  th.e  pavement  and  provid¬ 
ing  adequate,  uninterrupted  drainage  at  cul¬ 
verts  arH  sice  slopes.  TV.?  detailed  require¬ 
ments  car.  only  be  determined  v;lth  a  thorough 
understanding  of  tiie  principles  of  soil 
beh.aviour* 


tnat  tn-j  develcpr.vr.t  cf  the  merge  re^q  .ires  two 
faotir.s: 

(i)  So. -iri.-.."  current 
(ii)  Tra.'-.spcrt  hri;  current 

In  ma.ny  instances  the  directions  of  flow  of  th.e 
water  currents  are  orthcgoiral  to  each  other  as 
iliuse  rated  ir.  fig.  7*  Thus  to  control  ti.e 
paver.er.t  roiti;.g  the  gorge  (if  any)  whic;.  i.as 
develGptjd  must  he  refilled;  ti.e  soouxing 
checker  and  tie  transporting  ouri-ent  controlled 

Eq.  5  may  be  used  to  reduce  ti.e  scour* 
Toe  scil  c'/.aract eris  ti cs  may  be  altered  with 
ti.e  aid  of  eqs*  3  5:  4  sc  tl.at  ti.e  effect  of 
the  traruipert  ir.a  c'jrre.nt  is  controlled* 

A1 1 era.at  iv  ely  moncli ti.i  caxly  oast  culvert 


These  steps  when  taker,  in  addition  to  pro¬ 
viding  v.'ell  organised  post-construction  main¬ 
tenance  manager.ent  scho.m.es,  should  prevent  ti.e 
destruction  cf  road  paver. er.ts  by  soil  ercsior.. 

It  is  seer,  from  the  foregoing  that  ti.e 
dostructioi.  cf  road  pavements  by  soil  ercsicr. 
is  caused  b;'  factors  ranging  I'rcm.  ti.e  inade- 
quare  involvor'ent s  of  the  experts  in  soil 
engineering  to  inefficient  a.nd  inadequate  pest 
constrcict ioii  maintencance  management  strategies* 

COi.'ChhSIChS 

Ti.e  destruction  of  road  pavemor.ts  by  soil 
erv  si  on  may  be  .“rouped  ir.tc  tixoe  mcijcr  types: 
incision,  routir.,'  and  rutti:./;. 

Pavement  incision  is  tire  most  common  cf  all 
tut  all  ti.e  types  of  pave:..er.t  destruction  may 
be  cotrtrolled  by  applying  ti.e  principles  of  soil 
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erosion  for  all  soils  coupled  with  adequate 
pcst-construoticr.  laar.ai^er.ent  pro^rarx.e. 
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SYNOPSIS:  The  first  time  that  the  New  Austrian  Tunnelling  Method  (NATM)  was  used  for  underground 
worics  in  the  Sao  Paulo  Subway  was  in  1981.  Since  that  time,  significant  progress  has  been  achieved 
in  successfully  optimizing  the  support  and  lowering  the  construction  costs.  This  paper  will  de¬ 
scribe  the  latest  experience  of  two  single-track  parallel  tunnels  excavated  in  1986  through 
tertiary  stiff  clay.  All  the  experience  accumulated  in  previous  jobs  led  to  design  improvements, 
such  as  (1)  no  steel  ribs  for  support  along  72%  of  the  tunnels  length  (2)  no  temporary  invert,  and 
(3)  no  spiles,  forepoles,  soil  grouting  or  any  other  type  of  ground  improvement.  Significant  cost 
and  time  reduction  were  the  practical  result.  A  method  for  quick  and  efficient  storage  and  graph¬ 
ical  interpretation  of  instrumentation  readings  was  developed  and  implemented  in  a  network  of 
microcomputers  installed  at  the  construction  site,  owner's  and  engineers'  offices. 


INTRODUCTION 

Since  1981  the  New  Austrian  Tunnelling  Method 
(NATM)  has  been  used  for  tunnel  construction  in 
connection  with  the  extension  of  the  North  Line 
of  the  Sao  Paulo  Subway.  In  the  first  case,  two 
parallel  60-m  long  single-track  tunnels  (6-m 
diameter)  were  excavated  through  tertiary  stiff 
clay  and  soft  organic  clay.  Face  instability 
problems,  already  related  previously  (Celestino 
et  al.,  1982)  occurred  in  the  soft  clay.  The 
solution  basically  consisted  on  the  use  of  long 
grouted  spiles. 

In  the  second  case,  a  200-m  long  double-track 
(12-m  diameter)  tunnel  was  excavated  through 
stiff  tertiary  clay,  with  overburden  varying 
between  5  and  13  m.  This  construction  was 
completely  successful  (Celestino  et  al.,  1985) 
and  new  cost  standards  for  underground  works 
were  established  for  the  Sao  Paulo  Subway. 
(Before  the  use  of  NATM,  only  cut-and-cover  and 
shield  had  been  used  for  local  underground 
construction) .  The  double-track  tunnel  was 
excavated  underneath  poorly  constructed  old 
buildings.  In  the  most  critical  case  the 
foundations  of  a  5-storey  masonry  building 
(with  no  concrete  or  steel  structure)  were  only 
5  m  above  the  tunnel  crown  (Mitsuse  et  al., 
1985)  and  no  damage  other  than  minor  cracks 
occurred.  Tenants  kept  occupying  the  building 
normally  during  tunnel  construction. 

Due  to  design  optimizations  of  support  and 
final  lining  of  the  double-track  tunnel,  the 
contract  was  finished  with  fund  surplus.  The 
Subway  Company  decided  to  use  those  funds  for 
the  construction  of  two  63-m  long  single-track 
tunnels,  also  along  the  extension  of  the  North 
Line,  the  construction  of  which  is  currently 
underway.  This  paper  describes  the  performance 
during  the  construction  of  these  tunnels, 
design  optimizations  that  could  be  adopted 
based  on  instrumentation  results,  and  the 
final  cost. 


It  is  important  to  emphasize  that  design 
optimizations  during  construction  could  only 
result  in  cost  reduction  due  to  the  flexibility 
of  the  contract,  as  described  elsewhere  (Cruz 
et  al. ,  1985) . 

Being  NATM  an  observational  method,  (Rabcewicz, 
1964)  optimizations  are  heavily  dependent  on 
efficient  instrumentation  interpretation. 
Mathematical  models  have  been  used  for  the  jobs 
mentioned  above,  and  they  have  been  upgraded  as 
construction  progressed  in  order  to  obtain  good 
agreement  between  their  results  and 
instrumentation  readings.  Calibrated  models 
helped  to  evaluate  beforehand  the  consequences 
of  design  optimization  measures  and  the 
resulting  safety. 


DESIGN  DATA 

The  tunnels  were  excavated  through  tertiary 
stiff  fissured  clay.  Above  the  West  tunnel, 
quaternary  deposits  of  soft  clay  with  sand 
lenses  occurred.  Figure  1  shows  a  cross  section 
through  the  portals.  The  overburden  varies  from 
18  m  at  portals  to  14  m  at  the  end  of  the 
tunnels,  63  m  away.  The  thickness  of  stiff  clay 
above  the  crowns  of  the  tunnels  also  decreases 
slightly  to  a  minimum  of  2  m.  The  pillar 
between  the  tunnels  is  about  5  m  wide.  The 
excavation  progressed  from  a  shaft  towards  the 
dead  end  of  existing  tunnels  already  in 
operation . 

The  stiff  clay  is  randomly  fissured.  In  some 
locations,  no  fissures  could  be  noticed  on  the 
tunnel  face;  in  others,  spacing  varied  from  a 
few  to  tens  of  centimeters.  Their  attitudes 
were  also  randomly  distributed.  They  were 
usually  slickensided,  having  very  low  strength. 
Unstable  blocks  were  sometimes  formed  at  the 
excavation  face,  and  this  was  one  of  the 
critical  problems  that  had  to  be  looked  at 
during  construction.  The  SPT  penetration 
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FIGURE  1  -  Geological  Cross  Section  Through  the 
Portals 


resistance  of  the  clay  (blows/ foot) ,  also 
indicated  in  Figure  1,  is  in  the  range  of  20  to 
40.  The  modulus  of  elasticity,  and  the 
coefficient  of  earth  pressure  at  rest,  both 
inferred  from  instrumentation  results  during 
the  excavation  and  mathematical  models,  were 
100  MPa  and  1.0  respectively.  The  latter  is 
also  in  agreement  with  theories  of  earth 
pressure  for  overconsolidated  clays  (e.g. 
Broolter  and  Ireland  1965)  with  an  overcon¬ 
solidation  ratio  of  5. 

Eventhough  not  important  for  face  stability  the 
deposit  of  soft  clay  above  the  West  tunnel 
played  an  important  role  for  surface 
settlements.  With  a  natural  void  ratio  in  the 
range  of  2  to  3,  the  material  undergoes 
appreciable  consolidation  under  minor  stress 
changes . 

There  are  two  water  tables:  one  gravitational, 
approximately  at  elevation  750  m,  and  the  other 
one  artesian,  in  the  sand  deposit  below 
elevation  723  m.  Due  to  the  low  permeability  of 
the  stiff  clay,  no  dewatering  was  necessary. 

In  spite  of  being  in  urban  environment,  there 
were  no  important  buildings  directly  above  the 
tunnels.  However,  several  buildings  were  within 
the  area  of  influence  of  the  wor)t. 

Both  support  and  final  lining  consisted  of 
shotcrete,  as  indicated  in  Figure  2,  with 
thic)tnesses  of  15  cm  and  10  cm  respectively, 
and  2.2  )<g/m2  CA-60B  steel  wire  mesh.  According 
to  the  design,  4-inch  I  steel  sets  would  be 
used  for  support  every  80  cm  in  the  initial  and 
final  10  m  long  stretches  of  the  tunnels.  Both 
at  the  portal  and  next  to  the  dead  end  of 
previously  excavated  tunnels,  non-symmetrical 
loads  could  be  anticipated  due  to  previous 
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FIGURE  2  -  Support  and  Final  Lining  (Thic)«nesses 
in  Millimeters) 


disturbance  and  loosening  of  the  soil  mass. 
Lengths  of  stretches  where  steel  sets  were 
actually  installed  were  different,  as  described 
later  on. 

The  tunnels  were  top-heading  and  bench 
excavated,  with  0.8  m  advance  and  distance  from 
bench  to  face  varying  from  3.6  to  5.2  m.  A  core 
was  left  at  the  face  in  order  to  minimize 
problems  of  unstable  bloc)cs  formed  by  sliclt- 
ensided.  No  global  face  stability  problems  were 
anticipated.  Support  and  final  lining  were 
designed  with  basis  on  interaction  diagrams 
(bending  moment  versus  normal  force)  obtained 
from  the  mathematical  model.  The  model 
reproduced  the  different  excavation  phases, 
placement  of  support  and  its  hardening  with 
time.  Long  term  condition  was  simmulated  by  (a) 
introducing  a  factor  of  safety  (equal  to  2)  on 
the  effective  strength  parameters  of  the  soil, 
thus  causing  soil  relaxation  and  increase  in 
load  transferred  to  the  shotcrete  lining;  (b) 
considering  a  2-m  increase  in  the  elevation  of 
the  water  table  due  to  long-term  fluctuations; 
and  (c)  considering  surface  and  deep  loads  to 
be  transferred  to  the  soil  mass  by  foundations 
of  future  buildings.  An  example  of  interaction 
diagrams  is  presented  in  Figure  3.  Shown  there 
are  bending  moment  (Md)  versus  thrust  (Nd) 
envelops  for  all  cross  sections  of  the  lining 
and  the  moment-thrust  interaction  diagrams  for 
the  support  and  final  lining. 
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FIGURE  3  -  Moment-Thrust  Diagram  for  Support 
and  Final  Lining 


MONITORING 


In  order  to  speed  up  the  interpretation  of 
instrumention  results,  a  system  was  developed 
for  storage,  retrieval  and  graphical 
presentation  of  instrument  readings  and  general 
construction  occurrences.  A  network  of 
microcomputers  was  installed  at  the 
construction  site,  owner's  office  and 
engibeers'  office  so  that  the  data  could  be 
remotely  transmitted.  This  system  allowed 
interpretation  graphs  to  be  available  at  the 
offices  a  few  minutes  after  reading  the 
instruments  at  the  construction  site. 

Graphs  of  readings  versus  time  or  readings 
versus  excavation  progress  can  be  obtained  at 
scales  easily  chosen  by  the  user.  Annotations 
of  construction  occurrences  are  also  shown. 
Other  types  of  graphs  are  being  implemented 
now.  Domingues  et  al.  (1987)  present  a  general 
description  of  the  system. 


Instrumentation  was  very  simple  and  consisted 
of  7  control  sections  of  surface  and  deep 
settlement  devices. 

A  Full  control  section  is  shown  in  Figure  4, 
with  two  levels  of  deep  as  well  as  surface 
settlement  devices.  Some  sections  were  more 
simple  and  had  only  one  surface  and  one  deep 
settlement  devices. 

Also  shown  in  Figure  4  are  other  parameters  that 
will  be  used  later  on: 

s:  maximum  settlement) 

i:  distance  to  point  of  inflection  of  settle¬ 
ment  trough,  as  defined  by  Peck  (1969); 
referred  to  as  settlement  trough  width  for 
simplicity; 

Vs:  volume  of  settlement  trough; 

Ve:  excavation  volume; 

=  Vs/Ve  (%):  percentage  of  settlement  volume. 

Settlements  of  nearby  buildings  were  also 
controlled.  Besides  settlements,  internal 
convergence  of  the  tunnels  was  also  measured. 


FIGURE  4  -  Typical  Control  Section  and 
Settlement  Parameters 


PERFORMANCE  DURING  CONSTRUCTION  AND  COST 

Eventhough  other  tunnels  have  been  excavated  in 
soil  without  steel  sets  as  part  of  the  support 
both  in  Brazil  (e.g.  Negro  and  Eisenstein  1978; 
Teixeira,  1985)  and  abroad  (e.g.  Ocampo-Franco , 
1982) ,  no  tunnels  had  yet  been  excavated  with¬ 
out  steel  sets  for  the  Sao  Paulo  Subway.  At  the 
time  they  were  first  used,  steel  sets 
represented  significant  progress  for  the 
practice  of  tunnel  support.  More  recently, 
after  other  types  of  support  have  come  up,  for 
instance  shotcrete,  the  use  of  steel  sets  has 
been  questioned  by  some  authors  (e.g.  Kramers, 
1978;  Rabcewicz,  1979).  Important  conclusions 
of  the  instrumentation  program  of  the  Du  Pont 
Circle  Station  construction,  Washington  Metro 
(Brierly  and  Cording,  1976)  show  only  limited 
action  of  steel  sets.  It  was  therefore  decided 
to  eliminate  steel  sets  at  the  central  portions 
of  the  tunnels,  except  where  previous 
disturbance  of  the  soil  mass  might  cause  the 
need  for  (a)  support  shortly  after  excavation, 
or  (b)  support  element  to  withstand 
concentrated  or  non-symmetric  load. 

The  West  tunnel  was  excavated  first,  and  only 
when  it  reached  the  end  did  the  East  tunnel 
excavation  start.  When  the  face  of  the  West 
tunnel  reached  progressive  35  m,  settlements 
started  to  increase.  According  to  the  design, 
steel  sets  were  not  being  used  for  support.  It 
was  noticed  that  the  quality  of  shotcrete  (the 
only  support  element)  was  very  poor.  Time  of 
initial  setting  and  time  of  end  of  setting  were 
far  beyond  design  requirements.  A  large  block 
(4  m  wide,  0.9  m  high)  fell  off  the  roof,  and 
steel  sets  were  again  locally  adopted.  In  this 
mean  time,  laboratory  tests  determined  that  the 
cement  and  admixture  used  were  incompatible  due 
to  recent  increase  in  the  contents  of  blast 
furnace  slag.  Untill  new  compatible  cement  and 
admixture  were  found,  a  minimum  of  10  hours  was 
established  between  initiation  of  subsequent 
advances,  so  that  the  shotcrete  could  gain 
enough  strength. 

Figure  5  shows  the  contours  of  equal  surface 
settlements  cav\sed  by  the  excavation  of  the 
West  Tunnel.  Values  for  i,  s  and  n  along  the 
tunnel  axis  are  also  shown.  A  deep  trough  (68,7 
mm)  can  be  seen  at  the  location  of  the  unstable 
block.  It  is  interesting  to  notice  that  the 


FIGURE  5  -  Surface  Settlements  Caused  by  West 
Tunnel:  Contours  and  Parameters  1,  s  and  n. 


settlement  trough  becomes  narrower  at  the 
location  of  tie  unstable  block,  indicating  the 
tendency  fcr  plug-like  mechanism.  Trough  width 
and  settlement  volume  percentage  have  exactly 
opposite  behaviors  (one  increases  as  the  other 
decreases) . 

When  the  East  tunnel  excavation  started,  there 
was  no  more  restriction  about  the  time  between 
advances,  since  new  compatible  cement  and 
admixture  had  been  found.  Steel  sets  were  only 
used  in  the  initial  10  m  according  to  the 
design.  No  problem  of  unstable  block  was  found. 
The  use  of  stee’  sets  was  conditioned  to  the 
maximun  observed  shear  strain  in  the  soil  mass, 
inferred  from  the  reading  of  the  deepest 
settlement  device.  The  limit  was  never  reached 
and  the  excavation  progressed  successfully 
without  steel  sets. 

Figure  6  shows  settlements  caused  by  the  East 
tunnel.  No  pronounced  peak  of  a  or  s  exists.  It 
can  also  be  noticed  that  the  settlements  are 
significantly  smaller  than  for  the  West  tunnel. 
This  is  true  not  only  at  the  location  of  the 
unstable  block,  but  even  in  the  first  30  m, 
where  no  serious  problem  of  shotcrete  occurred 
for  the  West  tunnel. 

This  tendency  i s  also  observed  for  the  deep 
settlement  dev.^es,  that  do  not  include 
consolidation  of  the  soft  clay  above  the  West 
tunnel.  East  tun.'.el  settlements  were  only  50%  to 
65%  of  West  tunnel  settlements. 

The  decrease  in  settlement  caused  by  the  second 
tunnel  is  opposite  to  what  had  been  found  by 
Cording  and  Hansmire  (1975).  They  compiled  data 
from  several  tunnels  excavated  with  shield  that 
showed  a  clear  increase  in  settlement  for  the 


FIGURE  6  -  Surface  Settlements  Caused  by  East 
Tunnel:  Contours  and  Parameters  i,  s  and t  . 


second  tunnel.  It  is  probable  that  the  already 
completed  shotcrete  support  of  the  first 
tunnel,  interacting  with  tne  soil  mass,  is 
stiffer  than  the  mass  by  itself.  Similar 
results  were  found  by  Celestino  et  al.  (1985), 
analyzing  data  of  settlements  caused  by  large 
dimension  tunnels  excavated  in  sequences  of 
side  and  central  galleries. 


FIGURE  7  -  Deep  Settlements  as  a  Function  of 
the  Distance  to  Excavation  Face:  S2-15  Above 
Pre-Existing  Tunnel;  S2-14  Above  Soil  Mass. 
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Another  evidv-roe  ot  this  fact  was  found  in 
connection  wit::  the  longitudinal  arching  as  the 
East  tunnel  acoroached  the  dead  end  of  the 
previously  cor-pleted  tunnel.  Figure  7  shows  the 
settlements  taasured  at  the  deep  settlement 


devices 

of  s -J or  1  o r. 

S2-15 

(above  pre-existing 

tunne 1 ) 

ar.d  of- 14 

(  0  a  1  w 

n  before)  as  function 

of  the  'l 

r  d  1  r  ,1  r.  o  e 

r.o  the 

tunnel  face.  It  can  be 

clearly 

seer-  aoair. 

that 

the  interaction  between 

soil  mass  a;n;  “..nn.el  lining  shows  stiffen 
behavior  settleme.nt)  than  the  soil  by 

Itself. 


.^s  a  result  it  'ms  observation,  the  number  of 
steel  sets  at  titat  location  was  decreased  from 
what  had  be.j-_  ss-iiified  in  the  design. 


As  ci  r o  s  u  -  - 
steel  sets  -i! 
tunnels,  (b) 
ir-provcxcn t  , 
lining,  tne  ? 
support  an u  ■' 
cane  out  tn- 
?  a  u  .4.  o  S  u  c  w  a  \  ■ : 
0  c  n.  p  a  r  1  s  o  r.  / 

P  r  e  1  o  u  s  -  y  rv..' 
n.agnitude  o 
first  app 1 1  c.; 
wide  variati. 
menti,  or.od  a-v:; 
free  region;- 


tj'.e  .measures  adopted:  (a)  no 
t na  ~2»  of  the  length  of  the 
::  j  temporary  invert,  (c)  no  ground 
ana  (d)  shotcrete  for  final 
cat  t-' f  the  tunr-.els  (excavation, 
tnt;!  lining  including  floor  slab) 
:ow-;-;t  ever  reached  for  the  Sao 
tnly  i",300  per  linear  meter.  For 
cos:  the  double-tracia  tunnel 

r. •  lined  v.'a5  of  the  order  of 
jlc.OGO  per  linear  meter.  The 
t.it:,  (  s  inq  le- 1  rack  tunnels)  had  a 
01  cost,  due  to  problems  already 
The  lowest  cost  at  problem- 
wic'.  5  12,100  per  linear  .meter. 


CONCLUSIONS 


Despite  sen..  . 
shotcrete  '  t.  ,  t 
excavation 
tunnel,  the  .-'o 
successfully 
temporary  inv-- 
lowest  for  tu". 


:  r  ■.b  le."'.';  with  the  quality  of 
1,  :r;  t:i  be  coped  with  during  the 
l.e  .tea end  half  of  the  West 
;:nn-r  of  the  tunnels  could  be 
ivated  without  steel  ribs  and 
'  .  T;.e  cost  presented  is  the 
eli  if  the  Sac  Paulo  .Subway. 


Sett  Icmer.t  lita  caused  by  twin  tunnels  showed 
tendency  on n - r a ry  to  what  had  been  previously 
reported,  i.*'.  i  n  ternct  ion  between  the 

support  of  t;\-  :.':.-at  tunnel  and  the  soil  mass 
seems  to  co:,t:  ;:  ;*'■  to  decreaso  subsequent 
settements.  ■  m  1  eaa;n t  caused  by  the  second 
tunnel  was  ..a  ;11-  r  t.-.a:.  the  ones  caused  by  the 
first  'ur.r.el. 
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SYN0F51S:  Tne  resjlt  obtaineJ  in  a  case  history  of  differential  settlement  recovery  are  reported. 
The  effectiveness  cf  sand  drains  in  peaty  soil  is  questioned.  .,e  importance  and  the  mutual  influence 
of  the  rrimary  and  secondary  settlement  are  discussed.  Remarks  a  re  made  on  the  value  of  secondary  set 
1 1 e  m  e  n  t  coefficient. 


I  M  T  S  0  :  ^  '  1  0  N 

The  3'jtno''s  presented  to  the  First  I  nt'erna  1 1  ona  1 
Conference  on  Case  Histones  in  Geotechnical 
Engineering  a  paper  concerning  the  recovering  of 
differential  settlements  in  a  large  six  storey 
building  by  means  of  vertical  drains  and  partial 
overloading  of  tne  foundation  mat. 

The  details  of  the  design  together  with  general 
soil  ch a ra c te r 1 s t i c s ,  settlement  measurements  up 
to  November  1983  and  observational  analysis  of 
settlements  are  reported  in  tiie  mentioned  paper. 
But  the  limited  available  space  did  not  allow  an 
accurate  analysis  of  the  settlements  behaviour 
with  respect  to  the  soil  characteristics:  this 
will  be  done  in  this  paper.  Furthermore  an  other 
measurement  of  the  settlements  has  been  m.ade  in 
■July  87,  so  that  more  precise  forecast  for  the 
future  behaviour  is  now  possible. 

SOIL  CHARACTERISTICS 

The  general  soil  characteristics  have  been  re¬ 
ported  ih  the  previous  paper.  It  has  to  be 
stressed  that  the  area  was  a  marshland  until  a 
few  years  before  the  building  construction  and 
that  propably  the  building  was  located  on  the 
border  of  the  said  area.  In  fig.  1  the  lay-out 
of  the  fouhoation  mat  is  reported  with  the  bo¬ 
reholes  and  CRTs  performed  at  the  time  of  the 
intervention  ;1974).  Borehole  1  and  CRTs  A  and  B 
showed  -1  soil  wi'.h  characteristics  subst  tially 
rjjfforont  from  those  of  borehole  2  and  CRTs  C 
and  D  ''see  previous  paper).  In  fact  the  side  of 
the  biildinq  interested  by  these  latter  tests 
was  cl  OS"  to  the  water  stream  flowing  at  about 
t  h  e  '  n  n  t  m  r  f  the  marshy  area. 

In  19/R  a  new  i  r.  v  e  o  t  i  g  ,5 1. 1  o  n  was  performed,  con- 
si  ;  t  1  n  ;  .  f  on-  borehole,  one  electric  CRT  and 

one  oMT  'Mir r ho  ft  1  Oil  a  tome  ter  Test).  These 

tests  w  o  r  o  -  a  d  e  in  t  fi  e  vicinity  of  the  existing 

bonohole  ?  (fio.  li  b’jt  at  a  s'jfficient  -distance 

f  r  .  *  r,  O  b  1  1  d  1  n  g  not  1 0  be  affected  by  It  s 

I  0  a  d  . 
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Fig.  1  Lay-out  of  the  Foundation  Mat  with  the 

Height  (h)  of  Sand  Loading  and  Reference 
Points 

In  fig.  2  are  reported  the  profiles  of  CRT  and 
DMT.  In  the  borehole  samples  some  characteri¬ 
stics  resulted  as  follows: 
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The  values  of  cu  were  determined  by  laboratory 
vane  tests:  the  trend  is  linear  from  2  t/m2  at 
2m  depth  to  4  t/m2  at  15  m.  The  samples  resulted 
slightly  overconsolidated  down  to  about  10  m. 


Cr  is  the  compression  ratio  ( 


/log  t )  on  the 


virgin  curve  in  the  compression  range  (p  ^  Pc ) • 
As  far  as  the  peat  content  is  concerned,  and 
hence  the  compressibility,  the  layer  between  5 
and  10  m  approximately  resulted  critical;  this 
is  in  accordance  with  what  had  been  obtained  for 
borehole  2. 


C  «  80  'OC  Ci 


0  loc  20C  xn 


Fig.  2  CRT  and  01- T  Tests  in  the  Vicinity  of 
Borehole  2 


SETTLEMENT  BEHAVIOUR 

The  drains  were  installed  from  1st  August  to  mid 
October  1974;  in  fig.  3  are  sketched  the  dia¬ 
grams  of  settlement  for  two  opposite  corners  of 
the  building,  together  with  the  drains  execution 
period  and  the  four  loading  steps.  These  steps 
with  reference  to  the  maximum  height  of  sand 
loading  on  the  foundation  mat  (fig.  1)  were: 

1  St  step  Hmax  =  1.10m 

2nd  step  =  2.20  m 

3rd  step  =  3.50  m 

4th  step  =  4.50  m 

The  partial  unloading  refers  to  a  reduction  of 
the  maximum  height  of  sand  to  2.20  m  all  over 
the  area;  the  partial  reloading  refers  to  a  le- 
statement  of  the  height  of  4.50  m  in  proximity 
to  point  5  (fig.  1),  but  without  the  external 
embankment.  On  the  diagrams  in  fig.  3  some  inte¬ 
resting  remarks  can  be  done: 

1.  during  the  drains  execution,  which  began 
from  the  corner  of  point  5,  the  point  4 
showed  a  heave:  this  was  due  to  the  great 
rigidity  of  the  building  structure 

2.  after  the  4th  loading  step,  which  interested 
only  the  area  near  to  point  5,  point  4  show¬ 
ed  a  complete  stop  of  settlement  for  about 
two  months  (March  and  April  75),  but  after¬ 
wards  it  started  again  to  settle.  Point  5  in 
correspondence  of  the  partial  unloading 
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(from  4.50  m  height  of  sand  loading  to  2.20 
m)  experienced  a  slight  heave  and  then  a 
complete  stop  of  settlement.  This  phenomenon 
has  been  observed  by  many  authors  (e.g. 
Veder  and  Prinzl,  1983)  and  is  employed  in 
the  technique  of  soft  clays  overloading, 
mainly  to  reduce  secondary  settlement 

the  settle., lent  rate  of  point  4  was  affected 
by  the  presence  of  the  drains  only  during 
and  immediately  after  their  execution.  From 
middle  1975  to  1979  the  settl ement  behaviour 
seemed  to  be  insensitive  to  the  presence  of 
the  drains.  In  the  previous  paper  it  was 
attributed  to  the  clogging  of  the  drains  by 
organic  matter.  The  authors  believe  that 
this  deduction  and  hence  the  questionabi 1 ity 
of  the  use  of  small  diameter  (10  cm)  sand 
drains  in  peaty  soil  must  be  maintained 

It  IS  important  to  outline  that  the  settle¬ 
ment  behaviour  was  controlled  not  only  by 
the  soil  characteristics,  but  also  by  the 
building  rigidity.  In  Fig.  4  are  reported 
the  isochrones  of  settlement  at  July  79, 
which  are  almost  perfectly  parallel.  The 
settlement  recovering  at  that  time  between 
points  4  and  5  was  about  32  cm. 


is  reported  the  oedometer  curve  for  the  sample 
at  depth  8.70-9.30  m).  The  stresses  induced  by 
the  foundation  were  calculated  by  the  method  of 
Fox.  The  settlement  calculation  was  limited  to 
28  m  depth  . 

In  the  following  table  are  reported  the  data  of 
the  calculation: 


thickness 

(nr) 

Pq 

(Kg/cm^l 

(kg/cm2) 

settlement 

(m) 

2,00  -  4.65 

0.2117 

0.256 

1 

0.85 

55.55 

4.65  -  6.10 

0.2588 

0.412 

0.76 

17.04 

6.10  -  11.10 

0.5189 

0.612 

0.66 

50.66 

11.10  -  16.00 

0.1785 

0.954 

0.55 

17.07 

16.00  -  20.10 

0.1785 

1  .257 

0.45 

9.55 

20.10  -  28.00 

0.5588 

1  .682 

0.52 

20.24 

149.91 

A  calculation  of  the  primary  consolidation  rate 
was  done  without  drains  and  taking  into  account 
the  presence  of  a  layer  of  fine  silty  sand  at 
18-20  m  depth.  So  the  following  scheme  of  conso- 
1 idation  was  assumed : 


-  layer  1  from  2  to  10  m 

C„  =  2,25  .  10"'’ 

Vav 

-  layer  2  from  10  to  18  m 

C,,  =  1,01  .  10’^ 

Vav 

-  layer  3  from  20  to  28  m 


flow  upward 
2, 

cm  /sec. 

flow  downward 
2 

cm  /sec  . 

flow  upward 
2 

cm  /sec. 


It  resulted  that  at  July  74  (14,5  years  after 
the  beginning  of  the  construction)  about  40  cm 
of  the  primary  settlement  had  yet  to  develop,  of 
which  35  cm  due  to  layer  1  and  5  cm  to  ’ayer  3, 
while  layer  2  had  almost  completed  primary  con¬ 
sol  idation . 
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vertical  stress  p(r<g/cm2) 
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In  fig.  6  nre  reported  the  settlements  from  Au¬ 
gust  74  to  July  87  of  four  significant  points. 

In  fig.  7  the  settlements  of  point  4  are  report¬ 
ed  versus  log  time.  The  estimated  settlement  of 
130  cm  at  July  74  is  based  on: 

1.  out  of  level  of  90  cm  measured  at  July  74 
between  points  4  and  5 

2.  estimated  settlement  of  30  cm  for  point  5 
(.rough  measurements  made  by  the  owner  of  the 
building  gave  16  cm  from  January  63  to  July 

74  j 

3.  evaluated  immediate  settlement  of  about  15 
cm  . 


(Ihf.usorids) 
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Fig.  6  Measured  Settlements  of  Four  Points 


Tne  curve  in  fig.  7  indicates: 

1.  the  drains  had  little  influence  on  the  set¬ 
tlement  rate  of  point  4,  as  also  Asaoka  ana¬ 
lysis  showed  (see  previous  paper) 

2.  tne  primary  and  secondary  parts  of  the  curve 
seem  to  be  well  distinct.  It  is  likely  that 
the  primary  consolidation  has  been  completed 
at  about  the  end  of  1979,  20  years  after  the 
beginning  of  the  construction  .  The  value  of 
the  primary  settlement  from  August  74  to  the 
end  of  79  (40  cm  approx.)  fits  very  well  with 
the  calculation  of  the  consolidation  settle¬ 
ment  amount  and  rate  above  reported. 

In  the  previous  paper  a  forecast  of  the  seconcla- 
-y  settlement  rate  was  done,  based  on  the  values 
o'  the  coefficient  of  secondary  compression  C(j 
given  by  the  oedometer  tests.  The  measurement  of 
July  87  has  invalidated  that  forecast  and  a  new 
one  15  reported  in  fig.  7. 

This  new  forecast  corresponds  to  3  value  of  c^y  = 
0.0125,  but  this  value  in  laboratory  has  been 
obtained  as  a  maximum  only  for  the  sample  at 
8.60  -  9.30  m  depth.  For  the  other  samples,  va¬ 

lues  vary  from  1/3  to  2/3  of  the  above  maximum 
value. 


Thus  we  must  conclude  that  the  in  situ  creep  is 
in  our  case  remarkably  higher  than  the  laborato¬ 
ry  one. 

This  has  already  been  noted  in  many  case  histo¬ 
ries  and  the  most  likely  reason  is  the  collapse 
of  the  soil  structure  as  the  effective  stress 
approaches  the  final  value  (Chang,  1981).  It  has 
to  be  noted  that  in  our  case  the  coefficient  of 
mobilization  of  the  ultimate  strength  was  high 
(cu  2  t/m2;  net  pressure  q  =  0.85  kg/cm2;  coe¬ 
fficient  of  mobilization  f  =  0.75). 


time  (years) 

Fig.  7  Tentative  Curve  of  the  Settlement  of 
Point  4  versus  Log  Time 

CONCLUS  ONS 

The  use  of  small  diameter  sand  drains  resulted 
not  effective  in  the  area  affected  by  medium- 
high  peat  contents.  On  the  contrary  in  the  re¬ 
maining  part  of  the  foundation  the  results  were 
fully  satisfactory  . 

The  consolidation  settlement  and  its  rate,  cal¬ 
culated  on  the  basis  of  the  parameters  obtained 
from  incremental  oedometer  tests,  were  well  fit¬ 
ting  with  the  measured  values.  It  has  to  be  said 
that  it  was  very  attractive  tc  use  the  Bjerrum's 
concept  of  instant  and  delayed  settlement  to  ex¬ 
plain  the  unexpected  settlement  of  point  4;  but 
the  agreement  of  calculated  and  measured  values 
seems  to  be  in  accordance  with  the  conclusions 


of  Mesri  and  Choi  (1985)  about  the  uniqueness 
of  end  of  primary  consolidation. 

Secondary  settlement  in  situ  resulted  sensibly 
higrer  than  in  laboratory  tests.  This  is  an  al¬ 
ready  known  phenomenon  and  has  to  be  attributed 
mainly  to  the  high  coefficient  of  mobilization 
of  ultimate  strength. 
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SYNOPSIS:  A  double  tunnel  of  6.3  m  height  has  been  driven  in  loess  underground  of  low  friction  and 
relatively  large  capillary  cohesion.  To  attain  a  tunnel  climate  corresponding  to  natural  underground 
conditions,  earth  windows  were  provided  along  the  side  walls  of  the  tunnel. 

The  portal  was  supported  by  steel  profiles,  anchors  and  a  shotcrete  layer.  The  stability  of  the  re¬ 
taining  construction  was  ensured  by  two  independent  methods.  A  preexcavation  of  the  tunnel  was  found 
to  be  necessary.  The  works  were  performed  simultaneously  with  excavation  of  the  hillside  facing  the 
portal.  The  tunnel  lining  consists  of  reinforced  shotcrete.  The  bearing  behaviour  of  the  lining  was 
investigated  through  different  finite  element  analyses  assuming  both  a  single  tunnel  and  the  double 
tunnel.  For  the  latter  case,  a  simultaneous  excavation  as  well  as  successive  individual  excavations 
were  studied. 

The  support  system  of  the  final  tunnel  faces  is  presented.  A  comparison  of  both  measured  and  calcu¬ 
lated  convergences  is  given.  During  excavation  of  the  hillside  facing  the  portal  a  crack  occurred  in 
the  supported  ground.  Good  agreement  was  obtained  between  the  observed  crack  course  and  the  one  pre¬ 
sumed  in  the  stability  analyses. 


INTRODUCTION 

For  the  nacural  storage  of  wine  a  double  tunnel 
was  constructed  in  1984/8b  at  one  of  the  most 
famous  vineyards  of  S-Geirmany  at  the  Kaiser- 
stuhl  Mountain.  The  individual  tunnels  have  a 
height  of  6.3  m  and  an  almost  circular  cross- 
section.  The  length  of  each  tube  is  about  50  m. 

The  ground  consists  of  loess  with  small  angles 
of  friction  and  large  capillary  cohesion.  This 
cohesion,  however,  vanishes  nearly  totally  with 
saturation  of  the  soil. 

The  primary  requirement  of  the  owner  was  that 
the  climate  of  the  tunnel  should  agree  fairly 
well  with  the  natural  conditions  of  the  ground. 
In  order  to  achieve  this,  special  earth  windows 
were  foreseen  at  about  half  of  the  total  area 
of  the  side  wall. 

The  design  and  construction  of  the  tunnels  will 
be  reported  below.  The  displacements  measured 
as  well  as  the  course  of  cracks  observed  during 
an  unplanned  state  of  construction  were  compar¬ 
ed  to  the  design  data. 

The  retaining  wall  of  the  tunnel  portal  con¬ 
sists  of  anchored  and  drilled  steel  sheet  piles 
and  of  shotcrete  Different  failure  mechanisms 
were  used  fjr  stability  analysis.  A  major  ef¬ 
fort  was  made  to  reduce  the  number  of  anchors 
in  the  tunnel  cross  section.  As  will  be  shown 
below,  the  support  can  considerably  be  reduced, 
if  the  excavation  is  carried  out  by  asynchron¬ 
ously  advancing  tunnel  facings.  In  this  case, 
the  retaining  wall  is  subjected  to  a  three-di¬ 
mensional  earth-pressure. 


To  provide  supports  for  the  excavations  as  well 
as  for  the  final  design  of  the  tunnels,  a  thin 
lining  of  shotcrete  was  foreseen.  The  displace¬ 
ments  and  internal  forces  of  the  liner  were  ob¬ 
tained  by  finite  element  analyses.  It  was  found 
that  a  system  anchoring  would  have  no  signifi¬ 
cant  influence  on  the  stability  of  the  tunnel. 
On  the  other  hand,  separate  driving  of  the  two 
tubes  would  affect  substantially  the  tangential 
forces  and  bending  moments  of  the  lining.  These 
forces  and  moments  were  to  be  compared  with  the 
corresponding  values  of  a  simultaneous  excava¬ 
tion  of  both  tubes. 

The  final  faces  of  the  double  tunnel  were  sup¬ 
ported  by  anchored  concrete  beams  and  shotcrete 
slabs.  Accordingly,  the  construction  was  sub¬ 
jected  to  a  three-dimensional  earth  pressure. 
To  reduce  this  pressure,  it  was  decided  to  ex¬ 
cavate,  in  advance,  a  top  heading  of  3m  length. 

The  construction  of  the  double  tunnel  has  been 
supervised.  A  detailed  record  of  performance  of 
the  different  stages  of  excavation  is  given  be¬ 
low. 


GEOLOGICAL  SYSTEM  AND  TUNNEL  DIMENSIONS 

The  Kaiserstuhl  Mountain  is  a  volcanic  massif 
located  in  the  Upper  Rhine  River  Valley  near 
Freiburg  in  SW-Germany.  The  eleva,,ion  above  the 
bottom  of  the  valley  is  about  400  m.  The  hill¬ 
side  is  covered  with  loess,  an  eolian  sediment. 
Most  of  the  extraordinary  warm  and  sunny  hill¬ 
side  is  used  by  vineyards. 
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A  famous  wiDe  producer  of  that  region  decided 
to  drive  a  double  tunnel  into  the  Kaiserstuhl 
as  an  unique  winecellar,  where  the  temperature 
and  humidity  agree  with  the  natural  conditions 
of  the  ground. 

The  proiile  o!-  the  hillside  as  well  as  the  con¬ 
tour  lines  :  the  double  tunnel  are  illustrated 
in  Fig . 1 

Th^  ..oSS  sectional  view  A-A  of  the  double  tun¬ 
nel  is  shown  in  Fig. 2.  The  floors  of  both  tubes 
are  filled  with  sand.  The  thickness  of  the  shot- 
crete  lining  is  15  cm.  In  order  to  minimize  the 
bending  moments,  a  nearly  circular  shape  is  ad¬ 
opted  for  the  tunnels.  Radii  of  distinct  circu¬ 
lar  sections  composing  the  whole  cross-section 
are  indicated  at  the  right  part  of  Fig. 2. 


Fig.  2  Cross-Section  A-A  of  Fig.l 


Fig. 3  shows  the  layout  of  the  double  tunnel.  A 
retaining  wall  is  provided  at  the  portal.  The 
total  length  of  the  tunnel  is  about  50  m. 


Fig.  3  Layout  of  the  Double  Tunnel 
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In  the  right  part  of  Fig. 3,  the  earth  windows 
are  shown;  they  transfer  the  natural  climate  of 
the  ground  into  the  tunnel.  Each  of  the  earth 
windows  has  a  width  of  1  m;  between  them  lining 
shells  of  1  m  width  are  provided. 


SOIL  PROPERTIES  AND  MATERIAL  LAW 

To  obtain  both  the  strength  characteristics  and 
the  stress-strain  behaviour  of  the  soil,  tri- 
axial  laboratory  tests  were  performed  on  undis¬ 
turbed  samples.  Some  of  the  test  results  are 
shown  in  Table  1. 


Table  1.  Prop ert ies  of 

Grain  Size  d.  , 

Grain  Size  dec 

Lime  Content  V  ^ 

Unit  Weight  I 

Water  Content  w 

Capillary  Cohesion  c 

Angle  of  Friction  ^ 

Pseudo  Elastic  Modulus 
for  Primary  Loading:  E 

for  Un-  and  Reloading:  E 


Loess 

=  0,003  mm 

=  0,03  mm 

34-40  % 

3 

17,6  KN/m 
17  % 

25  KPa  (depth  <  6m) 
50  KPa  (depth  >  6m) 

21  = 

10  MPa 
4  8  MPa 


Analyses  concerning  the  stability  of  the  tunnel 
lining  were  performed  using  the  finite  element 
method.  In  these,  the  constitutive  law  for  the 
soil  is  the  one  of  plasticity.  A  non-associated 
flow  rule  is  applied.  Strain  hardening  as  well 
as  strain  softening  are  taken  into  account.  The 
six-fold  yield  surface  used  in  the  three-dimen¬ 
sional  stress  space  is  shown  in  Fig.  4. 


For  both,  a  stress  sum  Ig  >  0,  and  a  deviatoric 

stress  path  II^^c,  an  elastic  material  model  was 

used.  However,  if  Ict<0  and  Ylls  >  l/lls,c ,  plastic 
strains  occur.  The  yield  function  used  is  given 
by 

/  //]/— "  (1) 


where  IIs  and  IIIj  are  the  second  and  third  in¬ 
variants  of  the  deviatoric  stress  tensor,  re¬ 
spectively,  and  A,  B,  and  m  are  material  para¬ 
meters  depending  on  plastic  strains,  stress  in¬ 
variants,  and  void  ratio  of  the  soil.  A  detail¬ 
ed  description  of  tests  necessary  to  determine 
the  material  parameters  as  well  as  a  presenta¬ 
tion  of  the  total  plastic  model  is  given  else¬ 
where  (MeiBner,  1988)  . 

In  the  present  context,  only  the  stress  path 
'\(IIsc  is  illustrated,  which  is  defined  by  means 
of  the  capillary  cohesion  c  as 


_  R  K  / 


'(1 


llj- 


B  <0  (2) 


According  to  Eg. (2) ,  the  limit  of  the  extensio- 
nal  stress  paths  is  less  than  that  for  the  com- 
pressional  stress  paths. 

For  computational  purposes,  the  material  para¬ 
meters  of  the  reinforced  shotcrete  were  adopted 
as 

Elastic  modulus  Es  =  15000  MPa 

Poisson  s  ratio  vg  =  0.25 

Unit  weight  Kg  =  25  KN/m 

Since  in  the  numerical  analysis  the  boundary 
value  problem  was  restricted  to  plane  deforma¬ 
tion,  the  effect  of  earth  windows  in  the  lining 
stiffness  was  taken  into  account  by  decreasing 
the  elastic  modulus  to  Eg  =  7500  MPa. 


Fig.  4  Yield  Surface  in  3/D  Stress  Space 


DESIGN  OF  PORTAL  SUPPORT  AND  TUNNEL  DRIVING 

A  plan  and  a  typical  cross  section  of  the  por¬ 
tal  construction  are  shown  in  Figs.  5a  and  5b, 
respectively.  The  retaining  structure  of  the 
portal  consists  of  steel  profiles  ][300  and  re¬ 
inforced  concrete. 

Boreholes  of  90  cm  diameter  were  provided,  and 
steel  profiles  were  put  into  them  fro.n  the  sur¬ 
face  level.  Below  the  final  road  surface,  the 
boreholes  were  filled  with  concrete,  while  they 
were  filled  with  dry  sand  above  this  level.  The 
excavation  of  the  hillside  was  performed  there¬ 
after  in  several  steps  in  the  following  manner: 

1.  Excavation  until  level  I  (Fig.  5), 

2.  Construction  of  the  cross  girder, 

3.  Preparation  of  the  anchors, 

4.  Concreting, 

5.  Tensioning  of  the  anchors. 
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Fig. 5  Elevation  and  Cross-Section  of  the  Portal  Support 


This  sequence  was  repeated  for  each  level  indi¬ 
cated  in  Fig. 5.  However,  from  level  II  onwards, 
both  the  crown  and  the  bench  of  the  tunnel  were 
driven  as  shown  in  Fig. 5b.  Therefore,  support¬ 
ing  of  the  tunnel  face  was  not  necessary,  and 
anchoring  in  the  tunnel  section  could  also  be 
avoided.  It  is  self-evident  that  the  anchors  in 
the  surrounding  of  the  tunnel  wall  are  spreaded 

The  grouting  length  of  the  anchors  allowed  for 
tension  forces  of  390  KN  per  individual  anchor 
and  likewise  per  anchor  in  a  group.  Each  anchor 
(System  Bilfinger  4  Berger)  consisted  of  3  to  5 
tendons . 

The  tunnel  excavation  was  performed  using  full 
face  heading.  An  unsupported  span  of  ca.  2m  was 
made  possible  without  risk  of  loosening  of  the 
soil . 


Prior  to  the  shotcreting,  the  tunnel  walls  were 
supported  by  lattice  girders  spaced  1  m.  A  lin¬ 
ing  of  15  cm  reinforced  shotcrete  deemed  to  be 
sufficient.  However,  it  was  required  that  the 
total  lining  was  casted  into  the  cross  section 
within  a  period  of  12  hours. 

The  final  tunnel  face  was  designed  as  shown  in 
Fig. 6.  The  supporting  system  consists  of  both 
chained  beams  and  anchors.  In  order  to  provide 
a  place  for  winetests  as  well  as  to  stiffen  the 
base  of  the  crown  lining,  the  choir  was  covered 
by  a  reinforced  concrete  slab. 


RUBBER  bearing  JOINT 


CROSS-SECTION  A- A 


Fig.  6  Supporting  System  of  Final  Tunnel  Face 


956 


EARTH  STATICAL  ANALYSIS 

The  supporting  system  of  the  portal  as  well  as 
that  of  the  final  tunnel  face  were  designed  ac¬ 
cording  to  conventional  methods. 

A  major  effort  was  made  to  reduce  the  amount  of 
anchors.  The  layout  of  the  supporting  system  of 
the  portal  is  shown  in  Fig. 5. 

The  distribution  of  the  earth  pressure  shown  in 
Fig. 7  was  obtained  for  a  typical  cross-section. 
It  was  assumed  that  the  capillary  cohesion  in¬ 
creased  from  zero  at  the  surface  to  a  total  of 
25  KPa  at  the  tunnel  roof.  Below  the  roof,  the 
cohesion  attained  50  KPa.  Furthermore,  it  was 
assumed  that  the  earth  pressure  acting  on  the 
face  of  the  tunnel  pre-cut  would  completely  be 
transferred  through  the  liner  to  the  steel  pro¬ 
files  adjacent  to  the  cross  sections. 


A,  anchors 

Fig.  8  Critical  Slipcircle 


Fig.  7  Loads  Acting  on  the  Portal  System 


In  Eq. (5) ,  t,  denotes  the  spreading  angle  of  the 
anchors  in  horizontal  plane.  The  earth  pressure 
•:pin  is  calculated  with  the  reduced  shear  para¬ 
meters  defined  as 


tan(cal(,5)  =  tan(^/7;.-) 
cal  c  =  c/tj, 

Epm  is  calculated  with  regard  to  three-dimensio¬ 
nal  state  of  deformation  in  front  of  the  embed- 
ed  length  h.  Referring  to  the  pile  width  b,  the 
passive  earth  pressure  for  plane  conditions  is 
given  by 

■^pm  = 


For  analysis  of  base  and  slope  failure,  diffe¬ 
rent  methods  were  applied.  Fig. 8  shows  the  cri¬ 
tical  slipcircle  based  on  the  method  of  Bishop 
(1954).  The  global  stability  coefficient  reads: 


•  Gi  sin  Oi  +  M 


where  T,  is  defined  by: 

„  G,  tan  ‘p,  +  c,6,  ,  ^ 

T:  -r-. - 1 pi - ^-1 -  (4) 

cos H —  tan  sini?; 

V 

The  parameters  3i ,  Gi ,  Ci ,  and  bi  of  Eq. (8)  are 
illustrated  in  Fig. 8.  IM;  denotes  summation  of 
moments  due  to  the  forces  acting  on  the  sliding 
surface . 


The  spatial  conditions  are  regarded  by  the  em- 
erapirical  shape  factors 

Mpp  =  1  -t  0.3  •  h/b  and  ,  ,, 

where  h/b  ^  3.3 

#ipc  =  1  +  0.9  •  h/b 

Finally,  the  passive  earth  pressure  is  written 


h/pm  —  ^p 


'  ^PC  '  Mp« 


Obviously,  it  must  be  proven  in  all  cases  that 
for  a  fixed  pile  distance  the  three-dimensional 
earth  pressure  does  not  exceed  that  one  of  the 
plane  conditions. 


The  expression  IM  in  Eq. (3)  denotes  the  summa¬ 
tion  of  the  anchor  moments  at  the  center  of  the 
slipcircle.  Hence, 


^  Af  =  -7- ^  Ai  sin/?i  (6) 

t=i 

For  the  critical  slipcircle  presented  in  Fig. 8, 
the  stability  coefficient  yields 


According  to  Bishop's  theory  the  actual  moments 
Ms  must  be  divided  by  n .  Hence,  the  expression 
for  both  the  anchor  forces  and  resisting  earth 
pressure  reads: 


T?  =  1.32  >  1.30 

In  an  additional  computation,  a  failure  mecha¬ 
nism  consisting  of  distinct  sliding  planes  was 
used  (Gudehus,  1972) .  The  system  is  illustrated 
in  Fig. 9a;  Fig. 9b  shows  both  a  displacement  and 
a  force  polygon.  To  obtain  force  equilibrium, 
the  failure  motive  AT20  is  introduced  which  ac¬ 
tually  represents  the  decrease  of  cohesion  c  in 
sliding  plane  "jo  .  The  external  wor)c  W  is 
obtained  by  multiplying  the  weight  vectors  by 
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the  displacement  vectors.  With  respect  to  the 
notations  of  Fig. 9,  the  work  W  is  given  by 

IV  =  GiU'  .  4-  G2U2z  (7) 

t  i 

where  A,  denote  the  anchor  forces.  Furthermore, 
in  the  sliding  planes  ni  o  ,  it  2,0  >  as  well  as  in 
It  1,2  ,  a  dissipation  work  D  arises  as 

D  =  TioUia  +  720^20  +  7'2iM21  +  Epmh.^2z  (8) 

In  Eg.  (8)  ,  the  forces  T,j  act  within  the  sliding 
planes.  The  values  of  T,,  are  computed  accordina 
to 


r.j  =  C,j  -  O.j  sinip  (9) 

Obviously,  the  dissipation  work  of  AT20  is  not 
regarded  in  Eg. (8) . 


Fig.  9  Composed  Failure  Mechanism 


It  is  interesting  to  note,  that  for  the  passive 
earth  pressure  a  separate  failure  mechanism  can 
be  developed.  However,  for  the  given  situation, 
an  earth  pressure  as  calculated  by  means  of  Eg. 
(8)  deems  to  be  sufficient. 


The  calculations  were  performed  with  the  actual 
shear  parameters  ip  and  c.  Therefore,  a  stability 
coefficient  i]  >  1.0  was  reguired. 


This  stability  coefficient  is  defined  by 


I?  = 


W 


(10) 


where  D  and  W  are  the  parameters  calculated  in 
Egs. (7)  and  (8) . 

In  terms  of  the  plastic  collapse  theorems,  the 
calculated  external  loads  are  an  upper  bound  of 
the  true  collapse  ones.  Therefore,  the  failure 
mechanism  must  be  varied  until  a  minimum  value 
of  based  on  Eg. (10)  is  obtained.  According  to 
the  mechanism  in  Fig. (9)  the  variation;*!  para¬ 
meter  is  320  •  However,  for  3,0=  55  one  obtains: 

a.  without  pre-cut  of  the  tunnels:  n  =1,0 

b.  with  pre-cut  of  about  2,5  m  :  n  =1,08 


Obviously,  in  connection  with  the  chosen  anchor 
forces,  a  pre-cut  of  the  tunnels  was  necessary 
for  a  sufficient  global  stability  of  the  portal 
support  system. 

The  supporting  system  of  the  final  tunnel  faces 
is  shown  in  Fig. 6.  The  faces  are  subjected  to 
the  spatial  earth  pressure.  In  the  calculation, 
the  latter  is  reduced  by  the  resistance  of  the 
core  in  the  bench. 

Regarding  the  dimensioning  of  the  tunnel  lining 
three  distinct  cases  are  observed,  namely: 

1.  Excavation  of  a  single  tunnel  at  a  time; 

2.  After  excavation  of  the  single  tunnel,  the 
second  tube  is  driven; 

3.  Simultaneous  excavation  of  both  tunnels. 

Precalculations  showed  that  a  system  anchoring 
with  nails  of  2.5  m  length  would  have  no  signi¬ 
ficant  influence  on  the  stability  of  the  tunnel 
Therefore,  it  was  decided  that  a  system  anchor¬ 
ing  could  be  omitted. 

A  first  estimate  of  the  stability  of  an  unsup¬ 
ported  tunnel  can  be  obtained  by  an  expression 
of  Kolymbas  (1982).  Accordingly,  the  reguired 
minimum  support  resistance  p  of  a  tunnel  with 
circular  cross-section  would  be 

(11) 

T-(l  —  sin  ip)  +  h  sin  p 

where  h  is  the  height  of  the  overburden,  and  r 
is  the  tunnel  radius.  Assuming  p  to  be  zero, 
the  minimum  cohesion  reguired  for  tunnel  stabi¬ 
lity  is  given  by 


1  r  (1  —  sin  1,5) 

cos  If 


sin21° 


cos  21° 


=  39.3  kPa  (12) 


Based  on  this  value  and  on  experience  with  that 
kind  of  ground,  it  could  be  expected  that  the 
stability  of  the  tunnel  wall  was  given  at  least 
for  a  few  meters  close  to  the  face  and  at  least 
for  some  hours.  Therefore,  it  has  been  decided 
that  the  length  of  the  crown  heading  should  be 
about  2m,  and  the  total  lining  should  be  casted 
into  each  section  within  12  hours. 


FINITE  ELEMENT  ANALYSIS 

The  numerical  analyses  were  performed  by  a  geo¬ 
technical  finite  element  program  (e.g.  Borm  et 
al.,  1976).  For  the  soil,  plastic  material  be¬ 
haviour  was  assumed,  while  for  concrete  linear 
elastic  behaviour  was  adopted. 

Plastic  flow  in  the  shell  occurs  when  the  ulti¬ 
mate  stress  of  the  concrete  is  achieved.  Only  a 
plane  deformation  problem  was  investigated.  For 
this  purpose,  considering  both  the  influence  of 
the  tunnel  face  and  the  stiffening  time  of  the 
shotcrete,  a  residual  lining  resistance  of  50% 
was  taken  into  account.  Conseguently ,  the  shot¬ 
crete  shell  was  subjected  to  forces  resulting 
from  the  factors  mentioned  above.  However,  the 
presumed  lining  resistance  depends  on  the  dis¬ 
placements  arising  from  the  face  advance  of  the 
tunnel  when  the  concrete  shell  has  already  been 
completed . 
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Fig. 11  Distribution  of  Tangential  Forces 
in  the  Tunnel  Lining 


Fig. 10  Finite  Element  Mesh  of  Left  Tunnel 


The  finite  element  mesh  used  is  shown  in  Fig. 10. 
The  reference  state  of  stress  and  strain  is  the 
state  of  rest  earth  pressure. 

Excavation  is  simulated  by  stepwise  decrease  of 
the  balance  forces  determined  for  grid  points 
at  the  surface  of  the  tunnel.  After  a  reduction 
of  these  supporting  loads  to  50%,  the  elements 
of  the  concrete  shell  were  activated. 

Simultaneous  excavation  of  the  two  tunnels  was 
chosen  as  driving  process.  The  distribution  of 
tangential  forces  and  moments  within  the  tunnel 
shell  are  shown  in  Figs. 11  and  12,  respectively. 

Comparison  of  the  results  obtained  from  varia¬ 
tion  of  both  the  excavation  process  and  the  de¬ 
creasing  factor  of  initial  balance  loads  showed 
significant  changes  in  the  intersection  forces. 
While  the  stresses  and  moments  depend  approxi¬ 
mately  on  the  inverse  of  the  reduction  factor, 
the  difference  in  results  obtained  for  various 
excavation  processes  is  limited  to  about  20%. 

It  can  be  concluded  that  the  dominant  factor  in 
this  project  is  the  reduction  factor.  If  exten¬ 
sive  three  dimensional  stress-/strain-  analyses 
are  to  be  avoided,  further  research  work  is  ne¬ 
cessary  to  determine  correct  shape  factors  for 
plane  computations. 
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Fig. 12  Distribution  of  Bending  Moments 
in  the  Tunnel  Lining 


Actually,  both  the  dimensioning  and  the  rein¬ 
forcement  of  the  shotcrete  were  predicted  using 
an  assumed  reduction  factor  of  50%.  To  control 
the  effect  of  the  design  data  on  the  stability 
of  the  lining  in  situ,  an  extensive  measurement 
program  as  well  as  some  geological  profile  re¬ 
gistrations  were  executed.  As  usual  in  tunnel¬ 
ing,  convergences  of  distinct  cross  sections 
were  determined,  where  the  roof  displacements 
were  recorded  by  use  of  laser  beams. 

It  was  decided  that  the  dimensions  of  the  liner 
were  subject  to  change  if  substantial  deviation 
between  field  data  and  predictions  arose.  How¬ 
ever,  an  alteration  was  finally  not  needed.  The 
measured  maximum  convergences  of  3  mm  were  less 
than  the  predicted  ones  of  about  8  mm. 


CONSTRUCTION  PROCESS 

Supervision  of  the  construction  works  was  pro¬ 
vided  as  needed.  The  first  visit  was  made,  when 
both  a  crack  in  the  tunnel  lining  occurred  and 
settlements  of  about  5  cm  of  the  steel  profiles 
were  recorded.  At  that  time  the  hillside  facing 
the  portal  was  excavated. 

The  design  reguired  the  installation  of  anchors 
in  ditches  excavated  in  different  levels  as  il¬ 
lustrated  in  Fig. 5.  However,  the  excavation  was 
actually  performed  in  one  step  from  level  II  to 
level  IV  without  installation  of  the  anchors  in 
the  corresponding  layers.  According  to  Eq.(lO), 
in  this  case  the  stability  coefficient  will  de¬ 
crease  to  r  =  1.0,  i.e.,  that  tha  limit  of  the 
stability  of  the  supporting  system  has  already 
been  reached  (see  Fig. 13). 

Though  the  crack  width  was  only  of  some  milli¬ 
meters,  its  development  could  have  been  detec¬ 
ted  easily  during  the  course  of  excavation.  By 
comparison  of  the  observations  with  the  failure 
mechanism  illustrated  in  Fig. 9,  a  good  quanti¬ 
tative  agreemer.c  between  theory  and  large  scale 
test  is  achieved.  Moreover,  the  stability  coef¬ 
ficient  of  n  =  1-0  indicates  that  the  magnitude 
of  the  capillary  cohesion  c  has  been  determined 
correctly. 
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It  is  well  known  that  a  change  in  magnitude  of 
the  cohesion  affects  the  failure  mechanism  only 
slightly.  Consequently,  two  independent  conclu¬ 
sions  could  be  drawn  from  the  large  scale  test: 

1.  The  failure  mechanism  of  comf -.sed  sliding 
planes  described  the  collapse  kinematics  re¬ 
alistically; 

2.  The  magnitudes  of  the  capillary  cohesion  de¬ 
termined  by  laboratory  testo  were  correct. 

The  crack  was  sealed  later  on  in  order  to  pre¬ 
vent  seepage  of  water  into  the  ground.  The  rate 
of  excavation  of  the  tunnels  was  about  1.3m  per 
day.  A  crown  heading  of  2m  span  was  provided  a- 
long  the  total  length  of  the  tunnel  as  well  as 
in  sections  with  heavily  fissured  material. 

Shutter  elements  were  provided  in  order  to  pro¬ 
tect  the  earth  windows  during  shotcreting.  Ex¬ 
cept  the  crack  problem,  the  work  has  been  per- 
foimed  as  planned. 


CONCLUSION 

A  double  tunnel  has  been  driven  into  a  hillside 
of  loess.  The  design  and  the  construction  pro¬ 
cess  of  both  the  portal  and  the  tunnel  are  dis¬ 
cussed  in  the  present  paper.  The  following  con¬ 
clusions  can  be  drawn  from  this  case  history: 

1.  The  capillary  cohesion  can  be  taken  into  ac¬ 
count  in  tunnel  construction,  if  the  natural 
climate  of  the  underground  is  preserved. 

2.  For  stability  analysis  of  the  portal  support 
system,  the  failure  mechanism  with  composed 
sliding  planes  is  suitable. 

3.  Pre-cut  of  the  tunnel  section  substantially 
affects  the  stability  of  the  portal  support 
system.  Moreover,  in  this  case  anchoring  or 
nailing  in  the  tunnel  section  may  be  avoided. 

4.  A  final  tunnel  face  may  additionally  be  sup¬ 
ported  by  an  ea  th  core  in  the  bench,  if  it 
is  possible. 

5.  For  double  tunnels,  the  sequence  of  excava¬ 
tion  of  the  two  tubes  affects  the  intersec¬ 
tion  forces  substantially.  In  plane  finite 
element  calculations,  the  dominant  influence 
factor  on  these  forces  is  the  assumed  residu¬ 
al  resistance  factor. 

Through  this  scale  factor,  both  the  actually 
three-dimensional  stress  state  at  the  tunnel 
face  as  well  as  the  time  dependent  stiffen¬ 
ing  process  of  the  shotertee  were  approached 
in  the  plane  deformation  analyses. 

6.  With  respect  to  the  uncertainty  in  magnitude 
of  the  residual  resistance  factor,  additio¬ 
nal  research  is  needed.  Otherwise,  rigorous 
three-dimensional  computations  must  be  per- 
fonned  for  a  realistic  treatment  of  the  sub- 
j  ect . 


Fig. 13 


Stages  of  Constructic.i  and  Crack  Rise 
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The  improvement  of  liquefaction  foundations  in  seismic  region  has  been  concerning  many 
encineer,'.  The  authors  h.ad  c.arried  out  experimental  studies  on  the  improvement  of  saturated  silty  and 
fine  sand  foundtions  at  the  suburbs  of  Beijing  by  v i br of  1 o t a t i on  method.  The  test  results  are 
described  .and  the  impro\ement  effects  are  evaluated  in  this  paper. 


INlR'-ni-'Cri'^N 

Numbers  of  sei-smic  disa.sters  Liaonan,  Tangshan, 
Tanjinu  as  well  as  those  abroad  indicate  that 
structure  on  'oose  saturated  sand  foundation 
had  failed  occasionally  due  to  foundation  lique¬ 
faction.  '■lethods,  both  analytical  and  experimen¬ 
tal,  for  evaluating  liquefaction  potential  of 
liquefiable  foundation  have  been  well  developed 
in  the  past  twenty  years.  However,  the  measures 
for  treating  liquefiable  soil  deposit  have  not 
achieved  so  much  progress.  .Among  the  common  mea¬ 
sures  preventing  sand  liquefaction,  vibroflota- 
tion  is  one  of  the  adequate  methods  and  has 
experienced  a  number  of  earthquakes.  However, 
the  mechanism  of  vi brof 1 o ta t ion ,  the  evaluation 
of  its  improvement  effects  and  the  criterion  of 
aseismic  design  and  analysis  of  vibrof lotation 
improvement  have  not  been  understood  very  well. 
In  engineering  practice  the  design  parameters 
are  often  determined  by  in-situ  tests  which  have 
been  proved  very  expensive.  Therefore,  it  is 
quite  necessary  to  raise  the  understanding  for 
the  v ibrof 1 0 ta t i on  mechanism,  improve  the  design 
and  construction  methods  and  properly  evaluate 
the  V ibrof 1  Ota t ion  effect  through  a  great  number 
of  experiment  research  both  in  situ  and  labora¬ 
tory.  The  authors  had  carried  out  vibrof lotation 
tests  in  three  experimental  sites  at  the  suburbs 
of  Beijing  including  the  in-situ  measurement  of 
soil  dynamic  response  during  v ibro f  1  o t a t ion , 
standard  penetration  test  before  and  after  vib- 
roflotation  improvement  and  static  loading  test. 
The  conclusions  of  these  three  test  are  describ¬ 
ed  . 

EXPERIMENTAL  SITES  AND  TEST  METHODS 
Sites  . 

The  experimental  sites  locate  at  the  southeas¬ 
tern  suburbs  of  Beijing  with  subsoil  layers  of 
loose  sand.  Within  10m  under  the  ground  surface 
is  mai:ily  silty  fine  sand  intercalated  with 
cohesive  soil  intercalations  of  various  thic¬ 
kness  and  consists  of  sand  of  about  30m  thick, 
free  water  surface  l-3m.  The  silt  fraction  in 
the  surface  silt  and  sand  is  less  thai, 


coefficient  of  uniformity  less  than  5,  mean 
diameter  D50  about  0.1mm,  natural  relative 
density  50-5511,  standard  penetration  test  blow 
count  less  than  10  within  8m  under  ground  sur¬ 
face.  The  seismic  intensity  of  the  sites  is 
VIII.  The  foundation  is  considered  liquefiable 
according  to  the  criterion  of  Chinese  code.  The 
subsoil  profiles  are  shown  in  Fig.  1. 

Test  Methods. 

The  soil  dynamic  response  (acceleration  and 
excess  pore  water  pressure)  are  mainly  measured 
in  site  A  and  the  routine  soil  tests  (bearing 
test  ,  standard  penetration  test  and  static  conc- 
penetration  test)  were  made  in  site  B  and  site 
C. 

The  ZCQ--II  vibroflot  was  employed  with  exci¬ 
ting  force  of  7t  and  lOt.  The  soil  dynamic 
response  during  vibrof lotation  was  measured  by 
two  methods  :  (1)  Single  hole  vibrating  with 
measurement  done  at  different  distances  form  the 
hole.  (2)  The  measuring  devices  were  fixed  at 
certain  spots  with  vibrof lotation  from  distance 
approaching  the  measuring  spots.  The  data  mea¬ 
sured  included  ground  surface  acceleration  of 
three  directions  X,Y,Z,  soil  acceleration  and 
dynamic  pore  water  pressure. 

TEST  RESULTS 

The  Variation  of  Ground  Surface  Acceleration. 

Fig. 2-5  show  the  ground  surface  acceleration  at 
different  distance  from  the  different  depth.  It 
can  be  seen  that  the  surface  acceleration  atte¬ 
nuated  with  the  increase  of  the  measuring  dista¬ 
nce  and  the  attenuation  may  law  be  approximately 
expressed  by  exponential  function.  The  measuring 
records  showed  that  the  vibration  energy  of  the 
vibroflots  distributed  within  soil  in  a  wave 
form  with  larger  amplitude  in  all  X,Y  and  Z 
directions . 
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The  Variation  o  f  Dynamic  Pore  Water  Pressure  and 
Acce  1  era  t  ion  in  o i  1  . 

Fii.  b  shows  the  reiationship  between  the  excess 
pore  water  [pressure  at  2m  below  cround  surface 
and  the  distance  from  the  vibroflot  hole  during 
yibroflotation.  Due  to  the  difference  of  the 
soil  properties  in  the  two  sites,  the  pore  water 
pressure  measured  at  site  A  and  site  C  were 
somewhat  different  while  the  attenuation  laws  of 
excess  pore  pressure  and  acceleration  were  basi- 
cailv  consistent.  Fie.  7  has  shown  the  histories 
of  the  horizontal  radial  acceleration  and  excess 
pore  pressure  at  2m  deep  below  ground  surface 
when  the  \ibroflot  penetrated  uniformly  into  6m 
deep  and  than  drew  back  to  the  ground  surface. 
Tt  ran  been  seen  that  the 

_..S3  pore  pressure  in  soil  0.875m  away  from  the 
center  of  v i br o f 1 o t a t io n  hole  reached  maximum 
(amax=0.35g,  umax=0. 32kg/cm^  >pore  pressure  ratio 
u/cr.  =0.99)  and  the  soil  completely  liquefied 
when  the  vibroflot  penetrated  3m  deep  into  the 
ground.  However  the  pore  pressure  ratio  1.05m 
away  from  the  hole  center  was  only  0.48.  It  can 
be  thus  concluded  that  the  liquefaction  range 
located  within  0.675-1. 05m  from  the  center  of 
vibroflot  hole  in  the  C  site  condition  during 
yibroflotation  operation.  Pore  water  pressure 
ratio  at  2n  deep  maintained  high  during  the  pro¬ 
cess  of  continuing  penetration  and  drawing  back 
to  the  ground  surface  without  filling. 

Ground  Acce 1 e ra  t i on  and  Excess  Pore  Pressure 
before  and  after  Vibroflotation  Improvement. 

The  changes  of  horizontal  radial  acceleration 
of  ground  surface  in  site  B  before  and  after 
vibroflotation  improvement  are  demonstrated  in 
fable  1. 

Table  1.  Ground  Surface  Acceleration  Changes 
before  and  after  Vibroflotation 
Improvement  (g) 


Dis- 

Mea- 

Vibrof 1 0  ta  t ion 

time  ( 

sec.) 

m 

spo  t 

Begin 

10 

30 

60 

120 

4.6 

before 

V ibro-  .019 

flotation 

.027 

.031 

.031 

.039 

4 , 6 

between 

piles 

.129 

.105 

.105 

.116 

.129 

4.6 

pile 

top 

.172 

.172 

.172 

.164 

.140 

The  excess  pore  pressure  changes  in  site  A  be¬ 
fore  and  after  vibroflotation  improvement  are 
shown  in  Table  2. 

Table  1  and  Table  2  show  that  after  vibroflota¬ 
tion  the  ground  acceleration  increased  while  the 
excess  pore  pressure  reduced  remarkably,  while 
indicate  that  the  vibration  of  vibroflots  had 
made  the  surrounding  soil  denser  and  the  pile- 
soil  composite  foundation  stiffer. 


Table  2.  Pore  Pressure  Ratio  before  and  after 
Vibroflotation 


Hi  ^  — 

tancG 

case  (m) 

2m  below  A 

2m  be  1 ow  B 

3.6m  Below  B 

pore  press, 
ratio  (KPa) 

pore  1 
rat  io 

press. 

(KPa) 

pore 

ratio 

press. 

(KPa) 

I 

8.6 

0.90 

4.5 

1.25 

3.6 

3.65 

4.0 

8.6 

0.20 

4.5 

0.35 

3.6 

0.90 

4.0 

II 

5.9 

2.10 

10. 

2.50 

12. 

5.90 

5.9 

5.9 

0.20 

10. 

0.20 

12. 

1.00 

5.9 

III 

3.6 

4.20 

4.2 

5.00 

3.5 

12.60 

3.6 

J  .  O 

l.GO 

4.  ^ 

i  .4U 

3.5 

J.DU 

J.b 

*  In  each  case,  the  first  and  the  second  line 
are  the  data  before  and  after  vibroflotation 
respectively . 


Ef  f ects  of  Foundation  after  Vibroflotation 
Improvement  [ IX 

The  P-S  curves  of  bearing  test  before  and  after 
vibroflotation  improvement  are  shown  in  Fig.  8 
Foundation  allowable  bearing  capacity  are  listed 
in  Table  3.  It  can  be  seen  that  the  bearing 
capacity  after  vibroflotation  improvement  had 
increased  by  more  than  60%,  the  deformation  had 
reduced  by  1/3--2/3  and  the  allowable  bearing 
capacity  of  the  pile--soil  composite  foundation 
had  multiplied  more  than  2.3  times. 

The  results  of  static  cone  penetration  test  are 
shown  in  Fig.  9  which  indicates  that  the  effects 
of  vibroflotation  were  unremarkable  in  the  sur¬ 
face  layer,  sandy  loam  intercalation  and  mucky 
soil  but  remarkable  if  the  bearing  stratum  was 
fine  sand,  Ps  average  value  tripled.  The  stan¬ 
dard  penetration  results  were  roughly  consistent 
with  those  of  static  cone  penetration  test.  The 
blow  count  in  fine  sand  might  raise  from  7.6 
before  vibroflotation  to  the  maximum  of  24  after 
improvement,  relative  density  Dr  to  85%  [1]. 

Table  3.  Bearing  Test  Results  before  and  after 
Vibroflotation 


Type 

Allowable  bearing 
and  compression 

capacity  [R] 
modulus  Es 

[R]  (KPa) 

Es  (KPa) 

No.l 

B* 

196.13 

8727*90 

soi  1 

A* 

319.70 

14808.04 

No. 2 

B* 

A* 

171.62 

317.74 

9316.32 

15690.64 

pile 

NO.l 

588.40 

26576.02 

No. 2 

661.95 

29616.08 

B*: 

before 

vibroflotation 

A*:  after  vibroflotation 
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Fig. 8  Bearing  test  results  before  and 
after  vibroflotation  improvment 


1.  O'appolonia's  single  pile 
curve.  (Or  is  the  average  of 
these  at  1.2,  1.8,  2.5m  depth) 

2.  D’ appolonia' s  densified  curve, 
distanse  between  holes  2.44*  . 

3.  D  appolonia' s  densified  curve, 
distance  between  hole  1.83m  . 

A  predicted  according  to  the 
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Chemical  plant,  Beijing  (Dr 
is  the  average  within  1^4  depth) 

^  Data  from  Oongfang  Chemical  Plant. 
Beijing,  distance  between  holes 
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Fig.?  S.C.P.tesl  results  before  and  after 
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EVALUATION  OF  SOIL  LIQUEFACTION  RESISTANCE  AFTER 
VIBRCFLOTATIOi.  IMPRS'VFMFNT 

Dens i t ica  t ion  Effect. 

According  to  the  test  results  the  sand  within 
0.5  m  radius  from  the  center  of  v  i  hr o f 1 o t a t i on 
hole  had  completely  liquefied  subjected  to  vib- 
roflotation  by  lOt  ZCQ--II  and  consequently 
densified  significantly  under  the  composite 
function  of  vibrotina  force,  confining  pressure 
and  the  vibrating  corpacting  of  fillings,  ihe 
soil  0.9m  away  from  the  hole  center,  despite 
influenced  remarkably  bv  vibration  did  not  reach 
liquefaction  condition.  It  can  be  assumed  there¬ 
fore  the  density  of  the  surrounding  soil  dec¬ 
reased  rapidly  with  the  increase  of  the  distance 
from  the  holes. 

In  order  to  evaluate  quantitatively  the  changes 
of  density  in  sand  after  gravel  pile  improve¬ 
ment,  D'appolonia  [2]  assumed  the  density  curves 
of  soil  surrounding  single  pile  as  shown  in  Fig. 
10.  The  vibrof lotation  test  results  in  a  chemi¬ 
cal  plant  in  oeijing  are  also  shown  in  the 
figure,  which  are  more  or  less  conformable  with 
D 'appo 1  on  i  c ' s  .  Accordingly,  from  the  point  of 
view  of  liquefaction  resistance,  the  effective 
range  of  v i br o f 1 o t a t i on  improvement  should  be 
predicted  in  the  light  of  the  anti- liquefaction 
critical  relative  density  of  sand  in  various 
countries  and  regions.  According  to  the  creteria 
suggested  by  Engineering  Mechanics  Institude, 
SINICA,  the  anti- 1 iquefaction  relative  density 
of  sand  Dr  is  50%,  70%  and  80%  for  the  ear¬ 
thquake  intensity  zone  VII,  VIII  and  IX  respec¬ 
tively.  The  effective  improvement  range  surroun¬ 
ding  single  pile  to  resist  liquefaction  may  be 
obtained  from  Fig.  10  as  1.6m  for  seismic  inten¬ 
sity  zone  VII,  0.9ffl  for  VtiT  and  0.66m  for  IX. 
The  effective  range  should  be  enlarged  moderate¬ 
ly  when  pile  group  effect  is  considered  [3]. 

Dranage  Effect  of  Gravel  Pi les. 

After  vibrof lotation  improvement  the  sand 
surrounding  vibrof lotation  holes  had  densified, 
the  foundation  stiffness  enhanced  and  the  excess 
pore  water  pressure  lowered  obviously.  It  was 
known  through  in-situ  data  that  all  of  the  reco¬ 
rded  excess  pore  pressure  had  reduced  more  than 
3.5  time  after  locating  the  gravel  piles.  During 
actural  earthquake  the  percolation  path  would  be 
shortened  due  to  the  location  of  gravel  piles, 
which  makes  the  excess  pore  pressure  induced  by 
earthquakes  dissipate  easier  and  consequently 
decreases  the  soil  liquefaction  potential. 

Effect  of  Pre-vibration. 

The  laboratory  tests  indicated  that  the  liquefa¬ 
ction  resistance  of  sand  foundation  may  be  in¬ 
creased  after  being  subjected  to  vibrations  [4]. 
The  vibroflots  operated  by  vibration  force  of 
lot  were  generally  arranged  within  distance  less 
than  2.5m.  the  ground  acceleration  2m  away  from 
vibroflots  was  0.27g  and  0.019g  for  those  8m 
away,  which  means  that  the  surrounding  soil 
would  undergo  times  of  pr e v i br a t ings  for  some 
dozens  of  minutes  during  the  whole  operation. 
These  previbrations  would  be  beneficial  to  dec¬ 
reasing  liquefaction  potential. 


The  Influence  of  Vibrof 1 o ta t i on  Operation  on  the 
Nearby  Building. 

The  influence  of  vibrof lotation  operation  on  the 
nearby  buildings  depends  upon  the  magnitude  of 
vibration  force,  site  condition  and  the  allowab¬ 
le  vibration  standard  of  the  building.  The  test 
records  in  this  site  shows  that  the  minimum 
safety  distance  for  common  building  should  be 
more  than  5m  when  lOt  ZCQ--II  vibroflots  are 
employed  [5]. 

CONCLUSIONS 

The  following  conclusions  could  be  drawn  from 
this  study: 

1.  Before  and  after  the  vib.o flotation,  the 
dvnamic  response  of  soil  founadL...on  oppears 
remarkable  difference  during  the  action  of  th.' 
same  vibration  force.  Comparing  the  gravel  pile- 
soil  composite  foundation  improved  with  the 
nature  foundation,  as  its  enhanced  stiffness 
and  shortened  percolation  path,  increased  vibra¬ 
ting  acceleration,  reduced  dynamic  strain  and 
the  excess  pore  water  pressure  in  the  soil  layer 
lowered  more  than  3.5  times  for  the  composite 
foundation . 

2.  Under  the  condition  of  applied  vibroflot  the 

effective  improving  radius  (from  the  center  of 
the  pile)  of  a n t i -  1  i q u e f a c t i o n  around  the 
single-pile  are  1.6m,  0.9m  and  '^.6m  with  the 

earthquake  intensity  of  VII, VIII  and  IX,  respec¬ 
tively  . 

3.  Modification  should  be  taken  when  the  appli¬ 
cation  of  the  influence  coefficient  curves  pro¬ 
posed  by  D’appolonia, E  to  evaluating  the  rela¬ 
tive  density  of  the  center  of  piles  group. 

4.  After  vibrof lotation.  the  measured  N-value  of 
loose  saturated  silty  and  fine  sand  layer  is 
higher  than  the  liquefaction  critical  value  Ncr 
of  earthquake  intensity  VIII.  the  bearing  capa¬ 
city  of  soil  between  the  piles  is  60%  more  and 
the  composite  foundation  is  2.3  times  more  than 
natural  foundation,  the  compressing  a  modulus  Es 
increases  50-70%. 

5.  Since  the  soil  properties  have  taken  place 
considerable  changes  after  improvement  of  vibro- 
flotation,  the  effect  of  the  soil  parameter 
change  must  be  considered  in  seismic  response 
analysis  when  the  large  area  foundation  improved 
by  the  vibrof lotation. 
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SYNOPSIS:  The  site  for  the  U.S.  Air  Force  750-bed  medical  contingency  complex  which  is  located 

a p p r ox i ma t e 1 y  10  miles  west  of  Pusan,  Korea  is  ge o t ec hn  i  c a  I  I y  adverse.  Approximately  30  feet  of 
saturated  loose  fine  sand  O'/erlici  about  180  feet  of  Pleistocene  fluvial  and  marine  sediments. 

The  upper  hO  feet  of  Pleistocene  sediments  are  in  a  state  of  u nd e r-c ons o  1  i d a t  i on  ,  and  moisture 
contents  are  generally  higher  than  the  liquid  limits  with  SPT  N  values  of  about  three.  30  feet  of 
loose  sand  was  densified  by  dynamic  compaction  and  Che  test  results  indicated  that  foundation 
performance  satisfied  the  contract  s pec i f i c a C i ons .  A  considerable  economy,  in  both  cost  and  time, 
was  achieved. 


INTRODUCl 1  ON 

The  750-bed  U.S.  Air  Force  medical  contingency 
complex  is  currently  being  constructed  on  a 
ge o c ec hn  i  c a  1 1 V  adverse  site  approximately  10 
miles  west  of  Pusan,  Korea.  The  site  is 
located  within  a  polder  with  approximate  plan 
dimensions  of  nine  miles  <N-S)  by  three  miles 
(E-W).  The  complex  consists  of  eight  single 
story  buildings  with  steel  frame  and 
p r e- e ng i ne e r ed  walls  and  roofs  (about  240  feet 
by  50/60  feet  in  plan  dimensions)  and  a  main 
building  (approximately  240  feet  by  360  feet) 
located  in  Che  central  area.  The  entire 
complex  is  located  in  a  site  with  plan 
dimensions  of  about  600  feet  by  940  feet.  The 
maximum  column  loads  are  about  47  kips  for  the 
main  building  and  18  kips  for  the  other 
buildings* 

The  cost  and  technical  difficulties  precluded 
the  use  £  concrete  piles.  Within  the  loose 
sand  layer  and  very  soft  cohesive  layers, 
concrete  piles  would  often  fall  without 
control  upon  the  impact  by  a  pile  driving 
hammer  rendering  splicing  operation  to  be 
impractical.  The  dynamic  compaction  method 
was  adapted  and  resulted  in  a  considerable 
economy  in  both  cost  and  time, 

GEOTECHNICAL  DATA 

In  order  to  explore  the  site  subsurface 
conditions,  38  borings  were  initially  placed 
throughout  the  site.  Existing  ground  surface 
was  at  an  elevation  of  about  eight  feet  above 
the  Mean  Sea  Level  and  groundwater  table  was 
encountered  at  a  depth  of  about  two  feet.  "he 
entire  surface  of  the  polder  is  used  for  ri:e 
growing.  Consequently,  the  top  one  to  five 
feet  of  soil  was  a  very  soft  silty  material 
(ML)  which  was  to  be  removed  and  replaced. 
Bedrock  is  believed  to  be  at  a  depth  of  about 
210  feet  below  the  existing  ground  surface, 
and  all  materi'*!*’  i^ove  bedrock  are  ''nnaidpred 
to  be  Pleistocene  and  younger  sediments.  The 


subsurface  materials  may  be  described  as  about 
30  feet  of  loose  fine  sand  with  occasional 
silt/clay  lenses  (SPT  N  value  ranges  from  two 
to  12)  overlying  approximately  90  feet  of  a 
very  soft  sandy  clay  layer  with  the  SPT  N 
average  of  about  three.  The  sediment  is  in  a 
state  of  u nd e r -c 0 ns o 1 i d a t i on  and  has  moisture 
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FIGURE  1.  GENERALIZED  SUBSURFACE  SECTION 


FIGURE  2.  GRADATION  CURVES 
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concents  generally  higher  chan  Che  liquid 
limits.  Approximately  90  feet  of  relatively 
good  s i 1 1 / c I  a y / s a nd / g r a ve  I  layers  were 
encotiiiCered  below  the  very  soft  sandy  clay 
layer.  The  site  subsurface  condition  is 
presented  on  Figure  1.  Grain  size 
distribution  for  Che  top  sand  layer  and  fill 
material  is  presented  on  Figure  2.  The  site 
subsurface  conditi<.)ns  are  relatively  uniform 
except  for  minor  variations  in  the  thickness 
of  cohesive  lenses.  In  one  area  (B3-176), 
however,  the  thickness  of  soft  material  was 
greater  and  a  special  treatment  was  provided 
in  this  area  in  order  to  maintain  the 
uniformity. 

SOIL  IMPROVEMENT 

The  proposed  structures  are  relatively  light 
and  could  tolerate  some  settlement  and 
differencial  settlement.  However,  several 
factors  which  were  adverse  indicated  that  Che 
existing  foundation  conditions,  without 
modifications,  would  not  provide  Che  necessary 
support  for  the  proposed  structures.  The 
adverse  factors  considered  were:  1)  Presence 

of  a  loose  and  wet  top  sand  layer;  2)  About 
90  feet  of  very  soft  sandy  clay  layer 
immediately  beneath  the  top  sand  layer;  3) 

Long  and  narrow  configuration  of  the  proposed 
structures;  and  4)  Heterogeneity  of  the  top 
sand  layer  with  respect  to  SPT  N  values  and 
consequent  potential  differential  setcLemenc. 

Two  basic  methods  were  considered:  1)  Pile 

foundations  with  structural  slabs;  and  2) 

De ns i f i c a c i on  of  the  top  sand  layer  including 
fill  material  and  slab-on-grade.  Piles  would 
have  to  be  very  long,  and  during  the 
1  * -5  r  j  1 1  T  *■  i  V.  ,  r  '  ^  ®  ’.’-'uld  "run"  without 

control,  and  splicing  of  piles  would  present  a 
formidable  obstacle.  Tliere  are  more  than  400 
columns  with  axial  loads  ranging  from  18  kips 
to  47  kips.  The  allowable  axial  load  of  a 
3 50-mi  1 1 irae t e r  concrete  pile  is  132  kips. 

More  chan  half  would  be  l8-kip  columns.  This 
is  considered  uneconomical  and  impractical. 

The  dynamic  compaction  method  devc^'^ped  hy 
Louis  Menard  is  now  well  known  (Mitchell, 
1981).  Taking  into  consideration  the  various 
case-histories  which  can  be  found  in  the  open 
literature,  the  U.S.  Army  Corps  of  Engineers, 
Far  East  District  envisaged  that  the  top  sand 
layer  and  fill  materials  could  be  densified  to 
the  desired  degree  by  dynamic  compaction.  The 
energy  per  unit  area  was  estimated  to  be  300 
t-ra/m^,  and  the  specialist  contractor  was 
requested  to  perform  a  pilot  test  to  verify 
the  initial  design  assumptions.  A 
considerable  economy  in  both  cost  and  time  was 
achieved  by  the  selection  of  the  dynamic 
compaction  method  over  the  pile  foundations 
with  structural  slab. 

The  d e n s  i  f  i  c a t  i  on  criteria  used  for  the  top 
sand  layer  were: 

1)  The  allowable  bearing  capacity  within  the 
Created  area  at  depths  up  to  6.3  feet  below 
Che  bottom  of  footings  at  any  location  shall 
be  at  least  1,300  pounds  per  square  foot  with 
a  factor  of  safety  of  Chrep.  CnronM  r- g  t  ^  on: 
will  be  based  on  a  footing  size  of  6.3  feet  by 
6.3  feet  in  plan  dimensions; 


2)  Total  settlement  at  any  location  within 
the  treated  area  shall  be  less  than  one  inch 
under  a  loading  intensity  of  up  to  1,500 
pounds  per  square  foot  on  a  footing  size  of 
6.5  feet  by  6.5  feet  in  plan  dimensions;  and 

3)  Differential  settlement  between  the 
footings  within  the  treated  area  shall  be  less 
than  0.002L  where  L  is  the  distance  between 
Che  footings. 

Bearing  capacity  and  s e 1 1 1  erne n t / d i f f e r e n t i a 1 
settlement  characteristics  were  to  be 
evaluated  by  SPT,  plate  bearing  tests, 
settlement  gages,  and  other  means.  For  Che 
acceptance  of  DC  work  at  the  site,  Che 
following  criteria  were  Co  be  met  initially: 

1)  For  the  depth  IB  below  the  bottom  of  the 
footing  (B  is  the  width  of  footing),  N  sliall 
not  be  less  than  15; 

2)  From  the  depth  of  IB  Co  1.5B,  N  shall  not 
be  less  than  eight;  and 

3)  For  Che  depth  greater  than  1.5B,  N  shall 
be  greater  chan  five.  Settlement  was  to  be 
measured  and  recorded  continuously  by  six 
settlement  gages. 

PILOT  TEST 

Before  dynamic  compaction  production  could 
start,  there  had  to  be  a  test  section  Co  check 
the  validity  of  Che  values  taken  for  each 
camping  parmeters  at  the  design  stage,  such  as 

-  weight  of  pounder, 

-  height  of  fall, 

-  p--.'nr>er  surface  area. 

-  spacing  of  print  centers, 

-  total  energy  per  unit  area, 

-  excess  pore  water  pressure  dissipation  time 
lag . 

As  a  matter  of  fact,  there  can  be  various 
types  of  test  sections.  On  a  routine  type  of 
lob,  a  test  section  will  only  include  visual 
observations  of  soil  response  to  impacts  in  a 
9 - pr i n t - s qu a re - ar e a  ,  so  as  to  check  adequacy 
of  print  center  spacing  and  pounder  surface 
area.  This  test  is  performed  at  the  start  of 
each  pass  or  coverage.  This  is  necessary  to 
evaluate  the  energy  loss  which  appears  as 
peripheral  heave  around  the  prints  and  to  help 
take  steps  to  decrease  this  loss  as  shown  on 
Figure  3  . 

In  the  case  of  unusual  soil,  the  test  section 
can  be  a  full  size  pilot  test  area  carried  out 
until  obtaining  the  acceptance  test  values, 
just  as  in  a  preloading  pilot  test  exercise. 

For  Che  medical  contingency  complex  soil 
treatment  project,  the  contract  specified  chat 
the  total  energy  had  Co  be  300  t-ra/m2  unless 
the  specialist  contractor  could  demonstrate 
that  less  energy  could  meet  the  acceptance 
criteria.  Then  it  was  necessary  to  complete 
the  treatment  on  a  representative  pilot  test 
area.  This  area  must  be  of  the  right  size  so 
as  to  yield  s  i  ^  i  a  c  t  ory  results.  Taking  into 
consideration  the  energy  distribution  at  depth 
below  impact  centers,  for  a  30-foot  thick 


970 


SfRFACK  ARKA 
Jnc!  PASS 

IN  Piuvr  TF.ST  a\ri:a 


I.l'Nf  - ' 


FIGURE  3.  TYPICAL  PILOT  TEST  FLOW  CHART 

layer  Co  be  treated,  the  test  pad  must  be  at 
least  105  x  105-foot  in  size  and  conclusive 
tests  must  be  taken  within  the  center  35  x 
35-foot  square  area. 

The  pilot  test  area  will  be  successively 
subjected  to  the  same  number  of  passes  as  the 
main  project.  The  trial  was  baaed  on  a 
reduced  energy  level,  as  proposed  by 
S o I e n t anc he - Puray ang  design  office  and  included 
a  first  coverage  with  10  drops  followed  by  a 
second  one  with  2  drops.  Plan  lay-out  of 
the  test  section  area  is  shown  on  Figure 
Spacing  of  the  first  pass  impact  prints  was 
chosen  between  20  and  25  ft,  to  match  the 
proposed  building  columns  pattern  and  the 
spacing  of  the  second  pass  was  estimated  to  be 
half  way.  First  coverage  was  undertaken  on 
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FIGURE  4.  PLAN  AND  CROSS  SECTION 
PILOT  TEST  AREA 

Thursday  11  Nov  86.  Soil  response  was 
observed  at  each  print  location  by  recording 
crater  depth  (Figure  6)  and  volume  as  well  as 
possible  surrounding  ground  surface  heave  by 
leveling  4  series  of  pegs  (Figure  6).  To 
measure  exc..as  pcre  wat  r  p  -ssure  as  well  as 
its  dissipation  period  and  to  check  that  the 


FIGURE  5.  CRATER  DEPTH  vs  NO.  OF  DROPS 


FIGURE  II.  TIME  SETTLEMENT  CURVE 
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FIGURE  12.  PLATE  BEARING  TEST  RESULTS 
(PILOT  TEST  AREA) 

Che  i inprovemenc  obtained  satisfied  the 
specification.  Increase  of  SPT  N  values 
before  and  after  dynamic  compaction  is 
presented  on  Figure  9.  Strength  gain  with 
time  after  the  completion  of  dynamic 
compaction  was  observed.  However,  adequate 
reasons  for  the  increase  were  not  apparent 
(Mitchell,  1984). 

Figure  10  represents  Burmister's  two'-layer 
reinforcing  system.  The  higher  ratio  of 
E1/E2  would  produce  less  stress  intensity 
at  the  interface  1-2,  The  modulus  ratio  of 
the  top  sand  layer  and  the  soft  sandy  clay 
layer  is  assumed  to  b2  •  the  order  of  10,  and 
consequently,  a  consinerable  stress  reduction 
at  the  interface  1-2  would  be  anticipated. 
Settlement  records  indicate  that  subsidence 
virtually  ceased  after  the  completion  of 
dynamic  compaction.  Settlement  gages  were 
installed  in  the  northeastern,  central,  and 
southwestern  portion  of  the  site.  Each 
station  has  two  settlement  gages  at  interfaces 
between  the  fill  material  and  the  top  sand 
layer,  and  the  bottom  of  Che  top  sand  layer 
and  the  sandy  clay  layer.  Angular  distortion 
between  the  settlement  stations  was  on  the 
order  of  1/10,000  which  is  far  below  the 
specification  requirement.  A  typical 
settlement  record  is  presented  on  Figure  ll. 
Two  plate  bearing  tests  were  performed  and  the 
results  are  shown  on  Figure  12. 


VKCTER  SUM  VELOCITY  (IP?) 

FIGURE  13.  VECTOR  SUM  VELOCITY  vs 
IMPACT  DISTANCE 

Vibrations  induced  in  the  ground  by  the  impact 
during  dynamic  compaction  were  measured  in 
order  to  establish  criteria  concerning  the 
peak  particle  velocity  and  distance  from  the 
impact  point.  The  criteria  were  to  be  used  in 
planning  for  similar  future  projects  in  the 
proximity.  The  equipment  used  was  SINCO  S-6, 
PEAK  VIBRATION  MONITOR,  MODEL  53136.  However, 
farmers  in  the  proximity  complained  physically 
about  the  vibration  produced  by  the  dynamic 
compaction,  and  the  operation  was  Impeded 
considerably. 

Measurements  were  made  on  both  sides  of  an 
open  ditch  (widths  5.5'  top/3.0*  bottom,  5.5' 

deep,  and  70'  long)  in  order  to  evaluate  the 
existence  of  an  open  ditch  in  reducing  the 
vibration.  The  results  are  presented  on 
Figure  13.  No  major  technical  problems  were 
encountered  during  dynamic  compaction. 

CONCLUSIONS 

Approximately  4.5  feet  of  fill  material  was 
placed  after  removing  varying  thicknesses  of 
soft  rice  paddy  soils  (ML).  The  fill  material 
was  placed  primarily  to  counter  the  flood 
(interior  drainage  hydrology  based  on 
1/500-year  rain).  However,  it  also  provided  a 
platform  to  operate  the  heavy  machinery 
required  for  dynamic  compaction. 

The  results  of  dynamic  compaction  performed  at 
the  site  indicate  that: 


1)  The  design  and  construcCion  methods 
adapted  produced  the  results  which  satisfied 
the  specifications; 

2)  Although  the  precise  magnitude  is  unknown 
at  this  time,  the  presence  of  a  stronger  layer 
over  a  weaker  layer  contributed  considerably 
in  reducing  subsequent  settlement; 

3)  Future  projects  in  proximity  may  be 
programmed  to  use  dynamic  compaction  in 
densifying  the  top  sand  instead  of  relying  on 
pile  foundations;  and 

4)  A  considerable  economy  is  achieved  in  both 
cost  and  time  of  foundation  construction  by 
the  use  of  dynamic  compaction  rather  than  pile 
foundation  with  structural  slab. 
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SYNOPSIS:  Mohicanville  Pike  No.  2  Is  located  60  miles  south  of  Cleveland,  Ohio.  Initial  construc¬ 

tion  efforts  were  halted  because  of  persistent  foundation  failures.  The  height  of  the  embankment 
when  terminated  (lQk71  was  IM  feet,  when  construction  reinitiated  (1963)  was  6  feet,  and  when 
completed  (IQPh)  was  21  feet.  Conventional  limit  equilibrium  and  finite  element  analyses  were 
performed  as  part  of  the  studies  to  raise  Dike  No.  2  to  Its  design  height.  Standard  approaches  for 
solving  design  problems  of  embankments  constructed  on  weak  foundations  were  explored,  but  none 
produced  the  required  end  of  construction  factor  of  safety  of  1.3.  The  tse  of  welded  wire  fabric  as 
a  reinforcement  material  was  selected  to  provide  the  additional  force  requi.'“d  for  stability.  No 
significant  problems  were  encountered  during  construction.  Measured  reinforcement  forces  are 
approximately  equal  to  the  finite  element  predicted  values,  have  peaked,  and  continue  to  decline. 


INTRODUCTION 

The  Muskingum  River  flood  control  system  Is 
located  In  southeastern  Ohio.  Between  193^  and 
1Q3P,  lit  flood  control  dams  were  designed  and 
constructed  within  the  Muskingum  River  basin. 
Mohicanville  Dam  Is  located  In  the  northwestern 
portion  of  the  basin  approximately  60  miles 
south  of  Cleveland,  Ohio,  Mohicanville  Dike  No. 
?  Is  a  1,600  foot  long  earth  dike  located  across 
a  low  point  on  the  reservoir  rim.  Initial  con¬ 
struction  activity  In  1936-1937  failed  to  raise 
the  dike  to  its  Intended  height  because  of  per¬ 
sistent  failures  of  the  foundation  and  embank¬ 
ment.  Between  1983  and  1985  construction 
activities  raised  the  crest  elevation  from  965 
msl  to  elevation  98ii  msl,  making  the  final 
height  27  feet.  This  was  accomplished  by 
reinforcing  the  embankment  with  welded  wire 
fabric. 


ORIGINAL  CONSTRUCTION  ACTIVITY 

Construction  was  Initiated  at  Mohicanville  Dike 
No.  2  In  June  1936,  Fill  placement  iiau  pro¬ 
gressed  to  elevation  963  msl  (6  feet)  by  early 
August  of  that  year  when  excessive  settlement 
occurred  and  heavy  seepage  was  observed  near 
both  the  upstream  and  downstream  embankment 
toe.  Within  days,  extensive  cracking  and  a 
large  shear  failure  occurred  within  the  upstream 
portion  of  the  embankment  between  .Station  8+00 
and  Station  12+00.  This  caused  suspension  of 
all  construction  activity  until  October,  when  7- 
Inch  "drain  wells"  were  drilled  through  the 
failed  embankment  and  peat  foundation  layer. 

The  wells  were  then  pumped  twice  dally  for  three 
weeks.  Construction  was  not  resumed  until  May 
1937.  Pill  placement  progressed  at  a  reduced 
rate  until  August  when  renewed  distress  was 
observed  and  another  major  shear  failure  termi¬ 
nated  construction  at  elevation  971  msl.  Recon¬ 
struction  efforts  were  Initiated  In  1984. 


Several  reports  have  been  produced  between  1982 
and  1986  to  document  site  conditions  and  design 
procedures,  report  on  construction  activities, 
and  evaluate  the  structure's  performance.  This 
paper  presents  an  overview  of  the  design-con¬ 
struction  activities  that  occurred  In  raising 
Mohicanville  Dike  No.  2  to  Its  design  height. 

The  data  presented  here  Is  dealt  with  In  greater 
detail  In  the  references  listed  at  the  end  of 
this  paper. 


EMBANKMENT  REANALYSIS  REPORT 

Law  Engineering  Testing  Company  of  Marietta, 
Georgia  prepared  the  Embankment  Reanalysls 
Report  (ERR)  at  this  project  for  the  Huntington 
District  (Collins  et.  al,  1982).  This  report 
documents  the  site  conditions,  subsurface 
explorations,  laboratory  testing,  and  limit 
equilibrium  stability  analyses  performed  for 
Mohicanville  Dike  No.  2.  The  foundation  beneath 
the  dike  consists  of  a  layer  of  peat  overlying  a 
soft  clay  deposit.  The  peat  varies  In  thickness 
from  20  feet.  In  the  virgin  uncompressed  state, 
at  both  the  upstream  and  downstream  toe  to 
approximately  12  feet  beneath  the  embankment 
centerline.  The  peat  grades  from  fibrous  In 
texture  at  the  ground  surface  to  amorphous 
adjacent  to  the  clay.  Additionally,  explora¬ 
tions  within  the  original  failed  reach  showed 
the  peat  as  discontinuous.  The  soft  clay 
deposit  beneath  the  peat  varies  In  thickness 
from  10  feet  near  both  abutments  to  almost  6n 
feet  near  .Rtatlon  9+00.  Figure  1  presents  the 
typical  geological  cross  section  upon  which  the 
limit  equilibrium  analysis  was  performed. 
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"Ig.  i  Cross  Section  of  Mohlcanvllle  Dltce  No.  2  used  In  EPR  (Schaefer  et  al,  1986) 


The  weight  of  the  original  fill  placement  In  the 
Intervening  50  years  since  first  construction 
has  consolidated  the  soils  beneath  the  embank¬ 
ment,  thereby  decreasing  their  thicknesses  and 
Increasing  their  shear  strengths.  The  soli 
properties  used  In  this  study  are  presented  In 
■"a  h  i  e  T . 

Standard  approaches  for  the  design  of  an  embank¬ 
ment  on  a  weak  foundation  were  pursued.  Conven¬ 
tional  attempts  at  obtaining  an  acceptable  limit 
equilibrium  factor  of  safety  (P.S.  for  End  of 
Construction  =  1.?)  were  unsuccessful  for  rais¬ 
ing  the  embankment.  The  factors  of  safety  for 
all  long  term  stability  oases  were  satisfactory. 
The  long  term  cases  took  advantage  of  the 
strength  gains  due  to  consolidation  of  the  peat 
and  clay  and  used  the  higher  drained  strengths. 

"ABLE  I.  Summary  of  Soil  Properties 


At  this  point  It  was  decided  to  Investigate  the 
use  of  one  or  more  layers  of  reinforcement, 
placed  perpendicular  to  the  dike's  axis,  to 
raise  the  embankment  to  Its  Intended  height.  It 
was  believed  that  placing  the  reinforcement  as 
low  as  possible  would  be  the  most  effective 
location.  For  this  reason  the  reinforcement  was 
placed  at  elevation  b60  msl,  which  was  Just 
above  the  groundwater  level  In  the  area.  To  do 
this  required  degrading  the  existing  dike  from 
elevation  968  msl  to  elevation  9fi0  msl  before 
reconstruction  was  attempted,  A  tensile  force  of 
16  tons/llnear  foot  of  dike  was  calculated  as 
being  required  to  produce  an  acceptable  factor 
of  safety.  This  additional  factor  was  assumed  to 
be  acting  tangentially  along  the  shear  surface. 
There  Is  presently  some  controversy  over  the 
direction  that  the  supplemental  force  should 


Soil  Property 

Foundation  i 

Clay 

Peat 

Embankment  Fill 

Dry  'Inlt  Weight, 

OH: 

^0  to 

814 

Pt:  10  to 

36 

CL:  113  to  120 

p  cf 

CL-CH: 

6o  to 

01 

Water  Content,  t 

OH: 

37  to 

67 

Pt:  280  to 

5110 

CL:  15  to  18 

CL-CH: 

?R  to 

65 

Liquid  Limit 

28  to 

RO 

27  to  57 

Plastic  Limit 

1 6  to 

37 

-- 

17  to  21 

Cradatlon 

<#U 

100 

-- 

73  to  100 

<»10 

ino 

-- 

60  to  95 

<*k0 

Q6 

-- 

'10  to  90 

<i*2on 

90  to 

95 

25  to  80 

fJndralned  Shear 

iiOO  to 

1000 

200  to 

500 

3000  to  6000 

Strength,  psf 

h '  ,  degrees 

25  to 

29 

17  to 

32 

32 

c '  ,  psf 

0  to 

500 

200  to 

I40O 

20  0 

Permeability,  ft/yr 

0.1  to 

10 

0. 3  to 

66 

0.1  to  1 
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act.  Another  view  Is  that  the  force  should  act 
Ip  a  horizontal  direction.  '^e  truth  probably 
lies  sonewhere  between  and  Is  believed  to  be  a 
function  of  the  flexibility  of  the  reinforce¬ 
ment.  At  this  project,  an  assumption  that  the 
force  would  act  In  a  horizontal  direction  would 
have  doubled  the  requirement  for  reinforcement. 

Additional  s’-udles  were  considered  necessary  at 
this  projec'  for  a  variety  of  reasons  Including: 
the  height  of  this  permanent  flood  control 
structure,  the  potential  for  large  deformations 
Ir  the  foundation,  the  lack  experience  in 
19*^?  of  designing  and  cons  t  ruct  1  ng  a  reinforced 
Impervious  emhankmen*',  the  variety  In  properties 
of  candidate  relnf orcenent  materials,  and  the 
need  to  establish  predictive  parameters  for 
monitoring  construction  progress  using  project 
Instrumentation. 


FINIl’F.  AN'ALYFIf 

To  answer  the  additional  questions  concerning 
t^e  use  of  reinforcement,  a  second  study  was 
undertaker,  by  the  Waterways  Fxperlment  .station 
(W"?)  (Fowler  et.  al,  (Jslng  the  limit 

equilibrium  analysis  as  a  guide  to  determine  the 
amount  of  relnforcenent  proved  to  he  a  helpful 
firs’"  step  because  of  the  uncertainties  Inherent 
In  using  finite  element  analyses  a.s  the  sole 
basis  for  design.  While  finite  element  analyses 
can  be  used  to  calculate  movements,  pore 
pressures,  and  forces.  They  do  not  lend 
thensel ves  to  simple  evalulatlon  of  factors  of 
safety.  WP.9  modified  the  finite  element 
computer  program  COMPT  (Duncan  et.  al,  Ihfll)  to 
accommodate  reinforcing  elements.  These  rein¬ 
forcing  elements  were  modeled  as  one  dimensional 
elastic  "bars."  "’he  properties  used  to  model 
the  soil  behavior  were  strength,  stiffness,  and 
permeability.  This  analysis  produced  estimates 
of  pore  pressures,  vertical  and  horizontal 
movements,  and  forces  In  the  reinforcement  at 
various  stages  of  construction.  The  effect  of 
creep  on  the  structure  during  construction  was 
not  modeled,  hut  It  was  not  believed  to  he  a 
dominant  factor.  Predictions  were  made  at 
locations  where  Instrumentation  was  to  he 
Installed.  Table  IT  presents  the  construction 
sequence  assumed  for  this  model. 


TAPLF  TI. 

As.suned  .Ptages  of 

Construction 

Time  From 

Pinal  Centerline 

•Ptart  of 

Elevation , 

Computation 

Construction 

Height  Above 

■Step 

Yr. 

Reinforcement,  Ft. 

n 

n.o 

969  (9) 

1 

o.nB 

970  (10) 

? 

0.16 

978  (Ifi) 

Winter  Hiatus 

7 

n.P3 

978  (18) 

D 

0.  Q6 

9P3  (23) 

F 

1.96 

ft 

5 

11.96 

tt 

Table  ITT  presents  the  Instrumentatlor  program 
.at  Mohlcanvllle  mq,  p  designed  to  monitor 

embankment  performance  during  construction. 

Soil  strerg*"h  parameters  for  the  finite  element 
model  were  selected  such  that  vertical  movements 
calculated  for  an  unreinforced  embankment  would 
he  similar  to  those  anticipated  for  a  structure 
with  a  F..F.  =  1.0.  A  vertical  displacement  of 
?.n  feet  at  the  centerline  was  selected  as 
approximating  this  condition.  To  obtain  this 
movement  with  the  finite  element  model  required 
reducing  the  shear  strength  parameters  assumed 
for  the  limit  equilibrium  analysis.  Analyses 
were  performed  using  the  properties  of  polyester 
filter  cloths,  kevlar  products,  and  welded  wire 
fabric  as  reinforcement  mate  I'l.' 

A  significant  finding  of  the  finite  element 
study  Mas  that  to  carry  the  required  load 
determined  hy  the  limit  equilibrium  analysis, 
without  excessive  deformations,  a  stiff  material 
was  required.  The  decision  was  made  to  use 
welded  wire  fahrlc.  The  study  Indicated  that 
the  resistance  to  horizontal  movement  was  the 
primary  mechanism  hy  which  load  was  transferred 
to  the  reinforcement.  Pteel  offered  the 
necessary  stiffness  (1?,000  tons/ft)  to  carry 
the  design  load  without  excessive  lateral 
spreading.  Py  reinforcing  the  embankment  with 
welded  wire  fahrlc,  horizontal  deformation  at 
the  reinforcement  level  was  reduced  from  1.0 
foot  to  0.1  foot.  Tt  was  assumed  that  It  was 
necessary  to  mobilize  as  much  force  In  the 
reinforcement  as  possible  to  obtain  the  overall 
factor  of  safety  calculated  to  the  limit 
equilibrium  analysis. 

A  dominate  factor  In  choosing  welded  wire  fabric 
was  that  uhe  construction  process  mobilize  the 
design  load  within  the  reinforcement.  This 
would  relieve  the  shear  stress  In  the  foundation 
soils  to  a  level  compatible  with  the  overall 
limit  equilibrium  factor  of  safety  of  l.P,  It 
has  been  argued  that  the  only  requirement  is 
that  sufficient  ultimate  strength  he  available, 
not  that  the  same  percentage  of  each  material's 
strength  be  mobilized  during  construction. 
However,  this  may  result  In  a  factor  of  safety 
of  1.0  In  the  soli  and  S.O  or  more  In  the 
reinforcement.  The  use  of  stiff  reinforcement 
worked  well  at  this  project.  The  chosen 
reinforcement,  W12  x  W9.5  welded  wire  fabric, 
contained  the  necessary  ultimate  strength  of  pA 
tons/ft  to  provide  a  factor  of  safety  of  1.5  for 
the  16  tons/ft  design  load.  Using  a  reinforce¬ 
ment  material  that  would  carry  the  design  load 
In  one  layer  was  also  desirable  because  con¬ 
struction  activities  would  be  additionally 
restrained  and  complicated  by  each  additional 
layer  placed. 

The  stiffness  of  the  reinforcement  had  little 
Influence  on  the  amount  of  settlement.  The 
finite  element  analysis  predicted  that  vertical 
deformations  under  the  centerline  during  con¬ 
struction  would  be  reduced  from  1.9  feet  to  l.n 
foot  with  the  addition  of  welded  wire  fabric  as 
the  reinforcement.  Post  construction  consolida¬ 
tion  settlement  (?.0  ft)  was  expected  to  he 
unaffected  hy  the  use  of  reinforcement. 
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TABLE  III.  Instrumentation  at  Mohlcanvllle  Dike  No.  ? 


Station 


Ins  t  ruments 

i*  +  75 

6  +  55 

8  +  00 

9+00 

11+00 

12+20 

Total 

PI ezometers 

Open  Tube 

1 

3 

a 

1 

Q 

Elec  t  rl  c 

1 

2 

3 

1 

7 

Pneumatic 

1* 

8 

7 

a 

23 

Inclinometers 

Vertical 

1 

3 

3 

1 

1 

9 

Horizontal 

1 

1 

1 

1 

a 

Strain  Gages 

2 

20 

2 

29  lower 

2 

2 

76 

on  steel 

10  upper 

Settlement  Plates 

3 

3 

3 

3 

12 

Surface  Displacement 

5 

5 

5 

5 

5 

25 

Monuments 


A  separate  conriltlon  that  was  Identified  In  the 
EPF  was  the  potential  for  excessive  seepage 
through  the  peat  foundation  and  transverse 
cracks  In  the  original  embankment  material.  A 
large  quantity  of  seepage  (500  gpm)  was  observed 
In  1969  during  a  flood  event  with  only  6  feet  of 
head  differential  existed  across  the  structure. 
To  deal  with  this  condition  a  slurry  trench  was 
excavated  through  the  existing  embankment  fill 
and  peat  foundation  layer.  The  possibility 
existed  for  large  deformations  within  the 
foundation  during  reconstruction.  To  ensure 
continuity  of  the  seepage  barrier,  a  100  mill 
thick  high  density  polyethylene  geomembrane  was 
placed  within  the  slurry  trench  before  back¬ 
filling  with  soll-bentonlte.  The  trench  was 
located  beneath  the  upstream  slope  of  the  dike, 
approximately  1*5  feet  from  the  centerline. 
Further  discussion  of  the  slurry  trench.  Is 
beyond  the  scope  of  this  paper. 


CONSTPIICTIOV 

Construction  of  Mohlcanvllle  Dike  No.  2  required 
two  seasons  to  complete,  19^^11  and  19^5.  The  work 
was  superintended  by  Construction  Division 
oersonnel  of  the  Huntington  District  using  hired 
labor,  equipment  rental,  and  material  supply 
contractual  arrangements.  This  provided  the 
necessary  control  over  the  construction  activity 
that  the  design  group  believed  was  required  for 
control  on  a  project  where  little  precedent 
existed.  A  simplified  construction  sequence 
follows: 

1.  Degrade  the  existing  dike  from  elevation 
96ft  msl  to  960  msl. 

2.  Install  Instrumentation  and  welded  wire 
fabric  on  the  prepared  foundation. 

3.  Construct  embankment  to  elevation  971 
msl  by  the  end  of  198**. 

*i.  Completion  construction  to  elevation  98*) 
msl  by  the  end  of  1985. 


Serving  as  embankment  engineer  during  the  first 
year's  construction  activity  was  Jack  Fowler  of 
WES.  The  dike  was  excavated  to  elevation  960  msl 
with  no  significant  problems.  The  foundation  at 
that  elevation  was  primarily  existing  embankment 
material.  Ground  water  In  the  area  was  at  eleva¬ 
tion  957  msl.  A  minimal  amount  of  equipment 
movement  was  allowed  on  the  unreinforced  founda¬ 
tion  because  of  pumping.  The  soils  encountered 
were  moist  to  wet  and  typical  of  the  embankment 
properties  shown  In  Table  1.  A  minimum  of  2% 
lime  was  mixed  Into  the  1-foot  layer  of  soil 
Immediately  above  and  below  the  welded  wire 
fabric.  Where  traff Icablllty  and  moisture 
problems  were  encountered  beneath  the  wire,  as 
much  as  5*  lime  was  added.  The  addition  of  lime 
to  the  soil  surrounding  the  reinforcement  was 
Intended  to  prevent  corrosion  damage  for  the 
short  term.  Long  term  stability,  >  10  years, 
did  not  require  any  contribution  from  the 
reinforcement  for  stability.  The  foundation 
soils  will  have  gained  sufficient  strength 
during  that  time  period,  due  to  consolidation, 
to  be  stable  without  reinforcement. 

The  four  horizontal  Inclinometers  were  Installed 
prior  to  placement  of  the  welded  wire  fabric. 
Some  of  the  horizontal  Inclinometer  casing 
developed  precipitates  from  the  lime  placed  In 
the  surrounding  fill.  Twelve  settlement  plates 
were  placed  Immediately  above  the  reinforcement 
to  check  tl e  readings  obtained  from  the  horizon¬ 
tal  Inclinometers.  Agreement  between  the  two 
Instruments  was  very  good.  The  welded  wire 
fabric,  W12  x  Wi*.5,  was  brought  to  the  site  In 
320  foot  rolls,  eight  feet  wide.  The  wire 
experienced  plastic  deformation  from  being 
rolled  and  required  mechanical  straightening  to 
be  used  as  flat  sheets.  A  portable  wire 
straightening  machine  was  situated  proximate  to 
the  dike  foundation.  The  wire  rolls  were  placed 
on  a  horizontal  spindle  and  binding  fasteners 
released.  The  fabric  was  fed  through  a  configu¬ 
ration  of  three  steel  rollers  and  straightened. 
This  method  worked  very  well.  The  welded  wire 
rolls  were  then  out  Into  two  l60-foot  sheets  and 
stockpiled  until  the  foundation  had  been  pre¬ 
pared.  The  sheets  were  placed  perpendicular  to 
the  centerline,  forming  a  contlnous  relnforce- 
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nent  member  between  the  upstream  and  downstream 
toes.  Seventy-six  strain  gages  were  welded  to 
the  fabric.  Only  two  of  the  strain  gages  failed 
during  construction.  "they  provided  a  reliable 
and  accurate  way  of  measuring  the  forces  In  the 
welded  wire  relnf orcemen t . 

■"he  embankment  material  was  obtained  from  two 
locations  on  uplands  adjacent  to  the 
construction  site.  "die  fill  Is  a  glacial  till 
that  Is  classified  as  a  flravelly  Sandy  Clay  (CL) 
with  particle  sizes  extending  to  S  Inches. 
Natural  water  contents  were  within  2'*  of 
optimum.  The  first  layer  (12-lnch)  of  embank¬ 
ment  fill  above  the  welded  wire  fabric  was 
compacted  using  a  steel  drum  roller  to  prevent 
damaging  the  wire.  A  sheepsfoot  roller  was  used 
for  compaction  thereafter.  Standard  Proctor 
Compaction  testing  of  the  embankment  soils 
produced  an  average  maximum  dry  density  of  120 
pcf  with  an  rptlmum  water  content  of  IS*-.  A 
total  of  bb  density  tests  were  performed  with 
dry  densities  ranging  from  115  pcf  to  126  pcf. 
Moisture  contents  were  between  107-  and  167.  No 
effect  of  the  soft  existing  soils  beneath  the 
wire  fabric  was  observed  on  compaction  test 
results  obtained  from  above  the  reinforcement . 
Density  tests  performed  immediately  above  the 
wire  reinforcement  produced  values  typical  of 
those  obtained  throughout  the  remainder  of  the 
embankment.  Shear  strength  testing  on  block 
samples  from  the  embankment  produced  higher 
strengths  than  assumed  for  the  original  fill. 

Piezometers  and  vertical  Inclinometers  were  not 
Installed  until  the  reinforcement  and  two  feet 
of  fill  were  in  place.  Sections  of  welded  wire 
fabric  were  out  and  protective  pipes  welded  to 
the  wire  to  protect  the  Instrumentation  as  it 
passed  through  the  reinforcement.  One  of  the 
electric  piezometers  never  worked  properly,  hut 
all  of  the  other  piezometers  and  vertical 
Inclinometers  functioned  satisfactorily  through¬ 
out  construction.  The  excellent  performance 
record  of  the  Instrumentation  at  this  site  is 
believed  to  have  been  due  to  the  experienced 
Instrumentation  technicians  present  during  all 
of  the  Installation  work  and  because  the 
construction  was  handled  by  hired  labor,  equip¬ 
ment  rental,  and  materials  supply  contracts. 

The  normal  pressures  to  relegate  instrumentation 
Issues  to  a  position  of  lesser  Importance  was 
not  felt  at  this  project  due  to  the  manner  In 
which  construction  was  administered. 

Construction  In  198^4  was  halted  at  elevation  971 
msl  by  bad  weather  in  November. 

During  the  second  construction  season,  Steve 
Collins,  consultant,  served  as  embankment 
engineer.  Construction  of  the  embankment 
proceeded  to  completion  during  the  second  year 
with  no  significant  problems.  During  the  second 
construction  season  the  Instrumentation  data 
being  collected  Indicated  higher  pore  pressures 
In  the  soft  clay  foundation  at  the  centerline 
than  predicted.  The  use  of  the  finite  element 
analysis  was  the  only  means  available  to  assess 
the  Implications  of  these  high  pore  pressures  on 
the  stability  of  the  dike.  Two  parameters  used 
In  the  first  finite  element  model  were  modified 
based  on  additional  data  obtained  during  the 
first  construction  season.  This  paper  will 
summarize  those  results  below. 


INSTRUMENTATION  ANALYSI.S 

Observations  made  during  the  second  construction 
season  Identified  two  faulty  assumptions  In  the 
original  finite  element  model.  Exploration  data 
obtained  during  Instrumentation  Installation 
Indicated  that  the  maximum  thickness  of  soft 
clay  deposit  was  only  UO  feet  Instead  of  60  feet 
as  previously  modeled.  The  effect  of  this 
change  on  the  finite  element  model  would  be  to 
reduce  tbe  reinforcement  forces,  decrease  the 
foundaclon  movements,  and  lower  the  predicted 
pore  pressures.  Figure  2  shows  the  effect  of 
clay  thickness  on  the  amount  of  reinforcement 
force  measured  at  various  centerline  locations. 


Pig.  2  Reinforcement  forces  measured  for 
various  thickness  of  soft  clay  foundation 
(Collins,  1986) 

Secondly,  the  original  model  was  initialized 
with  the  embankment  working  surface  at  elevation 
961)  msl.  (Table  2).  The  actual  construction 
sequence  consisted  of  degrading  the  existing 
dike  to  elevation  960  msl  to  allow  the  placement 
of  reinforcement.  It  was  assumed  this  excava¬ 
tion  and  replacement  to  elevation  961)  msl  would 
have  a  neutral  effect  on  the  foundation.  Thlo 
was  a  reasonable  assumption  along  a  majority  of 
the  dike  length.  However,  Initial  construction 
surveys  indicated  that  the  amount  of  fill  that 
actually  existed  prior  to  construction  at 
Station  9+00  was  significantly  less  than  would 
exist  when  reconstruction  reached  the  zero  load 
height  of  969  msl.  The  result  of  this  discrep¬ 
ancy  was  that  the  foundation  was  experiencing 
more  load  than  anticipated  In  the  analysis  at 
elevation  969  msl.  This  change  caused  the 
original  model  to  underestimate  the  Induced  pore 
pressures.  These  two  assumptions  were  Included 
in  a  modified  finite  element  model  and  a  second 
series  of  analyses  was  performed.  The  second 
series  of  analyses  was  made  during  construction 
because  of  a  concern  for  higher  than  anticipated 
plezometrlc  levels  In  the  foundation  clay  at 
Station  9+On.  These  analyses  produce  plezome¬ 
trlc  levels  closer  to  those  being  measured.  A 
comparison  of  measured  and  predicted  pressures 
Is  shown  on  Figure  8. 
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design.  It  nay  highlight  problems  or  failure 
modes  that  might  otherwise  he  overlooked. 


The  results  of  the  second  finite  element  model 
and  other  construction  related  data  and  evalua¬ 
tions  are  dls''ussed  In  the  report  by  Collins 
(1^86).  Figures  ’  and  present  comparative  The  water  levels  In  piezometers  OP-38  and  PP-lR, 

data  between  the  two  finite  element  predictions  located  upstream  of  the  slurry  trench  at  Station 

and  Instrumentation  measurements  for  plezometrlc  h+00,  were  oorstant  at  elevation  OF?  msl 

levels  and  reinforcement  forces  at  Station  Q+OO.  throughout  construction.  This  was  the  ground 

It  was  concluded  that  the  higher  pore  pressures  water  level  In  the  area  and  suggests  that  the 

and  reinforcement  forces  could  be  explained  by  slurry  trench  Is  doing  the  Intended  Job. 

the  greater  fill  loading  and  would  not  lead  to 

Instability.  This  use  of  finite  element  An  additional  observation  from  the  original 

analysis  during  construction  to  resolve  unex-  finite  element  model  was  that  when  more  than  one 

pected  obccr''atlons  was  a  very  beneficial  tool  reinforcement  layer  Is  used,  the  stresses  would 

at  this  project  and  would  he  prudent  for  be  concentrated  In  the  lower  layer  of  relnforce- 

monltorlng  construction  activity  of  any  novel  ment.  i='or  the  welded  wire  fabric  the  upper 
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Fig  8.  Plezometrlc  levels  at  Station  Q+00  (Collins,  1986) 


Fig.  U.  Forces  In  the  reinforcement  at  Station  9+00  (Collins,  1986) 
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layer  of  relnfor^’ement  In  a  two  layer  systerr  was 
pretiloteri  to  carry  as  rnich  of  the  total  load 

as  the  botton  layer.  Two  layers  of  fabric  were 
placed  between  Station  S  +  ^so  and  Station  b+c;n  In 
an  attempt  to  bridge  an  area  where  the  previ¬ 
ously  mentioned  slurry  trench  failed  In  19S;i. 
This  Is  the  sane  area  where  construction 
problems  occurred  In  IQIS-IQ??.  Strain  gage 
data  at  Station  b+00  Indicated  that  at  the  end 
of  construction  the  upper  layer  of  reinforcement 
was  carrying  only  Sf?  of  the  total  load.  This 
data  Is  presented  on  Figure  S.  The  load  had 
continued  to  shift  away  from  the  upper  layer  of 
reinforcement  since  the  end  of  construction  and 
currently  that  layer  carries  only  of  the 

load.  Hindsight  Indicates  that  tb^  upper  layer 
of  steel  mesh  placed  between  Station  8+SO  and 
Station  a+RO  was  Inefficient  and  unnecessary. 


Fig  5.  Percent  of  total  load  carried  by  each 
reinforcement  layer  at  Station  9+00 

COMCLHSIONS 

Mohlcanvllle  Dike  No.  2  has  now  been  in  place 
for  two  years,  during  which  time  the  reinforce¬ 
ment  stresses  and  pore  pressure  levels  have 
continued  to  decrease.  The  forces  monitored  In 
the  welded  wire  fabric  were  the  Instrumentation 
data  of  most  value  In  controlling  construction 
activities.  The  pore  pressure  measurements  and 
horizontal  and  vertical  movements  were  viewed  as 
having  lesser  Importance.  A  few  of  the  piezo¬ 
meters  and  strain  gages  have  ceased  to  function, 
but  there  are  still  sufficient  Instrumentation 
to  monitor  the  structure  for  the  long  term. 
Instrumentation  Is  now  being  read  on  a  yearly 
schedule.  The  use  of  welded  wire  fabric  as  a 
reinforcing  material  performed  satisfactorily  at 
Mohlcanvllle  Dike  No.  2. 
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SYNOPSIS:  An  entire  city  block  was  excavated  to  construct  a  19-story  high  building  with  three 

base:^ents  in  downtown  Taipai.  A  monitoring  program  was  implemented  to  serve  as  an  early  warning 
system.  The  settlnmo'-t  ard  lateral  displacement  continued  to  occur  even  after  the  excavation  was 
Completed.  Though  the  excavation  was  within  a  silty  sand  the  underlying  silty  clay  resulted  in  a 
moderate  amount  of  basal  heave.  Strut  loads  exceeded  more  than  50  percent  the  estimated  values  and 
the  largest  loads  were  recorded  during  the  final  stages  of  construction  and  not  at  the  end  of 
excavation. 


N 


This  paper  is  limited  to  a  description  of  the  monitoring  program,  the  soil 
observed  data  related  to  the  various  phases  of  construction. 


condi tions  ,  and  the 


INTRODUCTION 

The  Central  Insurance  Building  in  downtown 
Taipei  is  a  recent  high-rise  project  which 
required  deep  basements  extending  to  a  depth  of 
11.5  m  below  grade.  Due  to  the  critical 
location  of  the  site,  relative  to  the  adjacent 
structures,  streets,  and  utilities,  a 
comprehensive  observation  system  was  designed 
and  implemented  to  obtain  the  necessary  data 
for  construction  control  during  excavation  and 
foundation  installation. 


The  project  site  occupies  (Figur  1)  an  area  of 
approximately  35m  by  53m  in  a  busy  commercial 
district  of  Taipei.  On  the  north  and  south 
sides  are  West  Chung  Shaw  Road  and  First 
Street,  respectively.  A  14-story  apartment 
building  supported  by  end-bearing  piles,  is  on 
the  west  and  12-story  building  supported  by 
spread  footings  is  on  the  east.  The 
foundation  types  of  the  older  buildings  on  the 
south  side  of  First  Street  are  not  known. 

The  observation  program  began  in  December  1982 
with  the  Installation  of  field  Instruments  and 
was  terminate  in  August  1983  with  the 
completion  of  the  underground  structure. 
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SOIL  CONDITIONS 

The  sub-surface  conditions  at  this  site  are 
typical  of  the  downtown  Taipei  area.  The  upper 
soil  is  a  ,.'eIIow-gra>  silty  clay  with  a 
thichness  of  about  7ni.  Below  the  silty  clay 
and  extending  to  an  elevation  of  -17in  is  a  gray 
silty  fine  sand  which  overlies  a  7m  thick  gray 
silty  clay  layer.  Starting  at  elevation  -31m 
and  extending  to  -46m  is  a  hard  cohesive  soil 
called  "hardpan"  in  the  Taipei  area.  Below  the 
hardpan  is  a  3ri  thick  layer  of  fine  sand  which 
extended  to  a  very  dense  layer  of  gravel.  The 
groundwater  level  was  observed  to  be  at 
a pprox i ma te 1 y  3m  depth. 

The  diaphragm  wall  was  constructed  between 
November  18  and  December  13,  1982.  The 
instrumentation  was  completed  in  February  1983. 
It  consisted  of  settlement  points,  heave 
stakes,  piezometers,  observation  wells, 
inclinometers,  instrumented  reinforcing  bars, 
and  the  supporting  struts. 

EARTH  RETENTION  SYSTEM  AND  FOUNDATIONS 

A  600  mm  thick,  23m  deep  reinforced  concrete 
slurry  wall  was  selected  to  bound  the  project 
and  form  a  permanent  basement  wall.  The  depth 
of  the  excavation  was  11.4m  and  the  bracing 
support  system  consisted  of  three  levels  of  H 
300x300x15mm  shape  cross-lot  struts  which  were 
preloaded  . 

The  foundation  of  this  building  rested  on  piles 
either  1.00m  or  1.50m  in  diameter  extending  to 
the  dense  gravel  layer  approximately  50m  below 
the  ground  surface. 


SETTLEMENTS 


Vertical  settlement  readings  at  local  spots  in 
the  adjacent  streets  were,  in  general,  less 
than  15mm.  Table  1  shows  the  largest 
settlement  values  for  two  locations  at  the  end 
of  excavation  stage  4  and  the  casting  of  the 
first  basement  slab. 


Table  1. 


Settlements  at  Maximum  Excavation 
Depth 

Compl etion  of 

Excavation  First  Basement 


1 4  - s  to  ry 

building 

13 

14 

point  on 

the  road 

21 

24 

1 2  - s  1 0  ry 

building 

18 

20 

point  on 

the  road 

20 

23 

As  shown  in  Table  1  the  14-story  building, 
which  was  pile  supported,  showed  settlements 
about  2/3  those  of  the  adjacent  ground. 

However,  the  settlement  of  the  12-story 
structure,  which  was  supported  on  spread 
footings,  and  the  adjacent  ground  were  about 
the  same.  Similar  behavior  was  observed  for 
the  buildings  on  the  south  side  indicating  that 
they,  too,  were  resting  on  shallow  footings. 

As  noted  earlier  the  foundation  type  of  the 
buildings  on  the  south  side  was  not  known. 


The  data  from  various  settlement  points  located 
at  different  distances  from  the  excavation  and 
the  corresponding  depths  of  excavation  are 
plotted  on  Peck's  (1969)  graph  and  are  shown  in 
Figure  2.  As  may  be  seen  for  Figure  2,  the 
data  fall  within  the  region  of  sand  (l)  and 
soft  clay  of  limited  depth  below  the  base  of 
the  excavation  (II)  and  show  a  workmanship  of 
average  quality.  Lambe  et  al.,  1972,  reported 
a  similar  response  for  a  subway  excavation  in 
Boston  where  a  slurry  wall  was  used. 

Distance  frum  Excavation 
Depth  of  Excavation 


From  Peck ( 1 969 ) 

Fig. 2  Settlement  Adjacent  to  The  Slurry  Wall 


BASAL  HEAVE 

The  primary  reason  for  heave  monitoring  was  the 
concern  for  basal  failure  during  excavation. 

Two  heave  stakes  were  installed  at  depths  of 
12.5m.  The  heave  stakes  were  read  daily  during 
the  excavation  period  and  twice  a  week  at  other 
times.  The  targes  heave  reading  during 
excavation  was  42.5mm.  After  the  placement  of 
the  foundation  mat  it  had  increased  to  44.6mm. 

The  heave  is  attributed  to  the  swelling  of  the 
underlying  clay  which  was  of  medium 
consistency.  The  stress  decrease  from  soil 
excavation  was  considerably  larger  than  the 
stress  imposed  by  the  concrete  mat.  Other 
contributing  factor  may  have  been  the  seepage 
forces.  As  shown  in  Figure  3  the  piezometers 
show  a  small  drop  in  the  groundwater  level 
outside  the  excavation  even  though  there  was  no 
dewa  t er i ng . 


LATERAL  MOVEMENTS 

Four  inclinometers  were  installed  to  monitor 
the  incline  and  the  movements  of  the  slurry 
wall  and  the  adjoining  ground.  To  check 
vertical  profiles  and  horizontal  deflection  of 
the  wall  two  inclinometers  (I-S,  I-W)  were 
installed  within  the  slurry  wall  with  their 
tips  at  the  bottom  of  the  wall.  To  measure  the 
soil  movements  below  the  base  the  other  two 
slope  indicators  were  I-N  and  I-E  were 
Installed  behind  the  wall  (Figure  1)  and 
extended  into  the  hardpan  to  a  depth  of  15m 
below  the  bottom  of  the  slurry  wall. 


The  settlement  continued  after  the  completion 
of  the  excavation  and  during  the  construction. 
However,  no  observations  were  made  after  the 
final  basement  was  completed. 


The  data  for  I-E  and  I-S  are  shown  in  Figure  4 
and  Figure  5.  The  data  for  the  external  slope 
indicator  show  that  within  the  soil  the  lateral 
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movement  near  the  ground  surface  was  less  than 
15mm  and  the  maximum  deflection  of  40mm 
occurred  slightly  below  the  bottom  of  the 
excavation. 

Before  the  start  of  third  stage  of  the 
excavation,  the  slurry  wall  only  tilted  showing 
the  maximum  movement  at  the  top.  With  the 
progress  of  the  excavation  the  wall  started  to 
bend  and  had  the  maximum  deformation  at  the 
base  of  the  excavation.  The  wall  showed  a 
maximum  movement  of  20mm  to  47mm  at  the  top  and 
26mm  to  51mm  at  the  bottom  of  the  excavation. 

When  comparing  the  movement  of  the  ground 
behind  the  wall  (Figure  4)  and  the  wall  itself 
(Figure  5),  the  larger  displacement  exhibited 
by  the  wall  near  the  top  is  attributed  to  the 
rigidity  of  the  wall. 


STRUT  LOADS 

The  bracing  system  contained  three  levels  of 
steel  H  300x300x15  mm.  Strain  go'jges  were 
mounted  in  pairs  on  each  side  of  the  cross-lot 
strut  web  at  the  neutral  axis.  All  the  cross¬ 
lot  struts  with  post  column  had  the  same  shape. 
Bracing  sets  were  installed  as  the  excavation 
progressed.  Excavation  depth  was  held  to  a 
limit  of  9.50m  below  a  bracing  set  until  the 
next  set  was  Installed  and  blocked.  To 
minimize  soil  movements  and  to  ensure  tight 
contacts  between  the  concrete  wall  and  the 
soil,  all  the  cross-lot  struts  were  preloaded 
in  accordance  with  the  design  before  the 
excavation  was  carried  deeper.  The  maximum 
allowable  design  load  of  the  struts  was  3675kN. 
The  predicted  strut  load  by  Peck's  (1969)  earth 
pressure  assumption  was  1460kN  at  the  first 
level  bracing  and  2068kN  at  the  second  and 
third  bracings.  Thus  the  design  values  were 
twice  the  estimated  values. 
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Strut  loads  increased  even  after  the  com 
of  the  excavation.  The  largest  loads  we 
recorded  during  the  final  stages  of 
construction  and  their  magnitude  far  exc 
the  estimated  values  based  on  Peck's  (19 
diagrams. 

Damage  occurred  to  some  of  the  gauges, 
essential  that  data  cross  checks  are  bui 
the  monitoring  program  to  assist  in  dete 
incorrect  data  and  to  ensure  adequacy  of 
data. 


Rl'^ERENCES 

Lambe,  T.  W.,  L.  A.  Wolfskill,  and  W.  E, 
Jdworski  (1972),  "The  Performance  of  a 
Excavation”,  Performance  of  Earth  and 
Supported  Structures,  ASCE,  V.  1,  Part 
1403-1424. 

Peck,  R.  B.  (1969),  "Deep  Excavation  and 
Tunnelino  in  Soft  Ground".  7th  Int.  Cn 


Proceedings:  Second  International  Conference  on  Case  Histories  In  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  5.19 

Deformation  Behavior  of  Wilford  Hail  Hospital  Mat 
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'  .^rrica'  Je forma*:  ion  behavior  of  the  3.5-ft  thick  mat  supporting  an  11-story  addition 
1  riai'i  Hospital  complex  near  San  Antonio,  Texas,  was  investigated  to  determine  the  mode 
'  d'O  to  dc-.ielop  a  procedure  for  estimating  the  effective  stiffness  of  the  foundation 
,  e’"<ed  distortion  pattern  is  dish-shaped  and  consistent  with  that  of  a  plate  on  a  semi- 
;'C  founOdticn.  Measured  displacements  are  consistent  with  displacements  calculated  by 
istic  fojncation  finite  element  program  using  effective  elastic  soil  moduli  between 
I'j  rips  square  foot  and  poisson's  ratio  0.3.  An  equation  was  derived  for  estimating 
iti:  soli  'nodjii  for  soil  with  elastic  modulus  increasing  linearly  with  depth. 


T  n e  h  a  /  1  0 r  o  ^  s o  i  ’  f  o  j n q  a :  i  c n  s  ,  especially  in 
e  X  p  a  n  s  1  .  e  s  o i '  areas,  is  difficult  to  predict 
wi:  n  cCj  reliabi’ity.  An  investigation  o‘  mat 
foundations  ^.ds  therefore  initiated  to  deter¬ 
mine  a  s.ipab’e  metnod  for  evaluating  appropri¬ 
ate  soil  input  parameters  required  Tor  design. 

A  fo^nodciop  se’ected  for  study  is  the  mat 
addition  to  the  nospital  complex  located  in  the 
nortnwest  pontioh  of  Lackland  Air  Force  Base 
near  San  Antonio,  Texas.  This  mat  was  con¬ 


structed  in  1977  and  it  supports  an  11-st or^ 
tower.  This  mat  is  adjacent  to  and  east  of  the 
existing  hospital  complex  supported  on  Grilled 
shafts.  The  mat  is  3.5  ft  (feet)  thick  by 
108,33  ft  wide  by  209.33  ft  long  and  it  was 
placed  in  an  excavation  27  ft  below  the  exist¬ 
ing  ground  Surface.  Steel  reinforcement  in  the 
mat  constitutes  5  percent  of  the  cross-section 
and  it  is  located  in  both  top  and  bottom  parts 
of  the  mat.  The  superstructure  is  built  of  a 
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fig  1.  Foundation  Plan  (Note:  Column  loads  given  in  kips,  dimensions  in  feet  and  inches] 
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structural  steel  frame  supporting  a  masonry 
facing. 

LOAD  PATTERN 

Figure  1  shows  the  plan  and  column  load  distri¬ 
bution  on  the  mat.  Total  dead  and  live  column 
loads  are  about  55,000  kips  plus  12,000  kips 
contributed  by  the  mat  weight  leading  to  a 
total  building  weight  of  about  67,000  kips. 
Weight  of  soil  displaced  by  the  building  is 
about  74,000  kips  so  that  there  may  be  a  small 
net  loss  of  weight  on  the  foundation  soil 
beneath  the  mat.  The  loads  applied  to  the 
foundation  soil  are  slightly  greater  toward  the 
right  or  east  end  of  the  mat,  Figure  1.  The 
applied  pressures  on  the  foundation  soil  are 
less  than  the  maximum  past  pressures  of  the 
soils  in  the  strata. 

SOIL  PARAMETERS 

A  soil  investigation  indicated  an  expansive 
plastic  CH  clay  overburden  and  shale  with  a 
perched  water  table  about  23  ft  below  ground 
surface.  Figure  2.  The  soil  profile  consists 
of  overburden.  Lower  Midway,  and  Navarro  forma¬ 
tions  with  an  occasional  stratum  of  clayey 
gravel  in  the  vicinity  of  the  perched  water 
table.  Results  of  one-dimensional  consolidom- 
eter  swell  tests  using  Method  A  of  ASTM  Stan¬ 
dard  Test  Method  0  4546  indicate  potential  for 
swell  in  the  overburden  down  to  about  17  ft 
below  ground  surface  and  within  a  10-ft  thick¬ 
ness  of  soil  just  beneath  the  base  of  the  mat. 

The  Young's  elastic  modulus  determined  from 
results  of  unconsol  idated  undrained  strength 
tests  on  specimen  from  undisturbed  soil  samples 


taken  from  depths  within  50  ft  beneath  the  base 
of  the  mat  can  be  approximated  as  increasing 
linearly  with  depth 


Ej  -  kz 

(1) 

where : 

Ej  =  initial  hyperbolic 
square  foot  (ksf) 

modu 1  us ,  kips/ 

k  =  constant  rel ating 

the  elastic 

modu 1  us  wi th  depth 
z  =  depth,  ft 

,  ksf/ft 

The  initial  hyperbolic  modulus  is  evaluated 
after  the  method  of  Duncan  and  Chang  (1970). 

The  value  k  varies  within  the  range  of  24  to 
32  ksf / ft ,  Figure  2 . 

A  semi -empi r i c a  1  equation  for  estimating  the 
effective  modulus  beneath  a  mat  in  a  semi¬ 
infinite  elastic  medium  with  the  modulus  in¬ 
creasing  linearly  with  depth  was  derived  from  a 
parametric  study  using  the  method  of  Kay  and 
Cavagnaro  (1983) 

2kR(l  -  M.^) 

^S*  '  2  ro  -1  (2) 

0.7  +  (2.3  -  4M/)log 

where:  Ej*  =  effective  soil  modulus,  ksf 

R  =  equivalent  mat  radius  , 

85.06  ft 

L  =  mat  length,  209.83  ft 
B  =  mat  width,  108.33  ft 
Pj  =  Poisson's  ratio  of  soil 

Dp  =  Depth  of  mat  base  below  ground 
surface,  27  ft. 
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Fig.  2,  Soil  Parameters 
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From  Equation  2,  E^*  =  2,976  ksf  if 

k  =  24  ksf/ft  and  3,968  ksf  if  k  =  32  ksf/ft. 
The  Ka>  and  Cavagnaro  method  (1983)  led  to  a 
value  of  Ej*  -  2,943  ksf  for  the  lower 

bound  value  of  k  . 

ANALYSIS  OF  SETTLEMENT 

Two  so i 1  - s t r uc t u re  interaction  analyses  were 
performed  using  a  slab  on  a  semi  -  in f i n i te  elas¬ 
tic  solid  finite  element  computer  program  SLAB2 
modified  and  applied  by  Wray  (1978).  Input 
load  parameters  included  the  column  loads  shown 
on  Figure  1  and  a  uniform  bearing  pressure  of 
0.5  ksf  to  simulate  weight  of  the  concrete 
mat.  A  lower  bound  value  of  Ej*  =  2,943  ksf 

and  =  0.3  were  used  for  the  soil  param 

eters.  Mat  parameters  assumed  a  Young's  modu¬ 
lus  of  432,000  ksf  and  Poisson's  ratio  of  0.15. 
The  first  analysis  used  as  a  mat  thickness  of 
3.5  ft,  which  assumes  no  significant  stiffness 
contributed  by  the  superstructure.  The  second 
analysis  used  a  much  larger  mat  thickness  of  36 
ft,  which  considers  a  nearly  rigid  stiffness 
contributed  by  the  superstructure. 

The  results  of  the  first  analysis  using  low 
structural  stiffness  led  to  a  maximum  center 
settlement  of  about  1.7  inches  and  edge  settle¬ 
ment  of  1.1  inches.  Figure  3.  The  results  of 
the  second  analysis  using  the  nearly  rigid 
structural  stiffness  led  to  a  nearly  uniform 
settlement  of  about  1.3  inches.  Substituting  a 
higher  bound  value  of  Ej*  =  4,000  ksf  for  the 

effective  soil  modulus  will  decrease  these  set¬ 
tlements  about  33  percent,  Figure  3,  Settle¬ 


ment  points  shown  from  left  to  right  on  Figure 
3  for  Section  A,  long  direction,  correspond 
with  nodal  points  from  left  to  right  in  Section 
A  on  Figure  1  (i.e.,  nodal  points  6,  16, 

26 .  156,  1  76).  Settlement  points  shown 

from  left  to  right  on  Figure  3  for  Section  B, 
short  direction  correspond  with  nodal  points 
from  bottom  to  top  in  Section  B  on  Figure  1 
(i.e.,  nodal  points  101  ,  102  .  109  ,  1  10  ). 

LEVEL  OBSERVATIONS 

Level  surveys  were  initiated  immediately  after 
construction  of  the  mat  foundation  in 
December  1977  and  were  performed  at  19  loca¬ 
tions  on  the  mat  surface  through  May  1985. 

The  reference  permanent  benchmark  is  set  65  ft 
below  ground  surface.  These  surveys  through 
May  1985  indicate  most  settlement  of  about  1.3 
inches  near  the  center  decreasing  to  about  0.8 
inches  along  the  east  and  west  edges  furthest 
from  the  center,  Figure  4.  Settlement  was 
relatively  uniform  parallel  with  the  short 
direction.  These  settlements  do  not  include 
settlement  of  the  mat  during  its  construction. 

The  observed  distortion  pattern  in  Figure  4  is 
dish-shaped  and  consistent  with  the  calculated 
distortion  pattern  shown  in  Figure  3.  The 
November  1983  survey  indicated  a  slight  heave 
toward  the  west  relative  to  the  August  1978 
survey.  Figure  4.  This  heave  may  be  related  to 
the  potential  for  swell  of  soil  within  10  ft 
beneath  the  mat  base  and  slightly  less  column 
loads  toward  the  west. 

Settlements  calculated  using  effective  moduli 
of  4,000  ksf  and  2,943  ksf  bound  the  observed 


SECTION  A  SECTION  B 


LENGTH.  FT  WIDTH.  FT 


Fig.  3.  Settlements 
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SETTLEMENT.  INCHES 


displacements  of  the  mat.  Therefore,  estimates 
of  the  effective  elastic  modulus  using  Equation 
2  with  upper  and  lower  values  of  k  described 
in  Equation  1  and  shown  in  Figure  2  are  ade¬ 
quate.  Exclusion  of  the  uniform  mat  weight  of 
about  0.5  ksf  in  the  finite  element  analysis 
(to  be  consistent  with  the  observed  settle¬ 
ments)  will  reduce  the  calculated  settlements 
about  0.1  inch.  The  mat  appears  to  have  a 
relatively  low  structural  stiffness  in  the  -long 
direction.  Section  A,  with  an  effective  modulus 
between  4,000  and  2,943  ksf.  The  mat  appears 
to  be  relatively  stiff  in  the  short  direction. 
Section  B.  Note  that  both  calculated  and  ob¬ 
served  settlements  tend  to  increase  in  magni¬ 
tude  from  left  to  right  in  Figure  3  consistent 
with  the  heavier  loads  toward  the  right  or  east 
end  of  the  mat. 

CONCLUSIONS 

Comparison  of  observed  with  calculated  settle¬ 
ments  shows  that  the  distortion  pattern  is 
consistent  with  a  plate  on  a  semi-infinite 
elastic  medium.  An  appropriate  range  of  effec¬ 
tive  elastic  soil  moduli  may  be  evaluated  for 
evaluation  of  settlement  beneath  slabs  and  the 
range  depends  on  reasonable  estimates  of  the 
upper  and  lower  bound  values  of  elastic  modulus 
of  the  soil  strata  for  substantial  distances 
beneath  the  mat.  The  assumption  of  the  soil 
elastic  modulus  increasing  linearly  with  depth 
is  adequate  for  this  case  history.  Applied 
loading  pressures  must  be  less  than  the  maximum 
past  pressure  of  the  foundation  soil. 
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SYNOPSIS:  This  paper  describes  geotechnical  design  concepts  used  in  developing  45-degree  and  56-degree  embankment  slopes 

to  meet  strict  stability  criteria.  Typical  design  sections  are  presented  along  with  example  stability  computations  to 
illustrate  factors  of  safety  ieveloped  under  static  and  rapid  drawdown  conditions.  This  paper  also  discusses  pert-..ient, 
Site  specific  aspects  of  construction  considered  germane  to  successful,  long  term  performance  of  oversteepened  slopes 
at  this  site. 


INTRODUCTION 

This  case  history  involves  the  use  of  TENSAR  Geogrid  as 
internal  reinforcing  for  residual  soils  to  permit  safe 
construction  of  high,  oversteepened  slopes  along  the 
banks  of  a  manmade  lake  in  southwest  Jefferson  County, 
Alabama.  The  site,  located  in  the  Alabama  Physiographic 
Province,  is  characterized  by  folded,  sedimentary  bedrock 
(shale  and  sandstone)  of  varying  lithology,  overlain  by 
residual  soils  (silty  sands  and  clays) ,  with  a  differen¬ 
tial  surface  elevation  of  98  feet  across  the  site. 
Originally,  site  developers  proposed  to  construct  a  large 
hotel  complex  along  the  crest  of  a  high  ridge  overlooking 
the  lake.  Initial  plans  incorporated  a  series  of  high 
retaining  walls  to  confine  the  embankment  from  the  crest 
of  the  ridge  to  the  bank  of  the  lake  by  forming  a  series 
of  terraces.  Cost  estimates  were  prepared  on  a  variety 
of  wall  systems  including  reinforced  soil  retaining  walls. 
Based  on  the  high  cost  of  these  wall  systems,  project 
planners  decided  to  investigate  the  concept  of  construc¬ 
ting  a  steep  slope  reinforced  with  TENSAR  Geogrid, 

SOUTHERN  EARTH  SCIENCES,  INC.,  working  in  conjunction 
with  the  slope  contractor,  United  International,  Inc., 
and  with  The  TENSAR  Corporation,  designed  a  series  of 
oversteepened,  TENSAR  reinforced  slopes  to  replace  the 
terraced  wall  concept  along  900+  feet  of  waterfront  on 
the  northern  perimeter  of  the  site. 


SITE  AND  SOIL  CONDITIONS 

The  project  site  is  located  within  the  Alabama  Valley  and 
Ridge  Physiographic  Province  which  consists  of  a  series 
of  alternating  northeast  striking  parallel  ridges  and 
valleys.  The  predominant  geologic  unit  is  the  Pottsville 
Formation  which  consists  of  alternating  beds  of  shale  and 
.sandstone  with  numerous  coal  seams  and  associated  beds  of 
underclay  overlying  sedimentary  bedrock.  Sandstones  near 
the  base  of  the  formation  consist  predominantly  of  ortho¬ 
quartzites  with  locally  occurring  beds  of  quartz  pebble 
conglomerate.  Sandstones  in  the  upper  part  of  the  for¬ 
mation  are  generally  subdivided  into  subgraywackes  com¬ 
posed  of  quartz  and  metamorphic  rock  fragments.  The 
sandstone  of  the  Pottsville  Formation  typically  weathers 


to  a  clayey  sand  while  the  shale  usually  weathers  to  a 
clayey  soil  (1) . 

Topography  at  the  site  is  characterized  by  hills  with 
steep  side  swales  and  valleys.  Surface  elevations  typi¬ 
cally  range  from  a  high  of  +510  feet  (MSL)  at  the  north¬ 
west  corner  of  the  site,  to  a  low  of  +412  feet  (MSL)  along 
the  banks  of  Chase  Lake  Creek,  Although  the  sands  and 
sandstones  typically  absorb  small  quantities  of  water, 
steep  surface  slopes  at  the  site  facilitate  rapid  water 
runoff.  Consequently,  predominant  drainage  of  the  area 
occurs  through  surface  runoff  (2) ,  For  design  purposes 
the  hydrostatic  ground  water  table  was  assumed  to  coin¬ 
cide  with  the  normal  operating  pool  level  of  Chase  Lake 
at  approximate  elevation  +412  feet  (MSL) . 


STEEP  SLOPE  GEOMETRY  AND  DESIGN  PARAMETERS 

Site  developers  initially  proposed  to  construct  a  large 
hotel  complex  along  the  crest  of  a  high  ridge  at  the  site, 
overlooking  Chase  Lake  at  an  average  elevation  of  +460 
feet  (MSL) .  Their  initial  plans  incorporated  a  series  of 
high  retaining  walls  to  confine  the  embankment  from  the 
crest  of  the  ridge  to  the  bank  of  the  lake  by  forming  a 
series  of  terraces. 

Due  to  economic  and  construction  considerations  associated 
with  building  high  walls  along  approximately  900+  frontage 
feet  of  lakeside,  project  developers  decided  to  investi¬ 
gate  the  concept  of  constructing  steep  slopes  reinforced 
with  TENSAR  Geogrid  as  an  alternative  design  concept  for 
the  site.  Ultimately,  the  developers  contacted  United 
International,  Inc.  with  the  prospect  of  constructing 
45-degree  and  56-degree  soil  reinforced  slopes  in  place 
of  conventional  wall  systems. 

The  design  concept  included  analysis  and  design  of  three 
different  steep  slope  sections.  Figure  1  shows  a  typical 
Plan  View  of  the  embankment  area,  identifying  the  extent 
of  each  section. 

(1)  Bhate  Engineering  Corporation  Report,  1985,  Page  6 

(2)  Bhate  Engineering  Corporation  Report,  1986,  Page  6 
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ALL  OEOORJO  REINFORCEMENT  PLACED 
PERPENDICULAR  TO  TOE  OF  SLOPE 
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CREST  OF  SLOPE 

SUMMARY  OF  DESIQN  SECTIONS 

SECTION  A-A  IS  46  DEGREE  SLOPE 
SECTION  B-B  IS  66  DEGREE  SLOPE 
SECTION  C'-C  IS  26.6  DEGREE  SLOPE 
SECTION  D-D  IS  46  DEGREE  SLOPE 


S  / 

'O/  °  ^ 
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CREST  OF  SLOPE 


Figure  1 

Typical  Plan  View  of  Embankment  Area 


Table  1,  below,  summarizes  specific  information  about 
eich  section: 


TABLE  1 

Section 

Maximum 

Designation 

Design  Slope  Angle 

Slope  Height 

Reinforcement 

”A-A" 

45.0-Degrees 

36-Feet 

TENSAR  GEOGRID 

"B-B” 

56.0- Degrees 

37-Feet 

TENSAR  GEOGRID 

"C-C" 

26.5-Degrees 

42-Feet 

UNREINFORCED 

"D-D" 

45.0-Degrees 

38-Feet 

TENSAR  GEOGRID 

Soil  stratigraphy  and  design  soil  parameters  were  deve¬ 
loped  from  information  provided  by  BHATE  ENGINEERING 
CORPORATION  (3).  Table  2,  below,  summarizes  soil  design 
parameters  used  on  this  project: 


TABLE  2 

Summary  of 

Design  Parameters 

Embankment 

SOIL 

DESIGN  PARAMETERS 

Section 

Soil 

pcf 

£_ 

psf 

0  (Degrees) 

"A-A" 

1 

200 

0 

0 - - — Surcharge 

2 

120 

2 

3 

120 

90 

0  3 

2 

4 

120 

90 

0  3 

2 

5 

135  i 

0  4 

0 

6 

120 

15 

0  3 

2 

7 

120 

90 

0  3 

2 

"B-B" 

1 

200 

"C-C" 

2 

120 

3 

"D-D" 

3 

120 

9 

4 

120 

9 

5 

135 

40 

6 

120 

1 

7 

120 

2 

(3)  Bhate  Engineering  Corporation  Report,  1986,  with 
Addenda 


Sio:;e  reinforc  LiiJ  niateriais  were  proviUe^J  by  the  TENSAR 
rORPOR.\TIwN  and  isted  of  hiqh  tensile  strenqth,  hiqh 

density  ;.v.‘lyethy lone  aeoyrids  whieh  are  resistant  to  dll 
cnemioai  s  .ibstaivies  normally  oxistina  in  soil.  Tvible  3, 
below,  sammarioes  pertinent  lEOdRID  reinforoinq  informa- 
t  ion. : 


Design  Strength  (pit) 


te:;sar  looo 

TEdSAK  UXIJOO  JOOO 

TEdSAR  BXllJO  350 


The  normal  pool  elevation  of  tne  lake  was  -t-llD  feet. 
Hydr-;-;ra:  ni  _■  data,  however,  snowed  tiiat  the  hundred  year 
flooi  olevati-'n.  was  +425,  iienoe  the  lower  13  feet  of  the 
slope  woald  be  sibv-vted  to  saturation  and  to  possible 
exoess  n  i  enamo tr i  j  ooiniition.s  created  by  rapid  drawdown. 
The  pro'joct  developer  estab’ished  a  minimum  factor  of 
safety  o:  1.30  f'^r  the  slopes  under  rapid  drawdown  con- 
d  1 1  i  t'  n  s , 


METHOD  oF  ANAbYSIS  AND  DESIf.N 

All  sloies  were  analyzed  and  designed  using  TEMSAR  guide¬ 
lines  an:i  computer  programs  capable  of  incorporating  soil 
reinforcement  into  stability  computations.  Circular  arc 
sections  were  evaluated  by  the  "Method  of  Slices"  using 
Che  "Simplified  Bishop  Equation"  (4)  and  irregular  and/or 
wedge  fuiiuru  surfaces  were  evaluated  using  the  "Janbu 
Equation"  (5).  Generally,  a  systematic  series  of  wedges 
and  arcs  were  considered  during  the  analysis  process 
usin'j  a  trial  reinforcement  layout  to  determine  the  most 
critical  combination  of  stresses  developed  in  soil  rein¬ 
forcement  for  a  particular  combinavion  of  soil  stratifi¬ 
cation  and  sLo:je  angle.  The  analysis  and  design  process 
continued,  iteratively,  revising  an  1  adjusting  GEOGRID 
layout  until  a  satisfactory  solution  could  be  achieved 
for  both  normal  r  ocjI  and  100-yoar  flood  criteria. 

Input  data  for  both  metriods  of  analyses  are  as  follows: 

1.  A  surface  profile  with  the  location  of 
different  soil  types. 

D.  Design  soil  parameters  including  den¬ 
sities  and  effective  stress  strength 
values . 

3.  A  profile  of  ground  water  conditions. 

4.  External  !•/  afjplied  lo.'ids, 

5.  Reiiiforccnont  type  geometry,  ultimate 
tensile  strength  and  allowable  tensile 
-j  tress. 

-j.  Parameters  i-.'S ir  i d ing  tne  bond  between 
tne  soil  iri  .i  the  1L’;'X1RID  re' i n f' nreement . 

7 .  .4e  1  :->in  i  c  f  orces . 


(4)  Bishop  'jeotechniguo ,  1955 

(5)  Jinbu,  European  Conference,  1954 


Once  this  data  has  been  entere'^  into  the  computer,  a 
suitable  reinforcement  layout,  providing  Safety  Factors 
greater  than  the  specified  minimums  was  rapidly  and  effec 
tively  determined.  Graphical  output,  showing  minimum 
Safety  Factors  for  each  tr^al  run  were  used  in  conduction 
with  a  detailed  printout  listing  reinforcement  forces, 
margins  against  reinforcement  bond  and  tensile  failures 
and  comparisons  with  permissible  GEOGRID  stress  levels, 
to  determine  the  final  design  type,  quantity  and  layout 
of  GE'~3RID  reinforcement  for  a  particular  slope  configura 
tion. 

Figures  2  and  3  illustrate  typical  sections  geometry  for 
the  56  slope  (section  "B-B")  showing  GEOGRID  reinforce¬ 
ment  and  facing  details.  In  Figure  2,  the  primary  rein¬ 
forcing  was  provided  by  TENSAR  UX1200  GEOGRID  and  the  in¬ 
termediate  reinforcing  consisted  of  TENSAR  SS-1  GEOGRID. 
The  purpose  of  the  intermediate  reinforcing  was  to  handle 
stresses  within  the  embankment  material  created  for 
construction  process  and  to  facilitate  compaction  near 
the  edge  of  the  slor)e  for  the  zones  of  soil  lying  between 
layers  of  primary  reinforcing.  The  face  of  the  56  slope 
was  wrapped  with  SS-1  GEOGRID  which  contained  a  layer  of 
straw  designed  to  impede  erosion  until  the  vegetative 
root  map  had  been  established  (Fianre  3) .  No  face 
wrapping  was  required  for  the  45  slopes. 


ELEVATION 
460 


430 


TYPICAL  SECTION  FOR  66  DEGREE  SLOPE  B-8 
STA.  3-00  TO  STA.  3-82 

PRIMARY  REINFORCING  QEOORIDS  UX1200 
INTERMEDIATE  REINFORCING  OEOQRIDS  (331) 


SEE  WRAP  DETAIL 
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NOT  DRAWN  TO  SCALE 

Figure  2 

WRAP  DETAIL  FOR  66  DEGREE  SLOPE 
STA.  3-00  TO  STA.  3-02 
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SECTION  *B-B*  -  FACING  DETAIL 


Figure  3 
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Table  4  jjfesents  the  minimum  factor  of  safety  for  the 
fir'.al  desi^jn  of  slopes  on  tiie  project  for  the  two  condi¬ 
tions  studied. 


Minimum  Factor  of  Saretv 


■'3-B" 


"D-D" 


Normal  Pool 

l.u4 
1.5d 
i ,  06 
1.63 


Ra]>id  Drawdown 

1.45 

1.45 

1.60 

1.35 
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Cost  estimates  revealed  that  the  above  designs  would  re¬ 
quire  a  material  cost  of  $4.25  per  square  foot  of  pro¬ 
jected  slope  height.  These  figures  include  the  cost  of 
both  primary  and  intermediate  reinforcing. 


CONSTRUCTION 

Construction  of  the  project  began  in  July  of  1986  with 
the  excavation  of  soft  residual  soil  in  the  area  of  the 
toe  cf  the  slope  along  the  creek  leading  into  the  lake. 
The  excavation  ranged  from  three  to  five  feet  in  depth. 
While  this  area  was  being  excavated  and  backfilled  with 
competent  material,  the  contractor  setup  a  staging  area 
to  precut  all  reinforcing  GEOGRIDS  to  the  prescribed 
lengths.  This  step  facilitated  construction  of  the 
slope  in  that  all  reinforcing  grids  could  be  quickly 
placed  at  the  prescribed  elevation  without  slowing  the 
construction  process.  D8  bulldozers  were  used  to  place 
fill  material  over  the  grids  and  compaction  was  achieved 
with  large  sheepsfoot  and  vibratory  drum  rollers.  The 
contractor,  UNITED  INTERNATIONAL,  INC,,  reported  no  pro¬ 
blems  in  achieving  compaction  to  the  face  of  the  slope 
using  standard  equipment.  Rip-rap  toe  erosion  protec¬ 
tion  was  provided  along  the  face  of  the  slope  to  the 
hundred  year  flood  elevation  and  the  entire  slope  was 
covered  with  an  erosion  net  to  minimize  surface  erosion 
until  the  slope  vegetation  had  been  established.  The 
construction  of  the  steeped  slope  required  two  months 
and  was  completed  in  September  of  1986 
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CONCLUSION 


The  difficult  site  conditions  on  this  project  were  effec¬ 
tively  and  economically  handled  through  the  use  of  an 
oversteeped  slope  reinforced  with  TENSAR  GEOGRID,  The 
owner  reported  a  savings  of  approximately  one  million 
dollars  when  compared  to  their  next  alternative  invol¬ 
ving  retaining  walls.  In  addition,  construction  of  the 
oversteeped  slope  was  significantly  faster  than  the  pro¬ 
jected  construction  rate  for  an  alternate  involving  re¬ 
taining  walls.  Standard  embankment  procedures  were  em¬ 
ployed  and  no  delays  were  encountered  in  the  construc¬ 
tion  of  the  slopes.  A  recent  inspection  of  the  parking 
lot  area  which  extends  to  the  crest  of  the  slopes  re¬ 
vealed  no  cracking  or  pavement  distortion  of  any  type. 

It  is  therefore  concluded  that  the  use  of  the  TENSAR 
GEOGRID  as  slope  reinforcing  is  a  viable  cost  effective 
alternative  to  handling  differential  site  conditions  and 
problems  associated  with  instability. 
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SYNOPSIS:  The  U.S.  Bureau  of  Mines  recently  demonstrated  the  accurate  directional  drilling  of  a  near-horizontal  borehole 
with  the  objective  of  intercepting  a  designated  target.  The  project  was  conducted  at  the  Navajo  Dam  for  the  Bureau  of 
Reclamation,  U.S.  Department  of  the  Interior.  The  Bureau  of  Reclamation's  objective  was  to  determine  the  feasibility  of 
accurately  drilling  long  near-horizontal  boreholes,  from  the  surface,  in  lieu  of  constructing  a  tunnel  under  an 
embankment  dam  from  which  shorter  boreholes  would  be  accurately  drilled  to  control  water  seepage. 

As  a  result  of  the  demonstrated  drilling  accuracy,  the  Bureau  of  Reclamation  can  consider  the  option  of  using  near¬ 
horizontal  boreholes  drilled  from  the  surface  at  a  cost  of  $100-200/ft  instead  of  constructing  access  tunnels  at 
$2, 000/ft  from  which  drainage  boreholes  would  be  drilled  to  control  water  seepage  at  embankment  dams. 


DIRECTIONAL  DRILLING  EXPERIENCE 

The  Bureau  of  Mines  has  researched  and  demonstrated 
accurate  directional  drilling  as  part  of  its  methane 
control  program  (Oyler  and  Diamond,  1982).  In  1979,  a 
directonal  surface  borehole  was  drilled  using  a  downhole 
motor  to  a  measured  depth  of  1,595  ft,  maintaining  an 
arc  of  6°  per  100  ft  and  coming  within  3  ft  of 
horizontally  intercepting  the  Pittsburgh  Coalbed  1,012  ft 
below  the  surface.  2  Five  horizontal  methane  drainage 
boreholes,  totaling  9,544  ft,  were  then  drilled  into  the 
coalbed  from  the  surface  borehole. 

The  Bureau  of  Mines  has  also  demonstrated  drilling 
accuracy  in  drilling  long  horizontal  methane  drainage 
boreholes  in  underground  coal  mines.  Methane  drainage 
boreholes  have  been  drilled  to  depths  greater  than 
2,000  ft,  maintaining  vertical  borehole  trajectory  within 
the  coalbed  (approximately  6  ft)  while  controlling 
horizontal  trajectory  as  desired  to  prevent  interception 
by  future  mining  (Kravits,  Finfinger  and  Sainato,  1985). 

BACKGROUND 

Navajo  Dam  is  a  zoned  embankment  structure  located  in 
northern  New  Mexico,  39  miles  east  of  Farmington  and 
about  35  miles  southeast  of  Durango,  CO,  Figure  1.  It 
is  a  key  structure  of  the  Colorado  River  Storage  Project, 
regulating  the  flows  of  the  San  Juan  River  and  providing 
storage  for  the  Navajo  Indian  Irrigation  Project.  It 
also  provides  a  facility  for  recreation  and  conservation 
of  fish  and  wildl ife. 

Navajo  Dam's  left  and  right  abutments  are  experiencing 
seepage,  averaging  1,200  and  600  gal /min,  respectively, 
although  seepae  is  not  occurring  in  the  embankment. 

Open  vertical  end  horizontal  joints  in  the  abutments, 
horizontal  bedding  planes,  and  permeable  sandstone 
bedrock  provide  seepage  paths.  Investigation  by  the 
Bureau  of  Reclamation  has  indicated  that  the  current  rate 
of  seepage  would  not  be  a  problem  except  for  the 
pote"ti  =  l  p<pinn  of  erod-ible  material  in  the  core,  if 
open  horizontal  and  vertical  joints  are  in  contact  with 
the  core  (Ehler,  1983).  Soletanche  is  currently 
constructing  a  concrete  diaphragm  cutoff  wall  on  the  left 
abutment  to  control  water  seepage,  under  contract  to  the 
Bureau  of  Reclamation.  A  similar,  but  larger,  cutoff 


Fig.  1  Navajo  Dam,  New  Mexico 

wall  on  the  right  abutment  was  determined  to  be  too 
costly.  Consequently,  the  Bureau  of  Reclamation 
contracted  the  construction  of  a  tunnel  to  Frontier 
Kemper  to  provide  access  to  accurately  drill  44  drainage 
boreholes,  totaling  15,000  ft,  subcontracted  to  Boyles 
Bros.  Orilling.  Accurately  drilled  drainage  boreholes 
will  redirect  the  seepage  away  from  critical  areas  of  the 
dam- foundation  contact  by  lowering  the  phreatic  water 
surface  in  the  right  abutment. 

PLANNING  THE  DEMONSTRATION  BOREHOLE 

The  right  abutment  of  the  Navajo  Dam  was  chosen  for  the 
location  of  the  demonstration  borehole  because  a 
relatively  long  near-horizontal  borehole  could  be  drilled 
with  easily  accessible  starting  and  endpoint  surface 
locations.  Figure  2.  Furthermore,  information  gathered 
during  the  drilling  of  the  borehole,  including  problems 
encountered  and  their  solutions,  could  prove  valuable  to 
the  drilling  subcontractor. 

The  designated  "punchout"  was  to  occur  by  drilling 
approximately  890  ft  of  near-horizontal  borehole  to 
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DIRECTIONAL  DRILLING  PROCEDURES 


Fig.  2  Navajo  Dam  Right  Abutment 

intercept  a  5-ft-radius  target  located  near  the  top  of 
the  spillway.  The  vertical  and  horizontal  trajectories 
of  the  borehole  were  determined  after  considering  the 
geology  of  the  right  abutment  and  the  effects  that 
specific  geologic  features  would  impose  on  the  placement 
of  the  borehole.  The  abutment  in  the  vicinity  of  the 
borehole  consists  predominantly  of  coarse-  to  medium¬ 
grained  sandstone  with  interbedded  shale  and  siltstone. 
Figure  3.  The  sandstone  is  comprised  mostly  of  very 
angular  quartz  grains  weakly  to  moderately  cemented  and 
having  an  unconfined  compressive  strength  of  less  than 
6,000  psi  (Ehler,  1983). 


Fig.  3  Vertical  Cross  Section  of  Planned 
Demonstration  Borehole 

Rock  outcrops  within  the  right  abutment  contain  both 
vertical  and  horizontal  joints.  Unfortunately,  the  exact 
locations  of  the  joints  in  the  subsurface  could  not  be 
determined;  therefore,  the  borehole  trajectory  could  not 
be  planned  to  avoid  intercepting  them.  However,  the 
borehole  was  designed  to  avoid  intercepting  the 
sand-filled  channel  shown  in  Figure  3.  The  elevation  at 
the  bottom  of  the  sand-filled  channel  was  estimated  to  be 
5,950  ft,  or  about  16.5  ft  above  the  collar  of  the 
borehole.  To  prevent  drilling  into  the  channel,  the  first 
250  to  300  ft  of  the  borehole  were  to  be  drilled  near 
horizontal  at  about  the  same  elevation  as  the  collar,  or 
5,933  ft.  Borehole  elevation  would  then  increase  steadily 
or  build  at  a  rate  of  about  1.8  ft/10  ft  drilled,  in 
order  to  intercept  the  target  elevation.  While 
maintaining  desired  vertical  trajectory  as  mentioned,  an 
attempt  was  to  be  made  to  maintain  departure  within  2  ft 
east  or  west  from  the  planned  straight-line,  collar-to- 
punchout,  horizontal  trajectory  of  N  0O-45'-00"  E, 

Figure  4. 


A  Diamant  Boart^  DBH  700  hydraulic  core  drill  was  used  to 
supply  thrust  to  a  diamond  drill  bit  by  maintaining 
hydraulic  pressure  on  the  drill  rods.  Figure  5.  A 
Slimdril  2-7/8-in-OD,  high-torque  downhole  motor  was 
positioned  behind  the  drill  bit.  Figure  6.  The  Slimdril 
is  a  positive-displacement  hydraulic  motor  that  rotates 
the  drill  bit  without  rotating  the  drill  rods.  The 
downhole  motor  converts  the  hydraulic  horsepower 
generated  by  the  flow  of  the  drilling  fluid,  provided 
under  pressure  by  two  triplex  piston  pumps,  into  torque 
and  rotational  speed,  which  drives  the  drill  bit. 


LEGEND 


Fig.  4  Map  View  of  Planned  Demonstration  Borehole 


Fig.  5  A,  Hydraulic  Drill;  B,  Control  Panel, 
Power  "nit  Not  Shown 


^Reference  to  specific  equipment  does  not  imply 
endorsement  by  the  Bureau  of  Mines. 
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The  demonstration  borehole's  horizontal  and  vertical 
trajectories  were  controlled  during  downhole  motor 
drilling  by  using  several  bent  housings;  the  2°  bend  was 
the  most  effective.  While  drilling,  there  is  continuous 
contact  between  the  convex  side  of  the  bent  nousing  and 
the  wall  of  the  borehole;  this  is  commonly  called  side 
force.  The  resultant  reaction  of  the  side  force  exerted 
on  the  wall  of  the  borehole  is  a  force  exerted  on  the  bit 
in  the  opposite  direction  (180°),  Figure  6. 


Horn  side)  ex«fted  on  bit 


(reaction  of  Side  force  with 
tool  face  01 180*) 


Side  force 
(ot  0*.' 


on  bit  resulting  in  verticol 
drop  of  hole  tfojectOfy 


Fig.  6  Side  Force  Diagram.  Downhole  Motor  (top) 
and  Side  Force  Schematic  (bottom) 

The  direction  of  the  force  exerted  on  the  bit  is  called 
tool  face  direction  and  is  the  direction  borehole 
trajectory  will  follow.  Therefore,  because  the  drill 
rods  do  not  rotate  and  the  downhole  motor  was  used  with  a 
bent  housing,  desired  borehole  trajectory  was  achieved  by 
simply  aiming  or  orienting  the  bent  housing  in  the 
desired  direction.  Figure  7.  To  maintain  the  desired 
horizontal  and  vertical  borehole  trajectories,  borehole 
inclination,  bearing,  and  tool  face  direction  were 
monitored  using  an  NL  Sperry  Sun,  Type  B  120°, 
photographic  survey  instrument.  Figure  8. 
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Fig.  7  Various  Tool  Face  Settings  and  Their  Effects 
on  Borehole  Trajectory 


Fig.  8  Single-shot  Survey  Instrument  (top)  and  Reading 
a  Developed  Survey  Film  Disk  (bottom) 

To  conduct  a  survey,  the  mechanical  timer  of  the  survey 
instrument  is  set  and  the  instrument  is  loaded  with  a 
film  disk.  The  loaded  survey  instrument  is  placed  in  its 
protective  casing  and  inserted  in  the  hollow  drill  rod, 
where  it  is  pumped  with  water  to  the  back  end  of  the 
downhole  motor.  The  film  disk  is  exposed  at  a  preset 
time,  after  which  the  instrument  is  retrieved  by  a  wire 
line  attached  to  the  protective  casing.  The  retrieved 
instrument  is  removed  from  its  protective  casing,  and  the 
film  disk  is  removed,  developed,  and  read. 

DRILLING  ACCURACY 

Borehole  drilling  accuracy  is  dependent  on  the  inherent 
accuracy  of  the  survey  instrument,  magnetic  interference 
from  drill  rods,  downhole  motors,  drill  bits,  etc., 
surveying  frequency,  and  surveying  calculation  method . 

NL  Sperry-Sun's  specified  tolerance  in  measuring  bearing 
for  a  recently  calibrated  Type  B  120°  compass  is  +0.5°. 
Furthermore,  the  resolution  in  reading  the  photographed 
compass  bearing  on  the  film  disk  is  a  random,  +0.5°. 
Consequently,  a  potential  error  of  +1°  exists  in 
measuring  borehole  bearing  using  the  subject  survey 
instrument.  Compass  units  measure  magnetic  north  and 
require  a  declination  correction  to  obtain  true  north. 

The  National  Geophysical  Data  Center  in  Boulder,  CO, 
provided  a  declination  correction  of  12°  East  for  the 
drill  site. 

Compass-type  surveying  instruments  sense  only  the 
direction  of  the  local  magnetic  field  vector  and 
therefore  are  subject  to  interference  from  drill  rods, 
downhole  motors,  and  drill  bits,  constructed  of  magnetic 
material.  A  nonmagnetic  downhole  motor  and  100  ft  of 
nonmagnetic  stainless  steel  drill  rod  were  placed 
directly  behind  the  drill  bit.  To  minimize  magnetic 
interference  from  the  drill  bit  and  the  drill  rods  above 
the  stainless  steel  rods,  the  survey  instrument  was 
positioned  20  ft  from  the  bit  while  conducting  a  survey. 

Two  additional  factors  that  affect  the  borehole  accuracy 
are  surveying  frequency  and  the  surveying  calculation 
method  used  to  determine  borehole  coordinates  and 
elevation.  Borehole  surveys  were  conducted  at  10-ft 
drilling  intervals  because  short  survey  intervals  will 
general ly  resul t  in  ..ncreased  borehole  accuracy.  The 
radius-of-curvature  surveying  calculation  technique 
adapted  for  a  handheld  calculator  was  used  to  determine 
borehole  coordinates  and  elevation  (Oyler,  1983).  The 
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radius  of  curvature  method  is  accepted  as  one  of  the  most 
accurate  surveying  calculation  techniques  available 
(American  Petroleum  Institute,  1985). 

DRILLING  AND  SURVEYING  RESULTS 

Vertical  borehole  trajectory  was  maintained  near  the 
collar  elevation  for  the  first  300  ft  of  the  borehole  as 
planned,  using  the  downhole  motor  equipped  with  a  1/2° 
bent  housing.  Figure  9.  Drilling  continued  to  a  depth  of 
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Fig.  9  Vertical  Section  of  Demonstration  Borehole 

455  ft  without  developing  the  necessary  increase  in 
vertical  borehole  trajectory.  At  a  depth  of  455  ft  tne 
1/2°  bent  housing  was  replaced  with  a  1°  bent  housing. 
Drilling  continued  to  a  depth  of  495  ft  without 
experiencing  the  desired  increase  in  borehole  elevation. 
The  weak  nature  of  the  sandstone's  intergranular  material 
is  believed  to  have  negated  any  potential  side  force 
generated  by  the  1/2°  and  1°  bent  housings. 

Consequently,  the  borehole  was  abandoned  in  order  to 
start  a  new  borehole  from  within  the  initial  borehole  at 
a  depth  of  289  ft.  A  2°  bent  housing  was  installed  on 
the  downhole  motor  after  the  new  borehole  was  started. 
Vertical  borehole  trajectory  was  then  maintained  as 
desired,  with  an  increase  in  borehole  elevation  of  about 
1.8  ft/10  ft  drilled,  to  borehole  completion  at  885  ft. 
According  to  the  borehole  surveys,  horizontal  borehole 
trajectory  for  the  most  part  was  maintained  close  to  the 
desired  straight-line  col  1  ar-to-punchout  trajectory. 
Figure  10. 


Fig.  11  Borehole  Punchout 


The  punchout  elevation  calculated  from  surveyed 
inclinations  was  6,047.14  ft,  which  was  well  within  the 
target  elevation  of  6,044.03  to  6,054.03  ft  and  only 
0.39  ft  from  the  actual  punchout  elevation  determined  by 
the  land  survey.  Figures  10  and  11.  Borehole  inclination 
can  be  surveyed  to  within  0.25°  using  the  NL  Sperry-Sun, 
Type  8  120°  survey  instrument. 

CONCLUSIONS 

The  demonstration  borehole  was  accurately  drilled  to  a 
final  near-horizontal  depth  of  885  ft,  where  punchout 
occurred.  Final  borehole  elevation  was  1.5  ft  from  the 
elevation  of  the  target  center,  while  borehole  ounchout 
coordinates  were  only  8.81  ft  southwest  of  the  target's 
perimeter. 
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Fig.  10  Plan  View  of  Demonstration  Borehole 

The  demonstration  borehole's  final  near-horizontal  depth 
was  885  ft  when  punchout  occurred  near  the  top  of  the 
spillway.  According  to  the  departures  and  latitudes 
calculated  from  borehole  surveys,  the  borehole  punchout 
occurred  only  1.4  ft  east  of  the  target  center.  Actual 
punchout,  determined  by  land  survey,  occurred  13.81  ft 
west  of  the  center  of  the  target.  The  error  between  the 
actual  and  calculated  punchout  departure  of  15.21  ft  was 
within  the  survey  instrument's  accuracy  in  measuring 
bearing  to  within  1°,  Figures  10  and  11. 
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SYNOPSIS:  As  the  northern  regions  of  Canada  are  developed,  there  is  an  increasing  need  to  protect 

the  fragile  ecology  as  well  as  to  maximize  usage  of  local  construction  materials.  The  construction 
of  earth  dykes  to  retain  liguid  wastes  is  a  common  reguirement  in  municipal  and  industrial 
developments.  Frozen  core  earthfill  dykes  provide  an  effective  technique  to  cut  off  seepage  in 
cold  permafrost  areas  (Sayles,  1984).  The  seepage  of  water  through  an  unfrozen  overburden  or 
fractured  bedrock  foundation  can  occur  and  accelerate  the  thermal  deterioration  of  an  earth 
embankment.  The  development  of  the  active  layer  during  the  summer  reduces  the  dam's  ability  to 
retain  water  if  the  freeboard  is  inadequate. 

Several  earthfill  dams  were  built  at  the  Lupin  mine  near  Contwoyto  Lake  in  the  Canadian  Arctic  to 
form  a  mine  tailings  pond.  Even  though  design  forecasts  indicated  9  m  high  structures  would 
remain  frozen  after  impoundment  of  the  reservoir,  very  few  case  histories  were  found  to  support 
the  design.  Several  earth  dams  have  been  monitored  since  1982.  Initially,  ground  temperature 
measurements  were  taken  with  thermistor  strings  in  short  boreholes.  More  recently,  deep  boreholes 
were  instrumented  with  thermistor  strings  and  the  ground  probing  radar  has  been  used  to  confirm 
and  locate  unfrozen  zones  within  the  dams. 

Specifically,  the  performance  of  three  dams  is  reviewed  here.  The  first  dam,  the  base  case,  was 
built  over  virgin  cold  permafrost.  The  complete  dam  section  froze  during  the  first  winter  after 
construction.  Part  of  the  second  dam  was  built  over  a  5  m  deep  talik  associated  with  a  seasonal 
creek  and  possibly  a  fault  zone.  The  talik  is  apparently  mostly  refrozen  and  continuing  to  cool, 
however,  geophysical  surveys  indicate  a  possible  unfrozen  remnant.  The  third  dam  was  built  across 
the  reservoir  after  impoundment  and  during  the  winter.  The  internal  nature  of  that  dam  and  its 
thermal  behaviour  are  quite  different  from  the  above  two. 

The  thermal  regime  of  the  dams  and  underlying  foundation  has  changed  considerably  over  the  five 
years  following  construction.  The  results  of  the  grouno  temperature  and  ladar  profiles  ate 
compared  for  various  seasons  to  reconstruct  the  transient  thermal  regime  at  uninsttumented 
sections.  The  findings  are  significant  for  the  design  and  monitoring  of  future  water  retaining 
structures  in  the  North. 

INTRODUCTION 

In  today's  developing  North,  there  is  a  recog¬ 
nized  need  to  protect  the  fragile  ecology.  As 
mine  and  industrial  sites  are  developed  and 
communities  grow,  the  construction  of  earth 
dams  and  dykes  to  retain  liquid  wastes  is  a 
common  requirement.  In  design  of  such  struc¬ 
tures  there  are  economic  pressures  to  maximize 
use  of  local  construction  materials.  Frozen 
core  earthfill  dams  are  an  effective  retainment 
technique  in  cold  permafrost. 

However,  before  a  dam  is  built  the  foundation 
conditions  and  the  ground  thermal  regime  must 
be  sufficiently  understood.  The  development 
of  the  active  layer  during  the  summer  reduces 
the  dam's  ability  to  retain  water  if  the  free¬ 
board  is  inadequate.  The  seepage  of  water 
through  an  unfrozen  overburden  or  fractured 
bedrock  foundation  can  occur  and  induce  the 
thermal  deterioration  of  the  frozen  earth 
embankment . 

Several  earthfill  dams  were  built  at  the  Lupin 
mine  to  enclose  a  small  watershed  and  to  form 


a  mine  tailings  pond.  The  dams  were  instru¬ 
mented  with  thermistor  strings  and  frequently 
surveyed  with  a  prototype  ground  radar.  This 
paper  reviews  the  design  and  performance  of 
three  of  these  dams.  The  results  of  the  ground 
temperature  and  radar  pxofiles  are  compared  for 
various  seasons  to  reconstruct  the  transient 
thermal  regime  at  uninstrumented  sections. 

This  paper  also  discusses  the  significance  of 
the  findings  for  design  and  monitoring  of 
future  earthfill  structures  in  the  North. 

BACKGROUND  INFORMATION 

Location 

The  Lupin  mine  is  situated  on  the  shores  of 
Contwoyto  Lake,  some  380  km  northeast  of 
Yellowknife,  N.W.T.  (Figure  1).  The  area  is 
characterized  by  low  relief  (less  than  IS  m), 
a  poorly  developed  drainage  pattern,  numerous 
shallow  lakes  and  cold  permafrost.  The  mine 
is  only  accessible  by  aircraft  during  the 
summer  or  by  a  400  km  ice  road  during  the 
winter . 
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The  mean  annual  air  temperature  is  -12.1°C  with 
freezing  and  thawing  indices  of  5100  and  esO'C- 
days  respectively.  Total  yearly  precipitation 
is  275  mm.  LaKe  ice  reaches  a  thickness  of  2m. 

A  614  ha  watershed  was  formed  by  damming  a 
seasonal  creek  and  five  saddles  which  connected 
at  various  elevations  with  adjoining  watersheds 
(Figure  1).  The  dams  were  built  during  the 
summer  of  1981.  Prior  to  impoundment,  the 
tailings  pond  area  contained  15  lakes  up  to  15 
ha  in  area  and  with  water  1  to  6  m  deep.  Since 
1985,  the  tailings  area  has  been  divided  in 
two  ponds:  an  upper  pond  (1)  which  receives 
the  mill  water  and  allows  the  solids  to  settle, 
and  a  lower  pond  (2)  which  stores  the  clarified 
and  partially  treated  water  (treatment  is 
carried  out  while  decanting  water  from  the 
upper  to  the  lower  pond)  prior  t  discharge 
into  the  natural  environment. 

The  three  dams  which  are  the  subject  of  this 
paper  are:  Dams  lA,  2  and  J  shown  on  Figure  1. 
Dam  lA  was  built  across  the  valley  of  an 
intermittent  creek,  the  outlet  of  the  enclosed 
basin.  At  the  time  of  construction,  the  talik 
beneath  the  bed  of  the  intermittent  outlet 
could  not  be  completely  subexcavated  because 
of  its  saturated  state  and  of  the  lack  of  time 
for  completion  during  the  same  construction 
season.  temperature  measuremeots  have  since 
shown  the  talik  to  extend  5  m  below  the 
original  ground  surface.  Dam  2  was  built  over 
undisturbed  permafrost  between  two  lakes. 
Finally,  Internal  Dam  J  was  built  across  the 
impounded  reservoir.  Internal  Dam  J  was  built 
where  a  shallow  lake  (up  to  3  m  deep)  used  to 
be  and  is  about  13  m  high  from  toe  to  crest. 

The  water  depth  in  the  tailings  basin  at  the 
time  of  construction  was  about  7  m.  The  dam 
has  water  on  both  sides. 

Subsurface  Conditions 

The  detailed  geology  and  geomorphology  at  the 
dams  are  discussed  in  Holubec  et  al.  (1982) 
and  Dufour  and  Holubec  (1988).  One  or  two  test 
holes  were  drilled  at  each  dam  site  during  the 
winter  of  1980-81  for  preliminary  planning 
purposes.  A  go-ahead  decision  was  taken 
shortly  after  completion  of  the  preliminary 
engineering  study  and  further  field  investiga¬ 
tions  were  not  carried  out.  The  site  of 
Internal  Dam  J  was  never  investigated  as  it 
was  not  part  of  the  initial  tailings  management 
plan.  The  following  observations  were  made  at 
seven  test  holes  within  the  tailings  area. 

Their  results  concur  with  those  of  neatly  30 
holes  drilled  for  the  airstrip  and  the  mine 
facility  nearly  3  km. 

The  overburden  is  thin  and  consists  of  silty 
sand  till  0  to  7  m.  The  surface  is  covered  by 
a  thin  organic  layer  up  to  45  cm  thick  in  wet 
depressions.  The  till  has  from  12  to  424  fine¬ 
grained  silt  and  up  to  204  cobbles  and  boulders 
by  weight. 

The  bedrock  is  generally  competent  phyllite 
with  a  weathered  zone  extending  1.5  to  3  m 
deep.  The  bedrock  is  generally  highly 
fractured  within  the  weathered  zone.  Frost- 
thrustcd  blocks  (felsenmeer)  are  common  on 
rock  outcrops. 


The  soil  and  rock  are  permanently  frozen.  The 
thickness  of  the  active  layer  varies  from  0.6  m 
in  thickly  vegetated  areas  with  overburden 
cover  to  about  2.5  m  in  general  and  up  to  7  m 
occasionally  in  barren  exposed  bedrock  areas. 
Ice  lensing  was  observed  to  be  of  rate  occur¬ 
rence.  The  largest  ice  layer  observed  was  80 
mm  thick.  Other  lenses  observed  were  smaller 
than  25  mm.  The  average  moisture  content  is 
14%.  The  undisturbed  mean  annual  ground 
temperature  was  measured  to  be  about  -i^C. 

Based  upon  observations  in  the  mine,  the 
regional  permafrost  base  extends  to  over  400  m 
deep . 

The  silty  sand  dam  foundation  and  the  thin 
overburden  cover  on  fractured  bedrock  could 
pose  substantial  seepage  and  stability  problems 
for  a  water  retaining  dam  on  an  unfrozen 
foundation.  In  view  of  the  cold  permafrost 
regime,  it  was  deemed  that  seepage  could  be 
prevented  with  a  frozen  dam  core. 

Dam  Cross-Section 

Dams  lA  and  2  consist  of  a  summer  compacted, 
sorted  silty-sand  till  (with  no  cobbles  or 
boulders)  core  built  over  the  surface  stripped 
of  organics.  An  impermeable  membrane  was 
provided  on  the  upstream  face  and  keyed  into 
the  permafrost  at  the  upstream  toe  (Figures  2 
and  3).  The  minimum  soil  cover  on  the  membrane 
is  2  m. 

Allowing  for  the  thawing  of  the  upper  2  m  of 
overburden,  it  was  predicted  that  the  6  m  high 
stage  I  dam  would  freeze  back  in  three  winters 
at  most.  The  prediction  was  based  upon  the 
review  of  other  case  histories  and  upon  one¬ 
dimensional  heat  transfer  analysis  (Holubec  et 
al.,  1982). 

Construction  and  Post-Construction  Performance 

Dams  lA  and  2  were  built  during  the  summer  of 
1981.  The  construction  sequence  consisted  of 
first  placing  the  drainage  blanket  which  also 
served  as  the  access  road.  This  was  followed 
by  building  the  part  of  the  dam  downstream  of 
the  impermeable  liner,  excavating  the  key 
trench,  placing  the  liner  and  finally  covering 
the  impermeable  liner  to  the  crest. 

Prior  to  placing  fill  the  dam  base  areas  were 
stripped  of  organics  and  hummocky  soil  down  to 
frozen  till.  Stripping  was  immediately 
followed  by  fill  placement  to  minimize  frost 
degradation  of  the  in-situ  till.  Construction 
of  the  dams  was  completed  to  elevation  485  m 
in  early  October  1981. 

During  construction,  significant  unfrozen  soils 
were  encoun'eted  at  the  location  of  the  inter¬ 
mittent  basin  outlet  (north  end  of  Dam  lA) . 

The  saturated  soils  could  not  all  be  removed 
(for  lack  of  adequate  equipment  and  time)  and 
the  area  was  identified  for  post-construction 
monitoring.  Mill  tailings  and  effluent  pro¬ 
duction  began  in  Hay  1982  and  shortly  after 
thaw  in  July  1982,  seepage  was  observed  at  the 
downstream  toe  of  Dam  lA.  A  downstream  blanket 
was  placed  to  ballast  the  dam  toe  and  an  up¬ 
stream  silty  sand  blanket  was  also  built  to 
reduce  the  seepage.  None  of  the  other  dams 
experienced  water  seepage. 


1002 


During  the  winters  of  1983-84  and  1984-85,  the 
snow  was  kept  cleat  of  both  the  upstream  and 
downstream  toes  of  Dam  lA.  Snow  usually- 
drifted  to  about  2  m  deep  on  the  toes  of  the 
dam.  thus  providing  significant  insulation. 

During  the  summer  of  1984,  the  pond  water  level 
was  neat  minimum  freeboard  at  Dams  lA  and  2. 

The  water  elevation  was  higher  than  the  eleva¬ 
tion  of  the  base  of  the  active  layer  on  the 
bedrock  hill  between  the  dams.  The  hydraulic 
gradient  thus  created  caused  escape  of  water 
through  a  heavily  fractured  area  just  beyond 
the  south  abutment  of  Dam  2.  The  seepage 
stopped  upon  freezing  in  the  fall. 

In  August  1984,  Dam  lA  and  2  were  raised  to 
crest  elevation  486.5  m  by  end-dumping  unsotted 
overburden  materials  on  the  downstream  side  of 
the  crest. 

The  tailings  pond  was  drawn  down  during  the 
summers  of  1985  and  1986  because  it  had  reached 
minimum  freeboard  and  the  water  quality  was 
acceptat'e  for  discharge  into  the  natural 
environment . 

Internal  Dam  J  (Figure  4)  was  built  in  1985  to 
divide  the  existing  pond  in  two  basins  for 
water  treatment  purposes  as  mentioned  earlier. 
Dam  J  was  built  with  150  mm  minus  mine  waste 
rock  (run-of-mill  fill)  dumped  through  the  ice 
in  the  winter.  It  is  estimated,  based  upon 
bathymetric  soundings  taken  in  1980,  that 
internal  Dam  J  was  built  in  7  m  of  water.  The 
dam  was  built  with  few  controls  and  is  rather 
irregular  in  cross-section  due  to  several 
failures  which  resulted  from  the  thawing  of 
ice  entrapped  in  the  fill  during  construction. 
The  waste  rock  material  is  relatively  permeable 
and  is  unable  to  support  s  fluid  head  across 
the  dam.  Hence  during  the  summer,  dry  tailings 
were  borrowed  from  the  existing  tailings  delta 
and  placed  against  the  upstream  side  in  a  thin 
layer.  The  following  years  Internal  Dam  J  was 
widened  on  the  downstream  side  in  an  attempt 
to  take  advantage  of  the  cold  winter  tempera¬ 
tures  in  building  up  a  frozen  cote  which  could 
further  seal  the  dam. 

It  is  interesting  to  note  that  the  contaminated 
water  has  its  freezing  point  depressed  and  that 
the  growth  of  a  watertight  frozen  core  cannot 
be  judged  on  the  progress  of  the  C’C  isotherm. 
In  other  words,  to  be  watertight,  the  ground 
needs  to  be  colder  than  O^C.  The  actual 
freezing  point  depression  remains  undetermined 
at  this  time. 

THERMAL  REGIME 

Instrumentation 

The  first  set  of  thermistor  strings  was  in¬ 
stalled  by  Echo  Bay  Mines  Ltd.  in  May  1982  to 
obtain  preliminary  ground  temperature  data  to 
a  maximum  depth  of  8  m.  In  April  1983,  new 
and  permanent  thermistor  strings  were  installed 
to  formally  monitor  the  dams'  thermal  regime 
but  again  limited  to  8  m.  Two  15  m  deep 
strings  were  installed  in  October  1983.  Most 
instruments  were  lost  while  the  dams  were 
raised  in  August  1984.  Thermistors  were  re¬ 
placed  in  April  1985  to  depths  varying  between 
15  m  and  25  m  at  one  section  through  each  of 
Dams  lA  and  2.  One  thermistor  string  was 


installed  at  Internal  Dam  J  just  before  this 
paper  was  written  in  August  1987. 

Dam  lA 

Based  on  preliminary  thermistor  readings  and 
seepage  observations  during  the  summer  of  1982, 
it  is  believed  that  the  fill  and  subjacent 
active  layer  froze  during  the  first  winter. 

Only  the  foundation  talik  beneath  the  old  creek 
bed  remained  unfrozen.  The  1983  ground  tempera¬ 
ture  readings  on  Figure  5  show  that  the  founda 
tion  is  just  below  0°C  at  the  fill/foundation 
interface  and  just  above  0°C  at  bedrock.  The 
talik  was  defined  to  extend  down  to  elevation 
473  m,  or  3  m  into  a  bedrock. 

All  thermistors  below  the  crest  of  Dam  lA  at 
the  creek  section  (along  string  DlA-12)  show  a 
cooling  trend.  There  is  also  a  net  drop  in 
ground  temperature  after  the  pond  level  was 
drawn  down  in  1985  and  the  seepage  consequently 
reduced.  The  pond  level  fluctuations  are  shown 
in  Figure  5.  For  example,  at  18  m  deep,  the 
temperature  dropped  from  -1.5°C  to  -2.2°C. 

It  is  interesting  to  note  that  after  1985  the 
amplitude  of  seasonal  variations  increased. 

This  is  most  likely  due  to  better  heat  transfer 
and  deepening  of  the  depth  of  zero  seasonal 
fluctuations  following  the  freeze-back  of  the 
underlying  soils. 

The  talik  froze  back  at  the  instrumented 
section  during  the  winter  of  1984-85,  four 
years  after  construction.  There  is  little 
doubt  that  snow  clearing  at  the  dam  toes 
played  a  large  role  in  the  talik  freeze-back. 

The  isotherms  in  Figure  6  show  the  thermal 
regime  as  at  August  1987.  The  dam  section  is 
comfortably  below  0®C  and  well  within  the  depth 
of  large  seasonal  variations.  A  bulb  colder 
than  extends  from  the  downstream  area  into 

the  central  co’-'.  Readings  discussed  above 
show  this  cort  is  still  expanding  (cooling). 

Dam  2 

The  fill  and  thawed  part  of  the  foundation 
soils  froze  completely  during  the  first  winter. 
This  section  is  representative  of  all  of  Dam  2 
and  of  the  pact  of  Dam  lA  outside  the  talik 
area.  At  mid-summer  1982,  thermistors  showed 
a  dam  core  temperature  of  -l'’C  (Holubec  et  al., 
1982).  By  the  summer  of  1987,  the  ground 
temperature  at  the  same  location  was  down  to 
-a'C  (Figure  7). 

The  evolution  of  the  ground  temperature  is 
shown  on  Figure  8.  All  curves  for  the  deep 
sensors  beneath  the  dam  cote  show  a  coding 
trend.  It  is  conceivable  that  the  temperatures 
will  eventually  approach  the  mean  annual  ground 
temperature  of  the  area.  Figure  8  also  shows 
that  the  depth  of  zero  sea.,onal  variations  is 
about  18  m. 

The  1986  pond  drawdown  appears  to  have  been 
followed  by  a  0.4°C  temperature  drop  at  20  m 
beneath  the  dam  crest  (elevation  466  m) . 

Figure  7  illustrates  the  isotherms  as  at 
August  1987.  The  foundation  beneath  the  cote 
is  colder  than  -B'C  and  the  dam  core  itself  is 
clearly  within  the  depth  of  great  seasonal 
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temperature  variations.  A  natural  lake  some 
100  m  downstream  of  the  dam  probably  Influences 
the  position  of  the  -4“C  isotherm. 

Internal  Dam  J 


Ground  temperature  data  collection  at  internal 
Dam  J  commenced  at  the  time  of  writing  and  is 
not  yet  available.  It  can  be  inferred  that 
the  complete  dam  section  was  probably  unfrozen 
during  construction  and  until  the  dam  was 
widened . 


of  1986.  Internal  Dam  J  was  resurveyed  in 
April  of  1987.  A  third  site.  Dam  lA  (Figure 
1)  was  surveyed  in  late  September  of  1986  and 
resurveyed  in  April  of  1987. 


The  dams  were  profiled  using  an  A-Cubed  Pulse- 
EKKO  III  ground  probing  radar  equipped  with  50 
and  100  MHz  antennas.  The  horizontal  axis  on 
the  radar  profiles  represents  the  distance 
.ong  the  dam.  while  the  vertical  axis  repre¬ 
sents  travel  time  (nanoseconds)  to  a  particular 
reflection  event. 


It  is  likely  that  a  significant  talik  existed 
beneath  the  formei  lakes  over  which  part  of 
the  dam  is  built.  As  for  former  dry  land,  it 
is  estimated  that  there  could  be  up  to  5  m  of 
thaw.  Hence  the  thermal  regime  beneath  In¬ 
ternal  Dam  J  is  quite  complex  and  varies 
significantly  along  its  length. 

GROUND  PROBING  RADAR  SURVEYS 

Ground  probing  radar  (GPR)  surveys  were  under¬ 
taken  during  late  June  and  September  of  1986 
and  April  of  198'’  along  Dams  lA,  2  and  J.  The 
purpose  of  the  GF I  surveys  was  to  establish  if 
a  high  resolution  geophysical  technique,  such 
as  ground  probing  radar,  could  detect  unfrozen 
zones  (taliks)  wii.hin  or  below  the  dams  and  so 
reveal  a  picture  of  the  dam  and  overburden 
conditions . 

Ground  probing  r. dar  is  a  fairly  new  geophysi¬ 
cal  tool,  the  fi.::  models  being  commercially 
available  in  the  mid  nineteen-seventies.  GPR 
is  similar  in  principle  to  the  reflection 
seismic  method  in  that  a  pulse  of  energy  is 
directed  into  the  ground  and  the  arrival  times 
of  reflections  from  subsurface  interfaces  are 
recorded.  Seismic  and  ground  radar  records 
are  very  similiar,  the  most  visible  difference 
being  in  the  magnitudes  of  the  vertical  time 
scales.  The  main  difference  between  the  tech¬ 
niques  is  that  radar  uses  an  electromagnetic 
as  opposed  to  an  acoustic  energy  source.  Radar 
possesses  a  much  more  limited  depth  of  penetra¬ 
tion  than  seismic,  typically  of  the  order  of 
50  m  or  less,  but  provides  a  significant  in¬ 
crease  in  resolution.  Subsurface  resolution 
is  dependant  upon  the  pulse  length  and,  as 
such,  can  be  as  lo./  as  0.5  m.  This  high 
spatial  resolution  can  be  important  in  the 
solution  of  complex  near  surface  problems. 

The  depths  to  specific  reflectors  are  calcu¬ 
lated  from  a  knowledge  of  the  subsurface  radar 
velocity  distribution.  In  air.  the  radar 
pulse,  typically  in  the  MHz  or  GHz  frequency 
range,  travels  with  the  speed  of  light 
(0.3  m/ns).  In  the  ground  the  pulse  travels 
with  a  velocity  which  is  dependent  upon  the 
electrical  properties  of  the  material 
traversed.  This  vilocity  will  be  some  appre¬ 
ciable  fraction  of  the  speed  of  light,  usually 
between  10\  and  50\.  The  radar  velocity  dis¬ 
tribution  in  the  ground  can  be  determined,  as 
in  the  case  of  seismic  surveys,  by  a  common 
depth  point  sounding  (CDP)  (Annan  and  Davis, 
1976).  Subsurface  velocities  to  different 
interfaces  are  calculated  from  a  plot  of 
antenna  separation  versus  travel  time. 

Dam  surveve 

Dams  2  and  J  were  initially  surveyed  in  June 


Dam  lA 

Dam  lA  was  surveyed  with  the  object  of  mapping 
one  or  more  large  unfrozen  zones  (taliks)  which 
were  thought  to  exist  in  the  dam's  foundation. 
This  dam  was  surveyed  using  the  100  MHz  an¬ 
tennas  in  September  of  1986  in  order  to  provide 
the  best  subsurface  resolution.  The  April  1987 
survey  employed  the  50  MHz  antennas  to  achieve 
maximum  penetration  in  the  absence  of  an  active 
layer.  The  station  interval  was  2  m. 

Two  radar  profiles  were  obtained  at  this  site, 
one  along  the  crest  of  the  dam  and  one  at  a 
lower  elevation  along  the  downstream  toe  road. 
The  latter  profile  is  shown  in  Figure  10. 

Common  depth  point  soundings  were  taken  in  both 
cases.  The  ground  wave  velocities  at  the  top 
of  the  dam  and  on  the  access  road  are  0.094 
and  0.081  m/ns  respectively.  These  are 
approximately  equal  to  the  velocity  estimates 
for  Dam  2  discussed  later. 

The  profile  along  the  crest  of  the  dam  shows 
strong  reflections  from  the  interface  between 
the  original  silty-sand  fill  and  the  gravelly- 
sand  material  used  in  raising  the  dams.  The 
interface  between  the  dam  fill  and  the  original 
overburden  is  also  evident.  The  bedrock/over- 
burden  interface  is  not  obvious  on  this  pro¬ 
file.  The  holes  drilled  from  the  top  of  the 
dam,  DlA-11  and  DlA-12,  indicate  that  bedrock 
is  at  least  10  m.  This  corresponds  to  a 
minimum  of  220  ns  in  radar  travel  time. 

The  300  m  profile  along  the  downstream  toe 
road  (Figure  9)  shows  three  strong  reflectors 
(Figure  10).  Reflector  R1  represents  the 
interface  between  the  gravelly-sand  dam  fill 
and  the  original  silty-sand  dam  fill.  Reflec¬ 
tor  R2  represents  the  interface  between  the 
silty-sand  dam  fill  and  the  natural  overburden. 
Reflector  R3  represents  the  bedrock  interface. 
Drillhole  DlA-lO  intersects  the  bedrock  at  5.2m 
deep.  The  depth  to  bedrock  at  DlA-10  as  cal¬ 
culated  from  the  radar  profile  is  5.1  u.  The 
radar  profile  shows  a  pronounced  dip  in  the 
bedrock  topography  between  locations  130  m  and 
210  m  along  the  profile.  This  agrees  with  the 
drillhole  data  which  indicates  that  the  bedrock 
interface  is  substantially  deeper  (more  than 
10  m)  at  station  166  m. 

Generally,  returns  are  recorded  to  depth  along 
the  length  of  the  profile.  Two  zones  showing 
an  absence  of  deeper  reflections  ace  marked  on 
the  profile.  These  are  areas  of  high  electro¬ 
magnetic  attenuation  which  are  probably 
partially  to  substantially  unfrozen.  The 
absorption  of  electromagnetic  energy  in  the 
central  unfrozen  zone  has  resulted  in  an 
extremely  weak  reflection  from  the  bedrock 
interface  between  170  m  and  195  m  (as  indicated 
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by  the  dashed  line).  Fucthecmore  the  lower 
radar  pulse  velocity  associated  with  this  zone 
has  depressed  that  portion  of  the  bedrock 
reflector  which  is  visible.  The  bedrock  inter¬ 
face  thus  appears  slightly  deeper  than  it 
actually  is  in  this  region. 

The  thaw  zone  between  stations  60  and  90  m 
corresponds  with  the  stream  bed  leading  out  of 
the  original  watershed,  confirming  that  a  talik 
existed  prior  to  dam  construction.  The  top  of 
the  zone  lies  at  a  depth  of  about  S  m.  Thawing 
of  the  overlying  overburden  and  dam  fill  has 
occurred  under  locations  180  m  to  190  m. 

Thermistors  DlA-10,  -12  and  -13  are  located  on 
the  southern  edge  of  this  talik  which  has  re¬ 
duced  in  extent  since  the  construction  of  the 
dam.  The  talik  starts  at  the  top  of  bedrock 
beneath  frozen  overburden.  The  depth  extent 
of  this  talik  is  not  indicated  by  the  radar 
profile. 

Dam  2 

Dam  2  was  surveyed  with  the  object  of  mapping 
the  sub-dam  bedrock  and  overburden  competency. 
The  1984  seepage  was  observed  to  occur  around 
the  south  abutment  of  the  dam,  near  station 
310  m  on  the  radar  profile  (Figure  11).  The 
core  extracted  from  a  drillhole  at  location 
3S6  m,  beyond  the  end  of  the  radar  profile, 
showed  substantial  fracturing  through  the 
first  5  m  of  bedrock. 

Dam  2  was  profiled  from  north  to  south  using 
the  50  MHz  antennas.  The  transmitting  and 
receiving  antennas  were  separated  by  4  m  and 
the  station  spacing  was  4  m. 

The  interpretated  stratigraphy  is  shown  on  the 
radar  profile  in  Figure  11.  The  velocity 
(0.11  m/ns),  determined  from  CDP  soundings, 
can  be  used  to  calculate  the  depths  to  re¬ 
flectors  1,  2  and  3  indicated  on  Fig.  11 
(LaFleche  et  al.,  1987b). 

Reflector  1  is  at  a  depth  of  about  2.0  m 
appearing  to  combine  the  boundary  between  the 
new  and  old  dam  material  and  the  depth  of  the 
active  layer.  Temperature  data  from  ther¬ 
mistors  D2-5  and  D2-6  indicate  that  the  latter 
should  reside  between  2  and  3  m.  Since  both 
interfaces  could  be  roughly  coincident  at  this 
time  of  year  it  would  be  difficult  to  resolve 
them  as  separate  events.  It  can  however  be 
observed  that  in  many  places  reflector  1  is 
represented  by  a  broad  double  pulse  indicative 
of  a  complex  boundary.  The  new  dam  fill  is 
coarser  sand  which  should  retain  much  less 
moisture  than  the  original  silty-sand  till. 

Such  an  interface  should  provide  a  good  elec¬ 
trical  contrast  as  indicated  by  reflector  1. 

Reflector  2  is  at  a  depth  of  about  4.2  m  and 
represents  the  interface  of  the  silty-sand  fill 
with  the  natural  silty  sand  overburden.  The 
natyral  overburden  should  contain  considerably 
more  frozen  water  than  the  dam  fill  resulting 
In  a  strong  electrical  contrast.  The  dam  fill 
material  was  obtained  by  drying  excavated 
natural  overburden  material  to  substantially 
reduce  its  water  content. 

Reflector  3  varies  considerably  in  depth  along 
the  profile.  It  represents  the  top  of  the 


bedrock.  A  substantial  (5  m)  dip  in  the  bed¬ 
rock  topography  is  observed  near  the  middle  of 
the  dam  (at  distance  along  the  profile  of  110 
to  222  m) .  Drillholes  D2-6  and  D2-7  (Figure 
11)  indicate  bedrock  depths  of  4.1  and  10.4  m 
respectively.  The  depths  calculated  at  D2-6 
and  D2-7  from  the  radar  profile  are  5.9  and 
9.5  m  respectively.  The  discrepency  arises 
from  an  uncertainty  of  the  true  velocity  pro¬ 
file.  Each  layer  of  dam  fill  possesses  its 
own  radar  velocity  and  thickness  and  these 
should  be  taken  into  account  when  calculating 
the  true  depth  to  bedrock. 

Strong  reflections  are  observed  within  the 
bedrock.  These  most  likely  represent  included 
ice  within  the  phyllite;  the  ice  could  be 
present  either  along  cleavage  planes  or  in 
fractures  and  joints.  The  bedrock  material 
should  possess  a  higher  radar  velocity  than 
the  natural  silty  sand  overburden;  the  addi¬ 
tion  of  an  increased  thickness  of  lower 
velocity  material  stretches  out  the  traces  in 
this  area  yielding  a  distorted  image  of  the 
deep  structure. 

Internal  Dam  J 

Internal  Dam  J  was  surveyed  with  the  object  of 
confirming  the  prescence  of  seepage  zones  and 
channels  through  either  the  dam  itself  or  its 
foundation.  The  dam  was  profiled  using  the  50 
MHz  antennas  in  June  1986  and  April  1987.  The 
transmitter-receiver  separation  and  the  station 
spacing  were  4  m  for  the  June  1986  survey  and 
2  m  for  the  1987  survey  respectively.  A  CDP 
sounding  was  taken  near  the  north  end  of  the 
dam.  The  radar  profiles  over  the  dam  are  shown 
in  Figures  13  and  14.  CDP  soundings  taken  in 
September  1986  and  April  1987  indicate  that 
the  top  layer  velocity  is  0.14  m/ns. 

In  the  initial  survey  (Figure  12)  the  depth  of 
penetration  of  the  radar  Is  quite  limited  over 
the  dam  itself.  This  is  evidenced  by  the  lack 
of  returns  at  mid  to  late  times  at  locations 
40  m  to  200  m  along  the  profile.  The  high 
water  content  and  unfrozen  nature  of  the  over¬ 
burden  under  Internal  Dam  J  limits  the  pene¬ 
tration  of  the  radar  pulse.  Note  that  the 
rather  clean  radar  traces  directly  under  Dam  J 
are  in  direct  contrast  to  the  profile  presented 
for  Dam  2  (Figure  10)  where  strong  reflections 
are  indicated  to  depth.  The  traces  at  either 
end  of  Internal  Dam  J,  that  is  in  the  areas 
not  originally  submerged,  exhibit  the  latter 
character . 

These  initial  survey  results  confirm  that 
several  possible  seepage  paths  from  Pond  1  to 
Pond  2  are: 

Through  the  thin  tailings  sand  liner. 

Through  channels  left  by  the  melting  of 

lake  ice  entrapped  with  the  waste  mine  rock 

during  dam  construction. 

-  Through  the  unfrozen  lake-bottom  foundation. 

The  results  of  the  April  1987  survey  (Figure  13), 
conducted  along  the  newly  widened  and  raised  dam, 
show  that  radar  penetration  has  increased  signifi¬ 
cantly  under  the  dam  itself,  suggesting  that  the 
dam  fill  has  frozen  considerably  over  the  winter  of 
1986/87.  Figure  14  shows,  for  comparison,  the 
interpreted  stratigraphic  section  for  the  April 
1987  survey.  The  interface  between  the  old  rock 
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fin  and  the  new  fill  is  clearly  visible  in  the 
radar  profile.  The  base  of  the  dam  can  now  be 
traced  across  the  old  lake  bed. 

CONCLUSIONS 

The  experience  at  the  Lupin  mine  shows  that  water¬ 
tight  frozen  core  dams  can  be  economically  con¬ 
structed.  The  performance  of  the  dams  from  both  an 
engineering  and  an  environmental  point  of  view  has 
been  highly  satisfactory.  The  seepage  at  Dam  lA 
was  always  minor  and  no  significant  trace  of  con¬ 
taminants  was  ever  detected  downstream.  The  froeze- 
back  effectively  occuted  during  the  first  freezing 
season  and  has  been  monitored  using  a  combination 
of  ground  instrumentation  and  geophysical  tech- 
nigues.  The  ground  beneath  the  former  intermittent 
creek  was  initially  thawed  to  a  depth  of  6  m  below 
original  ground  and  has  been  freezing  back  since 
the  end  of  construction. 

The  case  of  Internal  Dam  J  will  provide  in  time  an 
interesting  study  of  freezeback  of  a  large  water 
retaining  structure  constructed  over  frozen  ground 
and  under  operating  conditions. 

The  ability  of  GPR  to  image  the  ground  allows  not 
only  resolution  of  the  dam  structures,  sub-dam 
overburden  conditions,  bedrock  topography  and  depth 
of  thaw,  but  also  unfrozen  zones  (taliks)  within 
the  overburden. 

The  ground  probing  radar  surveys  were  able  to  yield 
considerable  information  on  the  dam  thermal  (and 
hence  hydrological)  performance.  This  information 
corresponded  well  to  the  known  subsurface  condi¬ 
tions.  The  radar  was  also  useful  in  extending  our 
knowledge  of  the  subsurface  to  areas  where  little 
was  previously  known.  Radar  surveys  should  be  a 
powerful  technique  for  pre-construction  site  in¬ 
vestigation  and  for  monitoring  both  before  and 
after  dam  construction.  Poor  quality  of  bedrock, 
such  as  on  the  ridge  between  Dams  lA  and  2,  can  be 
detected  in  advance  and  integrated  into  the  design 
when  necessary.  Two  probable  thaw  zones  under  Dam 
lA  were  identified  on  the  radar  profile.  These 
corresponded  well  with  the  existing  ground  tempera¬ 
ture  data.  Likewise  the  radar  was  able  to  detect 
the  unfrozen  initial  state  of  Internal  Dam  J  and 
follow  its  cooling  with  time.  The  major  advantage 
of  the  radar  is  that  it  is  able  to  map  the  total 
extent  of  the  thaw  zones  between  drillholes. 

Given  seasonal  ground  temperature  variations, 
it  would  be  advantageous  to  monitor  the  dam  condi¬ 
tions  with  the  radar  at  several  times  during  the 
year.  This,  in  conjunction  with  the  on-going 
temperature  monitoring  program,  would  allow  determi¬ 
nation  of  any  long  terra  changes.  A  combined  geo¬ 
physical  and  thermal  history  of  these  sites  will  be 
an  important  case  study  in  the  consideration  of 
similar  developments  on  this  type  of  permafrost. 


ACKNOWLEDGEMENT 

Geological  Survey  of  Canada,  Contribution  No.  37687. 


ACKNOWLEDGEMENTS 

The  authors  wish  to  gratefully  acknowledge  the 
cooperation  and  assistance  o  all  Echo  Bay  Mines 
Ltd.  staff  and  particularly  Mssrs.  H.  Wilson  and 
R.  Gilroy.  The  contribution  of  Dr.  I.  Holubec,  P. 
Eng.  of  Geocon  Inc.  in  the  design  of  the  dams  and 
in  setting  up  the  monitoring  programme  is  also 
recognized.  The  work  was  supported  in  part  by 
grants  from  the  National  Research  Council  of  Canada 
and  Energy,  Mines  and  Resources,  Canada.  Funding 
assistance  has  also  been  provided  by  the  Northern 
Environmental  Directorate  of  Indian  and  Northern 
Affairs  Canada. 

REFERENCES 

Annan,  A.P.,  and  Davis.  J.L.  (1976).  Impulse  radar 
sounding  in  permafrost.  Radio  Science,  11,  pp. 
383-394 . 

Dufour,  S.  and  1.  Holubec  (1988).  "The  Performance 
of  an  Earthfill  Tailings  Dam  in  the  High 
Arctic".  Proc.  V.  Int.  Conf .  on  Perm., 

Trondheim,  Norway  (in  press). 

Environment  Canada,  Atmospheric  Environment  (1975). 
Canadian  Normals,  Temperature.  Volume  l-SI, 
198pp.  No.  U.S.C.  551-582  (71),  Downsview, 
Ontario. 

Futwilder,  C.W.  (1973).  Thermal  regime  in  an  Arctic 
earthfill  dam.  Proc.  2nd  Int.  Conf.  on  Perm., 
Yakutsk,  U.S.S.R..  North  Am.  Cont.,  U.S. 

National  Academy  of  Sciences,  622-628. 

Holubec,  I..  Zehir,  T. ,  Dufour,  S.  (1982). 

Earthfill  Dam  Design  and  Construction  in  Cold 
Permafrost  at  Contwoyto  Lake,  N.W.T.  35th  Can. 
Geot.  Conf.,  Montreal,  Quebec,  Canada. 

LaFleche,  P.T.,  Judge,  A.S.,  and  Taylor.  A.E. 

(1987a).  Applications  of  geophysical  methods  to 
resource  development  in  northern  Canada.  CIM 
Bulletin,  80,  p. 78-87. 

LaFleche,  P.T..  Judge,  A.S.,  and  Pilon,  J.A. 

(1987b).  Ground  probing  radar  in  the 
investigation  of  the  competency  of  frozen 
tailings  pond  dams.  Current  Research,  Part  A, 
Geological  Survey  of  Canada,  Paper  87-lA, 
p.  191-197 . 

Morey,  R.M. ,  1974.  Continuous  subsurface  profiling 
by  impulse  radar:  Proceedings  of  the 
Engineering  Foundation  Conference  on  Subsurface 
Exploration  for  Underground  Excavation  and  Heavy 
Construction,  American  Society  of  Civil 
Engineers . 

Sayles,  F.H.  (1984).  Design  and  performance  of 
water-retaining  embankments  in  permafrost. 

Final  Proceedings  of  the  Fourth  International 
Conference  on  Permafrost,  Fairbanks,  Alaska,  pp. 
31-42. 


1006 


0 


600  m 


Figure  l.  Location  map  for  the  Lupin  mine  and  outline  of  the  tailings  facility 
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Figure  2.  Cross-section  of  Dam  lA. 
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Figure  8.  Borehole  thetmlster  temperatures  tor  Dam  2. 
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Figure  9.  A  100  MHz  radar  profile  along  the  Dam  lA  access  toad  in  September  of  1986. 
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Figure  10.  Interpreted  section  for  the  ground  radar  profile  along  the  Dam  lA  access  road. 
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Figure  13.  A  50  MHz  cadac  pcotile  along  Dam  J  in  April  of  1987. 
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Figure  14.  Interpreted  section  Cor  the  ground  radar  profile  along  Dan  J. 
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SYNOPSIS:  The  New  Austrian  Tunneling  Method  (NATM)  was  used  to  construct  considerable  portions  of 
the  Seoul  (Korea)  Subway  System  in  both  hard  rock  and  soft  ground.  This  paper  presents  results 
from  three  soft  ground  sections.  The  tunneling  was  performed  under  adverse  conditions  including 
high  groundwater,  some  soft  soils,  and  lack  of  experienced  contractors  and  equipment.  Success  in 
overcoming  these  adversities  resulted  from  NATM's  flexibility,  particularly  in  the  way  that  exca¬ 
vation  and  ground  support  can  be  modified  to  contend  with  actual  conditions.  This  paper  presents 
the  most  important  aspects  of  this  NATM  application,  including  comparisons  between  design  calcula¬ 
tions  and  actual  results. 


INTRODUCTION 

From  1979  to  1985  the  city  of  Seoul,  Korea 
constructed  over  100  km  of  subway  alignment. 
The  rapid  schedule,  which  was  mandated  to 
prepare  the  city  for  the  1986  Asian  Games, 
meant  that  many  important  decisions  had  to  be 
made  in  a  short  period  of  time.  As  difficult 
as  this  task  would  seem  in  North  America  or 
Europe,  it  was  even  more  difficult  in  Korea. 
This  was  due  both  to  the  shortage  of  experi¬ 
enced  engineers  for  design  and  construction, 
and  the  reluctance  of  contractors  to  invest  in 
specialized  equipment  that  might  not  find  re¬ 
use  after  the  project  completion. 

The  completed  Seoul  subway  system  is  shown  in 
Figure  1.  Line  1  was  constructed  using  prima¬ 
rily  cut-and-cover  methods.  Line  2  used  the 
same  methods,  plus  steel  supported  tunneling  in 
the  mountainous  areas.  Lines  3  and  4.  under 
construction  from  1981  to  1985,  cross  in  the 
center  of  Seoul.  While  cut-and-cover  methods 
were  used  for  the  suburban  portions  of  these 
lines,  those  same  methods  would  have  imposed  a 
tremendous  negative  impact  on  the  city.  This 
would  have  included  noise  and  dust,  and  exten¬ 
sive  disruption  of  streets  and  utilities.  For 
this  reason  tunneling  methods  were  used  to  con¬ 
struct  approximately  15  km  of  subway  alignment 
within  the  center  of  the  city. 

The  geology  in  Seoul  creates  a  variable  depth 
to  rock.  Thus,  tunneling  would  encounter  both 
hard  rock  and  soft  ground  conditions.  Tradi¬ 
tional  steel  sets  would  have  required  extensive 
ground  improvement  in  the  soft  ground  sections, 
while  shield  driven  tunneling  could  only  be 
used  for  short  stretches  and  would  have  re¬ 
quired  frequent  changes  in  method.  In  addition, 
mobilizing  a  sufficient  number  of  shields  would 
have  negatively  impacted  an  already  tight 
schedule . 

Early  in  1982,  the  Seoul  Metropolitan  Subway 
Corporation  (SMSC)  decided  to  use  the  New 
Austrian  Tunneling  Method  (NATM)  for  ten  sec¬ 
tions  in  the  center  of  the  city.  NATM  was 


selected  because  of  its  ability  to  handle  both 
frequent  changes  in  ground  quality  and  tunnel 
geometries.  In  addition,  the  method  does  not 
require  specialized  and  sophisticated  tunneling 
equipment.  After  gaining  confidence  with  NATM, 
the  SMSC  selected  NATM  for  an  additional  seven 
sections.  The  senior  author's  firm  was 
directly  involved  with  seven  of  the  sections. 
This  paper  presents  the  results  of  soft  ground 
tunneling  on  three  of  those  sections. 


FIGURE  1  -  PLAN  OF  SEOUL  SUBWAY 
SYSTEM. 
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GEOLOGICAL  CONDITIONS 

Bedrock  in  Seoul  consists  of  both  granitic  and 
gneissic  rock.  The  rock  is  erratically  weather¬ 
ed  to  form  a  residual  soil  overburden.  The 
iepth  to  rock  fr^m  0  to  50  motors.  T^'C 

transition  to  rock  can  vary  significantly  over 
relatively  short  distances. 

The  degree  of  weathering  within  the  residual 
soil  generally  decreases  with  depth.  The 
upper,  completely  decomposed  granite  had  been 
subjected  to  the  most  intense  weathering  and 
had  lost  most  of  its  (apparent)  cohesion.  This 
material  was  generally  classified  as  a  silty 
sand  or  silty  clay.  The  lower  residual  soil, 
termed  the  weathered  granite,  was  generally 
more  compact  and  was  classified  as  a  silty 
sand.  Standard  penetration  resistances  varied 
from  20  to  60.  The  residual  soils  retained 
some  of  the  structural  features  of  the  parent 
rock,  including  relict  Joints  extending  up  from 
the  bedrock. 

The  groundwater  table  in  most  locations  was 
approximately  1.5  to  2  meters  below  the  ground 
surface.  This  was  generally  10  to  13  meters 
above  the  tunnel  crown. 


GENERAL  DESIGN  AND  CONSTRUCTION  CONSIDERATIONS 

This  paper  presents  important  aspects  of  the 
New  Austrian  Tunneling  Method  as  they  relate 
specifically  to  this  project.  Readers  who 
require  a  more  fundamental  understanding  of 
NATM  are  directed  to  papers  by  Rabcewicz  and 
Golser  (1973),  Mussger  (1982),  and  Gnilsen  and 
Mussger  (1987). 

The  decision  to  use  NATM  was  made  as  shaft 
sinking  was  underway  for  several  projects. 
Thus,  the  first  designs  were  expedited  so  as 
not  to  adversely  impact  the  construction 
schedule.  These  first  designs  were  based  on 
the  designer's  experience  and  on  some  simple 
calculations.  However,  it  was  required  that 
the  designs  be  sufficiently  detailed  to  allow 
the  contractors  to  prepare  the  required  equip¬ 
ment,  and  allow  fairly  adequate  quantity  take 
offs  for  cost  estimating. 

Finite  element  method  (FEM)  computations  were 
made  after  the  basic  design  was  finished,  and 
the  concept  was  sufficiently  discussed  with  the 
owner.  Results  of  the  computations  required 
some  minor  modifications  in  the  design.  Only 
very  limited  geomechanical  data  was  available 
at  the  time  of  design,  as  the  investigation  and 
testing  were  still  underway.  Thus,  input 
parameters  for  the  computations  were  more 
estimated  than  evaluated.  A  parametric  FEM 
study  was  performed  to  put  the  design  team  in  a 
position  to  later  compare  actual  measurement 
results  with  the  computed  ones,  and  thus 
improve  accuracy  of  the  input  for  further 
computations. 

A  uniform  tunnel  shape,  optimized  for  all  de¬ 
grees  ul  ground  stiffness,  was  developed  for 
use  in  all  sections.  To  account  for  the  an¬ 
ticipated  range  in  geologic  conditions,  four 
separate  ground  types  were  developed.  Of 
specific  interest  to  this  paper  are  Ground  Type 
III  (weathered  and  heavily  Jointed  rock),  and 


Ground  Type  IV  (soil).  The  desj-gr  for  Ground 
Type  III  involved  a  20  cm  thick  shotcrete 
lining  with  a  single  layer  of  wireraesh,  light 
steel  ribs  (depth  =  10  cm;  weight  =  20  kg/m) 
and  rock  bolts  (length  from  3  m  to  4  m).  The 
design  synijnc*  Typ<“  IV  involved  i  25  c.t 

shotcrete  lining  with  a  double  layer  of  wire- 
mesh  and  similar  steel  ribs  (no  rock  bolts). 
Figure  2  shows  the  typical  single  track  tunnel 
shape  and  Ground  Type  IV  support  elements. 


SHOTCRETE 


FIGURE  2  -  SINGLE-TRACK  TUNNEL  SHAPE 
AND  GROUND  TYPE  IV  SUPPORT 
ELEMENTS. 


Based  on  previous  experience  it  was  evident 
that  a  heading  and  bench  excavation  sequence 
would  be  required  in  the  soft  ground  sections 
(Ground  Type  IV)  to  avoid  problems  with  face 
stability.  It  was  considered  that  a  short 
bench  (that  is,  approximately  5  to  10  meters) 
would  not  yield  sufficient  stability,  particu¬ 
larly  considering  the  lack  of  experience  of 
local  contractors  with  NATM.  In  addition, 
large  equipment  to  excavate  the  top  heading 
from  the  tunnel  invert  (required  with  a  short 
bench  approach)  was  not  readily  available.  The 
decision  to  use  a  long  bench  required  the 
installation  of  a  temporary  invert  in  the  top 
heading  to  assure  stability  for  the  required 
time  period  (several  months).  The  original 
concept  had  been  to  excavate  the  entire  top 
heading  and  then  follow  with  the  bench  excava¬ 
tion.  However,  for  contractual  reasons  the 
contractors  more  typically  elected  to  stop  the 
top  heading  several  times  to  excavate  a  portion 
of  the  bench. 

The  high  groundwater  table  was,  of  course,  a 
major  consideration  within  the  soft  ground 
sections.  Adequate  dewatering  equipment  and 
other  ground  improvement  technology  was  not 
readily  available  within  Korea.  Thus,  the  soft 
ground  sections  were  advanced  with  a  "dewater 
as  you  go"  approach  from  inside  the  tunnel. 
The  methods  and  success  of  this  approach  are 
presented  within  the  detailed  discussions  of 
three  individual  sections. 
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Unreinforced  cast-in-place  concrete  was 
typically  used  for  the  single  track  tunnel 
final  lining.  The  designers  had  presented  the 
concept  of  a  completely  watertight  tunnel  with¬ 
out  permanent  drainage.  This  concept  involved 
a  continous  watertight  geomembrane  all  around 

tiinnol  hotwapn  the  initial  s^hotcrete  and 

final  concrete  liner,  with  the  geomembrane 
backed  by  a  geotextile  to  prevent  puncture. 
This  concept  had  been  proven  on  numerous  pre¬ 
vious  NATM  projects.  After  some  consideration, 
the  proposal  was  accepted  and  utilized  by  SMSC. 


SECTION  321 

Section  321  involved  two  single  track  tunnels 
each  850  meters  long,  plus  a  station  construct¬ 
ed  by  cut-and-cover  methods.  As  may  be  seen  in 
Figure  3,  geologic  conditions  in  this  section 
were  relatively  uniform.  The  tunnel  was  prima¬ 
rily  excavated  within  the  firm  to  dense 
residual  soil  (Ground  Type  IV)  with  only  one 
zone  of  hard  rock  extending  into  the  alignment. 
Groundwater  levels  were  approximately  12  m 
above  the  tunnel  crown. 

A  roadheader  was  originally  proposed  f<  :  the 
excavation.  However,  the  contractor  did  not 
want  to  invest  the  required  capital,  and  even 
refused  a  manufacturer's  offer  to  supply  a 
machine  free  of  charge  for  three  months  on  a 
trial  basis.  As  trials  with  a  backhoe  indi¬ 
cated  slow  progress  due  the  locally  dense 
zones,  a  hydraulic  rock  breaker  was  mounted  on 
a  small  backhoe  and  used  for  the  initial  por¬ 
tions  of  the  job.  Some  shaping  was  required 
utilizing  hand  operated  power  spades.  Later, 
blasting  was  used  to  increase  progress. 


As  previously  discussed,  a  top  heading  and 
bench  method  was  used  in  Ground  Type  IV.  The 
topheading  excavation  utilized  advance  lengths 
of  1.2  m.  Spiling  or  forepoling  was  generally 
not  used  except  in  locally  soft  areas  or  when 
problems  delayed  initial  support  installation. 
The  frst  layer  of  wire  mesh  and  shotcrete 
plus  the  steel  ribs  were  installed  after  every 
round.  The  second  wire  mesh  layer  and  the  re¬ 
maining  shotcrete  were  installed  after  every 
one  to  three  rounds.  The  design  called  for  the 
temporary  invert  to  trail  the  face  by  no  more 
than  5  m.  However,  in  practice,  distances  of 
20  m  were  common. 

The  residual  soil  generally  exhibited  stand-up 
times  of  several  hours.  Dewatering  in  advance 
of  tunneling  was  not  used  and  water  was  allowed 
to  seep  in  at  the  heading.  The  generally  low 
permeability  of  the  silty  sand  (probably  around 
10-4  cm/sec)  kept  seepage  inflows  to  minimal 
levels  and  did  not  adversely  afiect  stability. 
The  shotcrete  generally  adhered  to  the  wet  soil 
and  was  aided  in  this  process  by  the  presence 
of  the  wire  mesh. 

In  the  initial  stages  of  construction,  lack  of 
equipment  and  sufficiently  experienced  laborers 
considerably  slowed  the  progress.  However,  due 
to  the  generally  favorable  soil  conditions,  the 
tunneling  progressed  without  major  difficul¬ 
ties.  With  increased  experience  of  the  mining 
crews  the  progress  reached  a  normal  advance 
rate  of  2.5  meters  per  day  in  each  heading. 

Tunneling  in  the  city  center  required  that 
surface  settlements  be  kept  to  a  minimum.  When 
utilizing  NATM,  control  of  ground  deformations 


ELEV. 

(METERS) 


FIGURE  3  -  SECTION  321  PLAN  AND  SUBSURFACE  PROFILE 
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around  the  tunnel  (which  lead  eventually  to 
surface  settlement)  are  an  inherent  part  of  the 
method.  The  control  is  typically  achieved,  as 
on  this  project,  by  cautious  excavation,  imme¬ 
diate  ground  reinforcement  or  support,  and 
timely  installation  of  the  invert,  including  a 
-ra  ry  when  n  *0’'  heading  advance  is 

utilized.  Within  Section  321,  the  success  of 
the  method  was  showr .  Measured  surface  settle¬ 
ment  ranged  from  4  to  15  ram  and  were  wit.hin 
acceptable  limits.  Previous  finite  element 
computations  had  indicated  surface  settlements 
of  approximately  13  mm.  Comparison  calculations 
for  support  without  a  temporary  invert  had 
indicated  approximately  40  percent  higher 
settlements  (approximately  18  mm).  Because 
frequent  delays  in  temporary  invert  plncement 
may  have  decreased  its  effectiveness,  a  real¬ 
istic  estimate  of  settlements  based  on  the 
actual  construction  sequence  may  be  have  ranged 
between  13  mm  and  18  mm.  Thus,  It  appears  that 
the  calculations  accurately  estimated  maximum 
settlements,  while  average  settlements  were 
.S(Mewhat  overestimated.  This  conservative 

estmate  was  probably  due  to  an  underestimation 
of  ground  stiffness. 

It  is  interesting  to  back  calculate  "ground 
loss"  for  the  project  based  on  the  estimated 
volume  ot  f^e  resulting  settlement  trough. 
Although  the  settieiucfil  trough  width  was  not 
measured,  it  can  be  estimated  using  standard 
references  (Coraang  et  al,  1975)  by  assuming 
that  the  trough  extends  upward  from  the  tunnel 
springline  at  an  angle  of  approximately  25 
degrees  from  the  vertical.  For  an  average 
overburden  depth  of  16  m  this  yields  an  esti¬ 
mated  settlement  trough  width  of  24  m.  Using 
this  width,  the  observed  settlements,  and  the 
tunnel  cross  section  of  42  square  meters,  a 
ground  loss  ranging  from  0.1  to  0.4  percent  is 
estimated.  These  figures,  compare  favorably 
with  the  best  results  from  shield  tunnels 
(Akins  and  Abramson,  1983),  and  demonstrate  the 
success  of  NATM  in  controlling  surface  settle¬ 
ment. 

Section  321  also  included  a  short  stretch 
(approximately  15  m) ,  wuere  the  bed  rock 
reached  tunnel  level.  The  transition  between 
the  weathered  rock  and  the  bed  rock  required 
the  most  attention  due  to  clayfilled  joints  and 
considerable  water  inflow.  Face  sealing  and 
immediate  shotcrete  sealing  were  required  to 
cope  with  face  instability  and  overbreaks. 
Those  unfavorable  conditions  also  influenced 
the  ground  deformation,  which  reached  30  mm  in 
this  ’rea. 

Tangential  stresses  in  the  shotcrete  lining 
were  computed  to  range  between  10  and  25 
kg/cm2.  Actual  measurements  using  hydraulic 
pressure  cells  ranged  between  7  and  25 
kg/cm2,  a  very  good  agreement.  Convergence 
measurements  Indicated  no  unusual  or  unexpected 
results,  and  deformations  remained  in  the  range 
of  a  few  millimeters. 


■SKCTION  4  13 

Section  413  was  1200  m  In  total  length  and 
Included  two  750  m  single  track  tunnels,  the 
cu t-a nd-cove r  Seoul  Stadium  Station,  50  m  of 
double  track  tunnel  ,  and  two  50  m  station  tubes 


for  the  Dong  Daemun  Station.  The  geology  within 
this  contract  was  similar  to  Contract  321. 
However,  as  may  be  seen  in  Figure  4  the  rock 
profile  was  more  erratic  and  Intersected  the 
alignment  in  several  locations.  Ai  each  transi¬ 
tion  from  soft  ground  to  rock,  clay  filled 
jointo  a-iid  large  Inflows  of  water  weie  encoun¬ 
tered.  As  in  Section  321,  dewatering  ahead  of 
tunnel  was  not  employed.  In  comparison  with 
Section  321,  a  much  higher  joint  frequency  was 
encountered.  In  addition  to  the  more  difficult 
ground  conditions.  Contract  413  also  passed 
over  uncler  the  Seoul  Stadium,  an  underground 
shopping  center,  a  two  level  road,  and  a  river. 

Excavation  was  again  divided  into  a  top  head¬ 
ing/bench  operation  with  a  long  bench.  Water 
inflows  created  a  very  short  standup  time.  As  a 
result,  the  top  heading  advances  were  limited 
to  1.0  m  and  forepoling  was  used  to  prevent 
sloughing  of  the  crown.  Forepoling  consisted 
of  steel  pipes  (diameter  =  3  cm,  length  =  2.5 
m) ,  either  pushed  into  the  ground  or  placed  in 
grouted  boreholes. 

The  transition  zones  between  soil  and  rock 
presented  a  spt.ci''  '’ha1!eng<'-  '"''c  joints 

filled  with  soft  clay  (up  to  30  mm  thick) 
created  additional  ground  instability.  The 
particularly  heavy  water  inflows  in  these  areas 
(up  to  15  to  20  1  i  ters/ secondC  also  required 

special  measures.  These  included  application 
of  straw  or  fleece  to  the  exposed  ground  to 
prevent  erosion,  and  collection  of  the  water  in 
pipes.  Sealing  shotcrete  was  then  applied  over 
the  straw  or  ilcece. 

Initial  tunneling  from  '■he  shaft  advanced 
toward  the  Seoul  Stadium.  The  contractor  was 
generally  reluctant  to  install  the  specified 
support  in  a  timely  manner.  This  situation  was 
aggravated  by  the  absence  of  batching  facili¬ 
ties,  which  led  to  delays  in  delivery  and  poor 
quality  of  shotcrete.  As  the  heading  approached 
Stadium  I,  the  ground  steadily  became  weaker 
causing  the  surface  settlements  to  increase. 
The  poor  quality  of  work  and  delayed  installa¬ 
tion  of  support  did  net  improve  the  situation. 
Fortunately,  a  main  measuring  section  with 
extensoraeters,  stress  measuring  devices,  and  an 
increased  density  of  surface  leveling  points 
had  been  installed  in  this  area.  This  allowed 
close  observation  of  ground  behavior  and 
settlement,  and  also  allowed  observation  of  the 
efficiency  of  counter  measures. 


After  a  two  month  period,  the  settlements 
finally  came  to  a  standstill,  reaching  approxi¬ 
mate!  70  mm  in  total.  The  time  period  in¬ 
volved  led  to  the  assumption  that  a  consolida¬ 
tion  process  was  involved.  Stadium  I  suffered 
a  few  minor  cracks,  which  was  enough  to  make 
the  contractor  reconsider  more  effective 
support  measures.  This  led  to  an  improvement 
in  shotcrete  quality.  More  importantly,  the 
work  organization  improved,  which  resulted  in  a 
more  effective  and  timely  installation  of 
supports . 

The  results  of  these  improved  procedures  were 
very  impressive:  surface  settlements  decreased 
to  5  to  14  mm  on  the  remaining  tunnel  portion. 
This  Improved  performance  allowed  an  underpass- 
Ing  of  Stadium  II  without  any  problems. 
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FIGURE  4  -  SECTION  413  PLAN  AND  SUBSURFACE  PROFILE. 


Interesting  results  were  obtained  from  the 
stress  measurements  in  the  main  measuring  sec¬ 
tion  in  the  problem  area.  Axial  (tangential) 
stresses  in  the  shotcrete  shell  had  been  com¬ 
puted  to  be  about  25  kg/cm2.  However, 

measured  stresses  within  the  top  heading  were 
as  high  as  85  to  95  kg/cra2.  In  comparison, 
results  from  the  second  main  measurement  sec¬ 
tion  showed  that  stresses  within  the  shotcrete 
lining  were  very  close  to  previously  computed 
results.  This  evidence  clearly  indicated  the 
benefits  of  timely  support  and  generally  good 
work  procedures. 

Another  unfavorable  situation  developed  within 
a  few  hundred  meters  of  the  stadium  area.  A 
highrise  building  was  under  construction  adja¬ 
cent  to  the  tunnel  alignment.  Excavation  of 
the  basement  reached  a  level  approximately 
correspond! ng  to  the  tunnel  invert,  and  approx¬ 
imately  7  ra  separated  the  excavation  from  the 
tunnel.  The  building  excavation  support 

consisted  of  steel  soldier  piles  and  timber 
lagging,  which  were  tied  back.  The  tiebacks 
extended  into  one  of  the  tunnel  areas.  Thus, 
to  prevent  an  excavation  collapse,  tunnel 
excavation  had  to  be  delayed  until  backfilling 
was  partially  completed.  When  the  heading 
finally  reached  this  area  it  became  obvious 
that  the  building  excavation  had  not  been  done 
with  much  care  and  had  created  a  considerable 
area  of  loosened  ground  within  the  zone  of  the 


tunnel.  This  loosening  made  the  ground  much 
more  permeable  and  created  problems  with  face 
stability  and  over  excavation.  Water  infiltra¬ 
ted  into  the  tunnel  along  joints  which  had  been 
opened  by  the  ground  loosening,  and  through  the 
loosened  material  itself.  This  immediately 
turned  the  invert  of  the  top  heading  into  a  mud 
pool,  making  any  activity  at  the  face  impossi¬ 
ble.  Immediate  collection  of  water  at  the  face 
and  the  application  of  temporary  shotcrete  as 
close  as  possible  to  the  face  finally  helped  to 
control  this  situation. 

Excavation  through  this  area  had  to  be  done 
very  caiofully.  In  addition  to  instability 
caused  by  the  loosened  ground,  joints  with  a 
strike  perpendicular  to  the  tunnel  and  dipping 
steeply  toward  the  face  caused  considerable 
face  instability.  For  this  reason,  a  support 
core  was  left  unexcavated  at  the  face.  Tempo¬ 
rary  shotcrete  was  applied  to  the  support  core 
to  contribute  the  required  stability. 

The  double  track  tunnel  was  constructed  in  a 
mixed  face  condition  consisting  of  moderately 
to  highly  weathered  granite.  These  conditions 
were  a  definite  improvement  over  the  remainder 
of  the  section,  and  the  mixed  face  condition 
was  no  problem  for  NATM .  A  side  gallery  method 
was  used  to  advance  a  top  heading  (shown  in 
Figure  5).  Side  galleries  were  advanced  first 
with  a  temporary  shotcrete  lining  on  the  inner 
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drift  wall.  The  center  core  was  then  excavated 
and  support  completed  In  the  top  heading.  This 
was  followed  by  the  bench  excavation.  Support 
in  the  double  track  tunnel  consisted  of  a  15  cm 
shotcrete  liner  with  a  double  layer  of  wire 
mesh,  ligh*"  steel  ribs,  and  four  rock  bolts  per 
linear  meter  (length  =  4  m) . 


TEMPORARY 


FIGURE  5  -  DOUBLE  TRACK  TUNNEL  IN 
MIXED  FACE  CONDITION. 


The  Dong  Daemun  Station  tunnels  (single  track 
with  platform)  were  advanced  in  hard  rock  under 
the  river.  These  conditions  presented  no 
special  challenge  to  NATM . 

In  spite  of  the  initial  settlement  problems, 


section  413  became  a  full  success  and  was 
widely  used  as  a  demonstration  site  for  other 
contracts.  The  importance  of  a  quick  acting 
foreman  in  poor  ground  conditions  was  clearly 
demonstrated.  Each  round  often  had  narticular 
problems  which  required  a  custom  tailored 
treatment.  In  addition,  it  was  shown  that  a 
design  must  be  flexible  enough  to  allow  a  good 
deal  of  modification  during  construction. 


SECTION  330-3 

Section  330-3  was  the  most  interesting  of  the 
three  soft  ground  contracts,  even  though  it  was 
only  103  m  in  length.  The  tunnel  extended 
through  very  loose  alluvial  soils  beneath  the 
water  table  and  passed  beneath  several  sig¬ 
nificant  surface  facilities  including  an  8-lane 
highway,  a  river,  and  a  sewer  channel.  Origi¬ 
nally  cut-and-cover  methods  were  proposed  for 
this  section.  However,  this  would  have  in¬ 
volved  diversion  of  both  the  river  and  the  \ 
sewer  channel,  and  significant  reconstruction 
or  underpinning  of  the  highway  structure. 

As  may  be  seen  in  Figure  6,  the  tunnel  was 
primarily  advanced  through  a  silt  layer  above 
the  tunnel  springline  and  a  coarse  gravel  layer 
in  the  invert.  The  unweathered  and  weathered 
bedrock  appeared  at  one  end  of  the  tunnel  but 
quickly  dipped  below  the  alignment.  The  silt 
layer  contained  lenses  of  clayey  silt  and 
rohesionless  fine  sand.  The  sand  lenses  were 
up  to  1  m  thick.  Standard  penetration  resis¬ 
tances  were  approximately  8  to  10  in  the  silt, 
as  low  as  4  in  the  clayey  silt,  and  as  high  as 
12  in  the  sand. 
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FIGURE  6  -  SECTION  330-3  SUBSURFACE  PROFILE. 
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The  piles  supp'^rting  the  highway  structu.e 
extended  into  the  proposed  tunnel  alignment. 
Thus,  prior  to  tunnel  excavation  the  bridge  was 
temporarily  supported  by  a  steel  frame  struc¬ 
ture.  During  subsequent  tunnel  excavation  the 
piles  were  cut  off  from  within  the  tunnel. 

Groundwater  control  was  a  major  concern  within 
this  contract.  Groundwater  levels  were  approx¬ 
imately  8  m  above  the  tunnel  crown.  The  crown 
would  pass  6  ra  below  the  river  and  1.5  m  below 
the  sewer  channel.  A  blow-out  in  an  adjacent 
excavation  oottom  within  the  gravel  layer,  due 
to  unbalanced  hydrostatic  heaus,  heightened  the 
interest  level  of  all  concerned.  Compressed 

air  was  ruled  out  as  an  option  due  to  the  high 
i..i.tlal  costs  compared  to  the  short  tunnel 
length.  Groundwater  lowering  was  deemed 

infeasible  due  to  the  surface  obstacles  and 
recharge  effects  of  the  river.  Finally, 

chemical  grouting  was  proposed  er.d  utilised  in 
an  attempt  to  decrease  permeability,  particu¬ 
larly  in  the  gravel  layer.  A  test  grouting 
program  initially  showed  promising  results, 

including  a  reduction  of  the  gravel  permea¬ 
bility  from  4  X  10“2  cm/sec  to  5  x  10~6 
cra/sec.  The  grouting  program  was  carried  out, 
and  included  grouting  from  a  platform  in  the 
river  during  the  low  water  season.  Despite 
these  efforts,  when  tunneling  began  it  was 
revealed  that  the  grouting  had  no  positive 
effect  on  the  ground,  primarily  because  lack  of 
supervision  had  allowed  the  grouting  contractor 
to  do  a  low  quality  job.  In  fact,  the  ground 
quality  had  actually  been  worsened  because  the 
grout  holes  had  perforated  the  otherwise 
relatively  watertight  silt  and  clayey  silt 
strata . 


distance  of  2  to  3  m  behind  the  "mini"  top¬ 
heading.  Support  was  installed  after  each  ex¬ 
cavation  ~tcp.  The  modification  of  the  excava¬ 
tion  sequence  was  rather  easy  to  accomplish  as 
the  original  design  had  allowed  this  option 
without  any  modifications  to  the  steel  arches 
or  other  structural  revisions. 


"MINI"  TOP  HEADING 


STEP  !  -  INITIAL  TUNNEL 
ADVANCE 


STEP  2  •  PLACE  CONCRETE 
LINING 


STEP  3  -  SECOND  TUNNEL 
ADVANCE 


STEP  4  -  COMPLETE  FINAL 
LINING 


The  tunnel  incorporated  both  a  single  track 
opening  and  a  larger  opening  to  allow  transi¬ 
tion  from  a  double  track  into  a  single  track. 
To  limit  the  size  of  the  advance,  a  twin- 
heading  method  was  used  (as  shown  in  Figure  7). 
One  heading  was  advanced  and  the  final  lining 
placed,  including  a  wall  which  would  support 
the  second  heading.  The  second  heading  was 
then  advanced  and  tied  to  the  original  tunnel. 

The  initial  tunnel  lining  consisted  of  a  30  m 
shotcrete  shell  with  two  layers  of  wire  mesh. 
The  top  heading  had  a  temporary  invert  with  a 
15  cm  thickness.  Spiling  and  steel  lagging 
were  used  to  reinforce  the  crown  and  limit 
sloughing  which  could  result  in  a  chimney  up  to 
the  ground  surface.  The  spiling  was  used  in 
the  cohesive  materials  and  the  lagging  was  used 
in  the  sands  and  gravels.  The  lagging  consist¬ 
ed  of  steel  sections  (3  mm  x  280  mm  x  1600  mm). 
The  sections  were  pushed  into  the  ground  and 
were  always  overlapped. 

Each  heading  utilized  a  top  heading  and  bench 
excavation  sequence.  In  the  more  silty  and 
sandy  portions,  the  top  heading  had  to  be  sub¬ 
divided  to  form  a  "mini"  top-heading  advance, 
utilizing  a  short  (3  m)  bench.  Frequently, 
cohesionless  sand  layers  with  greater  water  in¬ 
flows  required  again  subdividing  the  advance 
into  smaller  heading.  As  may  be  seen  in  Figure 
8,  this  involved  first  advancing  a  snail,  short 
drift  in  the  crown,  followed  by  two  additional 
excavation  steps  to  form  the  "mini"  top-head¬ 
ing.  The  remaining  portion  of  the  top-heading 
was  excavated  in  three  additional  steps  at  a 


FJGURE  7  -  SECTION  330-3  EXCAVATION 
SEQUENCE. 


I 


FIGURE  8  -  SEGMENTED  EXCAVATION 

SEQUENCE  IN  TOP  HEADING 
UTILIZED  IN  VERY  POOR 
GROUND. 


1017 


Despite  the  very  cautious  segmental  excava¬ 
tion,  the  tunneling  was  probably  performed  at 
the  edge  of  the  ground's  stability.  Frequent 
water  inflows  thr.nigli  the  more  pervious  soils 
were  commom.  These  were  handled  by  applying 
straw  or  fleece  to  the  soil  to  prevent  erosion 
and  collecting  the  water  in  pipes.  Sealing 
shotcrete  was  then  applied.  In  only  one  case 
did  a  risky  situation  develop:  when  a  particu¬ 
larly  heavy  groundwater  Inflow  through  a  gravel 
layer  washed  considerable  material  into  the 
tunnel  . 

This  example  showed  the  advantage  of  NATM  in 
dealing  with  adverse  ground  conditions.  Its 
flexible  approach  allows  the  interruption  of 
excavation  and  the  installation  of  at  least 
part  of  the  support  to  stablize  the  ground.  Of 
course,  a  good  crew  is  required  t<  react  to 
these  situations.  In  addition,  the  continuous 
availability  of  shotcrete  and  other  supporting 
materials  must  be  guaranteed. 

Surface  settlements  were  continuou.sly  monitored 
during  underpassing  of  the  road.  Most  settle¬ 
ments  occured  during  excavation,  with  obviously 
only  a  low  amount  of  consolidation.  Total 
surface  settlements  amounted  to  a  maximum  of  5 
to  7  cm.  These  values  compared  very  well  to  the 
previously  computed  values.  Settlements  were 
not  measures  in  the  remaining  portion  of  the 
section  due  to  inaccessibility.  However,  visual 
observations  indicated  that  settlements  did  not 
exceed  the  previously  measured  values.  It  was 
generally  considered  that  limiting  the  excava¬ 
tion  to  small  amounts,  combined  with  timely 
ground  support,  was  the  reason  for  keeping 
settlements  within  acceptable  limits  under  such 
adverse  conditions. 

Deformation  measurements  of  the  shotcrete 
lining  showed  values  of  3  to  4  mm  only.  Most 
deformation  happened  during  excavation  prior  to 
support  installation. 

Progress  rates  in  the  first  tube  ranged  from 
1.0  to  . .  .“i  m  per  day,  while  in  the  second  tube 
the  rates  doubled  due  to  decreased  volume  and 
considerable  drainage  effect  of  the  first  tube. 
Due  to  frequent  delays  and  a  hard  winter,  the 
average  progress  was  not  as  good  as  it  could 


have  been.  However,  the  time  schedule  was 

approximately  met  and  the  overall  program  not 
influenced . 

CONCLUSION 

Soft  ground  tunneling  on  the  Seoul  subway 

demonstrated  the  effectiveness  of  the  New 

Austrian  Tunneling  Method  in  dealing  with 
adverse  ground  conditions.  A  key  to  this 

success  was  the  flexible  nature  of  the  method, 
particularly  in  the  way  that  excavation  and 
support  could  be  modified  to  contend  with 
actual  conditions.  The  importance  of  timely 
ground  support  in  limiting  both  surface 
settlement  and  loads  imposed  on  the  liner  was 
demonstrated.  The  method  ha'’  been  shown  to  be 
independent  of  sophisticated  equipment.  How¬ 
ever,  the  requirements  of  both  an  appropriate 
design  and  a  skilled  tunnel  foreman  cannot  be 
understated.  The  design  should  emphasize 
constructability  and  provide  adequate  alterna¬ 
tives  to  be  selected  during  construction.  The 
importance  of  cooperation  between  the  owner, 
designer,  and  contractor  was  also  demonstrated. 
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SYNOPSIS:  Construction  of  the  New  Istana  for  the  Sultan  of  Brunei  required  that  fill  slopes  up 

to  85  feet  high  be  placed  on  very  soft  compressible  floodplain  soils.  Wick  drains  installed  in 
the  soft  sediments  accelerated  their  consoxidation  and  reduced  long-term  settlements.  The 
consolidation  also  produced  a  strength  increase  in  the  soft  soils  that  allowed  the  fill  to  be 
constructed  without  danger  of  a  major  base  slip  failure.  Instrumentation  installed  in  the 
floodplain  soils  provided  data  on  excess  porepressures  built  up  during  the  fill  placement,  and 
on  the  resulting  settlements.  The  measured  porepressures  and  settlements  were  in  good  agreement 
with  the  predicted  values. 


INTRODUCTION 

The  New  Istana  (Royal  Palace)  of  the  Sultan 
of  Brunei  is  located  on  high  ground  above  the 
tidal  floodplain  of  the  Brunei  River  (Figure 
1).  As  part  of  construction,  it  was  neces¬ 
sary  to  place  fill  slopes,  some  as  high  as  85 
feet,  on  the  floodplain  to  accommodate  the 
main  access  road  and  essential  utilities,  and 
to  achieve  desired  architectural  effects. 
Computations  made  before  the  fill  placement 
in  late  1981  predicted  several  feet  of  fill 
settlement  would  occur  over  a  period  of  years 
from  the  consolidation  of  recently  deposited 
sediments  beneath  the  floodplain  area.  The 
computations  also  showed  that  placement  of 
the  fill  at  the  projected  construction  rate 
of  about  1  foot  every  2  days  would  cause  a 
slip  failure  through  these  soft  sediments. 

The  tight  construction  schedule  (the  New 
Istana  had  to  be  completed  before  Brunei 
became  independent  in  July  1983)  did  not 
allow  for  any  slowdown  in  the  rate  of  fill 
placement,  nor  could  continuing  large  settle¬ 
ments  be  tolerated  years  after  project 
completion.  The  solution  lay  in  accelerating 
the  consolidation  of  the  floodplain  sedi¬ 
ments,  both  to  speed  up  the  settlement  and  to 
strengthen  the  soft  soils.  This  paper 
describes  the  method  employed  to  accelerate 
consolidation,  the  instrumentation  installed, 
and  the  results  of  measurements  taken  before 
and  after  fill  construction. 

SUBSURFACE  CONDITIONS 

Soils  beneath  the  floodplain  (at  about  El.  +5 
feet)  consisted  of  muck,  peat,  silt,  and  very 
soft  clay  and  silty  clay.  These  deposits 
extended  as  deep  as  60  feet  under  the  toe  of 
the  new  fill,  decreasing  to  about  10  feet 
beneath  the  maximum  85-foot  height  of  the  1-V 
to  3-H  slope,  as  shown  in  Figure  2.  Informa¬ 
tion  on  subsurface  conditions  was  obtained 
from  an  extensive  series  of  soil  borings;  the 
locations  of  some  of  the  borings  are  shown  in 
Figure  3 . 


Fig.  1  Plan  of  New  Istana 


The  very  soft  clays  and  silty  clays,  which 
made  up  the  majority  of  the  soft  floodplain 
sediments,  were  generally  highly  plastic  with 
natural  water  contents  close  to  the  liquid 
limit.  The  selected  values  of  the  design 
parameters  for  this  stratum  were  based  on  the 
results  of  field  and  laboratory  testing. 

These  values  are  shown  on  Table  1,  along  with 
the  values  for  the  other  strata  described 
below. 

Hard  clayey  silt  extended  below  the  soft 
floodplain  sediments,  down  to  the  limit  of 
the  borings,  i.e.,  to  at  least  El.  -70  feet. 
The  material  appeared  to  be  grading  into  a 
siltstone  with  increasing  depth,  although  no 
structure  could  be  detected  from  the  samples 
recovered.  As  shown  in  Figure  2,  a  thin 
layer  of  stiff  residual  clay  was  found  above 
the  hard  clayey  silt  in  some  areas. 
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SECTION  A-A 


Fig.  2  Subsurface  Conditions 

The  fill  soil  that  made  up  the  new  embankment 
was  very  silty  clay  that  had  been  excavated 
during  extensive  grading  operations  for  the 
palace  on  the  hill  above  the  floodplain. 

This  clay  was  placed  in  maximum  1-foot-thick 
lifts,  and  compacted  to  at  least  90  percent 
of  the  modified  Proctor  maximum  dry  density, 
at  a  moisture  content  ±  2  percent  of  optimum. 


The  measured  ground  water  table  was,  on 
average,  slightly  above  the  water  level  in 
the  adjacent  Brunei  River,  and  essentially  at 
ground  surface  at  about  El.  +5  feet. 


PLAN  OF  ACTION 


As  shown  in  Figure  2.  the  maximum  height  of 
the  new  fill  lay  above  the  thinnest  zone  of 
the  compressible  sediments,  while  the  toe  of 
the  fill  was  above  the  greatest  thickness. 
This  resulted  in  the  predicted  primary 
consolidation  settlement  of  these  sediments 
over  the  majority  of  the  area  being  within  a 
fairly  narrow  range,  i.e.,  6  to  7  feet.  The 
maximum  computed  settlement  (due  to  100 
percent  primary  consolidation)  was  8.3  feet, 
from  45  feet  of  soft  sediments  consolidated 
by  40  feet  of  fill,  while  the  minimum  value 
was  3.7  feet,  from  17  feet  of  soft  sediments 
being  consolidated  by  65  feet  of  fill. 

TABLE  I.  Soil  Design  Parameters 


.Soft 


Compacted 

Floodplain 

Hard 

.  - 

Clay  Fiji. 

Sediments _ 

ygy  Si  It  _ 

■JSCS  Symbol 

Cl/ML 

CH  to  OH 

CL/ML  to  SM/3«J 

To^.al  'Ir.it  Weigh*!,  pof 
fJabural  Koistiur® 

125 

110 

130 

C  0  p.  *■. «  n  t ,  * 

27 

50 

11 

Liquid  Limit 

40 

53 

38 

r  1  a  st  1  •?  1  b '/  I  nd<!x 
TP'drained  Shear 

16 

27 

17 

Strength,  psf 

1  600 

300 

4000 

Compress  ion  Index 

Coeff  of  Consolidation, 

' 

0.55 

0.12 

f t '  year 

- 

400 

State  of  Consolidation 

- 

NC 

Highly  OC 

ment  was  estimated  to  take  3  years  to  com¬ 
plete,  while  90  percent  would  take  almost  13 
years.  Slope  stability  analyses  showed 
factors  of  safety  as  low  as  0.7  against  a 
slip  failure  through  the  soft  soils,  even 
with  a  15-foot-thick  stabilizing  berm  added 
at  the  toe  of  the  slope.  Obviously  some 
action  was  required  to  accelerate  the  consol¬ 
idation  rate,  and  increase  the  strength  of 
the  soft  sediments. 

The  only  viable  course  of  action  was  to 
install  wick  drains  in  the  soft  floodplain 
sediments,  and  to  place  the  fill  embankment 
at  a  rate  that  allowed  these  sediments  to 
consolidate  and  strengthen  sufficiently  to 
avoid  a  slip  failure.  Instrumentation  was 
essential  to  monitor  buildup  of  porewater 
pressure  in  the  soft  soils  during  the  embank¬ 
ment  construction,  and  to  determine  the 
settlement  of  these  soils. 


stabilized  area  a 
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Fig.  3  Boring  and  Instrumentation 
Locations 

WICK  DRAIN  DESIGN  AND  SHEAR  STRENGTH  INCREASE 

Using  the  soil  parameters  shown  in  Table  1,  a 
center-to-center  spacing  for  the  wick  drains 
of  5  feet  was  computed  by  the  method  outlined 
in  Hansbo  (1979),  based  on  a  requirement  that 
90  percent  consolidation  of  the  soft  flood- 
plain  sediments  occur  within  6  months.  This 
rate  of  consolidation  was  needed  to  increase 
thfc  strength  of  the  soft  sediments 
sufficiently  to  avoid  a  slope  failure.  The 
predicted  increase  in  shear  strength  of  the 
underlying  soft  soils  during  the  fill  place¬ 
ment  was  computed  using  a  simplified 
approach,  with  the  following  assumptions. 

1)  One  foot  of  fill  is  placed  about  every  2 
days,  i.e.,  85  1-foot  increments  in 
6  months. 


fJo”.®.')  (1)  Ty'.i.g  value  war  assumed  to  represent  both  vertical 

and  hor ;  zoaT  ta  1  coefficients. 

( ;: )  The  thin  layer  of  stiff  residual  clay  found  in  some 
areas  above  the  clayey  silt  had  a  unit  weight  of  J20 
pcf  and  an  undrained  shear  strength  of  1000  psf. 


For  the  maximum  60-foot  thickness  of  the 
compressible  soil,  50  percent  of  the  settle¬ 


2)  At  the  end  of  the  6-month  placement 
period,  the  compressible  soils  will  have 
consolidated  90  percent  due  to  the  first 
foot  of  fill  placed,  and  essentially 
zero  due  to  the  85th  foot. 

3)  For  each  1  foot  of  fill  placed  between 
the  first  and  85th  foot,  the  resulting 
degree  of  consolidation  U  of  the  soft 
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soils  follows  the  relationship  between  U 
and  the  radial  time  factor  T  for  sand 
drains,  as  outlined  in  Leonards  (1962). 
In  this  relationship,  the  ratio  of  wick 
drain  spacing  to  the  wick  drain's 
equivalent  radius  was  calculated  as  50. 

4)  The  relationship  between  consolidation 
time  elapsed  and  T  is  based  on  90 
percent  consolidation  in  6  months. 

5)  After  100  percent  consolidation  under  a 
load  equivalent  to  1  foot  of  fill 
surcharge  (about  125  psf),  the  soft 
sediments  increase  in  shear  strength  by 
30  psf  (i.e.,  c/p  1:0.25,  based  on  CIU 
laboratory  tests). 

6)  Shear  strength  gain  is  linearly  propor¬ 
tional  to  the  degree  of  consolidation. 

As  an  example,  we  can  predict  the  increase  in 
shear  strength  of  the  soft  soil  6  months  (180 
days)  after  the  start  of  fill  operations  due 
to  the  50th  foot  of  fill  being  placed,  as 
follows . 

o  The  50th  foot  of  fill  is  placed  100  days 
after  the  start  of  fill  operations 
(i.e.,  1  foot  every  2  days). 

o  The  underlying  soft  soils  consolidate 

for  180  days  -  100  days,  i.e.,  80  days 
under  this  1  foot  increment  of  sur¬ 
charge  . 

o  At  U  =  90%  consolidation,  time  factor  T 
=  0.712  from  Leonards  (1962),  for  the 
ratio  of  well  spacing  to  wick  drain 
equivalent  radius  of  50. 

o  Since  time  of  consolidation 

t  =  constant  x  T, 

and  t  =  180  days  at  90%  consolidation 
and  T  =  0.712  at  90%  consolidation 
then  t  =  253  T. 

o  For  t  =  80  days,  T  =  0.316 

o  From  Leonards  (1962),  for  T  =  0.316,  U  = 
64% 

o  Increase  in  shear  strength  =  0.64  x  30  = 
19  psf,  since  shear  strength  gain  is 
assumed  to  be  linearly  proportional  to 
the  degree  of  consolidation. 

Using  the  above  approach,  the  shear  strength 
of  the  soft  floodplain  sediments  6  months 
after  the  beginning  of  fill  operations  was 
computed  by  summing  the  strength  increases 
due  to  each  fill  increment.  For  the  maximum 
85-foot-high  embankment,  the  6-month  un¬ 
drained  shear  strength  was  about  1,700  psf, 
compared  with  the  initial  300  psf  value.  At 
the  end  of  one  year  after  start  of  fill 
placement,  about  99  percent  consolidation 
would  have  occurred  due  to  the  first  foot  of 
fill  placed,  with  about  90  percent  consolida¬ 
tion  due  to  the  85th  foot.  In  the  long  term, 
assuming  100  percent  consolidation,  the 
computed  undrained  shear  strength  of  the 
compressible  sediments  was  around  2,600  psf. 

The  stability  analysis  of  the  section  shown 
in  Figure  2  indicated  a  factor  of  safety 


against  slip  failure  through  the  floodplain 
soils  of  about  1.2  for  the  end  of  construc¬ 
tion  condition  and  1.4  for  the  long-term 
condition,  using  the  computed  increased 
strengths  due  to  the  wick  drain  consolida¬ 
tion.  This  compared  with  a  factor  of  safety 
of  0.7  computed  for  the  pre-wick  drain 
condition.  It  may  be  noted  that  the  factors 
of  safety  increased  proportionally  far  less 
than  the  shear  strength  of  the  soft  sedi¬ 
ments.  This  is  because  the  effects  of  the 
shear  strength  of  the  clay  fill  (85  feet 
thick)  and  the  influence  of  the  stabilizing 
berm  (see  Figure  2)  were  the  same  in  both  the 
before  and  after  analyses. 

Although  the  use  of  wick  drains  indicated 
that  primary  consolidation  settlement  would 
be  accelerated  by  a  factor  of  about  25,  the 
rate  of  secondary  compression  was  not 
affected.  In  fact,  the  computed  amount  of 
secondary  compression  actually  increased 
slightly  because  a  longer  penod  of  secondary 
compression  occurred  due  to  the  decreased 
period  of  primary  consolidation.  However, 
the  total  predicted  secondary  compression 
settlement  over  50  years  amounted  to  only 
about  10  percent  of  the  primary  consolida¬ 
tion,  and  was  thus  not  considered  as  an 
important  factor  in  the  design.  Similarly, 
settlement  of  the  compacted  clay  fill  above 
the  soft  sediments,  and  the  hard  clayey  silt 
below  these  sediments,  was  considered  insig¬ 
nificant  in  comparison  with  the  settlement  of 
the  soft  sediments  themselves. 

WICK  DRAIN  INSTALLATION  AND  FILL  CONSTRUCTION 

The  type  of  wick  drain  selected  was  the 
Alidrain,  manufactured  by  Burcan  Industries, 
Canada.  The  Alidrain  consists  of  a  thin 
plastic  core,  approximately  100  mm  by  7  mm 
wrapped  in  a  special  filter  of  cellulosic 
material.  Small  closely-spaced  plastic  studs 
embossed  on  the  inner  surface  of  the  core 
form  channels  that  allow  flow  when  the  sleeve 
is  pressed  together. 

Because  settlements  of  as  much  as  8  feet  were 
predicted  due  to  consolidation  of  the  soft 
floodplain  sediments  during  and  after  fill 
placement,  12  feet  of  fill  was  placed  and 
compacted  on  top  of  the  original  ground 
before  installation  of  the  wick  drains  and 
the  instrumentation.  A  1-1/2-foot-thick  sand 
drainage  blanket  was  then  constructed  above 
the  12  feet  of  fill.  This  ensured  that  the 
drainage  blanket  and  the  top  of  the  wick 
drains  and  instrumentation  would  be  above  the 
ground  water  level  throughout  the  fill  con¬ 
struction  operations.  It  also  served  as  a 
working  mat  for  the  heavy  equipment  needed  to 
install  the  wick  drains. 

The  Alidrains  were  installed  in  the  areas 
shown  in  Figure  3,  by  Techniques  Louis 
Menard,  S.A.  of  Singapore.  Installation 
began  in  mid-July  and  was  completed  by 
mid-October,  1981.  In  all,  20,075  Alidrains 
totaling  967,000  linear  feet  were  placed  in 
about  75  working  days  using  three  rigs 
operating  on  average  about  9  hours  per  day. 
Drain  lengths  ranged  from  15  to  65  feet,  with 
an  average  of  about  48  feet. 
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Three  cranes  specially  modified  by  Menard 
were  used  for  the  drain  installation.  Two  of 
these  were  smaller  rigs  (a  Hitachi  and  a 
Koehring  crawler  crane)  that  installed  drains 
less  than  about  40  feet  deep.  A  larger 
Manitowoc  3900  crawler  crane  was  used  for  the 
deeper  drains.  The  drains  were  installed 
within  a  6-inch-diameter  mandrel  that  was 
pushed  into  the  ground  by  a  vibrator,  the 
whole  system  being  supported  by  fixed  leads 
attached  to  the  crane.  A  special  shoe  on  the 
bottom  of  the  drain  anchored  it  into  the 
ground  as  the  mandrel  was  withdrawn.  After 
mandrel  withdrawal,  the  drain  was  cut  off 
leaving  about  a  3-foot-long  pigtail  at  the 
top  of  the  sand  blanket. 

In  numerous  cases,  excess  porewater  pressures 
existed  in  the  soil,  either  due  to  the  fill 
already  placed  and/or  the  installation  of  the 
Alidrains  themselves,  and  the  outflow  of 
porewater  began  within  minutes  of  the  mandrel 
withdrawal.  The  instrumentation  to  measure 
porewater  pressure  and  settlement,  described 
in  the  following  section,  was  inscalled  after 
the  Alidrains  but  before  fill  placement 
started. 

Fill  placement  and  compaction  above  the  sand 
blanket  started  in  mid-September  1981  and  was 
completed  by  the  end  of  March  1982.  In  most 
areas,  the  rate  of  filling  averaged  about  1 
foot  every  3  days,  compared  with  the  1  foot 
every  2  days  assumed  in  the  wick  drain 
design.  However,  the  rate  of  fill  placement 
was  somewhat  uneven,  with  as  much  as  8  feet 
being  placed  in  5  days  at  one  location. 

No  stability  problems  were  encountered  in  the 
underlying  soft  floodplain  sediments  during 
or  after  the  fill  installation.  The  apparent 
reasons  for  this  success,  namely  the  rapid 
drainage,  consolidation  and  consequent 
increase  in  strength  of  the  soft  sediments, 
are  discussed  in  a  later  section.  It  may  be 
noted,  however,  that  the  physical  presence  of 
1  million  linear  feet  of  wick  drain  material 
within  the  soft  materials  probably  also 
helped  reinforce  and  stabilize  these  soils. 

INSTRUMENTATION 

Piezometers,  surface  settlement  markers  and 
deep  settlement  gauges  were  installed 
throughout  the  stabilized  area  to  provide 
porewater  pressure  and  settlement  data 
before,  during  and  after  the  fill  embankment 
construction,  enabling  ongoing  evaluation  of 
the  wick  drain  performance.  The  instruments 
were  installed  and  monitored  by  Techniques 
Louis  Menard,  S.A.  of  Singapore.  Instrument 
locations  are  shown  in  Figure  3. 

Twenty-three  Slope  Indicator  Company  pore- 
pressure  transducers  were  installed  during 
July  through  September  of  1981.  These  1-1/2- 
inch-diameter  instruments  had  standard  Cassa- 
grande-type  6-inch-long  porous  stone  filters, 
and  were  installed  at  depths  ranging  from  16 
to  76  feet  below  the  top  of  the  sand  blanket. 
The  instruments  were  operated  by  a  hydro¬ 
pneumatic  balance  of  forces  across  a  flexible 
diaphragm,  and  were  read  from  a  remote 
sensing  station,  well  outside  the  area  of  the 
fill  operations,  using  a  portable  pneumatic 


indicator.  Readings  were  taken  twice  weekly 
during  the  fill  operations, ,  and  once  a  week 
before  and  after  the  filling.  Only  two  of 
the  transducers  (P-14  and  P-16)  failed  during 
the  10  to  12-month  monitoring  period. 

Settlement  was  monitored  using  7  surface 
settlement  markers  to  record  total  settlement 
and  15  deep  settlement  gauges  to  measure 
settlement  at  different  depths  in  the  com¬ 
pressible  material.  The  settlement  markers, 
installed  during  September  1981,  consisted 
simply  of  a  square  metal  plate  (about  2  feet 
by  2  feet  by  1  inch  thick)  placed  on  the 
surface  of  the  sand  blanket,  with  a  vertical 
steel  rod  attached  to  the  plate.  The  rod  was 
inside  a  PVC  tube  to  isolate  it  from  the 
soil.  The  rods  and  PVC  tubes  were  extended 
vertically  in  sections  as  the  filling  opera¬ 
tions  proceeded. 

The  settlement  gauges  were  installed  during 
September  1981  in  holes  predrilled  to  a  depth 
1-1/2  feet  short  of  the  desired  gauge  eleva¬ 
tion.  Each  gauge  consisted  of  a  5-inch 
diameter  screw-type  auger,  about  1-1/2  feet 
long,  screwed  into  the  undisturbed  soil  at 
the  bottom  of  the  borehole.  The  depths  of 
the  gauges  ranged  from  15  to  65  feet.  The 
vertical  steel  rod  attached  to  the  auger 
extended  to  the  surface  through  a  PVC  tube 
installed  to  isolate  it  from  the  surrounding 
soil.  As  with  the  settlement  markers,  the 
rods  and  the  PVC  tubes  were  extended  verti¬ 
cally  in  sections  as  the  filling  operation 
proceeded.  Like  the  porepressure  trans¬ 
ducers,  the  settlement  instruments  were 
measured  weekly  except  during  filling  opera¬ 
tions  when  measurements  were  taken  twice 
weekly.  During  the  fill  construction,  one 
settlement  marker  (S-2A)  and  one  settlement 
gauge  (D-2)  were  damaged  to  the  extent  that 
they  could  no  longer  be  read. 

As  shown  in  Figures  2  and  3,  the  instruments 
were  usually  installed  in  clusters  at  the 
borehole  locations  to  enable  development  of  a 
settlement  and  porewater  pressure  profile 
with  depth  through  the  soft  floodplain 
sediments.  For  example,  the  instrument 
cluster  at  borehole  BH-57  had  porepressure 
transducers  at  depths  of  24,36,45  and  60  feet 
below  the  top  of  the  sand  blanket.  For 
settlement  measurement,  a  marker  was  in¬ 
stalled  on  top  of  the  sand  blanket,  and 
gauges  were  placed  at  19,28  and  53-foot 
depths.  These  instrument  locations  are  shown 
in  profile  in  Figure  3.  The  results  from 
this  cluster  of  instruments  are  discussed  in 
the  following  section. 

RESULTS  OF  MEASUREMENTS 

Typical  results  from  the  porewater  pressure 
and  settlement  measurements  are  shown  on 
Figures  4  and  5,  respectively,  for  the 
instrument  cluster  at  BH-57,  near  the  center 
of  Area  A  (Figure  3). 

Figure  4  shows  that  excess  porepressures 
built  up  in  the  clay  sediments  (P-10  and 
P-11)  directly  reflected  the  weight  of  the 
surcharge  fill  added.  This  is  well  illus¬ 
trated  by  the  porepressure  response  from  20 
feet  of  fill  placed  between  mid-December  and 
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Fig.  4  Piezometer  Measurements 
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Fig.  5  Settlement  Measurements 


early  February.  (There  had  been  no  fill 
placement  from  early  November  to  mid- 
December,  and  porepressure  readings  had 
stabilized).  The  maximum  porepressure  rise 
resulting  from  the  20  feet  of  fill  (at 
125  pcf)  was  equivalent  to  40  feet  of  water 
(at  62.5  pcf).  Porepressures  built  up  in  the 
more  permeable  peat  and  silt  (P-9  and  P-12) 
dissipated  more  rapidly  with  the  maximum 
excess  porepressure  generated  by  the  20-foot 
fill  placement  being  equivalent  to  only  about 
15  to  20  feet  of  water. 

Figure  4  shows  the  excess  porepressures 
dissipating  fairly  steadily  in  the  peat,  silt 
and  clay  after  completion  of  the  fill  place¬ 
ment  in  early  February.  Excess  porepressures 
in  the  peat  (P-9)  and  the  silt  (P-12)  had 
almost  completely  dissipated  by  the  last 
reading  in  early  July;  readings  in  the  clay 
were  still  moderately  high  at  that  time. 

This  porepressure  dissipation  is  reflected 
also  by  the  changes  in  settlement  shown  in 
the  time  versus  settlement  curves  for  each 


layer  in  Figure  6.  For  example,  the  settle¬ 
ment  of  the  peat  (derived  by  substracting  the 
D-8  from  the  D-7  readings)  responded  rapidly 
to  the  change  in  load,  with  little  settlement 
being  observed  much  beyond  the  end  of  the 
surcharge  addition  in  mid-February.  Record¬ 
ings  in  the  silt  (D-9)  showed  a  distinct 
reduction  in  the  rate  of  settlement  at  the 
end  of  the  surcharge  addition.  Settlement  of 
the  clay  (D-8  minus  D-9),  on  the  other  hand, 
indicated  little  or  no  rate  reduction  at  that 
time.  Early  readings  in  the  muck  (D-7  minus 
S-5)  demonstrated  a  rapid  response  to  load¬ 
ing;  the  anomalous  readings  shown  between 
early  December  and  mid-February  must  be 
attributed  to  a  temporary  malfunction  or 
misreading  of  deep  gauge  D-7  or  settlement 
plate  D-5  during  that  period. 
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Fig.  6  Settlement  Measurements  for 
Each  Soil  Layer 


Figure  2  shows  maximum  settlement  at  the 
BH-57  location  to  be  around  7  feet  at  the 
last  reading  in  July.  Assuming  this  repre¬ 
sents  approximately  90  percent  of  the  primary 
consolidation  (see  next  paragraph),  total 
primary  consolidation  settlement  will  be 
around  7.8  feet.  This  compares  well  with  the 
predicted  maximum  primary  consolidation 
settlement  of  8.3  feet.  At  the  other  instru¬ 
ment  cluster  locations,  100  percent  primary 
consolidation  settlement  values  extrapolated 
from  the  July  measurements  ranged  from  3.3  to 
7  feet,  and  were  in  good  agreement  with  the 
predicted  values. 

It  is  not  possible  to  verify  precisely  from 
the  porewater  pressure  and  settlement  results 
whether  90  percent  of  overall  primary  consol¬ 
idation  settlement  was  completed  in  6  months, 
since;  a)  the  incremental  nature  of  the  fill 
placement  (over  a  period  of  5  months)  ob¬ 
scured  the  rate  of  porepressure  dissipation 
and  settlement,  and  b)  the  various  sediments 
behaved  differently,  in  accordance  with  their 
different  permeabilities.  Regardless,  from 
the  end  of  loading  Increase  in  mid-February 
to  the  last  reading  taken  in  early  July,  (a 
period  of  about  5  months).  Figures  4  through 
6  show  that  the  majority  of  excess  pore¬ 
pressures  built  up  were  dissipated  (except 
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possibly  in  the  clay),  and  most  of  the 
settlement  was  completed. 


CONCLUSIONS 

The  installation  of  almost  one  million  linear 
feet  of  wick  drains  in  the  soft  floodplain 
sediments  enabled  construction  of  the  fill 
embankment  on  top  of  these  sediments  to 
proceed  on  schedule.  The  projected  rate  of 
consolidation  and  the  long-term  undrained 
shear  strength  of  the  soft  sediments  were 
increased  by  factors  of  about  25  and  10, 
respectively.  The  measured  settlements 
agreed  well  with  the  predicted  values.  The 
filling  operation  was  completed  without  any 
slip  failures  occurring  in  the  soft  sedi¬ 
ments,  supporting  the  conclusion  that  the 
soft  sediments  had  gained  the  predicted 


increase  in  strength  due  to  consolidation. 

In  short,  the  wick  drains  brought  about  the 
desired  results.  The  instrumentation  in¬ 
stalled  to  measure  porepressure  changes  and 
settlement  during  and  after  fill  placement 
proved  to  be  reliable  and  robust,  as  demon¬ 
strated  by  the  generally  reasonable  readings, 
and  very  few  instrument  failures. 


REFERENCES 

Hansbo,  S.  (1979),  "Consolidation  of  Clay  by 
Band-Shaped  Prefabricated  Drains", 
Ground  Engineering,  pp  16-25. 

Leonards,  G.A.  (1962),  "Engineering  Proper¬ 
ties  of  Soils",  Chapter  2  in  Foundation 
Engineering,  edited  by  G.A.  Leonards, 
McGraw  Hill. 


1024 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  5.30 

Tunnel  Repair  Using  Cement-Stabilized  Flyash 

J. C.  Neyer  H.R.  Price 

Principal,  Neyer,  Tiseo  &  Hindo,  Ltd.,  Farmington  Hilts,  Michigan  Project  Engineer,  Neyer,  TIseo  &  Hlndo,  Ltd.,  Detroit,  Michigan 

K. M.  Swariar 

Project  Engineer,  Neyer,  Tiseo  &  Hindo,  Ltd.,  Detroit,  Michigan 


SYNOPSIS:  A  ten-foot  diameter  water  tunnel  was  restored  to  service  two  months  after  it  was  found 
to  be  badly  cracked  and  deteriorated.  To  effect  the  repair,  the  tunnel  was  filled  with  cement- 
stablized  flyash  and  then  cement-f lyash  grout  pumped  into  the  voids  around  the  tunnel.  The  cement- 
stablized  flyash  gained  a  strength  of  about  50  psi  in  28  days  and  was  readily  removed  by  hand 
mining  techniques  once  the  grouting  was  completed.  It  was  found  that  the  exterior  grouting  at 
pressures  up  to  150  psi  had  been  very  effective  in  sealing  the  cracks  in  the  tunnel  and  preventing 
further  inflow  of  soil  and  groundwater.  Final  tunnel  repairs  included  placement  of  steel  ribs  and 
a  shotcrete  liner  within  the  damaged  section  of  tunnel. 


INTRODUCTION 


The  Northeast  Raw  Water  Tunnel  is  a  key  element 
in  the  City  of  Detroit  Water  and  Sewerage  De¬ 
partment  (DWSD)  water  supply  system  since  it 
supplies  water  to  the  northern  portion  of  De¬ 
troit  and  several  northeast  suburbs.  This 
ten-foot  diameter  tunnel  is  approximately  90 
feet  deep  and  generally  follows  street  rights 
of  way  from  Pennsylvania  and  Forest  to  Eight 
Mile  and  Hoover  Roads.  It  was  constructed  in 
1952  of  non-reinforced  concrete.  Its  condition 
was  unknown  since  it  had  not  been  inspected  in 
more  than  30  years.  However,  surface  settle¬ 
ment  in  the  vicinity  of  the  tunnel  alignment 
led  DWSD  to  suspect  distress  in  the  tunnel 
itself . 


DWSD  retained  Neyer,  Tiseo  &  Hindo,  Ltd.  to 
inspect  the  tunnel  and  evaluate  its  condition. 
During  the  inspection,  an  area  of  severe  struc¬ 
tural  distress  was  discovered.  Soil  was  flow¬ 
ing  into  the  tunnel  under  the  pressure  of  the 
groundwater  50  feet  above  the  tunnel.  Severe 
cracking  and  spalling  of  the  concrete  lining 
had  occurred  over  a  length  of  more  than  100 
feet.  As  shown  in  the  photo  below,  the  lining 
had  lost  much  of  its  ability  to  carry  load  in 
hoop  compression. 


The  tunnel  had  been  shut  down  for  inspection 
during  the  winter  months  but  was  needed  back 
in  service  by  June  1,  1986  to  handle  summer 
water  demand.  The  distress  was  first  found  on 
March  15,  1986,  less  than  80  days  before  the 
scheduled  reopening.  DWSD  authorized  Neyer, 
Tiseo  &  Hindo,  Ltd.  to  take  all  necessary 
steps  to  repair  the  tunnel  and  to  restore  it 
to  use  before  June  1. 

The  tunnel  was  immediately  refilled  with  water 
to  minimize  further  inflow  of  soil.  A  plan 
was  developed  for  repairing  the  tunnel  in  a 
cost  effective  manner.  The  technique  used  on 
other  tunnel  repairs,  pressure  grouting  from 
the  ground  surface,  was  considered.  However, 
in  view  of  the  distressed  condition  of  the 
tunnel  liner,  grouting  could  have  caused  fur¬ 
ther  liner  damage  and  perhaps  total  collapse 
of  the  tunnel.  It  was  deemed  necessary  to 
fill  the  tunnel  with  a  material  which  would 
support  the  damaged  lining  during  grouting  but 
which  could  be  readily  removed  once  grouting 
was  complete.  The  material  which  best  met  the 
project  requirements  was  cement-stabilized 
flyash. 


SUBSURFACE  CONDITIONS 

The  tunnel  had  been  driven  through  glacial 
drift  which  varied  from  very  stiff  silty  clay 
to  very  compact  fine  sand  and  silt.  The 
groundwater  level  in  this  area  was  approxi¬ 
mately  50  feet  above  the  crown  of  the  tunnel. 
In  the  area  where  the  distress  was  found,  the 
soils  above  tunnel  spcingline  were  predomi¬ 
nantly  silty  clays  and  those  below  springline 
were  sandy  silts.  The  sandy  silt  had  Standard 
Penetration  Test  (S  T)  values  of  100  or  more 
in  most  cases.  Grain  size  test  indicated  that 
from  50  to  99%  of  the  soil  was  generally  finer 
than  the  No.  200  sieve.  A  generalized  soil 
profile  of  the  area  is  shown  in  Figure  1. 
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FLYASH  CHARACTERISTICS 


Flyash  is  a  by-product  of  coal-burning  power 
plants.  It  is  readily  available  in  the  mid- 
western  United  States.  In  fact,  utility  com¬ 
panies  have  been  searching  for  ways  to  utilize 
flyash  productively  rather  than  to  pay  large 
amounts  of  money  to  dispose  of  it  as  a  waste 
product . 

The  flyash  used  on  the  project  was  obtained 
from  Detroit  Edison  Company  and  is  identified 
as  Type  F.  Studies  by  others  have  defined  the 
range  of  chemical  rr'^  physical  properties  of 
this  type  of  flyash.  The  grain-size,  as 
reported  by  others,  is  predominately  in  the 
range  of  silt-size  particles  with  80  to  90 
percent  of  the  material  falling  between  0.074 
and  0.002  mm.  It  is  non-plastic  and  has  a 
maximum  dry  density  in  the  range  of  80  to  90 
pounds  per  cubic  foot.  Table  I  (Gray  et  al) 
below  presents  a  chemical  analysis  of  a  few 
different  Detroit  Edison  flyash  materials. 

TABLE  1. 

CHEMICAL  ANALYSIS  OF  FLY  ASH  SOLIDS  FROM 
SOME  COAL-FIRED  POWER  STATIONS  IN  MICHIGAN 


Chemical  Composition  *  by  Weight 


Fly  ash  source 

SiO 

Al  0 

Fe  0 

TiO 

CaO 

(1) 

(2) 

(3) 

(4) 

(5) 

(6) 

D.E.Karn  Plant 

45.0 

28,5 

24,3 

— 

l.O 

Marysville  Pit 

36.5 

19.0 

33.0 

0.6 

2.0 

St.Clair  Plant 

36.0 

29.0 

19.0 

1,0 

3.8 

Trenton  Ch.Plt. 

46.5 

26.5 

16.0 

1.0 

0.9 

TABLE 

1  -  Con' 

t. 

MgO 

Na  0 

K  0 

SO 

Carbon 

(7) 

(8) 

(9) 

(10) 

(11) 

D.E.Karn  Plant 

0.5 

— 

Trace 

0.7 

Marysville  Pit 

0.8 

0.3 

1.7 

0.66 

3.53 

St.Clair  Plant 

0.9 

0.4 

1.6 

0.97 

4.75 

Trenton  Ch.Plt. 

0,8 

0.4 

1.6 

0.60 

4.32 

CEMENT  STABLIZED  FLYASH 


Detroit  Edison  has  conducted  extensive  research 
of  the  feasibility  of  stabilizing  flyash  by  the 
addition  of  Portland  cement  and  water.  The 
stabilized  flyash  usually  contains  5  percent 
cement  (as  a  percent  of  dry  flyash  weight)  and 
sufficient  water  to  impart  an  8-inch  to  10-inch 
slump  to  the  mixture.  It  is  designed  to  deve¬ 
lop  a  strength  in  the  range  of  pounds  per 
square  inch  in  28  days. 

In  addition,  Detroit  Edison  studies  have  indi¬ 
cated  that  the  stabilized  flyash  is  not  disper¬ 
sive  when  discharged  into  standing  water  and 
that  it  is  more  resistive  to  erosional  forces 
than  traditional  granular  materials. 

For  this  project,  Neyer,  Tiseo  &  Hindo,  Ltd. 
conducted  supplementary  tests  to  establish  the 
range  of  strengths  which  would  develop  with 
different  cement  contents  and  different  water 
contents.  The  results  of  these  studies  are 
presented  in  Figures  2  and  3. 


®  5*  CEMENT,  49X  HATER 
0  5*  CEMENT,  54t  HATER 


FIGURE  Z.  5X  CEMENT  CONTENT 


AGE  OF  SAMPLES  (DAYS) 

NOTE: 

®  lOX  CEMENT,  SOX  HATER 
0  lOX  CEMENT,  541  HATER 

FIGURE  3.  IPX  CEMENT  CONTENT 
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During  the  construction  of  this  project,  3  by  6 
cylinders  were  molded  in  the  field  and  field 
cured  submerged  in  water.  The  field  cured 
cylinders  were  broken  periodically  to  assess 
the  gain  in  strength  over  time.  The  results  of 
the  field  strength  tests  as  compared  to  the 
laboratory  results  are  presented  in  Figure  4. 

It  can  be  seen  that  field  strengths  were  gene¬ 
rally  less  than  half  of  the  lab  test  values  for 
comparable  time  periods. 


FIGURE  4.  FIELD  DATA  VS.  AVERAGE  LAB  DATA 


FLYASH  PLACEMENT 


In  order  to  place  the  stabilized  flyash  in  the 
distressed  section  of  the  tunnel,  it  was  neces¬ 
sary  to  drill  a  series  of  drop  holes  from  the 
ground  surface  through  the  crown  of  the  tun¬ 
nel.  Five  holes  were  drilled  on  approximately 
60-foot  centers  with  each  hole  being  30  inches 
in  diameter.  A  24-inch  diameter  steel  casing 
was  grouted  in  place  in  each  hole  prior  to  cor¬ 
ing  into  the  tunnel.  The  actual  tunnel  pene¬ 
trations  were  18  inches  in  diameter. 

To  prevent  the  fluid  flyash  from  flowing  beyond 
the  distressed  area,  bulkheads  were  installed 
at  each  end  of  the  damaged  section  of  tunnel. 
The  bulkheads  were  inflatable  polyester  fabric 
bags  placed  by  divers.  The  120-inch  diameter 
bags  were  Test  Ball  Plugs  manufactured  by  Chere 
Industries.  Water  pumped  from  the  ground  sur¬ 
face  was  used  to  inflate  the  bulkheads. 


Once  the  bulkheads  were  in  place,  stabilised 
flyash  was  placed  in  the  tunnel  by  tremie  pipe. 
The  bulkheads,  because  of  their  size,  could 
only  withstand  a  differential  pressure  of  3 
pounds  per  square  inch.  To  maintain  the  head 
in  equilibrium,  it  was  necessary  to  pump  water 
from  the  tunnel  at  the  same  rate  that  flyash 
was  introduced.  It  was  also  necessary  to  place 
the  flyash  in  three  lifts  so  that  each  lift 
could  gain  partial  strength  prior  to  placement 
of  subsequent  lifts.  A  total  of  approximately 
700  cubic  yards  of  cement  stabilized  flyash 
were  placed  over  a  three-day  period. 


GROUTING  PROCEDURES 

Once  the  distressed  areas  of  the  tunnel  had 
been  filled  with  cement  stabilized  flyash, 
grouting  from  the  ground  surface  was  under¬ 
taken.  Grout  holes  were  drilled  at  a  spacing 
of  approximately  twenty  feet  on  center  on  both 
sides  of  the  tunnel  barrel,  with  the  east  side 
grout  holes  offset  10  feet  north  of  those  on 
the  west.  Cement-lyash  grout  was  pumped  into 
the  grout  pipes  at  pressures  of  up  to  150  psi. 
The  grout  mix  was  three  parts  of  flyash  to  one 
part  of  cement  with  sufficient  water  to  give 
the  required  fluidity. 

The  intent  of  the  surface  grouting  was  to  fill 
voids  left  when  soj.1  migrated  into  the  tunnel, 
and  to  seal  cracks  in  the  tunnel  to  prevent 
further  soil  infiltration.  During  grouting,  it 
was  not  uncommon  for  grout  to  rise  in  unused 
grout  pipes  on  the  west  side  of  the  tunnel 
while  being  pumped  in  on  the  east  side.  This 
phenomenon  suggested  that  voids  existed  below 
the  tunnel  barrel  and  that  the  grout  was  indeed 
filling  the  voids. 

A  total  of  55  cubic  yards  of  grout  were  placed 
during  a  one-week  grouting  period.  Much  of  the 
grout  flowed  into  the  ground  under  its  own 
weight  and  grout  pressures  were  only  raised 
after  the  majority  of  grout  holes  had  received 
at  least  some  grout. 


REMINING  AND  RESTORATION 

With  grouting  completed,  the  water  was  again 
pumped  out  of  the  tunnel  and  repair  operations 
initiated.  The  cement-stabilized  flyash  was 
removed  by  hand  mining  using  pneumatic  clay 
spades.  In  general,  the  flyash  had  the  consis¬ 
tency  of  a  stiff  clay.  Rail  mounted  muck  cars 
were  used  to  haul  the  excavated  flyash  to  the 
shafts  for  removal. 

The  external  grouting  program  proved  to  be  very 
effective  in  sealing  off  the  infiltration  of 
soil  and  water  into  the  tunnel.  Only  a  limit¬ 
ed  amount  of  internal  grouting  was  required  to 
seal  leaking  cracks.  Steel  ribs  were  placed 
within  the  distressed  area  concurrently  with 
the  remining  to  improve  the  overall  strength  of 
the  tunnel  barrel  and  to  prevent  loose  pieces 
of  concrete  from  falling  out  of  the  tunnel 
lining.  The  ribs  were  W4X13  generally  placed 
on  approximately  2.5-foot  centers. 
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As  a  final  step  in  the  restoration,  a  shot- 
crete  liner  was  placed  over  the  ribs  and  the 
damaged  concrete.  The  inside  diameter  of  the 
new  shotcrete  lining  was  eight  feet  which  was 
considered  adequate  from  a  hydraulic  view¬ 
point.  The  shotcrete  contained  steel  fibers  sc 
that  it  was  not  necesssary  to  install  any  type 
of  mesh  in  the  tunnel.  In  order  to  improve  the 
adhesion  of  the  shotcrete  to  the  interior  of 
the  existing  tunnel  lining,  silica  fume 
(microsilica)  was  added  to  the  mix. 

The  tunnel  was  restored  to  service  upon  com¬ 
pletion  of  the  rib  placement  and  performed 
satisfactorily  during  the  summer  of  1986.  The 
shotcreting  was  completed  in  the  fall  of  1986 
and  the  tunnel  completely  returned  to  service 
in  the  spring  of  1987. 


CONCLUSIONS 

The  use  of  power-plant  flyash  in  the  construc¬ 
tion  and  repair  of  underground  facilities  has 
been  shown  to  be  cost-effective.  Cement- 
stabilized  flyash  as  a  low-strength,  low-cost 
fill  performed  well.  Ceraent-f lyash  grout  was 
effective  in  filling  subsurface  voids  and  in 
sealing  cracks  in  the  tunnel  lining.  The  pro¬ 
ject  was  completed  in  a  very  short  timeframe 
because  the  materials  were  readily  available. 
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Si’riOPSIS:  The  respo.eses  of  a  pair  of  brick-bearirg-wail  structures  to  nearby  construction  of  tuin, 

shield  driven  p : - f t- d i am e t er  tunnels  in  soil  are  examined.  Horizontal  and  vertical  ground  displace¬ 
ments  are  simraarlzed  and  discussed,  as  well  as,  horizontal  and  vertical  d i s p 1  a "'eraent s ,  tiltinj^ 
distortion,  and  damage  sustained  by  the  structures.  Transient  features  o''  the  developing  settlement 
trough  and  e''fects  on  building  response  are  also  examined  and  discussed. 


INTRCDUCTION 

This  paper  reviews  the  response  of  a  pair  of 
two-story,  br i ck- bear i ng- wal 1  structures  to 
excavation  of  two  nearby  subway  tunnels.  The 
tunnels  are  part  of  the  Washington,  D.C.  METRO 
System,  and  are  20.8  ft  in  diameter  with  a 
springline  depth  of  U5  ft.  The  center  to 
center  tunnel  spacing  is  *)  2  ft.  Fig.  1  shows 
the  relative  positions  of  the  structures  and 
the  tunnels  in  profile.  As  shown  by  the  site 
plan.  Fig.  2,  the  longitudinal  axes  of  the 
buildings  are  not  parallel  to  the  tunnel  axes. 


1  111®' 

QQQ  1 

DQC 

ni 

inr 

intj 

J.  1 

' 

1  1 

Building 

1  1 

-  .  -U. 

Building  i 

j-.j 

Fig.  :  Profile  of  Buildings  and  Tunnels 


SUBSURFACE  CONDITIONS 

The  soil  profile  shown  on  Fig.  3,  indicates 
that  the  test  section  fs  located  near  a  transi¬ 
tion  from  dense  sands  and  gravels  in  river 
flood  plain  deposits  to  hard,  clayey  Creta- 
oeo’is  soils.  Oh'.rvatlons  made  at  the  tunnel 
heading  during  excavation  beneath  the  test 
section  indicated  that  the  heathing  material  was 
a  hard  red  clay  with  occasional  weathered  and 
sandy  zones  near  the  tunnel  crown.  The  clay 
material  is  hard  and  fissured  with  some  sllck- 
ensldes  present.  Deep  dewatering  wells  were 


used  to  lower  the  ground  water  level  during 
construction.  Ground  control  in  the  test  area 
was  not  a  problem  and  ground  losses  appeared  to 
decrease  with  passage  through  the  transition 
zone . 
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EXCAVATION  AND  CONS  I  RUCTION  PROS E Du  HE 

The  V-Kinels  were  excavated  'ising  a  Robbins 
artioilated  shield.  The  shield  was  2’.’?  ft 
long  at  the  crown  with  an  outside  diameter  of 
20, S3  '"t.  The  shield  was  equipped  with 
hydraulically  operated  breasting  ‘'laps.  The 
front  cif  the  shield  inclided  a  ...5  ‘‘t  long  hood 
with  a  '/  2  in.  overcutter  bar  all  around  the 
leading  edge.  The  shield  was  composed  of  three 
sections,  approximately  equal  in  length,  with 
articulation  joints  connecting  the  sections. 
Hydraulic  jacks  also  connected  the  the  front 
and  middle  sections  and  provided  control  of  the 
attitude  of  the  front  section  relative  to  the 
middle  section.  The  connection  between  the 
middle  section  and  the  tall  sectica  was  such 
that  Che  tail  could  ‘'reely  trail  the  middle 
section.  The  tailskin  was  1/2  in.  thick  to 
minimize  ground  loss  as  the  temporary  support 
passed  out  o*'  the  tail  section. 

The  excavation  cycle  consisted  o‘':  ’)  shoving 

the  shield  forward  into  the  soil  with  hydraulic 
jacks  reacting  against  the  temporary  lining, 
and  2)  raking  the  muck  onto  a  conveyor  belt 
with  a  hydraulically  operated  spade.  The 
conveyor  then  carried  the  muck  from  the  face 
into  muck  cars.  A  temporary  lining  consisting 
of  steel  ribs  and  timber  lagging  was  assembled 
within  the  tailskin  of  the  shield  and  then 
expanded  as  each  rib  cleared  the  tail.  The 
ribs  were  four-piece  W6X25  sections  and  were 
spaced  about  4  ft  center  to  center.  The  lag¬ 
ging  consisted  of  5  in.  by  8  in.  by  3.75  ft 
long  timbers.  The  tunnel  excavation  and  sup¬ 
port  syste.m  is  described  in  detail  by 
Mac? her  son  et  al.,  (’978). 


STS'JTTURES 

Tne  two  brick  masonry  structures  and  their 
positions  relative  to  the  tunnels  are  illus¬ 
trated  in  Figs.  1  8. .a  2.  The  buildings  are 
two-sirr-ioe  high  with  full  tasemehts.  The 
longitudinal  axes  of  the  buildings  are  oriented 
approximately  22  degrees  from  the  tunnel  axes 
with  the  corner  of  Building  I  5  ft  from  the 
center  line  of  the  inbound  tunnel.  Because  of 
their  proximity  to  the  tunnel  excavations  these 
structures  were  vacated  during  tunnel  construc¬ 
tion. 

The  two  buildings  are  similar  in  construction. 
The  bearing  walls  are  parallel  to  the  longi¬ 
tudinal  axes  of  the  buildings  and  composed  of 
brick  with  lime  mortar.  There  is  no  structural 
connection  between  the  two  buildings.  A  steel 
beam  supported  by  the  facade  walls  and  three 
equally  spaced  interior  columns,  extends  along 
the  length  of  each  building,  midway  between  the 
bearing  walls.  The  timber  floor  joists,  2-ln. 
by  ’0-in.  at  lA-ln.  Intervals,  span  between  the 
center  beam  and  the  bearing  walls.  The  Joist 
bearing  at  the  masonry  pockets  was  about  4  in. 
The  bearing  walla  and  columns  are  supported  by 
shallow  footings  at  depths  ranging  from  4  to  8 
ft  below  the  exterior  ground  level.  Infor¬ 
mation  about  the  exact  nature  and  size  of  the 
footings  was  not  available.  However,  rubble 
type  footings  probably  support  both  buildings. 
Based  on  type  of  construction,  materials  and 
present  condition,  the  struct'ires  are  estimated 
to  be  80  to  90  years  old.  There  appears  to 


nave  been  some  renovation  and  restoration  of 
the  joists  and  front  facade  walls. 

Tne  tearing  walls  are  ’4  in.  thick  at  basement 
lev<'l  and  are  reduced  1  in.  in  thickness  for 
each  story  therea'^ter.  The  facade  walls  are 
'2-in. -thick  brick  masohry  walls.  The  front 
facade  walls  are  faced  with  one  wythe,  ap¬ 
proximately  4  in.,  of  cement  mortar  brick 
masonry  backed  by  8  in.  of  lime  mortar  brick 
masonry.  The  exposed  lime  mortar  is  generally 
soft  and  quite  easily  scraped  from  the  joints 
of  both  the  bearing  and  facade  walls.  In  many 
instances  there  are  gaps  where  the  lime  mortar 
has  been  eroded  or  has  fallen  from  the  joints. 
The  exterior  of  the  front  facade  walls  has 
better  mortar  and  presents  a  more  competent 
appearance;  the  joints  are  tight  and  very  hard 
with  few  cracks  or  gaps.  The  interior  wdls  of 
Building  I  are  either  exposed  brick  or  plaster 
over  brick.  Many  cracks  were  present  prior  to 
the  tunnel  excavation.  These  cracks  may  have 
been  related  to  previous  settlement  and  to 
cyclic  thermal  and  humidity  changes.  The 
interior  walls  of  Building  II  were  either  brick 
or  dry  wall  over  brick  with  cracking  prior  to 
tunneling  similar  to  that  observed  in  Building 


OBSERVATION  PROGRAM 

Observations  may  be  divided  into  three 
categories;  Measurements  of  movement  of  the 
ground  mass;  Distortion  measurements  of  the 
building;  Inspection  for  visible  evidence  of 
building  distortion  (e.g.  cracking,  jammed 
doors,  etc.).  The  observations  in  each  case 
were  made  before,  after,  and  periodically 
during  tunnel  excavation.  The  following  is  a 
brief  description  of  the  observations  made. 

More  detailed  descriptions  of  observations  may 
be  found  in  Boscardin  (’980). 

Observations  of  movements  of  the  ground  mass 
wpr-e  predominantly  settlement  measurements. 
However,  the  magnitude  of  the  horizontal  strain 
in  the  extension  zone  was  estimated  through 
observation  and  measurement  of  cracks  in  the 
sidewalks  and  pavement  that  developed  parallel 
to  the  tunnel  axes.  There  were  three  lines  of 
settlement  points  perpendicular  to  the  tunnel 
axes  at  Stas.  307’'90,  208+  1  5,  and  308  +  70  .  A 
fourth  line  ran  along  the  centerline  of  the 
inbound  tunnel  from  Sta.  307+60  to  Sta.  308+70, 
Fig.  2.  Three  deep  settlement  points  were  also 
monitored.  The  anchorages  for  the  deep  settle¬ 
ment  points  are  about  4  r  (;  above  the  crown  of 
the  tunnel.  Bench  marks  were  located  110  ft 
and  140  ft  from  the  center  of  the  inbound 
tunnel.  Detailed  descriptions  of  the  ground 
movements  may  be  found  in  MaePherson  et  al., 
(1978). 

B'!ildlr.g  distortion  was  monitored  using  five 
types  of  observations: 

^n^er^or_ba^_d^3^or^^on  was  determined  by 
changes  in  horizontal  and  diagonal  distances 
between  elements  of  the  bay.  Measurements 
were  made  using  a  tape  extensometer  having  a 
sensitivity  of  0.001  in.  and  a  repeatability 
of  0.004  in. 
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3  d£ng_s  e^£_l  emen£  was  based  spon  optical 
level  3'U’veys  of  extet’iors  of  both  buildings 
and  the  interior  of  the  basement  of  Building 
I.  The  level-rod  system  hao  a  repeatability 
of  0.0m  in.  and  closure  errors  were  on  the 
order  o*’  O.O'^  in. 

Tilt  o*'  the  soitn  wall  o'"  Building  I  was 
measired  using  plumb  bobs  suspended  from  the 
roof.  Measurements  were  repeatable  to  0.03 
i  n  . 

Relative  horizontal  displacements  between 
Building  I  and  II  were  determined  from 
change.'  in  distance  between  pairs  of  studs 
attached  on  either  side  of  the  vertical 
joint  forming  the  interface  between  build¬ 
ings.  Measurements  were  made  using  a 
caliper  wiih  a  sensitivity  of  O.GOl  in. 
Repeatability  was  on  the  order  of  O.C’  in. 

£hange__i  n_bear^ng  of  floor  joists  was  deter¬ 
mined  by  displacement  o'  a  reference  stud  on 
the  joist  relative  to  the  face  of  the  wall. 

A  caliper  with  a  sensitivity  of  0.00’  in. 
was  used.  The  repeatability  of  the  system 
was  0.0’  in. 

The  third  category  of  observations  was  inspec¬ 
tion  for  visible  evidence  of  building 
distortion.  Detailed  surveys  noting  the  condi¬ 
tion  of  buildings  were  made.  Cracks  were 
mapped  and  seiect.d  c;acks  were  measured  before 
and  after  tunnel  excavation.  Building  elements 
which  often  prove  quite  sensitive  to  distortion 
were  also  inspected.  These  Included  doors, 
windows,  c  0 1  i  m  n  -  b  e  a  m  i  n  t  c  r  s  o  c  t  i  o  n  s  ,  a  ”  d  c  r  n  e  r 
areas . 


GROUND  SURFACE  AND  BUILDING  SETTLEMENTS 

The  settlements  discussed  in  this  section  are 
related  only  to  excavation  of  the  Inbound 
tunnel.  Excavation  of  the  outbound  tunnel, 
which  was  farther  from  the  buildings,  oo.ourred 
first  and  was  monitored  by  the  contractor. 
Construction  records  Indicate  less  than  1/8  In. 
of  settlement  occurred  in  Building  I  in 
response  to  outbound  tunnel  construction  and  no 
evidence  of  building  distress  due  to  excavation 
of  the  outbound  tunnel  was  observed. 

The  pattern  of  ground  surface  settlement  along 
the  centerline  of  the  Inbound  tunnel  is  shown 
in  Fig.  W.  The  five  curves  Illustrate  surface 
settlements  associated  with  various  positions 

Inbound  Station,  tt. 

3074>eo  308«00  308’«‘40  308^80 


Fig.  u  Centerline  Settlement  Profile 


o'  the  tunnei  heading  during  excavation.  The 
data  indicate  that  surface  settlement  decreased 
as  the  tunneling  passed  through  the  transition 
zone  from  sandy  pleistocene  terrace  deposits 
to  hard  Cretaceous  clay.  Final  surface  settle¬ 
ments  along  the  centerline  range  from  1.5  in. 
iCretaceous  clay)  to  nearly  3  in.  (sandy  ter¬ 
race  deposits).  Deep  settlement  monitors  in 
the  Cretaceous  clay  indicated  approximately  2 
in.  of  deep  settlement  above  the  tunnel  crown. 
Deep  settlement  also  appeared  to  decrease  with 
passage  through  the  transition  zone.  Fig.  P 
also  indicates  that  the  sirface  settlem.nt 
preceded  the  finnel  heading  by  about  15  ft  and 
25  ft  during  tunneling  in  the  Cretaceous  clay 
and  sandy  terrace  deposits,  respectively.  Ten 
to  fifteen  percent  of  the  total  surface  settle¬ 
ment  occurred  before  the  face  of  the  excavation 
reached  a  reference  point.  For'ty  to  sixty 
percent  of  the  total  surface  settlement  ap¬ 
peared  by  the  time  the  tail  of  the  shield 
passed  a  given  point.  In  addition,  the  sandy 
terrace  material  appeared  to  settle  more  than 
the  hard  clay  material  once  the  tail  passed  a 
given  point  and  the  ribs  and  lagging  support 
was  in  place. 

Surface  settlements  along  a  line  perpendicular 
to  the  tunnel  axis  at  Sta.  ROS*?'.  -re  shown  in 
Fig.  5.  Settlement  profiles  corresponding  to 
several  locations  of  the  tunnel  face  are  shown. 


DIstanc*  Irom  of  Inbound  Tunnal,  ft 


Fig.  5  Settlement  Profile  at  Sta.  308*70 


It  is  apparent  that  based  on  the  final  settle¬ 
ment  data  portions  of  the  structures  lie  in  the 
zone  of  lateral  extension  while  other  portions 
Yraa  me  wca  qnea  nK  YdwaodY  unjboaQQmne  ioaKao 
to  Fig.  6).  However,  Fig.  5  also  Indicates 
that  portions  of  Building  I  initially  in  the 
zone  of  lateral  extension  are  later  in  the  zone 
of  lateral  compression  due  to  continued 
development  of  the  settlement  profile. 
Therefore,  Building  I  will  be  subjected  to 
transient  patterns  of  distortion  potentially 
quite  different  than  the  final  settlement 
profile  would  suggest. 

A  transient  pattern  of  extension  and  compres¬ 
sion  zones  is  also  present  when  considering 
lateral  ground  movements  parallel  to  the  tunnel 
axis.  The  settlement  profile  in  the  vicinity 
of  the  tunnel  heading  exhibits  a  reversal  of 
curvature  and  a  zone  of  maximum  curvature 
similar  to  the  transverse  settlement  profile  of 
the  trough.  In  effect,  the  buildings  are 
subjected  to  two  components  of  horizontal 
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However,  ''iral  dlst'irti^in  d 
o''  the  story.  Building  I  w 
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- I,  -  id'^'g  Slop* 


Fig.  9  B'lilding  Distortions  ''or  T'innel  Face  at 
Sta.  308-50 

The  shear  strains,  derived  from  the  di^Teren- 
tial  settlements,  oaiaed  a  greater  extension 
along  one  diagonal  than  along  the  other.  The 
rigid  body  rotation  of  the  structure  was  about 
’fOCOO  and  the  slope  o'"  the  building  settlement 
profile  equaled  '/500.  Therefore,  angular 
distortion  o*'  the  structure  (settlement  slope 
across  the  building  minus  rigid  body  tilt)  was 
about  ‘^750.  Thus,  during  the  early  stages  of 
the  development  of  the  settlement  trough,  the 
distortion  of  the  structure  had  both  horizontal 
and  shear  strain  components,  whereas,  the  final 
distortion  of  the  structure  appears  to  be 
dominated  by  the  shear  strain  caused  by  dif¬ 
ferential  settlement. 

When  tne  face  of  the  tunnel  moved  to  Sta. 
303*60,  the  front  door  of  Building  I  became 
tightly  jammed.  The  distortion  of  the  door 
frame  was  sufficient  to  bind  the  door  which  had 
previously  opened  easily.  Later,  when  the 
settlement  trough  was  nearly  fuliy  developed, 
the  door  again  worked  normally.  This  one 
instance  illustrates  a  situation  where  a  por¬ 
tion  of  the  structure  experienced  more  severe 
angular  distortion  during  the  development  of 
the  settlement  trough  than  the  final  measure¬ 
ments  indicate.  In  such  cases,  predictions  of 
building  response  based  upon  estimates  of  final 
distortion  alone  may  be  misleading. 

The  final  distorted  shape  of  Building  I  is 
ca'jsed  primarily  by  dl‘’‘’erentlal  settlements 
•icross  the  structure.  The  differential  settle¬ 
ment  between  bearing  walls  is  ’  in.  and  causes 
a  slope  of  '/230  across  the  structure.  The 
final  relative  horizontal  movement  between  the 
bearing  walls  at  their  base  was  negligible. 

The  distortion  caused  by  this  combination  of 
relative  movements  has  primarily  two  com¬ 
ponents;  a  rigid  bouy  tilt  and  a  shear  or 
angular  distortion  of  the  building.  The  rigid 
bory  tilt  of  the  structure  was  apparent  from 
the  plumb  line  measurements  and  from  the  open¬ 
ing  0*'  the  joint  between  the  two  structures. 

The  final  plumb  line  measurements  lead  to  a 
calculated  rigid  body  rotation  of  ’/710. 
Shearing  distortions  are  indicated  by  the 
strain  measured  along  the  diagonal  tape  exten- 
someter  lines.  One  diagonal  of  each  pair 
exhibited  extension  whereas  the  other  exhibited 
compiesslon  as  shown  in  Fig  7. 


Die  to  the  orientation  o'’  the  Building  I  rela¬ 
tive  to  the  tunnel  axis,  the  structure  cuts 
across  the  settlement  contours  at  an  angle  and 
torsion  is  Induced  in  the  structure.  This 
angle  of  twist  was  approximately  0.'5  degrees 
over  the  60-ft  length  of  the  structure.  In 
this  case  the  ef''eot  of  the  torsion  of  the 
building  was  slight.  The  amount  of  torsion 
induced  was  small  and  the  lack  of  fixity  of  the 
structural  connections  between  the  wall  and 
'"loor  systems  allowed  this  struct 'ire  to 
tolerate  this  torsion  with  negligible 
deleterious  effects.  However,  a  transient 
torsion  can  also  occur  in  a  structure  regard¬ 
less  of  orientation  relative  to  the  tunnel  axis 
due  to  the  pattern  of  development  of  the 
settlement  trough  and  should  be  considered  in 
any  evaluation  of  building  response. 

The  final  distortions  of  Building  II,  shown  in 
Fig.  6,  illustrate  the  behavior  of  a  structure 
in  the  zone  of  lateral  extension.  The  di*"- 
ferential  settlement  between  the  bearing  walls 
is  0.2  in.,  causing  the  building  settlement 
curve  to  have  a  slope  of  I/IBSO.  The  rigid 
body  rotation  of  Building  II  is  on  the  order  of 
’/33OO  or  less.  Thus,  the  differential  settle¬ 
ments  and  the  rigid  body  rotations  of  Building 
II  are  less  than  those  of  Building  I.  The 
final  angular  aistortion  o'"  Building  II  is 
about  1/2000.  The  horizontal  tape  extensometer 
measurements  show  lateral  strains  between  the 
bearing  walls  ranging  from  1/3'OC  in  the  base¬ 
ment  to  '^/  1  300  at  the  roof.  Both  diagonals  of 
each  set  showed  extension.  The  diagonal  exten¬ 
sion  strains  range  from  I/300O  to  '' / 1  300  for 
the  basement  and  second  story  tape  extensometer 
lines,  respectively.  The  greater  extension 
measured  along  the  horizontal  and  diagonal  tape 
extensometer  lines  higher  up  in  the  structure 
are  caused  by  a  relative  rotation  of  the  bear¬ 
ing  walls.  The  bearing  wall  nearer  the  center 
of  the  settlement  trough  is  on  a  steeper  por¬ 
tion  of  the  ground  surface  settlement  curve  and 
thus  rotates  more  than  the  farther  bearing  wall 
(Fig.  6). 


VISIBLE  EVIDENCE  OF  BUILDING  DAMAGE 

Visual  inspections  were  made  before,  after,  and 
at  intervals  during  the  tunnel  excavation  under 
the  test  site.  The  initial  conditions  of  both 
Buildings  I  and  II  were  quite  poor.  Extensive 
cracking  was  noted  on  the  interiors  and  ex¬ 
teriors  of  both  structures  and  the  interior 
plaster  walls  were  cracked  and  loosened  at  many 
locations.  The  initial  state  of  each  building 
was  recorded  through  photographs,  mapping  of 
cracks,  measurement  of  selected  cracks,  and 
written  descriptions.  Additional  cracking  and 
the  increase  in  size  of  pre-existing  cracks 
were  noted  during  and  after  the  tunnel  excava¬ 
tion.  When  viewed  in  light  of  the  very  poor 
initial  condition  of  both  structures  any  damage 
caused  by  the  tunnel  excavation  can  only  be 
termed  as  negligible  to  very  slight.  However, 
if  the  same  structures  were  in  good  repair  and 
had  been  occupied,  the  same  response  would 
probably  have  been  considered  to  be  slight  to 
moderate  damage,  see  Boscardin  (1987). 

New  cracks  and  an  increase  in  the  width  of 
existing  cracks  were  found  in  Building  I  during 
and  after  tunnel  excavation.  Areas  where  the 


cracking  was  noticed  incl  ide  a  iront  and  rear 
facade  walls,  the  soith  bearing  wall,  and  the 
basement  slab.  Examples  o''  the  cracking  at 
these  locations  are  shown  in  Fig.  '!0.  The  rear 
''acade  wall  experienced  a  ’/pH  in.  increase  in 
the  width  of  several  o'"  the  existing  cracks. 

An  increase  in  crack  site  was  also  noted  in  the 
south  bearing  wall  near  the  front  facade  wall. 
Here  a  diagonal  crack  ''rora  the  second-story 
window  down  to  the  facade  wall  became  clearly 
visible  (Fig.  ’Ob).  In  the  ‘'ront  facade  wall 
of  Building  I,  the  cracks  were  concentrated 
arouRd  the  doors  at  the  first  floor  and  the 
windows  at  the  second  rioor  (Fig.  ’Oc). 


ad  Rear  Facade  Wall  cd  Front  Facade  WafI 


Cracks  around  the  door  nearest  the  excavation 
ranged  “'rom  ’/32  in.  to  ’/8  in.  wide  at  the 
bottom  and  top  of  tne  door,  respectively.  The 
door  became  jammed  and  dl‘'fiodlt  to  open  as  a 
result  of  the  t  unnel  -  i  nd'joed  distortion.  The 
door  at  the  north  end  of  the  facade  wall  was 
surrounded  by  cracks  about'l/32  in.  wide.  An 
increase  in  the  widths  of  cracks  on  the  ‘‘ront 
•■acade  wall  were  also  evident  at  the  second 
‘’loor  where  vertical  cracks  below  the  windows 
increased  about  l/biu  in.  in  width.  A  new  crack 
also  appeared  in  the  basement  slab  of  Building 
I  near  the  south  bearing  wall.  The  crack  was 
nearly  20  ft  long  and  5^6^  in,  wide  and  ap¬ 
peared  when  the  tunnel  face  was  at  Sta.  308''30 
(Fig.  The  crack  approximated  the  shape  of 

the  contours  of  settlement  for  this  position  of 
the  tunnel  face  relative  to  the  building.  Tape 
extensometer  data  matched  crack  measurement 
data  relatively  well. 

Cracking  In  Building  II  was  concentrated  at  the 
corner  of  the  south  bearing  wall  and  the  front 
'acade  wall.  A  pre-existing  ■' /  1  6  -  1  n .  -  w  1  d  e 
vertical  crack  between  the  bearing  wall  and  the 
facade  wall  opened  tn  ’/8  In.  in  the  basement 


Fig.  ’’  Cracks  in  Basement  of  Building  I 


to  1/4  in.  at  the  second  floor.  Daylight  was 
visible  through  the  crack  at  several  locations. 
Another  crack  at  the  corner  between  the  celling 
and  the  'ront  'acade  wall  of  the  second  story 
was  initially  1/8  in.  wide  and  Increased  to 
3/8  in.  wide.  A  pre-existing  hairline  crack  at 
the  corner  of  the  south  bearing  wall  and  ceil¬ 
ing  o'  the  second  story  near  the  front  of  the 
building  also  grew  to  1/4  in.  wide.  The  tape 
extensometer  data  for  Building  II  show  that 
nearly  all  of  the  lateral  extension  experienced 
by  tire  structure  was  concentrated  in  the  the 
few  cracks  described  above. 

Data  from  the  plumb  bob  survey  are  summarized 
in  Fig.  12.  The  resultant  displacements  o.'  the 
top  of  the  wall  relative  to  its  bottom  at  each 
plumb  bob  location  are  shown  as  vectors  for 
various  stages  o'  tunnel  progress  through  the 
si  te. 


Fig.  12  Plumb  Bob  Data  Summary 

Both  the  distance  of  the  wall  from  the  cen¬ 
terline  of  the  tunnel  and  the  orientation  of 
the  wall  with  respect  to  the  tunnel  axis  in¬ 
fluence  the  tilt  and  its  pattern  of 
development.  In  this  case  the  wall  is  oriented 
such  that  it  cuts  across  the  settlement  trough 
so  that  the  final  tilt  occurs  both  perpen¬ 
dicular  to  the  building  wall,  toward  the  tunnel 
axis,  and  parallel  to  the  building  wail,  toward 
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tne  point  where  the  wall  is  closest  to  the 
t'lnr. el  centerline  (in  thi-^  case  in  the  direc- 
t  i  0  r.  o t  .i  n  n  e  1  advance). 

Changes  in  the  width  o'"  the  vertical  joint 
''arming  the  ihter''ace  between  Bnildlngs  I  and 
il  were  monitored.  Initially,  the  joint  was 
approximately  ' / S  to  3 ' ’ o  in.  wide.  the  joint 
opened  an  additional  ’ / 8  to  3^8  in.  in  response 
to  tin n el  excavation  as  shown  in  Fig.  7 . 
Comparison  o*'  joint  separation  with  tape  exten- 
someter  and  pi  imp  tob  data  indicate  the  data  to 
to  compatible. 


C15CCSSICN 

Tne  b'lilding  distortion  data  was  also  'ised  to 
st'idy  the  development  of  the  settlement  trough. 

For  example,  the  plot  of  the  tape 
extenso meter- measured  displacements  at  Sta. 
303-'50  in  Fig.  '3  illustrates  the  behavior  of 
the  structure  for  various  locations  of  the 
tunnel  ‘'ace. 


location  of  Tunnel  Face 


Fig.  '3  Tape  Extensometer  Data  Perpendicular 
to  Tunnel  Axis 

Initially,  as  the  tunnel  heading  approaches  the 
station  of  the  cross-section  being  monitored, 
only  the  wall  nearer  the  tunnel  displaces 
toward  the  tunnel  to  cause  an  increase  in  the 
distance  between  the  bearing  walls.  During 
this  early  phase  of  the  trough  development  the 
wall  is  in  the  zone  o'"  horizontal  extension. 

The  wall  tilts,  moves  horizontally  towards  the 
tunnel,  and  settles  slightly.  As  the  tunnel 
heading  passes  by  the  station  of  the  cross- 
section,  the  settlement  trough  widens  and  the 
wall  is  no  longer  in  the  zone  of  extension,  but 
in  the  zone  of  compression.  The  horizontal 
movements  are  slight,  yet  the  vertical  move¬ 
ments  are  significant  resulting  in  extension  of 
one  diagonal  and  compression  of  the  other. 
Later,  as  the  tunneling  progresses  the  settle¬ 
ment  trough  continues  to  widen  and  the  zone  of 
extension  begins  to  influence  the  next  wall 
farther  out  causing  it  to  displace  horizontally 
toward  the  tunnel.  The  horizontal  distance 
between  the  two  walla  now  decreases  while  the 
diagonal  distances  remain  constant.  The  In¬ 
crease  in  differential  settlement  between  the 
bearing  walls  compensates  somewhat  ‘‘or  the 
decrease  in  horizontal  distance,  and  the 
diagonal  distances  do  not  change. 

The  tape  extensometer  data  for  reference  points 
located  along  the  longitudinal  axis  of  Building 
I,  perpendlcilar  to  the  tape  extensometer  lines 
described  above,  demonstrate  the  response  o'" 


the  structure  to  the  transient  settlement  wave 
in  the  plane  of  the  tunnel  axis.  In  the 
vicinity  of  the  tunnel  heading,  the  lon¬ 
gitudinal  ground  surface  settlement  profile 
exhibits  zones  of  lateral  tension  and  compres¬ 
sion,  an  inflection  point,  and  a  point  of 
maximum  curvature  similar  to  the  typical  sur¬ 
face  settlement  profile  perpendicular  to  the 
tunnel  axis.  As  the  shield  approaches  a 
reference  point,  the  ground  moves  horizontally 
toward  the  shield  and  the  point  is  in  the  z'one 
of  lateral  extension.  Once  the  shield  passes 
the  point  In  question,  the  absolute  horizontal 
motion  is  reversed  as  the  ground  continues  to 
move  toward  the  shield,  but  now  the  reference 
point  is  in  the  zone  of  lateral  compression. 
Chronologically,  the  longitudinal  span  should 
first  tend  to  extend  horizontally,  then  com¬ 
press  horizontally,  and  finally  extend  again  if 
the  axis  of  the  building  Is  parallel  to  the 
axis  of  the  tunnel.  However,  the  change  in  a 
span  during  passage  of  the  shield  will  vary 
somewhat  depending  upon  orientation  of  the  span 
relative  to  the  tunnel  axis  and  the  ground 
conditions.  The  case  shown  in  Fig.  1A  exhibits 
this  behavior. 


Location  of  Tunnel  Face 


Fig.  1 L  Tape  Extensometer  Data  Parallel  to 
Tunnel  Axis 

In  this  case,  the  orientation  o''  the  building 
axis  relative  to  the  tunnel  has  negated  the 
Initial  tendency  ‘‘or  the  span  to  sustain 
horizontal  extension  however,  the  latter  two 
phases  o'"  horizontal  compression  and  then 
horizontal  extension  are  apparent.  The  net 
result  of  the  horizontal  measurements  is  exten¬ 
sion  which  is  at  least  in  part,  due  to  the 
orientation  of  the  building  axis  with  respect 
to  the  tunnel  axis  and  the  direction  in  which 
the  tunnel  excavation  proceeded. 

The  resultant  vectors  of  tilt,  as  shown  by  the 
plumb  bobs,  are  toward  the  source  of  the  ground 
loss  causing  the  ground  movement  at  that  par¬ 
ticular  time.  The  tilt  parallel  to  the  plane 
of  the  wall  is  approximately  the  same  as  the 
slope  of  the  building  settlement  profile  along 
the  wall.  Whereas,  the  tilt  perpendicular  to 
the  wall  is  approximately  1/3  of  the  slope  o'" 
the  transverse  ground  settlement  profile  at  the 
wall.  This  suggests  that  the  flooring  system 
tends  to  provide  some  restraint  of  the  rotation 
of  the  wall. 

Movement  of  the  '"Irst  floor  joists  relative  to 
the  bearing  surfaces  was  also  monitored.  The 
changes  In  bearing  of  the  ends  of  four  Joists 
were  observed.  Overall  changes  Indicated  a 
decrease  In  bearing  approximately  corresponding 
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to  the  lateral  extension  recorded  at  each 
location.  However,  the  decrease  in  bearing  was 
not  the  sarr. e  at  each  end  o'"  a  particular  joist. 
Ends  of  joists  bearing  in  masonry  pockets  tend 
to  poll  O'.it  when  the  span  is  in  a  state  o'" 
extension,  bat  when  the  span  is  compressed,  the 
corresponding  Increase  in  bearing  .s  restricted 
to  the  ends  of  the  joists  bearing  on  the 
central  steel  beam.  This  behavior  was  probably 
ln‘'l  ienced  by;  the  roighness  o*'  the  masonry 
bearing  sir'ace  relative  to  the  s tee  1- bear i ng 
3  ir‘'ace  and  the  tendency  for  debris  to  collect 
in  the  void  created  between  the  end  of  the 
joist  and  the  back  of  the  masonry  pocket, 
thereby  preventing  the  joist  from  slipping  back 
into  the  masonry  pocket. 


SbfyMARY  AMD  COUCLUSIOHS 

This  case  study  describes  observed  response  of 
a  pair  o*'  two-story,  brick  bearing  wall  struc- 
tires  above  and  adjacent  to  a  pair  of  21-ft- 
diameter  tunnels  in  soil.  Factors  examined 
include  horizontal  and  vertical  ground  dis¬ 
placements,  horizontal  and  vertical  building 
displacements,  building  tilting,  building 
distortion,  and  building  damage  as  summarized 
below. 

The  settlement  trough  that  developed  exhibited 
a  typical  concave  shape,  with  a  zone  of  lateral 
compression  near  the  center  of  the  trough  and  a 
convex  pro‘'ile  (hogging)  with  lateral  exten¬ 
sions  in  the  outer  portions  of  the  trough.  The 
longitudinal  settlement  wave  preceding  the 
tunnel  excavation  was  similar  in  shape  and 
magnitude  to  one  side  of  the  transverse  settle¬ 
ment  trough.  The  wave  was  transient  and 
reversals  of  curvature  of  the  ground  surface 
settlement  profile  and  horizontal  ground  move¬ 
ment  movement  parallel  to  the  tunnel  axis 
occurred. 

The  structures  settled  and  strained  laterally 
in  compliance  with  the  ground  movements.  The 
structures  did  not  appear  to  restrain  the 
ground  movements  to  any  slgni''lcant  extent.  As 
a  consequence,  transient  building  distortions 
during  development  of  the  settlement  trough 
were  larger  than  the  final  distortions  re¬ 
corded.  Locally,  distortions  during  the 
development  of  the  settlement  trough  may  have 
been  greater  than  the  final  distortions. 
Reversals  of  curvatire  are  often  induced  In 
buildings  as  the  settlement  trough  develops, 
and  can  cause  greater  overall  distortion  than 
the  ‘‘Inal  measurements  would  Indicate. 

The  ''Inal  modes  of  deformation  of  the  struc¬ 
tures  are  directly  related  to  the  position  of 
the  structures  relative  to  the  settlement 
trough.  Building  I,  located  within  the  concave 
or  bowl-shaped  portion  of  the  settlement 
tro'igh,  sustained  primarily  shear  related 
deformation.  The  building  width  was  approx¬ 
imately  equal  to  I/3  the  half  width  of  the 
settlement  trough  and  so  significant  rigid  body 
rotation  of  the  building  occurred.  This 
resulted  in  an  angular  distortion  of  ap¬ 
proximately  one-half  the  average  slope  of  the 
settlement  trough  beneath  the  building  The 
lateral  extension  sustained  by  the  building  Is 
small  and  most  distortion  was  in  the  form  of 
angular  distortion.  Building  II  Is  located  on 


the  convex  portion  of  the  settlement  trough 
where  lateral  extension  is  a  3ignl''lcant  factor 
in  causing  building  de '"orma  t  i  on  .  The  convex 
profile  causes  a  bending  mode  of  distortion 
which,  in  turn,  produces  larger  lateral  exten¬ 
sions  in  the  upper  story. 

Cracking  and  damage  to  Building  I  was  minor. 

The  cracking  and  increase  in  crack  widths  that 
did  occur  was  not  slgnl‘'icant  due  to  the  poor 
initial  condition  of  the  structure.  The  crack¬ 
ing  at  the  '’ront  0''  Building  I  can  be 
attributed  primarily  to  the  angular  distortion 
of  the  structure.  Cracking  and  damage  to 
Building  II  was  caused  primarily  by  lateral 
extension  and  Its  ampl  1  *' i  ca  1 1  on  in  the  upper 
story  by  the  independent  rigid  body  rotation  of 
the  bearing  walls.  Nearly  all  the  lateral 
extension  strain  across  the  building  was  con¬ 
centrated  in  one  crack. 

It  is  evident  that  both  Building  I  and  Building 
II  experienced  some  damage  in  response  to  the 
nearby  tunnel  excavation.  However,  considering 
the  initial  states  of  these  structures,  the 
damage  was  very  slight  to  slight.  If  the 
buildings  were  initially  in  good  repair,  the 
cracking  damage  would  have  been  considered 
slight  to  moderate. 


ACKNOWLEDGMENTS 

Collection  of  these  case  history  and  field  data 
was  performed  by  the  Department  of  Civil 
Engineering  of  the  University  of  Illinois  under 
sponsorship  of  the  Office  of  the  Secretary,  and 
Urban  Mass  Transportation  Administration,  U.  S. 
Department  of  Transportation  (Contract  Nos. 
DOT-OS-70024  and  DOT- UT- 800 39  )  .  Support  and 
assistance  of  WMATA  in  permitting  the  field 
observation  program  is  acknowledged,  as  is  the 
cooperation  of  Bechtel  Associates,  construction 
manager  for  Metro,  and  Traylor  Brothers,  the 
contractor . 


REFERENCES 

Boscardin,  M.  D.  and  E.  J.  Cording  (1987). 
"Building  Response  to  E xcava 1 1  on- 1 nduced 
Settlement,"  submitted  to  Journal  of  the 
Geotechnical  Division,  ASCE. 


Boscardin,  M.  D.  (1980).  "Building  Response  to 
E xc a V a 1 1  on- I nduced  Ground  Movements,"  Ph.D, 
dissertation  presented  to  the  University  of 
Illinois  at  U r ba na-C hampa i gn  ,  Illinois. 

Boscardin,  M.  D.,  E.  J.  Cording  and  T.  D. 

O'Rourke  (1978).  ^ Building 

B  e  ha  V  i  o£_^£_R  e££0  n  3  e  to  Adj^acen^  Excavation, 
Final  report  prepared  by  the  UniversiTy  of 
Illinois  for  the  U.  S.  Dept,  of 
Transportation,  Report  No.  UMTA- I L- 06- 00 A  3- 
78-2. 

MaePherson,  H.  H.,  J.  W.  Critchfield,  S.  W. 

Hong,  and  E.  J.  Cording  (1978).  Se^t^ement_ 
Around  Tunnels  in  Soils:  Xhree_Case  ~ 

Histories,  Final  report  prepared  by  the 
University  of  Illinois  for  the  U.  S.  uept. 
of  Transportation,  Report  No.  UMTA-IL-06- 
00«3-78- 1 . 


1036 


Proceedings:  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  5.32 


Advances  in  the  Construction  and  Design  of 
Jet  Grouting  Methods  in  South  America 


Giorgio  Guatteri 

Chairman,  Novatecna,  Sao  Paulo,  Brasil 

Joseph  L.  Kauschinger 

Assistant  Professor,  Tufts  Univesity,  Medford,  Massachusetts 


Antonio  C.  Doria 

Project  Manager,  Novatecna,  Sao  Paulo,  Brasil 

Edward  B.  Perry 

Research  Civil  Engineer,  U.S.  Army  Engineer  Waterways  Experiment 
Station,  Vicksburg,  Mississippi 


SYNOPSIS:  This  paper  presents  a  brief  historical  development  of  the  two  most  popular  jet  grouting 
methods  used  in  South  America,  namely,  the  chemical  churning  pile  method  (CCP)  and  jumbo  jet  grout¬ 
ing.  Advantages  and  limitations  of  each  procedure  are  cited.  A  brief  discussion  follows  covering 
the  history  of  CCP  jet  grouting  in  South  America.  Field  trials  performed  to  improve  the  design 
methodology  Jnd  construction  of  CCP  and  jumbo  jet  grouted  columns  are  presented.  Finally,  three 
case  histories  are  presented  to  illustrate  the  use  of  jumbo  jet  grouting  where  limited  head  room 
exists,  jet  grouting  in  close  proximity  to  pile  supported  structures,  formation  of  a  diaphragm  wall 
in  gravelly  soil  with  boulders.  The  paper  closes  with  a  short  discussion  of  a  recent  tunnel  project 
in  which  horizontal  jet  grouting  is  used  as  the  temporary  tunnel  support. 


INTRODUCTION: 


Jet  grouting  is  a  general  term  describing  a 
construction  method  which  utilizes  a  high 
speed  fluid  to  cut,  replace,  and  then  mix  the 
native  soil  with  a  cementing  material.  The 
high  velocity  jet  stream  is  developed  by  using 
high  pressure  pumps,  which  eject  the  fluid 
through  relatively  large  nozzles  or  injectors, 
2  to  4  mm  in  diameter.  The  most  important 
feature  of  jet  grouting,  when  compared  to 
injection  or  permeation  grouting,  is  that 
jetting  allows  the  cementing  medium  to  be 
uniformly  mixed  with  a  wide  range  of  soils, 
i.e.  sands  and  gravel  or  even  hard  clayey 
soils.  Other  general  advantages  of  jet  grout¬ 
ing  include:  little  ground  heave  when  compared 
to  the  volume  of  soil  stabilized;  relatively 
high  compressive  soilcrete  strengths;  treat¬ 
ment  can  begin  at  most  practical  depths  and 
can  be  terminated  below  the  ground  surface 
( Yahiro, 1973;  Miki  1984). 


Figure  1  Sequence  to  Construct  a  CCP  Column 

1  -  Drilling  Guide  Hole 

2  -  CCP  Jet  Grouting 

3  -  Lifting  and  Rotation 

4  -  Completion  and  Repetition 


At  present  there  are  about  eight  different 
construction  techniques  which  can  be  classifi¬ 
ed  as  jet  grouting  methods,  with  about  four  or 
five  predominate  ones  (Miki  1984;  Yahiro  1982; 
Bruce  1987).  The  diversity  in  the  number  of 
jet  grouting  methods  arises  because  of  the 
many  factors  which  go  into  the  jet  grouting 
process.  Each  method  has  its  own  advantages 
and  limitations  and  each  should  be  considered 
for  use  in  light  of  their  individual  charac¬ 
teristics.  The  two  jet  grouting  methods  pri¬ 
marily  used  in  South  America,  chemical  churn¬ 
ing  pile  (CCP)  and  jumbo  grout  are  discussed 
more  fulling  in  this  paper. 


EARLY  DEVELOPMENTS  OF  JET  GROUTING: 

The  chemical  churning  pile  (CCP)  method  of  jet 
grouting  was  one  of  the  first  forms  of  jet 
grouting  developed  in  Japan  during  the  early 
1970's  by  Nakanishi  (Miki  1984).  The  technique 
utilizes  a  water-cement  grout  as  the  jetting 
medium  which  is  injected  into  the  soil  at  high 
velocities  through  an  injector  located  at  the 
bottom  of  a  single  drill  rod.  The  installation 
sequence  is  schematically  represented  in  Fig¬ 
ure  1,  where  it  can  be  seen  that:  first  a 
guide  hole  is  drilled  or  jetted;  followed  by 
jet  grouting  which  involves  both  lifting  and 
rotating  the  single  rod  while  injecting  grout. 
A  pile-like,  soil-cement  (soilcrete)  column  is 
formed,  which  may  be  interconnected  to  form  a 
wall . 


Most  of  the  early  work  conducted  using  CCP  jet 
grouting  was  performed  using  chemicals,  thus 
arose  the  tradename,  chemical  churning  pile 
(CCP).  However,  due  to  environmental  concerns, 
most  CCP  work  today  is  conducted  using  a  wa¬ 
ter-cement  grout  as  the  cutting  and  cementing 
fluid.  In  1973,  an  Italian  contractor,  Romano 
Colla,  was  the  first  to  form  CCP  columns  using 
ultra-high  pressures  (5000  psi . )  and  high  flow 
rates  (100  to  250  l./min.)  through  two  rather 


1037 


large  injectors  (  1 .  t)  to  2.4  ram  diameter).  The 
CCP  technique  originally  proposed  by  Nakanishi 
and  later  modified  by  Colla  is  the  CCP  jet 
grouting  method  presently  used  in  South  Ameri¬ 
ca  by  Novatecna. 


Experiments  conducted  in  Japan  (Vahiro  1973, 
19  74  )  indicated  that  the  soil  cutting  effi¬ 
ciency  of  a  high  velocity  jet  stream  could  be 
improved  by  encapsulating  the  jet  stream  with¬ 
in  a  cone  of  compressed  air,  travelling  at  the 
speed  of  sound.  Na)canishi  modified  the  CCP 
method  to  ta)ce  advantage  of  compressed  air, 
and  developed  jumbo  special  grout  (JSC),  which 
involves  simultaneous  injection  of  high  speed 
water-cement  grout  and  compressed  air. Inject¬ 
ing  two  fluids  separately  into  the  soil  re¬ 
quires  a  more  complex  double  rod  system  when 
compared  to  CCP  jet  grouting.  In  South  America 
JSC  is  called  jumbo  jet  grouting. 


CCP's  major  advantage  over  jumbo  grout  and 
other  jet  grouting  methods  is  the  simplicity 
of  the  single  rod  system  used  to  jet  grout, 
and  therefore,  ease  with  which  the  single  rods 
can  be  uncoupled  when  jet  grouting  in  limited 
headroom  situations.  The  compressive  strength 
of  the  soilcrete  formed  during  CCP  jet  grout¬ 
ing  is  usually  greater  than  the  soilcrete 
formed  during  jumbo  grouting.  The  reason  is 
primarily  related  to  the  compressed  air  being 
trapped  within  the  soilcrete  mass  formed  dur¬ 
ing  jumbo  grouting.  However,  the  typical  size 
of  a  jumbo  column  is  very  large,  up  to  1.9 
meters  in  sands  and  1.3  meters  in  clay,  which 
are  at  least  twice  the  size  of  CCP  column 
formed  under  comparable  conditions.  F'’.rther- 
more,  the  increase  in  size  of  the  jumbo  soil¬ 
crete  body  can  be  achieved  by  using  lower 
jetting  pressures  (3500  -  4500  psi),  thus 
reducing  wear  to  the  high  pressure  pumps. 
Finally,  the  cost  per  unit  volume  of  stabil¬ 
ized  soil  is  generally  less  expensive  when 
using  jumbo  jet  grouting.  The  jumbo  jet  grout 
method  is  very  popular  today  in  South  America 
and  used  by  Novatecna  for  a  wide  range  of 
applications . 


JET  GROUTINO  DEVELOPMENTS  IN  SOOTH  AMERICA: 

CCP  jet  grouting  was  first  introduced  in  South 
America  in  1980  by  Novatecna  Construction  Ltd. 
of  Sao  Paulo,  Brasil.  Jet  grouting  was  rapidly 
accepted  in  Brasil  because  this  technique  was 
better  suited  to  grouting  the  silty  and  clayey 
soils  of  coastal  Brasil  than  conventional 
methods.  Furthermore,  the  CCP  method  was  ini¬ 
tially  utilized  in  Brasil  because  of  the  rela¬ 
tive  simplicity  of  the  rod  system  used  to  jet 
grout . 


The  first  CCP  jet  grouting  job  performed  in 
South  America  was  in  July  1960  for  the  Sao 
Paulo  water  and  sanitation  department, 
(SABESP)  ,  and  involved  the  repair  of  a  col¬ 
lapsed  tunnel  crown  for  the  sanegran  Intercep¬ 
tor  Tunnel.  The  stratigraphy  at  the  site  is 
depicted  in  Figure  2,  and  is  essentially  silty 
clay  in  the  upper  10  meters,  underlain  by  4 
meters  of  fine  to  medium  sand  with  some  clay, 
and  then  1.5  meters  of  fractured  gneiss,  un¬ 
derlain  by  sound  gneiss.  The  water  table  was 


Figure  2  Profile  of  Sanegran  Tunnel  Collapse 
and  Typical  CCP  Repair 

about  3  meters  below  the  ground  surface.  The 
failure  surface  depicted  in  this  figure  de¬ 
veloped  while  blasting  rock  in  a  mixed  face 
section  (rock/soil)  of  the  tunnel,  leading  to 
collapse  of  the  tunnel  crown,  which  caused  a 
10  meter  diameter  dish  shape  depression  to 
form  at  the  surface  (Guatteri,  et.al.  1986). 


The  depression  was  filled  with  sand  and  jet 
grouting  initiated.  Problems  developed  when 
the  columns  were  formed  because  the  loose  sand 
and  fill  began  to  slide  into  the  unhardened 
jet  grout  columns  leading  to  further  lose  of 
soil  at  the  surface  and  sinking  of  the  jet 
grout  drill  rig.  A  steel  support  system  was 
erected  across  the  hole  and  work  progressed 
smoothly.  The  jetting  parameters  used  to  form 
the  0.75  meter  diameter  CCP  columns  listed  in 
Table  I,  are  typical  of  the  jetting  parameters 
used  for  CCP  jet  grouting  in  South  America.  It 
took  about  60  days  to  form  the  4.5  meter  thick 
soilcrete  arch  pictured  in  Figure  2,  which 
consisted  of  490  CCP  columns. 


TABLE  I  CCP  Jet  Grouting  Parameters  For 
Repair  of  Sanegran  Tunnel 

Pressure 

(psi) 

5300 

Rotation  Rate 

( rpm) 

Id 

Injectors 

diameter 

(mm) 

1.8 

number 

2 

Lifting  Speed 

(min/m) 

4 . 2 

Grout 

injection  rate 

( 1/min) 

63 

water  cement  ratio 

1  to  1 

cement  consumption 

(kg/m) 

200 

Average  Column  Size 

(m) 

0.75 

The  soil  along  the  12  km  Sanegran  Tunnel  was 
variable  and  susceptible  to  future  collapses. 
Therefore,  SABESP  decided  to  performed  addi¬ 
tional  jet  grouting  work.  During  the  two  years 
of  jet  grouting  for  the  Sanegran  Tunnel,  jet 
grouting  was  utilized  at  10  problem  sections: 
to  repair  a  second  tunnel  collapse  due  to  lose 
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of  compressed  air,  and  to  consolidate  soft 
silty  clay  fill  by  forming  a  soilcrete  vault 
prior  to  advancing  the  tunnel  shield.  Tunnel¬ 
ling  progressed  smoothly  mostly  due  to  using 
about  70,000  meter  of  COP  columns  to  stabilize 
soft  ground  prior  to  advance  of  the  tunnel. 


Other  early  CCP  projects  performed  in  South 
America  (Novatecna  1967;  Guatteri  1984; 
Nicolls  1985)  include:  construction  of 
diaphragm  walls  and  floors  for  unbraced  re¬ 
taining  structures  (Mercedes  Benz  ,  Dalmine 
Siderca)  ;  deep  shafts  for  a  pump  station  at 
Capivari  reservoir;  cutoffs  for  earth  dams 
(Porto  Primavera  and  Edgard  de  Souza  Dams); 
underpinning  ( Sao  Paulo  iron  works  );  slope 
stabilization  (San  Clemente,  California). 
Since  the  introduction  of  CCP  jet  grouting  in 
South  America,  Novatecna  has  formed  about 
180,000  meters  of  CCP  columns. 


CCP  FIELU  TRIALS: 

One  of  the  drawbacks  of  jet  grouting  is  relat¬ 
ed  to  the  lack  of  information  about  the  varia¬ 
tion  of  the  column  diameter  while  jetting.  Now 
there  are  no  practical  methods  for  measuring 
the  change  in  the  column's  diameter  with 
depth.  The  size  of  a  jet  grout  column  is 
usually  estimated  by  reliance  upon  past  expe¬ 
rience  or  field  trials.  In  1962  Novatecna 
undertook  extensive  CCP  field  trials  to  exam¬ 
ine  how  various  drilling  parameters  interact 
with  different  soil  types  to  produce  a  certain 
sized  column. 


The  drilling  parameters  which  have  the  great¬ 
est  influence  upon  the  formation  of  CCP  col¬ 
umns,  include: 

-  outlet  pressure  at  the  nozzle 

-  size  and  efficiency  of  the  injector 

-  number  and  spacing  of  injectors 

-  flow  rate  of  cement  grout 

-  lifting  speed  of  the  drill  rods 

-  lifting  increment  per  step 

-  rpm's  of  the  drill  rods 


With  the  exception  of  soil  type,  the  most 
important  parameter  influencing  the  formation 
of  jet  grouted  columns  is  the  outlet  pressure. 
If  the  pressure  is  not  large  enough  the  jet 
stream  will  not  develop  sufficient  velocity  to 
cut  the  soil.  Data  from  the  literature  (Miki 
1984)  indicates  that  for  most  soils  a  pump 
pressure  of  about  40  MPa  (5800  psi)  is  needed 
for  effective  cutting.  The  size  and  number  of 
the  injectors  used  is  dictated  by  the  capacity 
of  the  pump  and  horsepower  of  the  engine.  The 
injector  size,  and  therefore  grout  flow  rate, 
are  selected  so  that  enough  fluid  mass  is 
injected  to  cut  the  soil  and  also  provide 
enough  cement  to  satisfy  the  design  compres¬ 
sive  strength.  It  was  not  the  intent  of  the 
CCP  field  study  to  obtain  the  optimum  combina¬ 
tion  of  the  above  list  of  drilling  parameters, 
but  rather,  understand  how  a  single  drilling 
parameter  could  be  used  to  control  the  size 
and  economy  of  forming  CCP  columns.  Therefore, 
it  was  decided  to  examine  what  influence  the 
lifting  speed  had  upon  the  size  of  CCP  columns 
formed  in  three  soil  types.  However,  since  the 


lifting  speed  is  only  an  indicator  of  the 
amount  of  time  which  the  jet  stream  cuts  the 
soil,  it  was  decided  for  discussion  purposes 
to  also  use  the  terms  jet  impact  time  and  rod 
revolutions  per  step.  The  jet  impact  time  is 
equal  to  the  product  of  the  lifting  speed, 
lift  increment  per  step,  and  number  of  noz¬ 
zles.  The  jet  impact  time  has  units  of 
time/step.  The  rod  revolutions  per  step  is  the 
product  of  lifting  speed,  lift  increment  per 
step,  and  rod  revolution  rate. 


The  three  soils  selected  for  the  CCP  field 
test-'^  were  sedimentary  soils  commonly  found  in 
the  Sao  Paulo  area,  and  included:  sands,  silty 
clay,  and  an  organic  clay  obtained  from  the 
Sanegran  Tunnel  excavation.  Three  pits  10  X  10 
X  5  meters  deep  were  excavated  into  the  bank 
of  the  Tiete  River  above  the  tide  line.  All 
materials  were  end  dumped  from  a  truck  into 
their  respective  pit  and  compacted  using  ei¬ 
ther  a  D6  dozer  or  Cat  966  rubber  wheeled 
front  end  loader.  The  highly  plastic  ( LL  =  60, 
PI  =  40),  soft  organic  clay  was  placed  at  its 
natural  water  content  in  30  cm.  lifts  and 
compacted.  The  silty  clay  and  sand  were  com¬ 
pacted  in  a  wet  state.  The  in-place  unit 
weights  of  the  silty  clay  and  sand  were  102 
and  113  pcf,  respectively. 


Twenty  CCP  columns  were  formed  in  each  pit. 
All  sixty  columns  were  made  using  the  same 
nozzle  pressure,  rotation  rate,  size  and  num¬ 
ber  of  injectors,  water-cement  ratio  and  grout 
injection  rate  as  specified  below  in  Table  II. 
Within  each  pit  10  columns  were  drilled  using 
a  lifting  speed  of  2.9  min./m.  and  then  an¬ 
other  10  were  formed  using  twice  that  lifting 
speed,  and  twice  the  amount  of  cement. 


Table  11  Drilling  Parameters  Used  During 
CCP  Field  Trials  in  Sao  Paulo 

A) .  Constant  Parameters 

Pressure 

(psi ) 

4200 

Rotation  Rate 

( rpm) 

18 

Injectors 

diameter 

( mm ) 

2.2 

number 

2 

Grout 

water : cement  ratio 

1  to  1 

injection  rate 

{ 1/min) 

91 

B).  Variable  Parameters 

Lift  speed  #1 

(min/m) 

2.9 

Rod  revolutions/step 

2 

Jet  impact  time/step 

( sec/step) 

14 

Cement  Consumption 

(kg/m) 

200 

Lift  speed  #2 

(min/m) 

5 . 8 

Rod  revolutions/step 

4 

Jet  impact  time/step 

(sec/step) 

26 

Cement  Consumption 

(kg/m) 

400 

The  measured  size  of  the  CCP  columns  and 
average  compressive  strengths  of  the  soil¬ 
crete  are  summarized  below  in  Table  III.  The 
sand  compressive  strengths  reported  in  Table 
III  are  based  upon  past  experience  with  this 
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material,  and  were  not  measured  from  columns 
formed  during  the  cuf  field  trials.  However, 
all  other  strengths  recorded  were  obtained 
from  soiicrete  specimens  formed  during  the 
field  trials. 


Table  III  Results  from  CCf  Field  Trials 


Soil 

Type 

Lifting 

Speed 

min.'meter 

Column 

Diameter 

cm 

Average 
Compressive 
Strength 
kg/ cm^ 

clay 

2  .  y 

55 

to 

bO 

20 

clay 

5  .  b 

66 

to 

70 

40 

silty 

clay 

2.9 

66 

to 

70 

60 

silty 

clay 

6  .  ti 

75 

to 

ao 

70 

sand 

2  .  y 

7  6 

to 

yo 

yo 

sand 

5 .  y 

a5 

to 

90 

120 

The  data  obtained  during  the  CCP  field  trials 
supports  the  following  observations; 

1) .  Doubling  the  jet  impact  time  from  14  to  26 
seconds  does  not  have  a  significant  influence 
upon  the  size  of  any  CCP  column  formed.  Doubl¬ 
ing  the  jetting  time  resulted  in  1515  to  26% 
increase  in  the  diameter  of  CCP  columns.  It 
appears  that  most  of  the  cutting  action  of  the 
water-cement  jet  is  expended  during  the  first 
two  revolutions  of  the  drill  pipe. 

2)  .  The  compressive  strength  for  all  soils  was 
significantly  increased  by  doubling  the  jet 
impact  time,  allowing  double  the  weight  of 
cement  to  be  injected  per  meter  of  column.  The 
increase  in  strength  was  double  for  the  organ¬ 
ic  clay  and  about  a  50%  increase  for  the 
silty  clay  and  sand. 

3) .  The  soil  type  played  a  significant  role  in 
determining  the  size  of  CCP  column  formed, 
and  could  account  for  up  to  50%  of  the  differ¬ 
ence  in  the  sizes  of  columns.  As  the  amount  of 
clay  in  the  soil  increases  the  columns  de¬ 
crease  in  size.  As  shown  in  Table  III,  the 
smallest  columns  when  formed  in  the  organic 
clay  (0.55  to  0.60  m.  )  ,  intermediate  sized  in 
silty  clay  (  0.65  to  70  m.),  and  largest  in 
sand  (0.85  to  0.90  m. ) . 

4) .  Finally,  soiicrete  made  by  mixing  1  to  1 
waterrcement  grout  with  sand  results  in  com¬ 
pressive  strengths  (80  kg/cm^)  about  four 
times  greater  than  comparable  grout  mixes  in 
clay,  with  the  lowest  clay  strength  being 
about  20  kg/cra^ . 


JUMBO  UROUT  FIELD  TRIALS 

The  diversity  of  applications  of  jet  grouting 
produced  a  need  for  larger  diameter  columns 
than  those  produced  using  the  CCP  process. 
When  constructing  a  continuous  wall  a  large 
part  of  the  cost  is  associated  with  drilling 


guide  holes  prior  to  jetting.  With  CCP  columns 
the  interaxes  spacing  between  columns  is  rath¬ 
er  close,  about  0.50  m,  which  results  in  many 
guide  holes  to  create  a  wall.  Interaxes  spac¬ 
ing  for  jumbo  columns  is  about  1.2  to  1.4 
meters,  which  requires  about  half  the  guide 
holes  needed  for  a  comparable  CCP  wall. 


The  jumbo  grout  field  trials  were  conducted  in 
four  phases  over  a  period  of  9  months,  between 
April  to  December  1984.  The  first  two  phases 
were  performed  to  understand  the  role  lifting 
speed  played  in  the  formation  of  jumbo  columns 
in  cohesive  soils.  Phase  three  consisted  of 
forming  jumbo  columns  in  sands,  and  in  the 
last  phase  jumbo  grout  panels  were  made.  At 
present  panel  walls  represent  a  provisional 
method  of  wall  construction,  and  only  the 
results  fiom  the  column  studies  will  be  dis¬ 
cussed  in  the  following  sections. 


The  jumbo  grout  field  trials  were  conducted  in 
large  pits  ( 30  X  6  X  5  meters  deep),  excavated 
in  the  banks  of  the  Tiete  River  in  the  vicin¬ 
ity  of  the  original  field  trials.  During 
phase  1  and  II  the  ,,ie  soil  type  was  used, 
and  was  typically  silty  clay,  with  about  20 
to  30%  <=ine  sand.  The  top  1.5  meters  of  the 
fill  was  medium  to  stiff  in  consistency  and 
was  soft  below  1.5  m  to  the  bottom  of  the  pit. 
The  sand  used  du'-ing  pnase  Hi  tests  was  a 
fine  uniform  sand  which  was  placed  moist  and 
in  a  loose  state. 


All  jumbo  grout  columns  were  formed  using  a 
nozzle  pressure  of  3000  psi  and  a  single  3.0 
ram  injector,  as  listed  in  Table  IV.  The  double 
drill  rods  were  rotated  at  about  18  rpm ' s ,  and 
the  air  cone  was  delivered  at  4  m^/min  at  100 
psi.  The  1:1  water; cement  grout  was  injected 
at  about  70  1/min. 


Twenty-two  jumbo  columns  were  formed  during 
phase  I  .  The  only  variable  changed  was  the 
lifting  speed,  and  as  indicated  in  Table  IV, 
the  speeds  varied  between  1.6  and  3  min./m. 
The  fastest  lifting  speed  was  selected  to 
insure  that  at  least  one  full  revolution  of 
the  drill  pipe  occurred  before  moving  the  jet 
to  a  higher  elevation.  Excavation  of  all  22 
columns  revealed  nonhomogeneous ,  poorly  ce¬ 
mented  cylindrical  bodies,  with  measured  dia¬ 
meters  between  1.8  and  2.0  meters. 


The  solution  to  the  nonhomogeneity  of  the 
soiicrete  body  was  to  either  use  more  than  one 
jet,  or  jet  longer.  It  was  decided  to  investi¬ 
gate  how  extremely  long  jetting  times,  using 
one  injector,  influence  the  size  and  strength 
of  jumbo  columns.  Therefore,  during  phase  II  6 
columns  were  formed  using  two  very  long  lift¬ 
ing  times,  12  and  18  min/m. 


The  results  from  the  phase  II  studies  showed 
that  no  significant  size  increase  resulted  in 
jetting  4  to  6  times  longer  at  a  particular 
elevation;  phase  II  columns  were  still  about 
the  same  size  as  the  phase  1  columns.  How¬ 
ever,  the  phase  II  soiicrete  bodies  were  much 
stronger  and  more  homogeneous  than  phase  I. 
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Table  IV  Drilling  Parameters  Used  During 
Jumbo  Field  Trials  in  Sao  Paulo 

A),  constant  Parameters 

pressure 

(psi) 

3000 

Rotation  Rate 

( rpm) 

18 

Injectors 

diameter 

( mm ) 

3.0 

number 

1 

Grout 

water: cement  ratio 

1  to  1 

injection  rate 

(  1  /min ) 

70 

Compressed  Air 

pressure 

(psi) 

100 

flow  rate 

( m'^/min ) 

4 

B)  Phase  I  Clayey  Silt 

22  columns 

Lift  speed  #1 

(min/m) 

1 . 6 

Rod  revolutions/step 

1 . 1 

Jet  impact  time/ step 

( sec/ Step ) 

3 . 8 

Cement  Consumption 

( kg/m) 

90 

Lift  speed  #2 

( min/ra ) 

1  .  8 

Rod  revolutions/step 

1 . 3 

Jet  impact  time/step 

( sec/step ) 

4 . 2 

Cement  consumption 

(kg/m) 

100 

Lift  speed  #3 

(tnin/m) 

2 . 0 

Rod  revolutions/step 

1 . 4 

Jet  impact  time/step 

( sec/step) 

4 . 8 

Cement  Consumption 

(kg/m) 

115 

Lift  speed  #4 

( min/m) 

3.0 

Rod  revolutions/step 

2 . 2 

Jet  impact  time/step 

(sec/step) 

7 . 2 

cement  Consumption 

(kg/m) 

175 

C).  Phase  II;  Clayey 

Silt 

6  columns 

Lift  speed  #1 

( min/m ) 

12 

Rod  revolutions/step 

8 . 6 

Jet  impact  time/step 

( sec/step ) 

26 . 6 

Cement  Consumption 

(kg/m) 

600 

Lift  speed  #2 

(min/ra ) 

16.0 

Rod  revolutions/step 

13.0 

Jet  impact  time/step 

( sec/step ) 

43 . 2 

cement  Consumption 

( kg/m) 

900 

D)  Phase  III  Sand 

2  columns 

Lift  speed  #1 

(rain/m) 

12 

Rod  revolutions/step 

8 . 6 

Jet  impact  time/step 

( sec/step) 

26 . 6 

Cement  Consumption 

(kg/m) 

600 

A  total  of  122  six  inch  high  specimens  were 
cut  from  the  Phase  II  columns  formed  using  12 
min/meter  lifting  speed.  Samples  were  cut  from 
the  upper,  middle, and  lower  third  of  the  soil- 
crete  body  and  were  allowed  to  cure  for  30  and 
60  days.  Both  unconfined  compressive  and 
Brazilian  tensile  tests  were  performed.  The 
results  are  summarized  in  Table  V,  where  it 
can  be  observed  that  the  30  day  compressive 
strengths  vary  between  25  kg/cm^  at  the  top  of 
the  column  and  decrease  to  14.2  kg^/cm  near 


the  bottom  of  the  column.  After  60  days  of 
curing  the  column  tends  to  have  a  more  uniform 
strength  over  its  length,  whereby  the  lower 
portion  of  the  column  has  experienced  a  40% 
increase  in  compressive  strength  between  30 
and  60  days.  The  results  from  the  tensile 
strength  tests  are  inconsistent.  The  tensile 
strength  in  the  upper  and  middle  portion  of 
the  columns  tend  to  decrease  with  age,  while 
the  tensile  strength  in  the  lower  third  of  the 
columns  increase  with  age.  This  inconsistency 
is  believed  to  be  due  to  testing  a  small  num¬ 
ber  (6  samples)  of  specimens  from  each  loca¬ 
tion  at  30  days. 


Table  V  Average  Compressive  and  Brazilian 
Strengths  Obtained  From  Phase  II 
Jumbo  Columns 


Column 

Portion 

Tested 

Average 

Compressive 

Strength 

kg/cm^ 

Average 
Brazilian 
Strength 
kg/  cm'^ 

* 

N 

30 

Day 

N* 

bO 

Day 

N 

*  * 
30  N 

Day 

60 

Day 

Upper 

7 

25.0 

12 

30 . 9 

6 

5.6  9 

4.5 

Middle 

12 

19 . 4 

8 

22 . 6 

6 

7.2  20 

3 . 6 

Lower 

12 

14 . 2 

9 

20.3 

6 

3.0  15 

4 . 1 

N  represents  number  of  samples  tested 


A  more  comprehensive  set  of  strength  data  has 
been  reported  by  Ouatteri  and  Teixeira  (1967). 
The  results  from  their  study  indicates  that 
the  average  tensile  strength  of  a  jumbo 
column,  formed  in  a  wide  variety  of  soils, 
increases  with  time  and  is  about  10  to  15%  of 
the  average  compressive  strength. 


Two  jumbo  columns  were  made  in  a  loose  sand 
during  phase  III,  as  a  reference  to  compare  to 
columns  made  in  cohesive  soils.  Both  columns 
were  drilled  using  lifting  times  of  12  min/m. 
and  resulted  in  extremely  uniform  (1.9  to  2.0 
meter),  and  slightly  larger  columns  than  form¬ 
ed  in  cohesive  soil.  However,  the  sand  soil- 
crete  strength  was  significantly  higher  than 
in  clay,  which  is  consistent  with  the  results 
from  the  CCP  field  trials. 


The  results  from  phase  I  and  II  tests  indi¬ 
cate  that  the  high  speed  water-cement  jet 
quickly  cuts  the  soil  at  a  particular  eleva¬ 
tion,  and  only  takes  about  2  revolutions  (5  to 
7  seconds  jet  impact  time)  of  the  drill  pipe 
to  form  the  column.  However,  this  amount  of 
time  does  not  allow  enough  cement  to  be  in¬ 
jected,  nor  is  it  sufficient  time  for  the  jet 
stream  to  properly  mix  the  cut  soil  with  the 
injected  cement . 
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jijMB.j  grout  OASE  HISTORIES: 

One  criticism  leveled  against  jet  grouting  is 
that  due  to  the  relatively  low  tensile 
strength  of  soilcrete,  jet  grouting  is  not  a 
cost  effective  nor  technically  viable  scheme 
for  constructing  unbraced  earth  retaining 
structures.  Although  this  statement  may  be 
true  for  very  deep  walls,  the  use  of  jumbo 
grout  to  form  retaining  structures  for  depths 
up  to  about  6  meters  is  not  only  technically 
viable,  but  cost  competitive  with  other  con¬ 
struction  methods.  To  illustrate  this  via¬ 
bility  and  robustness  of  jet  grouting,  three 
case  histories  are  presented,  where  jumbo 
grout  was  used  to  construct  diaphragm  walls 
for  both  temporary  support  of  the  soil  during 
construction  and  also  as  the  final  wall.  Typ¬ 
ically,  a  15  cm.  thick,  lightly  reinforced 
concrete  wall  is  placed  over  the  soilcrete 
wall  for  protection  against  the  elements  and 
also  to  create  an  architecturally  pleasing 
surface.  Other  important  aspects  of  jet  grout¬ 
ing  illustrated  by  the  selected  case  studies 
included:  importance  of  pre- jetting  to  elimi¬ 
nate  possible  high  pressures  from  developing 
during  jetting,  applicability  of  using  jumbo 
grout  in  limited  head  room  situations,  and 
lastly  feasibility  of  using  jumbo  grout  in 
soils  containing  cobbles  and  large  boulders. 


RINCAO  CHANNEL,  SAO  PAULO  CITY 

Sao  Paulo  City  wanted  to  construct  a  trapezoi¬ 
dal  water  channel  to  convey  runoff  to  the  Rio 
Tiete.  A  40  meter  long  section  of  the  con¬ 
crete  channel  had  to  go  beneath  a  19  meter 
wide  viaduct  at  Rincao.  The  soil  beneath  the 
overpass  consisted  of  about  5  meters  of  soft 
silty  clay,  16  meters  of  fine  to  medium  sand 
with  some  clay,  and  then  a  second  clay  layer. 
The  soil  profile  for  the  first  10  meters  is 
shown  in  Figure  3c,  which  is  about  the  depth 
of  the  jumbo  columns  used  to  form  the  wall, 
shown  in  cross  section  in  Figure  3b.  The  water 
table  was  located  about  1.6  meters  down  from 
the  surface.  Due  to  hydraulic  considerations 
for  open  channel  flow,  the  bottom  of  the  chan¬ 
nel  had  to  be  one  meter  within  the  fine  to 
medium  sand  layer.  Due  to  the  limited  overhead 
clearance  under  the  viaduct  and  the  flexibili¬ 
ty  of  using  jet  grouting  to  make  both  the 
walls  and  bottom  plug  of  the  channel,  city 
engineers  decided  to  use  jet  grouting  to  con¬ 
struct  a  U  shaped  channel.  The  transition 
between  the  trapezoidal  and  U  shaped  channels 
was  done  with  a  traditional  soil  bentonite 
slurry  trench  which  was  keyed  into  the  second 
clay  layer  located  15  meters  below  the  sur¬ 
face,  which  was  the  primary  reason  for  not 
using  a  conventional  diaphragm  wall  to  cons¬ 
truct  the  walls  of  the  channel. 


The  jet  grouted  channel  was  40  meters  long  by 
9.60  meters  wide,  by  about  5  meters  deep,  as 
illustrated  in  the  general  plan  view  and  chan¬ 
nel  cross  section  A  -  A  drawn  in  Figure  3a  and 
3b.  There  were  a  total  of  60  columns,  each  9 
meters  long,  jet  grouted  in  a  single  row  to 
make  the  two  walls  of  the  channel.  All  jumbo 
columns  were  about  1.6  meters  in  diameter  and 
spaced  about  1.3  meters  apart.  The  2  meter 
thick  bottom  plug  consisted  of  207  columns. 
About  80%  of  the  channel  was  constructed 


beneath  the  19  meter  wide  viaduct,  shown  in 
the  general  cross  section  B  -  B  of  Figure  3d, 
with  only  3  meters  of  headroom. 


A)  GEtiEfiAL  Plan  Vieh 


B)  Channel  Cross  Section  A-A 


0)  General  Cross  Section  6-B 


Figure  3  General  Cross  Section  and  Profile  of 
Rincao  Channel,  Sao  Paulo  City 


All  columns  at  Rincao  were  jetted  using  3000 
psi  pressure  with  a  1  to  1  water: cement  grout, 
injected  through  a  single  3,0  mm  injector,  as 
indicated  in  Table  VI.  Half  of  the  wall 
columns  were  in  sand  and  half  in  clay.  Two 
different  lifting  speeds  were  used  with  the 
slower  speed  being  in  the  clay  so  that  the 
wall  columns  would  be  able  to  achieve  the 
design  strength  of  30  kg/cm^  in  the  clay 
portion  of  the  columns.  The  plug  was  located 
only  in  sand,  and  the  design  strength  of  100 
kg/cm^  could  be  achieved  using  a  lifting  speed 
of  5.5  min/meter. 


There  were  three  major  concerns  expressed  by 
city  engineers  during  construction  of  the 
Rincao  channel.  The  first  was  related  to  the 
possibility  of  causing  distress  to  the  viaduct 
when  jetting  with  high  pressures  within  two 
meters  of  the  pile  foundation  supporting  the 
viaduct.  Secondly,  if  the  jet  grouted  wall  had 
windows  in  the  vicinity  of  the  piles,  water 
and  sand  could  flow  into  the  channel,  thus 
undermining  the  viaduct's  foundation.  Finally, 
because  the  jet  grouting  work  progressed  rap¬ 
idly,  the  city  wanted  to  excavate  the  soil 
from  the  interior  of  the  channel  only  after  30 
days  and  not  wait  for  the  soilcrete  to  cure 
the  originally  planned  60  days.  A  low  strength 
jet  grout  wall  near  the  piles  might  cause 
excessive  deflection  of  the  viaduct.  Due  to 
time  constraints  it  was  decided  to  excavate 
the  soil  from  inside  the  jet  grout  wall  after 


1042 


30  days.  Visual  observations  showed  that 
there  were  no  distressful  movements  of  the 
viaduct  when  either  jet  grouting  with  high 
pressures,  or  wall  movements  when  removing  the 
soil  . 


TABLE  VI  Jet  Grouting  parameters  Used  To 
Form  Jumbo  Columns  ar  Rincao 

Pressure 

(psi  ) 

JOOO 

Rotation  Rate 

( rpm) 

lb 

Injectors 

diameter 

( mm ) 

3 . 0 

number 

1 

Grout 

injection  rate 

( l/min ) 

120 

water  cement  ratio 

1  to  1 

Compressed  Air 

pressure 

(psi) 

100 

injection  rate 

( m'^/min ) 

4 

Lifting  Speed 

clay 

( min/m) 

ti  .  6 

sand 

(  m  i  n  /'  m ; 

5 , 5 

cement  Consumption 

clay 

( kg/m) 

800 

sand 

(kg/m) 

500 

Average  Column  Size 

(m) 

1  .  b 

The  Rincao  jet  grout  wall  was  not  internally 
reinforced  nor  was  bracing  used  to  support  ’’he 
excavation.  For  approximately  one  week  the 
wall  was  standing  free  for  a  height  of  5  me¬ 
ters.  Furthermore,  excavation  of  the  interior 
soil  from  the  channel  revealed  a  tight,  water¬ 
proof  barrier  formed  by  the  jumbo  grout  col¬ 
umns  in  the  wall  and  plug  of  the  channel.  The 
channel  was  then  lined  with  a  15  cm.  thick, 
lightly  reinforced  concrete  covering  for  ero¬ 
sion  protection.  The  project  finished  one 
month  ahead  of  schedule. 


GENERAL  MOTORS  STAMPING  MILL  PIT: 

General  Motor  of  Brasil  wanted  to  expand  their 
manufacturing  capabilities  by  building  ten  new 
auto  body  stamping  mills.  The  mills  were  to  be 
placed  at  the  bottom  of  a  long,  narrow  pit  (56 
X  9.7  X  6.5  meters  deep).  GM  also  required 
that  the  steel  plate  stock  for  the  stamped 
parts  be  stockpiled  along  side  the  pit,  which 
would  induce  a  surcharge  loading  of  about  20 
tons/m^.  The  lateral  force  induced  by  the 
surcharge  would  be  about  twice  that  imposed  by 
the  soil  forces.  The  soil  profile  at  the  site 
is  shown  in  Figure  4c,  and  consisted  of  fill 
in  the  top  2.5  meters,  underlain  by  alternat¬ 
ing  layers  of  silty  clay  and  sand,  with  the 
water  table  about  2  meters  below  the  bottom  of 
the  jet  grout  columns.  A  diaphragm  wall  with 
tie  backs  was  rejected  as  a  solution  primarily 
because  the  tie  backs  would  have  to  infringe 
upon  land  which  GM  wanted  to  conserve  for 
future  expansion.  Therefore,  a  single  row  of 
unreinforced  and  unbraced  jumbo  grout  columns 
was  used  as  the  earth  retention  system.  How¬ 
ever,  toe  support  of  the  wall  was  supplied  by 


3  meter  thick  soilcrete  struts  spaced  about  4 
meters  apart,  which  are  shown  in  the  general 
plan  view  of  Figure  4a  and  pit  cross  section 
of  Figure  4b.  The  general  plan  view  of  the  jet 
grout  wall  was  symmetric  about  the  center  line 
shown  in  Figure  4a,  and  only  half  the  general 
plan  view  is  shown  in  this  figure.  The  sur- 
cnarge  loads  were  supported  by  clusters  of 
columns  formed  around  the  perimeter  of  the  pit 
and  arranged  as  shown  in  Figure  4a  and  b. 


NOfiTh 


A1  General  Plan  vien  -  Half  Section 


t)  Pit  Cross  Section  p-d  ci  Soil  Profiu 


Figure  4  General  Plan  and  Profile  of  General 
Motors  Stamping  Mill  Pit 


A  major  concern  expressed  by  GM  engineers  was 
related  to  the  effect  which  the  high  jetting 
pressures  would  have  upon  the  foundation  of  an 
existing  building,  which  was  only  two  meters 
away  from  the  jumbo  columns  used  to  support 
the  surcharge  along  the  north  side  of  the  pit, 
upper  portion  of  wall  shown  in  Figure  4a.  If 
sufficient  grout  flow  was  not  communicated  to 
the  surface,  then  there  existed  the  possibil¬ 
ity  of  building-up  very  high  pore  pressures  in 
the  sub-soil.  The  pore  pressure  build-up  could 
cause  distress  to  the  foundation  of  the  adja¬ 
cent  building.  Therefore,  during  this  project 
all  the  jumbo  columns  used  to  support  the 
surcharge  along  the  north  side  of  the  excava¬ 
tion  were  pre-jetted  with  a  special  bit  so 
that  a  10  inch  diameter  hole  would  be  created, 
which  would  assure  pressure  relief  in  the 
borehole.  Furthermore,  all  surcharge  support 
columns  were  jetted  using  relatively  low  pres¬ 
sures  (3500  psi),  and  rapid  lifting  speeds 
(2.2  min/m)  .  Due  to  the  silty  nature  of  the 
subsoils  at  the  site  and  need  to  create  large 
(1.6  meters),  strong,  soilcrete  columns  pre¬ 
jetting  only  water  was  used  to  form  all  col¬ 
umns  at  the  GM  pit,  as  listed  in  Table  VII. 


There  were  three  different  sets  of  jetting 
parameters  used  to  construct  the  jumbo  grout 
columns  in  the  GM  pit.  The  single  row  of  wall 
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columns  were  made  using  the  highest  nozzle 
pressures  (biiOO  psi)  and  slowest  lifting 
speeds  during  pre-jetting  and  jetting,  4.4  and 
1.2  min/raeter,  respectively.  About  bOO 
kg/meter  of  cement  were  injected  through  the 
j.4  mm  injector,  using  a  1:1  water-cement 
grout.  As  expected  the  wall  columns  were  the 
largest  formed,  averaging  l.B  meters  in  dia¬ 
meter.  The  drilling  parameters  used  for  the 
surcharge  support  columns  and  soilcrete  struts 
at  the  bottom  of  the  excavation  were  selected 
to  insure  a  minimum  column  diameter  of  l.b 
meters.  There  were  a  total  of  buy  jumbo  col¬ 
umns  made,  totaling  Ubbb  meters.  Jetting  of 
all  columns  was  discontinued  u.2  meters  below 
the  surface. 


TABLE  VII  Jet  Grouting  Parameters  Used  For 
General  Motors  stamping  Mill  Pit 

Pressure  t psi) 

wall 

b2UU 

toe  struts 

4000 

surcharge  support 

3600 

Rotation  Rate 

18 

Injector 

diameter  imm) 

3 . 4 

number 

1 

Cirout 

Injection  rate  (i/min) 

wall 

111 

toe  a  surcharge  support 

103 

water  cement  ratio 

wall  a  surcharge  support 

1  to  1 

toe  struts 

0 ,  a  to  1 

compressed  Air 

pressure  ipsil 

100 

injection  rate  (m^/rain) 

4 

Cement  Consumption  (kg/m) 

wall 

bOO 

toe  struts 

400 

surcharge  support 

600 

Lifting  Speed  (min/m) 

wall 

pre-jet  water 

4 . 4 

jet  grout 

7 . 2 

toe  struts 

pre-jet  water 

3 . 3 

jet  grout 

4 . 4 

surcharge  support 

pre-jet  water 

2 . 2 

jet  grout 

7 . 7 

Average  Column  size  (m) 

wall  columns 

1 . 8 

toe  &  surcharge  support 

1 . 6 

After  the  GM  pit  was  excavated  down  to  its 
full  depth  of  b.5  meters,  a  7b  ton  Linkbelt 
crane  was  used  to  place  a  steel  frame  for  the 
building  which  housed  the  pit.  A  photograph  of 
the  fully  excavated  pit  and  crane,  shown  in 
the  background,  are  pictured  in  figure  b.  Al¬ 
though  the  crane  moved  around  the  entire  exca- 
voi*-ion,  typically  only  one  meter  from  the  edge 
of  the  wail,  no  visual  movements  of  the  wall 


occurred.  The  jet  grout  wall 
tioned  well,  and  in  July  iyb7 
lb  cm.  concrete  covering  over 


system  has  func- 
UM  was  placing  a 
the  wall . 


Figure  5  Photograph  Showing  General  View  of 
Excavation  For  General  Motors  Pit 


PETROBHAS  WASTE  DISPOSAL  PITS 

In  early  19tfb,  Petrobras,  the  Brasilian  na¬ 
tional  oil  company,  wanted  to  improve  their 
re-cycling  and  disposal  of  waste  products 
created  during  crude  oil  refinement  at  their 
oubatao  installation.  The  project  required 
soil  stabilization  beneath  a  large  oil  storage 
silo,  along  with  the  excavation  for  two  large 
waste  storage  pits  (P-SSlb  and  P-syil)  and  a 
smaller  service  pit.  Jet  grouting  was  selected 
because  soil  stabilization  beneath  the  oil 
silo  and  the  earth  retention  system  for  the 
pits  could  be  constructed  using  the  same 
equipment.  Furthermore,  the  site  was  strewn 
with  boulders  and  it  would  have  been  very 
difficult  tc  form  a  diaphragm  panel  wall.  Also 
the  bottom  of  the  excavation  needed  to  be 
sealed  to  prevent  groundwater  intrusion,  which 
was  also  accomplished  using  jet  grouting. 


The  soil  profile  for  the  largest  pit  (P-3y21) 
is  shown  in  Figure  be,  and  consisted  of  about 
b  meters  of  silty  clay  fill,  containing  sev¬ 
eral  large  boulders  in  the  top  one  meter. 
Under  the  fill  was  three  meters  of  loose,  fine 
gray  sand,  which  formed  the  bearing  stratum 
for  pit  P-3921.  Beneath  the  fine  gray  sand  was 
another  sand  layer  and  Lheu  over  7  meters  of 
soft,  dark  organic  clay.  The  ground  water 
table  was  about  3  meters  down  from  the  sur¬ 
face.  The  soil  stratigraphy  for  the  second 
pit,  P-3915,  was  essentially  the  same  as  that 
just  described  for  pit  P-3921.  However,  in  the 
case  of  pit  P-391b  there  were  many  more  boul¬ 
ders  in  the  top  3  meters  of  fill.  The  rocks 
ranged  in  size  from  lb  cm.  cobbles  to  3  meter 
boulders  up  to  half  a  meter  thick,  whi 'h  can 
be  see  in  the  close-up  photogrtph  conta.,ned  in 
Figure  7.  The  wall  shown  in  this  photogre-ph  is 
about  3.5  meter  deep,  and  had  to  be  excavated 
by  hanr 
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TABLE  VIII  Jet  Grouting  Parameters  For 
Petrobras  Waste  Pits 

Pressure 

(psi  ) 

Pit  P-3915 

3500 

Pit  P-3921 

4000 

Bottom  Plugs 

J500 

Rotation  Rate 

16 

Injector 

diameter 

( mm )  3.8 

number 

1 

Grout 

injection  rate 

( 1,  min) 

P-3915 

130 

P-3921  &  Bottom  Plug  140 

water  :  cement  ratio 

P-3916 

0.8  to  1 

P-3921 

1  to  1 

Bottom  Plug 

1.2  to  1 

Compressed  Air 

pressure 

(psi)  100 

injection  rate 

(ro^/roin)  4 

Cement  Consumption 

( kg/m) 

P-3915 

700 

P-3921 

800 

Bottom  Plugs 

550 

Lifting  Speed 

( min/m ) 

P-3915 

pre-jet  water 

3 . 3 

jet  grout 

b  .  0 

P-3921 

jet  grout 

7.4 

Bottom  Plugs 

jet  grout 

6.0 

Average  Column  Size 

( m )  1.6 

^  ><• 


Figure  7  Photograph  of  Large  Boulder  Jet 
Grouted  Into  Wall  of  Pit  P-391b 


The  bottom  plugs  for  the  two  pits  and  walls 
for  pit  P-3915  were  jetted  using  the  same 
nozzle  pressure  (3500  psi)  and  lifting  speed 
(6  min/m) .  However,  the  amount  of  cement  in¬ 
jected  for  each  structure  was  varied  by  chang¬ 
ing  the  grout  injection  rate,  with  the  lowest 
for  the  bottom  plugs.  130  1/min.  which  result¬ 
ed  in  550  kg  cement  per  meter  of  column  being 
injected  for  a  1.2:1  wa^'-'r  cement  ratio. 


CLOSING  REMARKS: 


The  Retrobras  waste  pits  were  the  most  diffi¬ 
cult  jet  grouting  job  done  by  Novatecna  up  to 
now  because  of  the  relatively  high  water 
table  and  long  unsupported  length  of  unrein¬ 
forced  wail.  The  section  modulus  of  the  wall 
needed  to  produce  an  acceptably  low  tensile 
stress  along  the  backside  of  the  wall  required 
the  formation  of  a  double  row  of  jumbo  grout 
columns,  wh.ich  produced  walls  about  3  meters 
in  thickness.  The  largest  pit  P-3321  was  about 
4b  meters  long  by  13,5  meters  wide,  as  illus¬ 
trated  in  the  plan  view  contained  in  P'igure 
ba .  The  wall  for  this  pit  required  about  170 
jumbo  colu.mns,  each  over  l.b  meters  in  dia¬ 
meter  and  spaced  1.3  meters  center-to-center . 
A  total  of  about  330  jumbo  columns  were  used 
to  form  the  3  meter  thick  plug  at  the  bottom 
of  the  excavation  for  pit  P-3321,  shown  in  the 
profile  of  Figure  bb. 


When  the  soil  was  excavated  from  inside  pit  P- 
3321  two  small  leaks  developed  carrying  fine 
gray  sand  into  the  excavation  at  points  LI  and 
L2  marked  on  Figure  ba.  The  relatively  high 
velocity  of  water  inflow  made  it  impossible  to 
seal  the  leaks  using  jet  grouting.  The  inflow 
of  water  was  stopped  by  building  two  small 
brick  walls  around  each  leak  and  then  allow¬ 
ing  the  water  to  rise  inside  of  the  well,  thus 
equalizing  the  water  level  inside  and  outside 
the  excavation.  Thereafter,  conventional  tube- 
a-machette  grouting  was  used  to  seal  the  leak, 
beveral  factors  could  have  lead  to  the  leak 
developing  through  the  plug  of  pit  P-3921. 
First,  the  interaxes  spacing  of  1.3  meters 
could  have  been  too  large,  causing  small  or  no 
overlap  of  the  columns  in  this  area.  Secondly, 
during  excavation  of  the  soil  inside  the  pit, 
the  backhoe  could  have  jarred  the  columns  and 
caused  them  to  separate.  Most  likely  it  was  a 
combination  of  the  two  effects 


The  213B  meters  of  columns  for  pit  P-3916  were 
constructed  in  41  days,  using  one  rig  working 
10  hours  per  day,  s.ix  days  per  week.  The  con¬ 
struction  of  the  largest  pit,  P-3921,  took  50 
days  working  a  similar  shift.  The  entire  jet 
grouting  project  was  completed  in  May  1987, 
about  SIX  months  after  the  start  of  the  pro¬ 
ject  . 


GURRENT  jet  URUiJTlNG  WORK  IN  SOUTH  AMERICA 

The  town  of  Campinas,  approximately  50  km 
North  of  Sao  Paulo,  is  presently  constructing 
a  tw^n  lb  meter  diameter  tunnel.  The  support 
system  for  the  twin  tunnels  are  being  con¬ 
structed  using  vertical  jumbo  columns  near  the 
portal  of  the  tunnel  for  about  50  meters.  From 
SO  meters  up  to  the  other  end  of  the  tunnel, 
an  additional  200  meters,  tunnel  support 
consists  of  an  arch  created  by  horizontal  jet 
grout  columns.  These  horizor*-al  columns  are 
formed  using  the  CCP  system.  The  tunnel  is 
scheduled  for  completion  during  Fall  1388. 


Access  to  the  po.-tal  of  the  tunnel  is  permit¬ 
ted  by  two  unbraced,  unreinforced,  jumbo  grout 
diaph.agm  walls.  The  north  wall  was  formed  by 
jetting  5  rows  of  jumbo  r:olumns.  Through  Octo¬ 
ber  138/,  the  1/  meter  high  north  wall  has  not 
experienced  any  distressful  movements. 


We  are  still  in  the  early  stages  of  the  learn¬ 
ing  curve  for  understanding  jet  grouting. 
Difficulties  now  exist  in  measuring  in-situ 
the  diameter  of  the  column  as  it  is  formed. 
When  jetting  very  deep  columns  the  problems 
associated  with  maintaining  verticality  be¬ 
comes  critical.  However,  these  technical  dif¬ 
ficulties  can  be  overcome,  and  permit  improved 
field  quality  control.  Novatecna  is  now  work¬ 
ing  on  solutions  for  the  above  problems. 
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::oi.  IDATION 

--  Base  area  of  tamper 

The  s  t  r  u  f  t  u  r  a  I  s  t  r  e  ii  9  t  ii  of  the  soil, 

Thf'  combined  effect  of  the  second  and  the  thirti 
factor  will  f»e  the  total  enery;  per  unit  surface  area. 

?i“i.  LPJ.  L^il  -i-X  id  X 

The  depth  of  i  a  f  I  u  e  11  <'  e  given  b  >  Menard  is 


n 


U  1  n 


(  1 


Where,  [)  -  Depth  of  influen'e.  M 
W  Hammer  weight,  KN 
H  ■  Drop  weight,  M 

l!  was  argued  how  to  ic-rert  the  depth  formula  given 
b;  Menard  to  meet  the  \ari0u5  reguiremenls  for 
different  conditions  of  sites  to  be  treated.  The 
revised  effective  depth  formula  advanced  after  a 
great  fleal  of  pra elites  in  our  country  is 


D- 


10 


{  2 ) 


Where  D ■ 

I  0  e  f  f  i  c  i  e  n  t , 
pari  of  this 


ib  effective 
and  this  will 
paper. 


depth,  K 
be  discussed 


is  revision 
in  the  later 


din  f  t  b  p  p  j  p  u  [  a  r  i  /  a  I  i  0  n  of  d  ..  n  a  m  1  (  »  n  n  >  0  I  i  d  a  I  i  0  n . 

few  A  r  k  ha.  h  p  h  n  •!  n  n  p  r  p  y  a  r  d  i  n  g  i  h«‘  v  a  r  i  uu  s 

i  n  f  1  s  p  n  '  p  f  a  '  '  'j  r  :  u  ;.  e  d  in  t  h  p  p  v  a  I  u  a  '  :  c  n  of  p  f  f  e  c  I  i  v  e 

d  p  t  h  '•  f  a  p  .1  ■  ‘  I  ij  n  T  h  p  r  p  a  r  p  man;  f  a  I  *  o  r  >  w  h  i  <■  h  m  a  > 

affp  *  thp  -ffprii’,  »*  dpp'h  of  'ompaition.  uth  a- 
*  p  1  9  ii  '  j  f  >  a  «  p  p  r  ,  drop  h  p  1  g  h  \  b  a  .  p  a  r  *•  a  u  f  tamper, 

n  li  a  h  p  r  f  pa;,  p  •.  of  '  a  ap  1  n  g  ,  grid  •  p  a  f  i  n  g ,  t  h  p 

p  r  p  H  r  I  ;  f  'll"  ground  *  a  !  <’  r  I  p  v  p  1 .  and  I  h  p 

.  ’  r  a  '  0  a  '  .o  n  d  ;  •  i  ■;  ri  . .  "  t  -  i  1  0  r  d  i  n  g  to  Mi  p  a  n  a  1 i  :•  n  f 

a  a  ;  p  r  '>  j  .  I  .  p  •’  r  f  0  r  a  •'  '1  b  ;  f  h  p  author*,  the  main 
factor  a  f  p  , 

T  n  »’  p  fi  p  f  g  ;  p  p  r  ;  a  p  '  * 

*.  .jadp  ’  .  f  pa  .  p  .  f  !  aap  j  ng 

Thp  itpd't  'pnter'  grid 


In  practice,  we  consider  that  the  effective  depth  is 
the  pffeclivp  thickness  of  rompa'tiLin,  and  this 
thickness  of  lompartiun  should  he  varied  for  various 
requirements  of  enginei'ring  design.  Therefore  the 
BPtho'l  of  investigation  along  with  criteria  should 
also  be  varied.  For  e.v  ample,  for  soft  soil,  the  main 
aia  is  to  raise  the  bearing  capaiity  and  to  reduie 
the  seltleaents.  For  saturated  fine  sand  and 
•«  aturated  sandy  loam.  the  main  purpose  is  to 
eliminate  liquefaitinn  under  a  <ertain  magnitude  of 
earthquake.  For  collapsible  loess  and  newl;  deposited 
I  n  e  -s  .  the  p  r  i  ri  t  1  p  a  !  aim--  are  eliminating 

:  n  I  I  a  j) ..  j  h  i  !  1  t  y  and  r  a  i  i  n  g  the  bearing  i  a  p  a  i  1  t  y  .  T  h  e  s  e 
lan  be  seen  in  Tab  1, 
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TABLE  1. 

Soft  Raisingthe  .R'laOKPa 

Soil  BearingCapaiif; 

Saturated  Eliminating  N  '  =  '  U  .  1  2  "j  (  d^  3  >  U  .  0  5  C  d^-  2  ) !  * 

Sand  Liquefaitinn 

Collapsible  Eliminating 
and  N  e  'ft  I ;  C  o  I  I  a  p  s  i  b  i  I  i  t 
Deposited  a  ml  Raising  Bearing 
Loess  C  a  p  a  i:  i  !  ,• 


A  Chinese  Code  of  Earthquake  Rebistance  Design  for 
Industrial  and  Cisil  Building  Construction.  (TJll-78) 

I.'i  this  table,  R.  Allowable  Bearing  Capa  i- it  > 

N'  Critical  number  of  S.P.T. 
forliquefartion  under  the  conditions  of  ds  and  dw, 
where  ds  1:>  'lepth  of  saturated  sand  beneath  the 
ground  surface  (M)  and  dw  is  the  depth  of  ground 
water  beneath  the  outdoor  ground  surfa  •'  ''M) 

^-Crilicalnumher  of  S.P.T.  for 
liquefaction  under  the  conditions  d^  -  3M  and 
2M.The  number  of  S.P.T,  are  6.  10.  and  16,  for 

earthquake  intensities  of  7.  3.  and  9  respectively. 

Js  -  Coefficient  of  collapsibiliiy. 

i J  ].*•_?  i_  £  L?  LL  li  _  LP  I.  X  C?  L  Li  XLP 

The  following  formula  for  effectis'e  depth  was  gained 
by  the  authors  in  1980  wlio  had  studied  and  analysed 
16  e Ap e r i ffl e n t a  I  data  statistically  (cohesive  soil  and 
sand;  soil;. 

D-  ■■  a  -  bViH  -  cE  (3) 

where  a  -  ronslant.  with  the  dimension  of  meter  and 
the  value  of  S.IO. 

b  =  coefficient,  with  the  dimension  of  1  KN, 
and  the  value  of  0.00086. 

r  :  coeificient,  with  (he  dimension  of  M  K.N, 
and  the  value  of  0.00094. 

E  '•  the  total  energy  per  unit  surface 

a;eaCKN-M  M'). 

X U £ •‘^P P I. £? Xp_ £ C ? Xn_? XXC X LI X iJ I 

^e_2 ]_h _  App  ij ^ tj ^cj _S_l £e_s s 

The  d.namic  stress  under  the  base  of  dropping  hammer 
tested  in-situ  has  been  used  by  the  authors  as  a 
measure  to  determine  the  effective  depth  of 
ptiminating  cutlapsibitity  forfs  O.OiS  and)rd>15KN'M'. 
(1)  Firstl;,  we  caculate  the  stress  distribution 

vertirally  along  the  deepness  of  impact  center,  by 
assuming  that  the  dynamic  stress  tested  at  the  impart 

surface,  Pd,  as  a  quasi-static  loading  and  the  ground 


as  a  semi-infinite  elastic  space. 

C2)  Secondly,  we  calculate  the  stress  distribution 
along  the  deepness  (curve  Pd)  as  shown  in  Fig.  1  and 
llien  draw  the  curve  of  the  yield  strength  of  the 
^^ress  meter  test  Po),  the  intersection  point 

of  these  two  curves  (point  A  in  Fig.l)  can  be  used  to 
determine  (lie  depth  of  eliminating  collapsibility. 
This  depth  of  point  A  is  12. 2m  obtained  by  the  design 
requirement  of  ^sQ.Ois  and^d  15  KNM*.  The 
intersection  point  B,  its  depth  is  llM  and  this  value 
is  also  rather  consistent  with  the  value  10. 9M 
obtained  from  the  laboratory  test  for  the  design 
requirement  oflfdH  KN  ML  Thus  we  ton  eluded  that  the 
impact  stress  on  ground  surface  is  very  important  and 
can  be  used  as  a  measure  to  estimate  the  effective 
depth.  In  this  project,  the  deposit  is  i:oLlapsible 
loess. 


j.  ’"‘g-i 

Sole,  ds--  Coefficient  of  collapsibility 

.  Before  tamping, -  After  tamping, 

Ti-  Dry  unit  weightcKN 

.  Before  taaping, -  Afler  taiping, 

P,  --  Yield  strength  of  pressaeter  lest  (MPa), 
P,  --  Llait  loading  o'  press  aeler  test  (MPa), 
Pa  -  Dynaair  stress  (MPa), 


it's  0.  013 
fd  IsKN  M* 


T_h_e  r_e^  r  e  >  ^  _^£‘L  J. 

[  h  p  !  ffl  p  a  I' t  s  t  r  on  y  r  o  u  n  •!  :  u  r  f  a  r  e  is  a  n  a  i  n 

b  0  u  II  '1  a  I  ;  I  0  a  '1  1  t  i  1  :i .  1*  e  have  m  a  ;  u  r  e  '1  the  impart 

'  '  r  '  •■ ;  u  >  i  n  s  -elf  in  ad  p  '  i  an  s  d  a  >  p  r  s  and  the  results 

are  h  -•.  *  u  in  F  i  y  .  2 .  The  t ,  p  e  ^  of  1  m  p  a  r  t  stresses  are 

1  f  'wo  kind  . 


0  0  2  OA  0  6  OB 


■t(Sec) 


0  I  02  03  04 


Pd  '^P»i 


0  I  a.Z  0.3  0.4  < 


••'M  Fig. 2(a)  and  Fiy.2(h)  are  of  the  first  type.  In 
Fig. 2(a),  the  strata m  is  rather  dry  and  hard,  and  the 
water  rontent  is  rather  low.  While  in  Fig. 2(b)/  the 
top  portion  of  the  strata  has  shaped  a  firm  layer 
after  repealed  tamping  and  stress  wave  has  a  peak 
value  of  sharp  rise.  The  time  of  wave  action  only 
lasted  0.04  second. 

(2)  Fig. 2(c)  and  Fig. 2(d)  are  of  the  second  type.  The 
wafer  content  of  those  two  tamping  points  are 
relatively'  high,  and  the  wave  stress  has  also  peak 
value  of  sharp  rise.  But  it  damped  relatively  slowly 
and  the  wave  action  lasted  '^.J  second. 

In  addition  neither  of  the  above  two  types  has  been 
registered  second  peak  value  of  stress  wave. 

(j)  The  actually  measured  dynamic  impact  stress  is 
related  to  the  degree  of  hardness  of  the  soil.  The 
range  of  measured  values  obtained  by  the  autliors  'S 
2.  9-9.  0  'fPa. 

(4)  According  to  our  e.vperencp,  the  base  area  of  the 
tamper  can  be  chosen  from  the  thumb  rule  that  the 
weight  of  tamper  distributed  per  unit  base  area  is 
25  -  40K\  M'. 

PARAMETERS  FOR  DESIGN  AND  CONSTRICTION 
In  order  to  obtain  the  ideal  effect,  il  is  very 
importment  to  choose  parameters  for  design  and 
construction.  The  main  parameters  include, 

--  The  effective  depth 

--  The  total  energy  per  unit  surface  area 
--  Grid  spacing 
“  -  Number  of  blow  per  pass 
Number  of  passes  of  tamping 

LFJ  L'L?  L 

Refering  to  formula  <2)-  the  value  of  the  influence 
coefficient,  K,  can  be  chosen  from  Tab.  2 
Table  2 


Depos  i  t 


Soft  Soil 


Saturated  Sand 


High  Fills 
Loess  and  newly 
Deposited  Loess 


Effective  Depth  CM) 

D'  -(0.  45-0.  H  iT 

D '  =  C  0 ,  5  -  0  .  6  1  0 

D’  =(  0,  6-0.  8  i/W  H  lO 

for!rd>l5KN..M' 

D  ’  =  (  0  .  3  4  -  0  .  3  6  y*  H  10 
for  Ss<0. 015 
O'  0. 4-  0.  5 H  I  0 


The  Total  Energy  Per  Unit  Surface  Area 


depth 


Fig.*) 

\  0  1 1‘ ,  \  Before  damping 

Al---  After  I  pass-  (11  blows: 

Af^-r  2  p'TSPs  (23  blows) 


Table  “ . 


Item 

EnergjLevpl  Ppr  BlovrCKN-M) 
fj  2  3 1)  3  0  0  0  4  0  0  0  3  0  0  0 

Depth  for  Fliminating 
Col  1  ap  s i b i  I  I  1 ; 

1 2 

1  2 

9 

7 

Effective  Depth  (M) 

9 

3 

7 

6 

Es  (weighted) 

12.3 

10.6 

10.  9 

10.  2 

(MPa) 

[  P/  (  w  ?  i  g  h  1  e  d  U  K  P  a  ) 

283 

260 

279 

272 

In  the  construction  site  of  a  certain  plant  in 
Taiyuan,  the  water  lontant  of  loess  is  14-17'’,  we 
used  oiil\  one  pass  of  djnanic  rompaition  and  obtained 
the  required  values  density  and  bearing  capacity. 

^ 2_) ^TJi ^  _E i_ f_? c^ t_i  v^e_ ^e_p ^ f_  Dyn a_iy  c C ^n_s  o_ l_i _i_^o _n . 

A'lording  to  the  loess  to  be  improved  with  the 
requirement  of  dry  unit  weight  J^d^lSK'N  M  the 
effective  d  e  p  t  li  of  dyn  am  i  c  consolidation  can  be 
represented  by  D'-  To  as  stated  above. 

According  to  the  statistical  f^perence  of  15 

projects,  II-  D.35-0.Ii,  this  value  is  smaller  than 
that  for  clayey  soils  and  related  to  the  water 
content  of  loess  and  the  energy  per  blow,  When  the 
water  contant  w  ij'*  and  the  energy  per  blow  is  great 
we  use  the  low  value,  while  the  water  content  w'20'» 
and  the  energy  per  blow  i^  small,  we  use  the  high 
value. 

The  effective  depth?  and  depths  of  eliminating 
lollapsi  bilily  investigated  in  Shanxi  Chemical 
Fertilizer  Plant  are  tabulated  for  energies  from  3000 
K\  M  to  t)230  KN-M  per  blow,  as  shown  in  Tab.  0. 

I’—  i  _f  .I'Li  i  j  u  J_n_a 

The  authors  investigated  the  effect  of  vibration 
caused  by  dynamic  consolidation  to  neighbouring 
buildings  especially  tJie  results  of  settlement 
investigations  of  neighbouring  buildings  of  certain 
factory  on  the  compaction  site. 

This  factory  is  situated  at  a  site  of  self-subsiding 
follapsihle  loess  of  second  grade.  The  thicknessof 
this  soil  is  7M  .  The  old  neighboring  buildings  of3 
stories  built  in  n  inteen  fifties  including  a  dwelling 
and  an  administration  building  had  cracks.  The  above 
two  buildings  are  2.3  M  from  nearest  tamping  point.  A 
two  storied  laboratory  building  has  no  cracks  and  it 
is  only  1.8  M  from  the  nearest  tamping  point.  The 
investigations  of  settlements,  cracks  and  vibrations 
«ere  performed  for  all  these  buildings.  The  energy 
per  blow  was  6  0  0  KN-M.  The  result*’  showed  that  the 
settlement  of  the  administration  building  and  the 
dwelling  was  only  2.2  MM,  and  had  noadditional 
settlement  at  all. And  there  was  no  sign  of 
development  of  the  old  cracks.  As  to  the  laboratory 
building,  the  settlement  of  the  point  nearest  to  the 
tamping  pit  was  10-12MM.  and  cracks  appeared.  This 
illustrated  that  in  loess  deposits,  owing  to  high 
solidification  internal  force,  the  ground 

subsistence  is  not  apt  to  be  induced,  and  therefore 
no  addtional  cracks  could  be  found,  whereas  the 
laboratory  is  of  1.8M  distance  from  the  pounding,  and 
because  of  the  pushing  effect  of  the  compacted  soil, 
the  settlement  arised  and  the  cracks  appeared. 


rONCLlSlO.N 

Evaluation  of  effective  depth  of  dwiamii 
c  0  n  i  0  I  i '!  a  t  i  (J II  can  he  made  b  .•  Menard's  f  o  rm  u  1  a  with 
i  n  f  I  e n c  e  c  o e  f  f  i  c  i  e a  t  .  B u  t  o  t  li o  r  empirical  formula  or 

impact  ^  t  I  e  ^  >  i  a  a  .-.Iso  be  used  as  a  measure  to 

estimate  the  effective  depth.  Besides  factors 
affecting  t  fi  e  i  o  e  f  f  i  i  i  e  n  t  are  full.-  <1  i  s  i  u  s  s  c »! . 

The  m  i  c  r  u  s  I'  0  p  i  c  m  a '  It  a  ii  i  >  m  e  x  p  e  c  i  a  I  I ..  the  pore  size 

distribution  of  soil  samples  botli  before  and  after 
tamping  are  ']!:■(  u;  :  ei!.  and  the  authors  proposed  the 
idea  of  t  !i  r  e  s  h  o  I  d  of  pure  size.  Its  value  is  j  I M  for 

;  ('!  e  s  >  soil. 

Two  case  h  i  s  : r  i  e  s  including  the  results  of 
settlement  investigations  of  neighbouring  buildings 
on  the  compaction  site  are  presented  finally. 
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SYNOPSIS;  Ground  improvement  techniques  were  used  to  meet  the  design  requirements  tor  a  beach 
resort  complex  at  Half  Moon  Bay  on  the  Arabian  Gulf.  Extensive  site  exploration  revealed  upper 
layers  consisting  of  loose  to  medium  fine  sand,  having  variable  silt  content.  The  original 
specif icat ion  called  for  filling  and  ground  improvement  using  Dynamic  Compaction  to  achieve 
lOOxN/m^  surface  bearing  capacity  and  50%  relative  density  at  a  depth  of  10m.  Dynamic  Com¬ 
paction  (DC)  and  subsequent  field  testing,  using  full  scale  loading  tests  as  well  as  CPT  and  SPT 
tests,  proved  that  it  was  possible  to  achieve  these  requirements  over  most  areas  using  dynamic 
compaction,  however  it  was  not  suitable  in  a  few  other  areas  where  ground  response  to  DC  was 
poor.  Those  areas  contained  silty  layers  and  showed  signs  of  rapid  pore  pressure  build  up  under 
dynamic  compaction,  while  dissipation  was  slow  and  penetration  resistance  remained  poor.  There¬ 
fore,  it  was  decided  to  use  pre-loading  in  those  areas.  Further  testing  and  instrumentation 
showed  that  pre-loading  was  achieving  the  required  ground  improvement. 


INTRODUCTION 

This  paper  describes  the  case  history  of  ground 
improvement  at  a  site  in  the  middle  of  Half  Moon 
Bay  some  50  km  south  of  Al  Khobar  on  the  Arabian 
Gulf  {Fig  1).  The  site  covers  approximately  3.7 
km2  bounded  to  the  East  by  Half  Moon  Bay  and 
to  the  South  by  a  smaller  inner  bay. 


Pig  1  Site  Location  Map  -  Half  Moon  Bay. 

The  development  scheme  undertaken  in  Phase  I  of 
the  Half  Moon  Bay  Beach  Resort  Project  is  to 
consist  of  two  hundred  and  fifty  one  chalets 
surrounding  the  inner  bay  together  with  infra¬ 
structure,  services  and  a  recreational  area  in 
the  south  eastern  peninsula.  Various  areas  of 
investigation  referred  to  in  the  following  text 
ate  shown  on  Fig  2. 


r  •"! 

Improved  by  Dynannc  Compaction 

PLT  1 

First  Plata  Loadirw  1tet 

Pra  loading 

PLT2 

Second  Plate  Loadrig  1bst 

•  5 

Settlement  Guage 

Pig  2  ' ayout  of  Ground  Improvement  Work. 

Regionally,  there  are  Sabkha  deposits  which 
cover  most  of  the  site,  with  intermittent 
caprock  consisting  of  cemented  shelly 
sandstone.  These  deposits  are  underlain  by 
marine  deposits  of  Quaternary  Age  of  variable 
thickness  containing  non  indurated  but  sometime 
cemented  deposits  of  silty  sand  with  silty  clay 
bands.  The  sedimentary  bedrock  of  the  Dammam 
formation  of  Eocene  Age  lies  at  depths  greater 
than  20m.  This  bedrock  typically  consists  of 
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dolomite  and  limestone  interbedded  with  marl 
(calcisiltite)  and  shale  ( calci lu t i te )  (Kent, 
1976) . 


CPT  Cone  Resistance  Kg  cm* 

0  100  200 
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Description 


A  preliminary  site  ex 
using  dynamic  probing 
investigation  which  i 
pits,  standard  penetr 
static  cone  penetrati 
situ  soil  conditions 
proposed  in  the  main 
site  would  experience 
without  treatment  of 
compressible  soils, 
improvement  programme 
dynamic  compaction  on 
dune  sand  up  to  2ra  th 


ploration  was  carried  out 
followed  by  a  full  scale 
ncluded  boreholes,  trial 
ation  tests  (SPT)  and 
on  tests  (CPT).  The  in- 
confirmed  that  buildings 
development  area  of  the 
excessive  settlement 
the  underlying,  highly 
Following  this,  a  ground 
was  undertaken  using 
a  surface  reclaimed  with 
ick  . 
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A  part  of  the  site,  where  the  in-situ  conditions 
prevented  any  improvement  by  dynamic  compaction, 
was  preloaded. 


SITE  CONDITIONS  PRIOR  TO  GROUND  TREATMENT 
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the  upper  sand.  Below  this,  extensive  deposits 
of  silt  and  clayey  sandy  silt  some  6  to  7m  thick 
are  present  in  the  peninsula  (Fig  3)  and  some  5m 
were  found  in  the  western  part  (Fig  4).  This  is 
referred  to  as  the  intermediate  silt  layer.  The 
SPT  and  the  CPT  results  indicated  that  the  upper 


depth.  Underlying  the  silt  stratum, 
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Description 


Light  brown  fine  to  medium 
SAND (SaBKHA) 


CPT  Cone  Resistance  Kg  cm^ 
100  200 


J  Loose  light  bmwn  grey  line 
'  to  medium  SAND  with  varying 
shell  fragments  and  traces 
of  Slit 


Very  loose  to  loose 
grey  sarnjy  clayey  SILT 


Loose  light  brown  siHy  SANO 
with  shwt  fragments 


Medium  to  very  dense  grey 
fne  to  medium  SANO 


Very  dense  light  brown  silly 
fine  to  medium  SANO 


7=- 


Hard  gray  silty  clay 


Typical  borehole  and  CPT  profile  in  the 
Eastern  peninsula. 


Groundwater  was  found  to  be  within  a  metre  of 
the  ground  surface  at  the  northernmost  part  of 
the  site,  but  it  was  within  250mm  in  the  eastern 
and  western  parts  of  the  site. 


GROUND  IMPROVEMENT 

The  proposed  construction  site  over  44  ha,  was 
initially  cleared  by  removing  the  Sabkha  and 
reclaimed  with  a  maximum  of  2m  of  dune  sand, 
compacted  in  layers  by  vibro  compactors,  to 
provide  a  surface  2m  above  Datum.  The  dynamic 
compaction  was  applied  on  this  surface  with  the 
aim  of  achieving  a  safe  bearing  capacity  of  100 
kN/m^  at  the  surface  and  densif ication  of  the 
subsoil  from  the  surface  downward  at  least  to 
lOra  where  the  relative  density  of  the  soil 
should  not  be  less  than  50  per  cent.  The  CPTs 
were  used  to  verify  the  improvement  and  also  to 
estimate  the  relative  density  at  10m  depth 
using  Schmertmann  (1978),  correlation  with  the 
cone  resistance  (qc)  and  the  effective  over¬ 
burden  pressure  (Pq)- 

Dynaaic  Coapaction  Trial 

An  area  of  the  site  having  relatively  poor  soil 
conditions  was  selected  for  the  dynamic  com¬ 
paction  tria’s  (Fig  2).  The  initial  four 
(Trials  1  to  4)  of  six  trials  performed  were 
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Depth  m 


carried  out  using  a  2  x  2m,  16  tonne  pounder  the  course  of  tamping.  This  phenomenon  might 

dropping  freely  from  a  height  of  20m  using  a  120  have  been  due  to  local  1 iquef acat ion  of  the 

tonne  Man i towac-crawler  mounted  crane;  the  last  soil  in  tne  intermediate  silt  stratum.  Sub- 

t  0  trials  (Trials  5  and  6)  were  performed  with  sequent  monitoring  showed  that  there  was  little 

a  25m  drop.  Normally,  10  blows  were  applied  to  change  of  these  modified  piezometric  heads  in 

each  print,  except  in  Trial  5  where  20  blows  the  next  six  months, 

were  applied.  In  each  trial,  quality  control 

was  performed  using  piezometers  and  CPTs.  Trial  Dynamic  Compaction 

1  to  4  inclusive  were  carried  out  covering  grid 

systems  from  5  to  12m  either  by  a  single  pass  or  Following  the  disappointing  results  from  the 

up  to  3  passes,  whereas  in  trials  5  and  6  only  a  trials,  the  Contractor  embarked  on  the  full 

lOn  grid  was  used  with  2  passes.  Howe-’er,  the  scale  dynamic  compaction  programme  using  the 

timing  for  the  passes  was  not  always  jontrolled  same  weight,  10  blows  per  print,  25m  drop  and 

by  the  dissipation  of  pore  pressure  generated.  10m  centres  starting  from  the  north  of  the 

Three  hollow  stem  auger  holes  were  sunk  in  the  finger.  Piezometers  were  installed  at  9m  below 

trial  area,  prior  to  dynamic  compaction.  The  Datura  on  a  50m  grid, 

intermediate  silt  layer  in  a  very  loose  state 

was  found  at  3m  below  Datum.  The  results  of  the  Consideraole  ground  improvement  was  noticed  in 

trials  confirmed  that  only  the  initial  5m,  many  parts  of  the  finger  and  the  box  areas,  even 

including  the  compacted  fill,  improved  satis-  after  the  first  (north  of  the  trial  area),  or 

factorily  while  responses  to  dynamic  compaction  second  passes.  However,  such  improvement  in 

below  this  level  were  insignificant.  many  areas  was  still  insufficient  to  meet  the 

specified  relative  density  of  50  per  cent,  to  be 

During  the  performance  of  some  trials  (2,4,5  and  achieved  at  8m  below  Datum  in  accordance  with 

6)  It  was  noticed  that  the  ground  water  (or  in  the  Schmer tmann ' s  correlation.  A  full  scale 

some  cases  a  dark  dense  odoriferous  fluid)  load  test  was  carried  out  to  overcome  this 

overflowed  from  the  standpipes  (some  1.5n  above  si tuat ion , and  this  is  described  in  the  following 

the  surface),  but  on  some  occasions  immediate  section.  Th^  average  CPT  profile  obtained  from 

fails  of  piezometric  heads  were  noticed  during  this  test  locatior.  (Fig  5)  was  finally  used  to 


Pig  5  Pre-and-post  dynamic  compaction  CPT  Pig  6  Typical  pre-and-post  dynamic  compaction 

results  at  Load  Test  1  location.  CPT  results  from  Western  parts  of  the 

site . 
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approve  the  dynamic  compaction  work  at  the  site. 

In  areas  satisfactorily  compacted  using  two 
passes  of  dynamic  compaction,  pore  pressures 
dissipated  within  one  month,  out  in  those  parts 
treated  with  upto  four  passes,  where  pore 
pressure  dissipated  much  more  slowly.  Fig  6 
displays  typical  profiles  of  both  the  pre-and 
pos t-compac t ion  OPT  results.  The  settlements  of 
the  ground  after  each  pass  was  in  the  order  of 
lOOrnm.  After  the  final  pass,  an  "ironing  pass" 
was  performed  to  compact  the  near  surface  soils, 
especially  around  the  craters. 


density  for  a  cor 'espond ing  blow  count  (IJ)  was 
evaluated  using  the  analytical  expression  on 
given  in  Giulani  k  Giulani  liicoll  (1982)  which 
incorporates  effective  overburden  pres-  sure, 
and  these  results  are  shown  on  Fig  7.  Fig  7 
shows  that  after  dynamic  compaction,  50  per  cent 
relative  density  was  generally  achieved  at  a 
depth  of  10m.  It  is  interesting  to  note  that 
some  low  N  values  under  small  overburden 
pressure  are  within  the  medium  dense  range  in 
the  relative  density  scale,  even  though  this  can 
be  classified  as  loose  when  the  general 
descriptive  terms  were  used. 


Full  scale  plate  load  tests  and  settlement 
analysis 


The  full  scale  load  test  referred  to  above  was 
carried  out  using  a  large  concrete  plate  (4  x  4m 
X  '1.4m  thick)  loaded  to  150  kN/m^  pressure. 

The  location  of  the  first  such  test  (Load  Test 
1)  was  chosen  in  the  box  area  (Fig  2),  where  two 
passes  of  dynamic  compaction  were  given.  The 
load  test  was  carried  out  at  1.25n  above  Datum 
using  concrete  blocks  as  Kentledge.  Fig  5 
displays  the  results  of  a  few  post-compaction 
CPTs  carried  out  prior  to  the  load  test,  and  a 
CPT  profile  from  the  original  site  investigation 
is  also  included.  The  load  test  commenced  by 
placing  the  full  load  within  the  first  24  hour; 
the  total  settl^■ment  of  5ram  took  place  within  48 
hour.  The  load  was  maintained  for  19  days  when 
no  significant  novement  was  recorded. 

The  plate  used  acted  as  a  4  x  4ra  square  footing 
(3  =  4m)  and  the  applied  pressure  must  have 
influenced  the  jicupd  at  least  to  a  depth  of  23 
(8m)  which  was  some  7m  below  Datum. 

3y  comparing  the  measured  settlement  with  that 
calculated  as  suggested  in  Schmertmann  (1978)  a 
value  of  X  =  7  was  evaluated  (E  =  Xq,;,  where 
"E"  is  the  soil  deformation  modal  ;s). 

Schmertmann  proposed  that  the  values  of  X  could 
be  taken  as  2.5  and  3.5  for  square  and  long 
footings  only  with  first  loading  case  respec¬ 
tively.  But,  he  quoted  that  if  the  sand  has 
been  strained  by  preloading  or  any  other 
methods,  the  real  settlement  will  probably  be 
significantly  less  than  predicted  using  values 
of  X  quoted  above.  Schmertmann,  therefore, 
suggested  that  in  such  cases  the  values  of  X  can 
be  increased  by  a  factor  equal  to  or  greater 
than  that  would  indicate  by  the  resulting 
increase  in  q,- .  This  apparenuly  agrees  with 
the  results  shown  in  Fig  5. 

A  second  load  test  was  performed  at  a  location 
in  the  trial  area  (Fig  2)  using  identical 
arrangements  except  that  the  plate  was  placed  at 
one  metre  above  Datum.  The  results  of  this  test 
was  satisfactory,  and  was  used  to  approve  the 
work  which  did  not  meet  the  criteria  of  Load 
Test  1. 

Relative  Density 

Following  the  encouraging  result  of  Load  Test  1, 
an  investigation  was  made  using  SPT  to  assess 
relative  density  in  areas  where  dynamic  compac¬ 
tion  work  was  approved  on  the  basis  of  Load  Test 
1.  Three  boreholes  were  drilled  using  a  hollow 
stem  auger  and  SPTs  were  carried  out  at  1.5m 
intervals  using  a  split  spoon  sampler.  Relative 
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Relative  der>sity  values  calculated 
from  SPT  N  blows  usirrg  Giufian 
and  GiuUan  Nicoll  (1982)  are  written 
against  SPT  N 


Pig  7  SPT  (N)  blows  profiles  with  calculated 
relative  density  values. 

Preloadinq 

Despite  the  fact  that  dynamic  compaction  was 
successful  over  most  of  the  site,  quite  a  large 
part  (122  ha)  did  not  respond  (Fig  2).  The 
initial  site  investigation  indicated  that  most 
of  this  area  contains  layer(s)  6  to  7m  thick  of 
loose  to  very  loose  silt  and  the  groundwater, 
which  is  influenced  by  tne  tide,  was  found  close 
to  the  original  ground  surface.  An  additional 
site  investigation  consisting  of  three  25m  deep 
boreholes  was  carried  out,  with  a  view  to 
predicting  the  time  settlement  under  pre-loading. 
It  was  confirmed  that  no  improvement  of  the 
intermediate  silt  layer  was  apparent  after  an 
initial  dynamic  compaction  operation.  Fig  8 
displays  an  envelope  of  particle  size 
distribution  of  this  intermediate  silt  layer, 
which  shows  that  the  silt  content  varies  between 
40  and  80  per  cent  and  the  clay  content  is  less 
than  10  per  cent.  Fig  8  also  includes  the 
grading  envelopes  of  the  upper  and  lower  sand 
strata.  The  samples  from  the  intermediate  silt 
layer  were  mostly  found  to  be  of  low  to  inter¬ 
mediate  plasticity,  and  some  were  non-plastic. 


10.5fl 


Gram  Si^e  mm 


GRAVEL 

Ftne 

Coarse  |  MeOium  |  Fine  |  ° 

Jotwf  Sa.id  ''trafum  Lower  Sand  Stratum  t  1  irtfermediate  Sr/t  La^ 


Fig  8  size  :  z  i  r  i  out  ion  of  upper 

.'an  i,  r  n  te  r  :no  i  .  a  t  e  Silt  ar..:'i  l-ower  sane. 

Thirteen  rne- : :  .ten.? :  on  j  1  consol  tciat  ion  tests 
were  perforne,:  '.n  unin't;rbed  sariples  taken  from 
the  c:.re.r  ooreho.es.  -Xn  attempt  was  made  to 
tr.e  pr-j-cons  o  1 1  i-a  t :  on  pressure  (Pc') 
and  It  was  ioun.i  t  .5  v-arp  between  140  and  400 
HowQ'/er,  tne  ratios  p,;t/p|^,  and 
individual  e-log  ?q|,  plots  (Halcrow,  19860) 
indicated  that  consideraole  sampling  disturbance 
may  i-.ave  taken  place.  The  coefficient  of 
consol  1  cat  io.n  (C-^^)  values  evaluated  tanged 
from  O.T  to  llim-Zyear  for  the  corresponding 
effective  pressure  range  100  to  200  kN/m^ . 

Prior  to  placing  th.e  .sand  fiii  tor  preloading, 
five  settlement  gauges  were  installed  at  1.5m 
above  Datum  (Fig  2);  several  oiezometers  were 
in.scalled  at  various  depths  in  the  upper  three 
strata.  ''ig  2  shows  the  part  of  the  site 
preioaded  with  3.5m  of  dune  sand  fill  which  was 
end  tipped,  dozed  and  compacted  using  construc- 
t  L  o  r.  t  r  a  f  f  1  c  . 

Settlements  under  preloading 

The  predicted  settlements  at  five  locations, 
where  the  settlement  gauges  were  installed,  were 
calculated  u.sing  the  soil  profiles  revealed  by 
the  nearest  borehole.s.  The  .settlements  of  the 
.sand  strata  (upper  and  lower  .sand.s)  were 
calulated  using  mean  q,,  values  as  appropriate 
and  the  method  described  uy  Gnosh  (1982).  This 
was  oecau.se  the  applied  load  from  the  pre  loading 
was  equivalent  to  an  elastic  half  space,  an.',  the 
method  sagge.sted  in  Sc'nmertmann  tends  to  under¬ 
estimate  tne  deformation  of  the  sand  strata 
under  juch  load  condition.s.  The  settlements  of 
the  intermediate  silt  l.ayer  were  estimated  using 
m._,  values  corresponding  to  appropriate 
effective  pre.ssuies,  evaluated  from  the 
oedome'ier  test  results.  The  total  .settlement 
assessed  was  of  the  order  of  400mm. 

The  predicted  periods  for  90  per  cent  consoli¬ 
dation  of  the  intermediate  .silt  layer  were 
estimated  iising  the  coefficient  of  con.soli- 
dation  (C.;)  value  of  5,  15  and  Odm^/year 
were  typically  1550,  515  and  140  days  respec¬ 
tively.  The  C.y  values  of  non-pJastic  and 
low-rlastic  .silt  deposit.s  are  of  the  order  of 
iOOm^/year  (l.am.o  arui  Whitman  1965),  therefore. 


!40  days  for  90  pet  cent  consolidation  of  the 
intermediate  silt  was  predicted  using  a  Cy 
value  55me/year  and  thought  to  be  appro¬ 
priate.  Pore  pressures  built  up  in  the  upper 
sand  during  the  preloading  operation,  dissipated 
within  40  days,  and  a  similar  period  for  the 
dissipation  of  exce.ss  pressure  in  the  lower  sand 
strata  was  a.ssumed.  Therefore  it  was  considered 
that  the  total  settlement  would  to  completed  by 
220  days.  Fig  9  sho.v  ;  the  total  settlement 
typically  for  Areas  and  3,  which  were 
monitored  till  25  September  1987. 
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Pig  9  Two  typical  time  settlement  curves  with 
piezometric  heads  under  pre-loading. 


DISCUSSION 

The  plots  in  Fig  9  would  seem  to  indicate  that 
settlements  are  on  t'ne  verge  of  completion, 
although  the  excess  pore  pressure  in  the  Lower 
sand  stratum  remains  high.  However,  in  the 
intermediate  silt  stratum  the  excess  pore 
pressure  is  only  marg  nally  high  compared  with 
the  ground  water  level  in  this  area.  Table  A 
summarises  piezometric  heads  monitored  before. 
Immediately  after  and  a  year  after  the  pre- 
loading  was  placed,  and  the  variations  the 
pressure  head  within  the  three  strata  investi¬ 
gated  are  noticeable.  The  excess  pore  water 
pressure  in  the  lower  sand  stratum,  as  mentioned 
earlier,  apparently  remains  unchanged  in  spite 
of  a  moderate  rise  in  pressure  due  to  the 
preload,  which  .suggests,  that  this  layer, 
overlying  the  hard  silty  clay,  probably  does  not 
drain  effectively  in  a  horizontal  direction. 
Piezometers  19  and  20,  installed  in  the  upper 
part  of  the  intermediate  silt  layer  in  Area  3, 
read  I . 6m  above  Datum,  whereas,  the  corre¬ 
sponding  pressure  head  at  the  centre  of  the  same 
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stratum 
Desct ipt ion 


Piezo¬ 

meters 

No. 


Level  of 
Installation 
( m  E 1 V . ) 


Piezometric  Head  (M  Elv.) 


After 

Installation 

Maximum 

After 

Preload 

Recorded 
on  25/9/87 

Upper 

Sand 

22 

-  3.0 

+  0.45 

+  1.30 

+  0.65 

Upper 

Sand 

*23 

-  3.0 

+0.65* 

+  0.95 

+  0.5 

Intermediate 

6(GKN) 

-  9.0 

_ 

+  0.76 

Silt 

II 

II 

7 (GKN  ) 

+  1.0 

+  1.5 

+  1.08 

H 

It 

18 

+  0.65 

+  1.4 

+  0.95 

11 

II 

19 

+  1.50 

+  2.0 

+  1.38 

II 

II 

20 

-  5.0 

+  1.70 

+  2.5 

+  1.55 

It 

II 

21 

-  4.0 

+  0.80 

+  2.0 

+  1.05 

Lower 

Sand 

16 

-  18.0 

+  0.80 

+  1.40 

+  1.66 

II 

II 

_ 

17 

-  14.0 

+  0.80 

+  1.60 

+  1.55 

(a)  *Fill  material  was  placed  near  to  piezometer  23  before  the 
initial  readings  were  taken. 


(b)  General  groundwater  level  +  0.45m 

TABLE  A  Piezometer  Monitoring  Records 

layer  is  about  one  metre  above  Datum.  Reasons 
for  this  variation  were  not  apparent  from  the 
site  investigations. 

The  above  evidence  seems  to  indicate  that  the 
main  factors  causing  failure  of  dynamic  com¬ 
paction  in  the  eastern  pact  of  the  site  (Fig  4) 
were  the  shallow  depth  of  the  upper  sand  above  a 
very  loose,  waterbound  silt  stratum  together 
with  the  complex  ground  water  regime. 


CONCLOSIONS 

1.  It  is  clearly  of  prime  importance  to  have  a 
detailed  study  of  the  ground  water  regime 
before  embarking  on  any  ground  improvement 
programme,  and  especially,  when  a  site 
tains  a  thick  layer  of  loose  silt. 

2.  Dynamic  compaction  is  a  repid  and  economic 
method  of  ground  improvement  when  it  is 
applied  to  suitable  ground  conditions. 
Results  are  enhanced  considerably  by 
subsequent  passes,  provided  that  the  excess 
pore  water  pressure  generated  due  to  the 
applied  energy  within  the  loose  subsoil  is 
allowed  to  dissipate.  Ground  conditions 
similar  to  those  encountered  in  Area  3  are 
considered  unsuitable  for  dynamic 
compaction . 

3.  Full  scale  load  tests  designed  to  meet 
foundation  conditions  are  considered  to  be 
the  most  appropriate  method  of  verifying 
ground  improvement. 

4.  Relative  density  of  in-situ  silty  sand  may 
be  assessed  effectively  using  published 
analytical  ccrrelaticns  established  with 
SPT  results. 
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5.  The  settlement  of  footings  on  sand  may  be 
assessed  reliably  using  the  method  due  to 
Schmertmaiiii,  but  sui,h  methods  tend  to 
underestimate  the  deformation  of  the  sand 
under  extended  fill  loads. 
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SYNOPSIS:  A  geogrid  reinforced  soil  wall  with  a  wrap-around  facing  system  was  successfully 
constructed  on  soft,  compressible  alluvial  and  residual  soils.  An  originally  designed  20-foot 
(6.1  m)  high,  reinforced  concrete  cantilever  retaining  wall  was  not  constructed  because  of  the 
expected  settlements  induced  by  the  wall  and  backfill.  The  geogrid  reinforced  wall  was  utilized 
because  of  its  ability  to  withstand  the  estimated  settlement  and  because  it  was  considered  less 
cxpc-.sive  tnan  pioviuiii,j  deep  foundation  support  of  a  cantilever  wall.  This  paper  discusses  the 
design,  construction,  and  performance  of  the  geogrid  reinforced  wall. 


INTRODUCTION 

A  2U-foot  (6.1  m)  high,  reinforced  concrete 
cantilever  retaining  wall  was  planned  adjacent 
to  a  proposed  clubhouse  as  part  of  the  site 
development  for  a  large  luxury  apartment  complex 
near  Atlanta,  Georgia.  This  wall  would  separate 
the  clubhouse  pool  area  from  a  small  lake 
to  be  constructed  in  a  creek  channel.  During 
initial  grading  operations  in  the  proposed 
retaining  wall  area,  the  co.. tractor  noticed 
that  the  subgrade  was  very  soft.  A  geotechnical 
consultant  was  then  retained  by  the  owner 
to  investigate  the  subsurface  conditions  in 
the  wall  area  and  to  make  recommendations 
concerning  design  and  construction  of  the 
wall. 


SUBSURFACE  INVESTIGATION 

Three  soil  test  borings  were  performed  along 
the  proposed  curvilinear  retaining  wall 
alignment.  Standard  penetration  tests  were 
conducted  in  the  borings  at  intervals  of  2.5 
to  5.C  feet  (0.8  to  1.5  m).  All  soil  sampling 
and  standard  penetration  testing  were  in  general 
accordance  with  ASTM  standard  D  1586.  The 
boring  data  indicated  up  to  27  feet  (8.2  m) 
of  generally  soft  or  loose  soils.  Alluvial 
soils  were  encountered  to  depths  of  up  to 
8  feet  (2.4  m)  below  the  existing  ground 
surface.  The  alluvial  soils  were  deposited 
by  the  adjacent  creek  and  typically  consisted 
of  fine  sandy  clay  or  clayey  fine  to  medium 
sand  (Unified  Soils  Classification  of  CL  and 
SC).  Residual  soils  were  encountered  below 
the  alluvium  to  boring  termination  depths. 
Residual  soils  are  defined  as  materials  formed 
in-place  by  the  chemical  weathering  of  the 
parent  rock  (metamorphic  rocks  underlying 
the  site  include  gneiss,  amphibolite,  and 
senist).  Tne  residual  soils  were  typical 
of  those  found  in  the  Piedmont  Phy=  icgrapliic 
Prov^  n,~o  .a  generaxiy  oonsrsted  of  micaceous 
fine  sandy  silt  (ML)  and  silty  fine  sand  (SM). 
Standard  penetration  resistances  in  the 


alluvial  and  residual  soils  typically  varied 
from  5  to  11  blows  per  foot  in  t)ie  compressible 
zone  (upper  27  feet  of  soils).  The  ground 
water  level  was  measured  at  0  to  6  feet  (0 
to  1.8  m)  below  the  ground  surface  in  -^he 
borings . 

Based  on  the  subsurface  data  obtained  and 
subsequent  analyses,  it  was  estimated  that 
total  settlements  of  up  to  3  inches  (7.6  cm) 
would  occur  due  to  the  weight  of  the  required 
fill  behind  the  wall.  Because  of  varying 
subsurface  conditions  and  varying  wall  heights, 
differential  ocLtlemou',.s  up  to  2  inches 

(5.1  cm)  were  estimated.  Since  it  was  also 
estimated  that  60  to  70  percent  of  the  total 
settlement  would  occur  during  fill  placement, 
pre-loading  was  initially  considered.  However, 
time  constraints  set  by  the  owner/developer 
eliminated  pre-loading  as  a  possible 
alternative.  Because  of  the  amount  of 
differential  settlement  expected  and  the  nroject 
time  constraints,  a  conventional  spread 

foundation  for  the  cantilever  retaining  wall 
was  not  feasible. 

Two  alternatives  were  then  considered  for 
wall  construction.  First,  using  the  original 
cantilever  retaining  wall  design,  a  deep 
foundation  system  would  be  required.  Timber 

piles  wore  considered  to  be  the  most 
economically  feasible  deep  foundation  system. 

The  second  alternative  was  to  use  a  flexible 
wall  system  that  would  tolerate  the  estimated 
settlement.  A  polymer  geogrid  reinforced 
soil  wall  with  a  wrap-around  facing  was 
evaluated  as  the  flexible  wall  system  (TENSAR, 
1986).  The  second  alternative  was  chosen 

by  the  owner  based  on  economics. 
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PROJECT  REQUIREMENTS 

The  required  retaining  wall  consisted  generally 
of  two  semi-circular  segments  with  radii 
of  16  and  68.5  feet  (4.9  and  20.9  m).  The 

smaller  radius  wall  was  to  be  about  8  feet 
(2.4  m)  high  while  the  large  radius  wall 
height  varied  from  2  to  20  feet  (0.6  to  6.1 
m).  Figure  1  shows  a  plan  view  of  the  proposed 
walls.  Since  a  vertical  wall  was  only  required 
above  the  proposed  lake  level,  the  maximum 
wall  height  was  changed  to  10  feet  (3.0  m) 
supported  by  a  reinforced  slope  up  to  10 
feet  (3.0  m)  high.  For  architectural  reasons, 
a  cast-in-place  concrete  facing  was  required 
for  the  wall.  The  concrete  facing  was  designed 
as  a  free-standing  member  subjected  to  no 
earth  pressure  from  the  geogrid  reinforced 
soil  wall.  Following  construction  of  the 
flexible  wall  and  settlement  monitoring, 
the  cast-in-place  concrete  facing  would  be 
constructed . 


DESIGN 

The  geogrid  reinforced  wall  was  designed 
using  the  tie-back  wedge  method  of  analysis. 
It  is  assumed  that  active  lateral  earth 
pressures  are  developed  for  polymer  reinforced 
walls  (Jones,  1985).  These  pressures  are 
then  resisted  by  the  tensile  force  of  the 
reinforcement.  The  kinema*- 1 mechanism  of 
the  wall  is  rotation  about  a  hinged  toe  and 
pressures  from  the  backfill  retained  behind 
the  reinforced  mass  are  also  considered  in 
the  analysis  (Berg,  et  al,  1986).  In  addition 
to  internal  stability,  external  stability 
modes  of  sliding,  overturning,  and  toe  bearing 
faili.'res  were  checkea  using  tuLaini.iig  waii 
analysis  techniques. 

Overall  or  global  stability  of  the  retaining 
wall  and  underlying  slope  was  evaluated  using 
the  "Newslope"  cr^mputer  program.  This  program 


considers  circular  failure  surfaces  and  uses 
the  modified  Bishop  method  of  slices  to 
determine  a  factor  of  safety  against  failure. 
The  program  incorporates  geogrid  reinforcement 
by  considering  the  geogrid  tensile  force  as 
a  force  that  produces  additional 

rotation-resisting  moment  ( Schmertmann ,  et 
al,  1986). 

Soil  strength  parameters  were  determined  by 
the  geotechnical  consultant  based  on  previous 
experience  with  similar  soils  (ATEC,  1986). 
The  following  parameters  were  used  for  the 
wall  and  slope  fill:  0'  (angle  of  internal 
friction)  =  28°;  c  (cohesion)  =  50  pounds 

per  square  foot  (2  kN/m ^  );  S  (unit  weight) 
=  110  pounds  per  cubic  foot  (17  kN/m  3 )  .  Ttiese 
parameters  are  typical  for  compacted  soils 
in  the  Piedmont  Physiographic  Province.  For 
the  underlying  soft  soils,  the  following 
parameters  were  used:  0'  =  25°,  C  =  0  psf, 
g  =  120  pcf  (19  kN/m  ^ )  ,  Ground  water  was  assumed 
to  be  at  the  exioting  ground  surface. 

A  surcharge  equal  to  70  psf  (3  kN/m  ^  )  was 
assumed  for  all  cases  analyzed  to  account 
for  pavement  and  small  live  loads.  The  aim 
of  the  design  was  to  reach  a  minimum  acceptable 
factor  of  safety  for  global  stability  of  1.5. 
For  the  10  foot  (3.0  m)  high  wall,  5  layers 
of  TENSAR®  SR2  high  density  polyethylene 
uniaxial  geogrids,  with  a  minimum  embedment 
length  of  12  feet  (3.7  m)  were  required  to 

stabilize  the  soil  mass.  Polypropylene  biaxial 
geogrids  were  used  for  the  temporary  wrap-around 
facing  system  and  were  placed  at  a  vertical 
spacing  of  1.5  feet.  The  biaxial  geogrids 
used  for  the  wall  face  were  TENSAR®  SSI 

geogrids . 

Due  to  the  existing  soft  soil  conditions, 
a  layer  of  biaxial  geogrid  was  included  at 
the  top  of  the  existing  ground  to  create  a 
construction  working  surface.  A  layer  of 
biaxial  geogrid,  24  feet  (7.3  m)  long  was 

placed  1  foot  (0.3  m)  below  the  bottom  of 

the  wall  to  help  niinimize  differential 
settlement . 

For  global  stability,  a  layer  of  uniaxial 
geogrid  was  placed  2  to  3  feet  (0.6  to  0.9 
m)  below  the  bottom  of  the  wall.  The  embedment 
length  of  this  layer  varied  from  18  to  25 
feet  (5.5  to  7.6  m)  based  on  the  slope  height. 
Furthermore,  it  was  necessary  to  lengthen 
the  two  bottom  grogrid  layers  (used  for  the 

wall  stability)  from  a  minimum  length  of  15 

feet  (4.6  m)  to  a  maximum  length  of  22  feet 
(6.7  m)  depending  on  the  slope  height.  Figure 
2  shows  a  typical  design  cross  section  for 
the  ten  foot  (3.0  m)  high  wall  underlain  by 
a  10  foot  (3.0  m)  high  slope. 

A  safe  working  tensile  stress  level  of  2,000 
pounds  per  linear  foot  (29  kN/m)  was  uccd 
for  the  uniaxial  geogrid.  This  value  is  based 
on  long-term  in-isolation  creep  performance. 
The  ultimate  otrensth  of  geogriu  is  5,400 

( /9  kN/m)  pounds  per  lineal  foot.  A  sate 
working  tensile  stress  (in  the  cross  machine 

direction)  of  270  pounds  per  lineal  foot  (4 
kN/m)  was  used  for  the  biaxial  geogrid.  The 

peak  tensile  strength  in  CMD  of  this  geogrid 
is  1,400  per  lineal  foot  (20  kN/m). 
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Drainage  tor  the  wall  was  provided  using  a 
continuous  drainage  net  (TENSAR'-  DNl  )  with 
a  light  weight  non-woven  geotextile  ^a^ver 
placed  continuously  along  the  wall  face.  This 
drain  was  into  a  perforated  pipe  to  collect 

any  water  and  outlet  into  weep  holes  in  the 
wall  face.  Also,  a  backfill  drain  was  placed 
behind  the  reinforced  fill  to  keep  the  fill 
from  becoming  saturated.  This  drain  was  placed 
along  the  existing  slope  down  to  the  wall 
face  and  tied  into  the  wall  drainage  system. 
This  drain  consisted  of  a  TENSAR'-'  drainage 
composite  DC1200  (a  drainage  net  with  a 
geotextile  bonded  to  both  sides).  Details 
of  the  drainage  system  are  also  shown  on  Figure 
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CONSTRUCTION 

Prior  to  construction  of  the  slope  and  wail, 
the  existing  soft  subgrade  was  stabilized 
using  a  layer  of  biaxial  geogrid.  Before 
the  geogrid  was  placed,  the  subgrade  could 
not  support  rubber-tired  construction  equipment. 
After  the  qeoarid  was  olaced.  a  12-  to  18-inch 
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Figure  5.  Tensioning  cf  Upper  Facing  Wrap 
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For  the  snail  radius  portion,  the  wall  drain 
was  place.i  against  the  geoqrid  face  prior 
to  constructing  the  concrete  face. 


PE.RFOKMANCF, 

Whon  the  reinforced  wall  was  completed, 
settlement  measurements  were  made  cn  the  wall 
footing  for  approximately  one  month. 
Approximately  2  inches  of  settlement  was 
recorded  during  the  monitoring  period.  At 
that  time,  the  settlement  was  essentially 
com.pleto  and  the  forms  were  removed.  The 
qcogrid  reinforced  wall  provided  a  nearly 
vortical  face  while  the  concrete  facing  was 
constructed.  Figure  7  shows  the  geogrid 
reinforced  wall  with  the  steel  reinforcement 
for  the  concrete  facing  in  place. 
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The  concrete  facing  was  completed  shortly 
after  the  settlement  monitoring  period.  Figure 
8  shews  the  completed  wall. 


Figure  4.  Facing  Wrap  Attached  to 
Temporary  Forms 


Figure  6.  Placement  of  Main  Reinforcement 


Figure  7.  Completed  Geogrid  Reinforced  Wall 


Figure  8.  Completed  Structure 


CONCLUSIONS 

Because  of  underlying  compressible  soils, 
a  conventional  concrete  cantilever  retaining 
wall  was  not  feasible  for  this  project. 
Alternatives  included  a  deep  foundation  system 
for  the  cantilever  wall  or  a  flexible  wall 
that  would  tolerate  the  expected  settlements. 
A  geogrid  reinforced  wall  with  an  underlying 
reinforced  slope  was  chosen  as  the  most 
cost-effective  solution.  Geogrids  were  used 
to  stabilize  the  exisitng  soft  subgrade, 
reinforce  the  slope  and  wall  fill,  and  provide 
flexible  facing  elements  for  the  wall.  After 
settlement  monitoring  of  the  geogrid  reinforced 
wall,  a  concrete  facing  was  constructed.  The 
geogrid  reinforced  wall  performed  as  expected; 
tolerating  the  settlement  and  providing  a 
temporary  vertical  face. 
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SYNOPSIS:  The  use  of  vertical  drains  to  accelerate  the  consolidation  of  soft  soils  has  become  a  cost 

effective  alternative  to  the  use  of  pile  foundations  at  many  sites.  This  paper  presents  a  case 
history  t  the  use  of  vertical  drains  to  accelerate  the  consolidation  of  20  to  25  feet  of  low  shear 
strength,  highly  compressible  soils,  under  embankments  of  12  to  25  feet  in  height.  Two  separate 
vertical  rain  installations  at  the  project  site  allowed  the  use  of  a  shallow  foundation  system  for 
approximately  one-half  of  the  foundations.  This  resulted  in  a  significant  savings  in  foundation 
costs  and  allowed  an  ambitious  "fast  track"  construction  schedule  to  be  met. 

The  purpose  of  this  paper  is  to  present  the  properties  of  the  site  soils  and  the  construction  and 
post-construction  observations  of  the  soil  response  at  this  site. 


INTRODUCTION 

The  construction  of  embankments  over  soft  soils 
typically  causes  concerns  over  stability  during 
construction  and  the  subsequent  time  periods 
required  for  settlement  to  take  place.  These 
concerns  led  to  the  development  of  vertical 
drains  to  reduce  the  flow  distance  and  to  ac¬ 
celerate  drainage,  thereby  reducing  the  time  for 
consolidation  of  the  soil.  The  theory  for 
analyzing  consolidation  utilizing  vertical 
drains  was  first  developed  by  Barron.  Initial¬ 
ly,  vertical  sand  drains  were  utilized  for 
accelerating  the  consolidation  of  soft  soils, 
and  the  application  of  Barron's  theory  to  sand 
drain  projects  is  discussed  in  a  publication  by 
Moran  et  al . 

More  recently,  because  of  economic  and  technical 
considerations,  the  use  of  prefabricated  drains 
has  essentially  replaced  the  use  of  sand  drains. 
These  drains  are  typically  "band"  shaped  cor¬ 
rugated  or  nubbed  plastic  cores,  wrapped  in  a 
geotextile  drainage  fabric.  Barrens'  theory  is 
the  basis  for  the  analysis  of  consolidation 
utilizing  prefabricated  drains.  A  discussion  of 
design  considerations  and  methods  for  prefabri¬ 
cated  drain  analysis  is  contained  in  a  recent 
FHWA  report  by  Rixner  et  al. 

The  Northern  Solid  Waste  Facility-1  (NSWF-l) ,  is 
located  along  the  Delaware  River  near  Wil¬ 
mington,  Delaware  and  served  as  the  major  refuse 
disposal  area  for  northern  Delaware  from  1970 
until  late  1985.  Prior  to  landfilling,  the  area 
was  utilized  for  the  disposal  of  dredge  spoils 
by  the  Corps  of  Engineers,  during  the  period 
from  1954  to  1969.  The  site  was  a  marsh  area 
before  its  use  as  a  disposal  area.  A  table 
summarizing  the  general  soil  stratigraphy  at  the 
site  in  the  early  1980 's  is  presented  in  Figure 
1.  The  ground  surface  prior  to  construction  of 
the  landfill  was  between  approximately  elevation 
17. 

Because  the  NSWF-l  landfill  was  expected  to 
reach  its  capacity  in  1985,  other  potential 


landfill  sites  were  being  evaluated  in  1982  by 
the  owner,  the  Delaware  Solid  Waste  Authority 
(DSWA) .  A  Transfer  Station  was  proposed  for  the 
site  to  accommodate  an  on-site  reclamation  fac¬ 
ility  which  recovers  metals,  glass  and  other 
recyclable  materials  and  produces  a  "Refuse 
Derived  Fuel"  (RDF),  which  can  be  Incinerated  to 
produce  energy. 

1982  CONSTRUCTION 

The  transfer  station  required  the  creation  of  a 
20  foot  grade  separation  between  the  upper  level 
tipping  floor  (El  35)  and  the  lower  level 
"loadout"  area  (El  15) .  After  evaluating  the 
engineering  and  cost  considerations  of  various 
structural  and  foundation  alternatives,  it  was 
decided  to  create  the  required  grade  separation 
by  constructing  the  tipping  floor  on  an  18.5 
foot  structural  fill  embankment.  It  was  also 
decided  to  construct  a  12  foot  surcharge 
embankment  on  the  eastern  portion  of  the  site 
(the  "loadout"  area) ,  to  improve  the  soils  in 
this  area  prior  to  foundation  construction, 
which  was  scheduled  to  start  in  May  1984.  The 
configuration  of  the  embankment  is  indicated  in 
Figure  2 . 

Analysis  indicated  that  rapid  construction  of 
the  embankment  to  the  required  heights  would 
result  in  a  potentially  unstable  condition. 
Furthermore,  consolidation  of  the  subsoils  under 
the  design  loads  would  cause  an  estimated  set¬ 
tlement  in  the  range  of  1.5  to  2  feet,  and  under 
existing  conditions  would  require  as  much  as 
nine  years  for  90%  consolidation  to  occur. 
Therefore,  the  use  of  vertical  drains  to 
facilitate  construction  of  the  embankment  and 
accelerate  consolidation  to  meet  the  construc¬ 
tion  requirements  was  evaluated. 

A  design  value  of  0.08  ft^/day  for  the  horizon¬ 
tal  coefficient  of  consolidation,  C^,  was 
selected  for  use  in  the  analysis.  This  value 
was  approximately  twice  the  value  of  Cy  in  the 
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Stratum 

Thickness 

Kanae 

Descriotion 

ether  Data 

1 

2.5  +  ft. 

Miscellaneous  fill 

— 

2 

12  -  13  +  ft. 

Medium  to  high  plasticity 
very  soft  with  some  organic 
material  (dredge  spoil) 

Moisture  Content  =  40-90% 
Liquid  Limit  =  50-57 
Plasticity  Index  =  14-28 
Cohesion  =  120-400  psf 

Cj.'  =  0.03,  C^'  =  0.16 
Average  Pc'  =  1.7  ksf 

3 

9  -  12  x  ft. 

High  plasticity  silt  with 
some  organic  material 
(marsh  deposits) 

Moisture  Content  =  60-95% 
Liquid  Limit  =  70-78 
Plasticity  Index  =  23-38 
Cohesion  =  290-650  psf 

Cj-'  =  0.03,  Cc'  =  0.20 
Average  Pc'  =  1.2  ksf 

4 

0.5  -  6.5  +  ft. 

Peat  '  fibrous  peat  in  some 
areas,  becoming  very  silty  in 
others 

Moisture  Content  =  275-475% 

5A 

— 

Medium  dense  to  very  dense 
silty  sand  (glacial  deposit-,) 

5B 

— 

Stiff  to  very  stiff  medium 
plasticity  silt  and  clay 

Cohesion  =  2200  +  psf 

Note:  Ground  surface  between  elevation  17  and  19,  groundwater  at  elevation  12  +. 


FIG.  1  SITE  SOIL  PROFILE 


"virgin"  compression  range  determined  from 
numerous  consolidation  tests  performed  on 
samples  of  the  dredge  spoils  and  marsh  deposits 
in  late  1981. 

A  triangular  configuration  of  drains  with  an 
approximate  6  foot  spacing  was  selected  for  the 
final  design.  Prior  to  construction,  three 
groups  of  instruments  consisting  of  piezometers 
and  settlement  points  were  installed  in  the 
locations  indicated  in  Figure  2 .  The  instru¬ 
ments  were  installed  at  the  approximate  center 
of  the  triangle  formed  by  the  drains.  Ap¬ 
proximately  2700  drains,  generally  ranging  in 
length  from  20  to  30  feet,  were  installed  in 
late  September  and  early  October  1982.  The 
earthwork  contractor  completed  the  fill  place¬ 
ment  in  approximately  60  days. 

During  construction,  the  Instruments  were  read 


each  day  to  monitor  pore  pressure  and  settle¬ 
ment.  Typical  plots  of  measured  pore  pressure 
and  settlement  during  construction  are  indicated 
in  Figure  3.  Four  additional  settlement  plates 
were  installed  10  days  after  completion  of  the 
embankment  in  the  locations  indicated  in  Figure 
2.  This  data  is  contained  in  Figure  3. 

Due  to  a  series  of  events  and  decisions  by  the 
DSWA,  the  transfer  station  project  was  cancelled 
in  1983.  An  alternate  landfill  site  approxi¬ 
mately  5  miles  away  had  been  selected  and  it  was 
determined  that  a  transfer  facility  would  not  be 
needed.  However,  monitoring  of  the  instrumenta¬ 
tion  at  the  site  continued  until  1985. 

Review  of  the  data  obtained  indicates  that 
approximately  90  to  100%  of  the  excess  pore 
pressure  was  dissipated  by  May  1984  (the 
proposed  start  date  for  foundation  construc¬ 
tion)  .  The  settlement  data  from  IG-1,  2  and  3 
indicates  that  approximately  95  to  97%  of  the 
settlement  (based  on  a  total  settlement  as  of 
March  1985)  had  taken  place  by  May  1984. 

However,  the  data  obtained  from  monitoring  of 
settlement  plates  5  and  7  on  the  southern  end  of 
the  site,  indicates  that  continued  settlement 
was  occurring  in  this  area. 

1985  CONSTRUCTION 

In  1984,  the  DSWA  decided  to  construct  an  Energy 
Generating  Facility  (EGF)  for  the  purpose  of 
incinerating  the  RDF  to  generate  steam  and 
electrical  energy.  The  hoi  would  be  constructed 
at  the  site  of  the  previous  transfer  station 
embankment  constructed  in  1982.  The  EGF  struc¬ 
ture  required  several  grade  separations  through¬ 
out  the  facility  as  indicated  in  Figure  4. 

Due  to  the  extremely  high  equipment  loads,  and  a 
need  to  accelerate  the  construction  of  the 
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mechanical  installations  a  portion  of  the  struc¬ 
ture  and  the  lower  level  equipment  was  pile 
supported.  However,  based  on  the  performance  of 
the  1982  drain  installation,  it  was  determined 
that  a  shallow  foundation  system  could  be 
utilized  in  the  upper  level.  Because  the 
"footprint"  of  the  EGF  structure  was  much  larger 
than  the  area  previously  Improved  in  1982  Figure 
5,  additional  drain  construction  was  required. 
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fill  and  obtain  the  required  "precompression"  of 
the  subsoils.  While  the  use  of  shallow  founda¬ 
tions  was  considered  possible,  there  was  some 
concern  over  the  potential  for  differential 
settlements  between  areas  which  had  been  pre¬ 
viously  consolidated  by  the  1982  emban)cment,  and 
the  adjoining  areas  which  would  be  loaded  by  the 
new  emban)cment.  Additionally,  the  continued 
settlements  which  were  observed  in  plates  PL-5 
and  PL-7  also  raised  some  concerns  over  poten¬ 
tial  post-construction  differential  settlements. 

It  was  decided  to  install  additional  vertical 
drains  on  an  approximate  3  foot  triangular 
spacing  in  the  areas  indicated  in  Figure  8. 
Because  of  the  time  constraints  and  differential 
settlement  considerations,  the  design  of  the 
embankment  required  the  construction  of  5  and  10 
foot  surcharges  in  the  upper  level  building  area 
as  indicated  in  Figure  6. 

Prior  to  the  commencement  of  construction, 
additional  instrumentation  was  installed  at  the 
site  at  the  locations  indicated  in  Figure  6. 
Several  piezometers  and  settlement  points  were 


]  1982  ORAM  INSTALLATION 
I  1886  DRAIN  INSTALLATION 


Because  of  the  "fast  track"  nature  of  this 

project,  it  was  determined  that  only  9  to  10  FW.  8  EXTENT  OP  VERTICAL  DRAMS 

months  was  available  to  construct  the  embanlunent 
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installed  in  the  area  of  PL-5  because  -  r  the 
continued  settlement  observed  in  this  area. 

Data  obtained  from  piezometer  5B  (installed  near 
the  base  of  the  compressibles)  indicated  that  an 
excess  pore  pressure,  apparently  resulting  from 
the  1982  embankment  construction,  existed  at  the 
location  of  this  piezometer.  A  review  of  the 
construction  records  for  the  1982  installation 
indicated  that  the  vertical  drains  had  apparent¬ 
ly  penetrated  below  the  elevation  of  piezometer 
5B.  Therefore,  the  cause  of  the  excess  pore 
pressure  observed  before  the  start  of  the  1985 
construction  is  not  clear. 


Approximately  5300  additional  drains  were 
installed  during  the  1985  construction.  Con¬ 
struction  of  the  new  embankment  and  surcharge 


(3/31/e6) 
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fill  took  place  in  approximately  30  days.  Aftei 
completion  of  the  surcharge,  settlement  plates 
PL-10  through  PL-15  were  installed  in  the  areas 
indicated  in  Figure  6.  Plots  of  the  instrument 
data  obtained  during  and  after  construction  are 
indicated  in  Figures  7  through  10. 
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Settlement  data  from  the  various  instrument 
locations  was  used  to  monitor  the  progress  of 
the  consolidation  and  to  estimate  the  magnitudes 
of  settlement  and  differential  settlement. 

Based  upon  a  review  of  the  data,  and  the  owner's 
willingness  to  accept  some  post-construction 
differential  settlement,  it  was  agreed  to  remove 
the  surcharge  from  the  northern  building  area  in 
late  1985  (after  an  approximate  8  mos.  surcharge 
period)  and  construct  a  shallow  foundation 
system.  Removal  of  the  remaining  surcharge  and 
foundation  construction  proceeded  through 
February  of  1986. 

Settlement  plates  PL-10  through  PL-15  were 
installed  in  the  surface  of  surcharge  and  were 
removed  with  the  surcharge.  A  majority  of  the 
other  instrument  groups  were  abandoned  due  to 
interference  with  the  construction  of  the  upper 
level  and  its  structure  components.  However, 
instrument  groups  IG-4  and  IG-5  were  preserved 
throughout  most  of  the  construction.  Recent 
readings  (October  1987)  are  indicated  in  the 
plots  for  IG-4.  However,  instrument  group  IG-5 
is  now  inaccessible.  To  monitor  post-construc¬ 
tion  settlement,  several  additional  monitoring 
points  were  established  within  the  building  in 
early  1986.  These  points  have  been  monitored 
periodically  through  October  of  1987.  As  of 
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that  time,  the  settlements  observed  are  less 
than  one  quarter  of  an  inch. 

DISCUSSION  OF  ANALYSIS 

The  parameters  required  for  the  analysis  of 
consolidation  are  discussed  in  detail  in  the 
publications  by  Moran  et  al,  and  Rixner  et  al. 
Briefly,  these  parameters  include: 

External  Diameter  of  Influence,  dg  -  this 
parameter  is  a  function  of  the  geometry  and 
spacing  of  the  drains,  (dg  -  1.05D  for  a 
triangular  spacing,  and  1.13D  for  a  square 
spacing,  where  D  is  the  center  to  center  spacing 
of  the  drains) . 


Effective  Diameter  of  the  Well,  dy  -  for  sand 
drains,  d„,  is  typically  the  diameter  of  the 
sand  drain,  sometimes  reduced  for  "smear"  of  the 
soft  soil  due  to  installation  disturbance.  For 
analysis  of  a  prefabricated  drain  system,  it  is 
assumed  that  the  "wick."  has  an  "equivalent  sand 
drain  diameter”  which  is  analogous  to  the 
physical  diameter  of  a  sand  drain.  Several 
methods  of  establishing  an  equivalent  drain 
diameter  have  been  suggested  by  various  prac¬ 
titioners.  These  include  equation  (1)  below 
recommended  by  Hansbo  and  equation  (2)  which  is 
discussed  in  the  publication  by  Rixner  et  al 

dy  =  2(b+tl  (1) 

Tr 

d„  =  b±t  (2) 

2 

Where:  d„  =  equivalent  drain  diameter 
b  =  long  dimension  of  drain 
t  =  short  dimension  of  drain 

Additionally,  Fellinius  has  indicated  that 
larger  values  than  those  determined  by  the  above 
equations  might  be  used,  based  on  consideration 
of  the  "free  surface  area,"  or  the  area  of  the 
outer  fabric  which  allows  water  to  enter  direct¬ 
ly  into  the  voids  or  channels  of  the  drain. 

Horizontal  Coefficient  of  Consolidation.  Cjj  - 
this  has  beer,  one  of  the  more  difficult  paramet¬ 
ers  to  estimate  for  the  analysis  of  vertical 
drain  installations.  Several  methods  of  deter¬ 
mining  Ch  have  been  utilized,  which  include: 
determining  the  ratio  of  horizontal  to  vertical 
permeability  in  the  field  or  laboratory  and 
using  this  ratio  to  convert  the  coefficient  of 
vertical  consolidation,  Cy  to  Cj,;  and  performing 
laboratory  consolidation  tests  in  which  the 
samples  are  drained  radially. 

Based  on  equation  1,  the  prefabricated  drain 
utilized  in  both  installations  at  this  site  (the 
Alidrain) ,  has  an  equivalent  drain  diameter,  dy 
of  0.22  feet.  Using  equation  2,  the  equivalent 
drain  diameter  would  be  reduced  to  0.18  feet. 

In  his  discussion  of  vertical  drains,  Fellenius 
indicates  that  based  on  free  surface  considera¬ 
tions,  the  Alidrain  may  have  an  equivalent 
diameter  as  great  as  0.49  feet.  The  results  of* 
recent  laboratory  testing  summarized  by  Suits  et 
al,  indicates  that  the  equivalent  sand  drain 
diameter  for  the  Alidrain  ranged  from  O.ll  feet 
to  0.21  feet  for  three  different  types  of  soils. 
These  tests  were  performed  in  a  large  "wick" 
drain  consolidometer. 

The  piezometer  data  obtained  at  this  site  were 
utilized  to  calculate  the  effective  coefficient 
of  horizontal  consolidation,  utilizing  a 
method  summarized  in  the  publication  by  Moran  et 
al.  The  values  of  Cjj  were  calculated  assuming 
that  the  piezometers  were  installed  in  the 
geometric  center  of  the  triangle  formed  by  the 
drains,  and  that  only  radial  draiange  took 
place.  Values  of  Cjj  were  calculated  assuming 
values  for  dy,  of  both  0.22  and  0.49  feet.  Plots 
of  the  values  of  Cj,  vs.  effective  stress  are 
indicated  in  Figures  11  and  12. 

Review  of  these  figures  indicates  that  the 
smaller  value  of  d„,  results  in  a  larger  value 
of  Cj,.  That  is,  the  values  are  inversely 
proportional.  Review  of  these  figures  also 
indicates  that  for  an  effective  diameter  of  0.22 
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feet,  the  values  of  Cj^  are  for  the  most  part, 
typically  above  the  design  value  of  O.OS/ft^  per 
day.  The  plot  for  an  effective  drain  diameter 
of  0.49  feet,  indicates  lower  calculated  values 
of  Ch. 


Review  of  Figures  11  and  12  indicates  that 
regardless  of  the  drain  diameter  utilized  in  the 
analysis,  the  coefficient  of  horizontal  consoli¬ 
dation,  Cf,  decreases  with  effective  vertical 
pressure.  This  is  consistant  with  observations 
of  other  drain  installations  summarized  by  Moran 
et  al,  and  the  prefabricated  drain  installations 
summarized  in  the  ICE  publication. 
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that  predicted  using  conventional  methods. 
The  observed  secondary  compression  also 
appears  to  have  occurred  at  a  rate  greater 
than  that  estimated  based  on  laboratory 
data.  We  now  believe  that  variability  in 
the  consistency  and  thickness  of  the  peat 
layer  was  primarily  responsible  for  the 
differences  in  settlement  rate  observed 
across  the  site. 

3.  The  apparent  excess  pore  pressures  observed 
in  the  area  of  instrument  group  IG-5  prior 
to  the  start  of  the  1985  construction,  is 
not  apparent.  Review  of  the  1982  construc¬ 
tion  records  indicate  that  the  drains  ap¬ 
parently  penetrated  below  the  elevation  at 
which  the  piezometric  data  was  obtained.  It 
is  considered  possible  that  the  drains  may 
have  been  "crimped"  due  to  compression  or 
displacement  of  the  peat  resulting  from  the 
embankment  loading.  A  conclusive  explana¬ 
tion  for  the  observed  behavior  in  this  area 
is  not  apparent.  However,  based  on  the 
results  of  the  data,  the  surcharge  was 
effective  in  accelerating  settlement  in  this 
area  and  reducing  the  potential  for  post¬ 
construction  settlement. 


<  0.24- 


EFFECTIVE  VERTICAL  PRESSURE  (KSF) 

FK).  12  FIELD  C„(FOR  d^'0.49  FT.) 

CONCLUSIONS 

Based  on  the  data  obtained  during  our  field 
evaluations  and  subsequent  analysis,  we  cc  .elude 
the  following: 

1.  The  use  of  vertical  drains  was  successful  in 
the  preconsolidation  of  the  soft  subsoils  at 
the  site.  The  use  of  perfabricated  drains 
resulted  in  a  relatively  large  savings  in 
construction  costs  by  allowing  the  use  of  a 
shallow  foundation  system  in  the  eastern 
half  of  the  building  area.  The  drains  were 
also  instrumental  in  allowing  the  "fast 
track"  schedule  for  the  building  construc¬ 
tion  to  be  met. 

2.  The  observed  settlements  from  the  1982 
construction  ranged  between  approximately  2 
and  2.3  feet  which  was  somewhat  greater  than 
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S'l.\OPSI^  :  The  p.'.pcr  presents  rase  histones  of  performance  of  foundations  where  stone  columns  W'ere  provided,  alongwith  relevant 
data  regarding  stru.  lural  systems,  soil  conditions,  construction  methods  and  field  control  criteria.  A  wide  range  of  appli.  ations 
are  included  rornpns.ng  stone  columns  for  area  treatment  and  stone  column  in  small  and  large  groups  for  isolated  footings,  pipe 
pedestals  and  bridge  abutments.  In  some  of  the  cases  design  load  exceeded  the  estim^.'ed  yield  load  over  a  part  of  the  stone  column 
length  vet  i  ollapse  did  not  occur  because  the  soil  stress  around  the  stone  column  increased  as  more  load  was  passed  on  to  the  soil 
when  viola  stress  was  exceeded.  There  was  alsvv  the  benefit  of  drainage  afforded  by  the  stone  columns.  Load  test  data  are  furnished 
to  substantiate  the  design  approach  which  takes  into  consideration  the  strengthening  of  the  sod  annu.as  around  the  stone  column 
resulting  trom  compaction  and  subsequent  consolidation. 


1.0  INTRv^n'  CTKl'N 

1.1  The  case  histones  presented  herein  report  experience 
of  stone  column  applications  for  proiects  of  where 
a  total  ol  over  1  ‘>.000  stone  columns  were  used.  The  cases 
include  early  applications  during  1972-76  when  theories  and 
design  approaches  were  in  the  process  of  evolution.  Cases 
reported  include  projects  where  tfie  behaviour  matched 
the  postulation,  as  well  as  instances  when  the  behaviour 
was  not  as  expected.  The  paper  begins  with  a  brief  review 
of  design  approach  and  theories  currently  in  use.  In  a  further 
section  authors'  design  approach  is  summarised  and  its  theore¬ 
tical  basis  IS  explained.  This  is  followed  by  presentation 
of  case  histones  with  relevant  information  regarding  the 
soil  characteristics,  estimated  loads  and  observed  performance 
with  regard  to  settlements  and  yield  loads.  .A  comparison 
of  estimated  yield  loads  and  actual  loads  as  well  as  eslirnated 
and  observed  settlements  arc  lurnished  for  structures  w'hich 
have  performed  gem-ralh  as  expected.  Explanations  arc 
furnished  of  the  possible  causes  of  observed  deviations  from 
anncipa.eu  performance.  Salient  features  of  obsei  vcd  beha¬ 
viour  are  then  summarised  in  concluding  section.  Towards 
the  end  of  the  paper,  suggestions  are  made  as  to  further 
studies  and  observations  needed  to  clarify  some  of  the  un¬ 
resolved  issues  and  further  optimising  stone  column  systems 
by  luclirious  use  of  soil  reinforcements  in  the  upper  'critical' 
/.ones  and  by  providing  sand  pads  with  reinforcing  fabric 
iavers  for  minimising  differential  settlements. 

1.2  When  the  elast ic-plaslic  model  and  the  unit  cell  appro¬ 
ach  IS  used  for  design  of  tone  columns  major  uncertainities 
exist  regarding  the  estimation  of  yield  load.  Attempts  have 
been  made  to  estimate  the  yield  loads  by  adaptation  of 
the  cavity  expansion  theory  (Mitchell.  19SI),  or  using  the 
passive  earth  pressure  simulation  for  a  two  dimentiona) 
rase  (Van  Impe,  |9g7).  A  compilation  of  the  results  of  single 
rolurni.  load  tests  is  presented  in  Section  4.0,  and  the  test 
results  are  co'iipared  with  estimated  yield  loads.  .■\n  approxi¬ 
mate  estimate  of  the  stone  column  deformation  mxiulus 
ran  be  made  from  load  test  data.  Summary  of  single  load 
test  for  cyclic  loading  of  7  day  duration  arc  presented  to 
provide  an  indication  of  stone  column  deformation  under 
sustained  load. 

1.3  The  case  histones  have  been  grouped  to  rover  various 
types  of  applications  as  detailed  below  : 

-  In  the  first  category  are  included  the  isolated  group  of 
stone  columns  which  are  subject  to  considerable  drag 


loads.  There  is  reason  to  believe  that  the  stone  columns 

have  been  uuring  construction  or  initial  surcharge  loading, 
subjected  to  loads  exceeding  yield  loads  calculated  accord¬ 
ing  to  conventional  methods  such  as  Mitchell's  adaptation 
of  the  cavity  expansion  theory  (Mitchell.  I9SI).  The  critical 
stage  of  loading  for  such  stone  columns  is  at  the  end 
of  construction  during  surcharge  loading.  It  is  postulated 
herein  that  the  additional  settlements  due  to  live  loads 

or  service  loads  would  be  small  and  would  well  be  within 
the  tolerance  of  the  structure.  The  case  histories  substan¬ 
tiate  this  posulation.  Among  the  cases  reported  are  founda¬ 
tions  for  steam  and  ammonia  pipelines  or  large  water 
pipelines.  There  has  been  no  sign  whatsoever  of  damage 

by  differential  settlement  in  the  cases  reported,  after 

several  years  of  operation. 

-  In  the  second  group  of  cases  arc  included  the  groups  of 

stone  columns  supporting  rigid  structures  such  as  box 

abutments  of  major  bridges.  Here  again  performance  expe¬ 
rience  of  several  years  and  as  well  observations  during 

recent  construction  substantiates  the  design  approach. 

-  In  the  third  group  of  cases  arc  included  embankments 

and  flexible  structures  subject  to  area  loads  and  strip 
loads.  The  case  histories  provided  an  opportunity  to  verify 
the  design  method  for  a  case  of  soils  with  significant 
preconsolidation  pressure  as  well  as  a  pipeline  under  con¬ 
struction  in  an  area  with  very  soft  underconsolidated 
clays. 

-  The  fourth  group  of  cases  covers  stone  columns  in  the 

'elastic'  range  such  as  tank  foundations  w'here  a  conserva¬ 
tive  basis  of  design  was  adopted.  The  estimated  settlement 
in  one  case  is  in  fair  agreement  with  the  theory  of  Van 
Impe,  while  in  another  case,  the  peculiar  behaviour  of 

ground  treated  with  'floating'  stone  column  is  discussed 

to  bring  out  the  limitations  of  the  method  of  analysis 
used. 


2.0  REVEIW  OF  THEORIES  AND  DESIGN  METHODS 

2.1  Theoretical  approaches  for  design  of  stone  columns 
can  be  grouped  into  three  categories  as  described  below  : 

-  Analysing  the  stone  column  soil  system  as  a  'composite' 
material  where  the  load  shared  by  the  stone  column  is 
dependant  on  the  relative  values  of  deformability  of  the 
stone  column  and  the  surrounding  soil.  Conventional  elastic 
solution  can  be  used,  it  care  is  taken  by  limiting  the  load 
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to  ensure  'hat  the  stone  column  does  not  yield.  The  pro¬ 
blem  then  reduces  to  evaluation  oi  design  parameters 

-'“‘ir'ing  me  load  deformation  behaviour  of  the  stone  column 
and  the  soil. 

In  the  second  method  an  elastic-plastic  stone  column 
behaviour  is  postulated.  The  load  sharing  between  soil 
and  stone  columns  in  a  unit  cell  consisting  of  the  stone 
column  and  surrounding  soil  could  be  based  on  elastic 
solutions  until  vield  occurs.  Thereafter  the  stone  column 
load  would  be  limited  to  the  'yield'  value,  thereafter 

the  load  shared  bv  the  soil  would  be  estimated  by  use 
of  equilibrium  relations.  Theories  such  as  Vesic's  cavity 
expansion  theorv  may  be  used  to  estimate  the  yield  load. 
Alternatively  other  modes  of  failure  would  be  considered 
and  passive  pressure  theories  can  be  applied  by  resorting 
to  a  two  dimensional  simulation  (Van  Impe,  1987). 

The  third  is  a  semi  empirical  approach.  The  stone  column 
system  behaviour  is  postulated  in  terms  of  the  replacement 
factor  i.c.  the  ratio  of  the  area  of  the  stone  column  to 

the  area  oi  the  ground  treated  (^).  The  relation  between 

the  replacement  factor, ot.  ,  and  the  settlement  ratio  which 
is  defined  as  the  ratio  of  settlements  of  treated  and  un¬ 
treated  ground  ji  is  based  on  design  curves  established 
from  past  experience  on  large  scale  tests. 

2.2  The  stone  column  cylindrical  element  ol  compacted 

granular  material  usually  is  in  a  'high  dilatant'  condition; 
high  values  of  angle  of  internal  friction  are  therefore  realised 
in  practice.  However,  designers  often  fail  to  take  into  consi¬ 
deration  the  influence  of  construction  methods.  It  is  difficult 
to  model  the  stone  column  soil  interaction  analytically  as 
the  soil  surrounding  the  stone  column  has  a  complex  stress 
history.  It  is  first  subjected  to  a  release  of  stress  while 
boring.  This  is  followed  by  recompaction  and  build  up  of 
radial  stresses;  these  stresses  could  be  of  a  high  order  depend¬ 
ing  on  the  level  of  compactive  effort  and  consumption  of 
stone  and  sand.  When  stone  columns  are  installed  through 
tubes  provided  with  dispensable  shoes,  the  initial  release 
of  stress  is  avoided.  An  annulus  of  soil  in  the  immediate 
vicinity  of  the  stone  column-soil  interface  gains  strength 
as  consolidation  takes  place  after  installation.  The  extent 
of  gain  varies  according  to  the  distance  from  the  soil-stone 
column  interface  and  is  also  dependant  on  the  consumption 
of  the  stone  and  the  corresponding  lateral  displacement. 
There  is  a  radical  change  in  the  stress  conditions  starting 

from  the  initial  Ko  state  where  the  direction  of  the  major 
principal  stress  is  vertical  to  a  final  axisymmetrical  state 
of  stress  where  the  maximum  principal  stress  is  in  a  hori¬ 
zontal  radial  dirc-ticn.  The  authors  be''evo  that  a  precise 
theoretical  assessment  of  the  consequences  of  these  stress 
changes  is  not  feasible.  It  is  also  very  difficult  to  verify 

the  theoretical  postulations  by  observation  as  instrumentation 
of  the  zone  of  interest  would  be  difficult  because  of  the 
disturbance  caused  during  the  installation  of  the  stone  col¬ 
umns.  One  must  therefore  rely  on  semi  empirical  methods 

and  use  of  load  tests  to  evaluate  the  parameters  used. 

2.3  It  must  also  be  noted  that  the  stone  column  behaviour 
at  different  elevations  would  not  be  the  same.  In  view  of 
the  benefit  of  the  increased  overburden  stress  and  the  avail¬ 
ability  of  comparatively  stronger  soils  at  the  lower  levels, 
elastic  behaviour  is  often  realised  in  the  lower  part  of  stone 
columns  whereas  yield  generally  occurs  in  the  upper  layers. 
Quite  often  the  weak  layer  immediately  below  the  drying 
crust  or  the  compacted  granular  soil  pad  is  'critical'.  It 
IS  the  authors'  contention  that,  in  an  optimised  design  of 
stone  columns,  the  existence  of  a  zone  where  yield  occurs 
must  be  allowed  for.  The  designers  must  therefore  address 
themselves  to  be  task  of  analysing  the  consequences  of  stone 
columns  'yield'.  In  the  lower  layers  where  yield  does  not 
occur  elastic  theories  can  very  well  be  used.  Too  much  refine¬ 
ment  in  elastic  analysis  is  generally  not  required  since  the 
settlement  in  the  optimised  system  mainly  arises,  from  the 
soil  stone  column  deformation  in  the  'plastic'  zone. 


2.4  An  important  aspect  of  the  stone  column  behaviour 
in  the  plastic  zone  is  the  contribution  made  by  the  stress 
increase  in  the  soil  surrounding  the  stone  column  due  to 
the  process  of  load  sharing.  A  conclusion  that  emerges  from 
an  examination  of  the  stone  column  'unit  cell'  behaviour 
is  that  there  is  no  hazard  of  collapse.  The  stone  column 
progressively  gains  strength  as  more  load  is  passed  on  to 
the  soil.  A  design  which  allows  for  the  possibility  of  'yield' 
of  stone  column  m  a  part  of  its  length  is  therefore  not  subject 
to  hazard  of  collapse  and  progressive  failure,  provided  that 
the  lateral  loads  arc  small.  There  is  however  the  hazard 
of  stone  column  failure  in  sensitive  soil.  A  design  approach 
which  relies  on  the  above  postulations  based  on  unit  cell 
theory,  is  not  recommended  for  sensitive  clays. 


3.0  DESIGN  APPROACH  ADOPTED  IN  THE  CASES  REVIEWED 

3.1  The  proposed  design  approach  is  based  on  an  initial 
categorisation  of  the  soil  zones  into  elastic  and  the  plastic 
zones  (K.R.  Datye,  1982)  (Ref.  Fig.  I).  The  stone  columns 
share  ot  load  is  estimated  by  using  equilibrium  methods 
and  a  preliminary  evaluation  is  made  of  the  hazard  of  the 
stone  column  yield  in  different  layers  considering  the  in- 
situ  undrained  strength  and  overburden  pressure  in  different 
layers.  This  preliminary  estimate  of  'yield'  load  is  verified 
by  load  tests.  The  realised  capacity  of  the  stone  column 
columns  (or  yield  load)  has  generally  been  significantly  higher 
than  the  values  estimated  according  to  the  parameters  sugges¬ 
ted  by  Mitchell  (1981).  Soil  deformation  in  the  elastic  zone 
were  estimated  by  treating  the  stone  column  as  a  compressi¬ 
ble  pile.  The  uncertainty  in  the  estimation  of  stone  column 
settlements  in  the  elastic  zone  generally  arises  out  of  the 
difficulties  in  evaluation  of  the  deformation  parameters 
of  the  soil  and  the  elastic  constants  for  the  stone  columns. 
This  aspect  is  discussed  further  in  para  3.5. 

3.2  The  deformations  in  the  plastic  zone  are  estimated 
by  considering  the  unit  cell  wherein  the  sectional  area  of 
the  stone  column  is  worked  out  by  examination  of  the  consum¬ 
ption  record  and  it  is  presumed  that  the  volume  of  the  compa¬ 
cted  stone  and  sand  would  be  aboar  80%  of  the  total  of 
the  loose  volumes  of  sand  and  stone  placed  in  the  stone 
column. 

3.3  Construction  Methods  :  The  rammed  stone  columns 
were  installed  in  cased  bore  holes  after  removing  the  soil 
and  compacting  the  stone  and  sand  by  ramming  as  casing 
was  extracted  progressively.  A  gap  graded  mixture  has  been 
used  where  the  maximum  size  of  sand  is  limited  to  5  mm 
and  the  minimum  size  of  stone  is  25  mm.  The  sand  foims 
a  slurry  and  works  its  way  into  the  voids  in  the  stone  during 
compaction  when  the  stone  and  sand  are  placed  in  hore  holes 
full  of  water.  Even  if  stone  and  sand  was  placed  in  alternate 
layers  thorough  mixing  has  been  achieved  in  practice  as 
verified  by  inspection  of  stone  columns  after  excavation 
and  dewatering.  Field  control  was  exercised  by  measuring 
the  consumption  and  observing  the  'set'.  The  'set'  was  defined 
as  the  penetration  for  25  blows  with  specified  fall  of  a  ram¬ 
mer  of  specified  weight.  The  installation  details  are  described 
in  Datye  6c  Nagaraju  (1981)  and  the  of  consequences  of  insta¬ 
llation  methods  are  discussed  in  Datye  &  Nagaraju  (1984). 

3.4  Experience  lias  brought  out  very  clearly  the  advantages 
derived  from  the  gain  of  strength  in  the  soil  annulus  surround¬ 
ing  the  stone  column.  The  maximum  vertical  stress  in  the 
stone  column  has  been  generally  found  to  exceed  50  times 
Cu  as  against  the  postulated  value  of  25  times  Cu  according 
to  Mitchell  (1981). 

3.5  Deformation  Modulus  of  the  Stone  Column  :  The 
deformability  of  the  stone  column  material  in  situ  depends 
on  the  material  characteristics,  gradation  and  the  compactive 
efforts  used  in  forming  the  column.  If  a  well  graded  material 
is  used  which  is  not  liable  to  get  crushed  at  the  particle 


1076 


contacts,  ^tone  column  rtiodulii  should  match  the  characteri¬ 
stics  of  a  Stoll  compacted  rockfill  or  a  dense  sand.  In  the 
cases  reported.  hij^hK  dilatani  and  dense  material  was  producea 
by  using  a  gap  graded  nucture  and  observations  showed  that 
the  voids  in  the  crushed  zone  were  entirely  filled  by  the 
sand  and  since  a  verv  coarse  stone  in  the  size  range  from 
2s  to  7i  mm  constituted  of  hard  angular  fragments  of  sound 
rock  was  used,  reniarkablv  dense  stone  columns  were  formed. 
Particle  breakdown,  if  anv.  actually  contributed  to  improve¬ 
ment  01  gradation.  In  the  load  test  tor  the  first  cycle  of 
loading  stone  column  generally  reveals  very  low  compressi¬ 
bility  corresponding  to  an  clastic  modulus  of  20,000  to  60.000 
t/m".  Alter  a  few  cycles  of  loading  and  after  allowing  for 

consolidation  for  7  days  at  working  load,  the  modulus  was 
reduced  and  the  deformation  was  increased  by  factor  of 
about  7.  ^  The  designs  are  based  on  estimated  modulus  of 
SGuO  r/m".  which  is  close  to  the  values  suggested  bv  Mitchell. 
It  should  be  noted  that  the  design  values  recommended  take 
into  consideration  the  likely  increase  of  the  deformation 
of  the  stone  column  due  to  the  consolidation  of  the  soil 

in  the  radial  direction  in  the  soil  annulus  surrounding  the 

stone  column.  The  actual  performance  of  the  stone  columns 

in  groups  IS  expected  to  be  better  than  single  column  as 

the  opportunity  tor  lateral  deformation  gets  restricted  due 
to  increase  in  the  vertical  stress  in  the  soil  as  the  stone 
column  deforms  in  the  plastic  range  and  a  greater  share  of 
load  IS  passed  on  the  soil. 

3.6  Soil  Modulus  :  The  relevant  parameters  of  the  soil 

constituting  the  unit  cell  is  the  drained  oedometric  modulus. 
It  IS  usually  adequate  to  estimate  Pc  from  shear  strength 

measurements,  on  the  basis  of  Cu/pc  relations  and  coefficient 
of  compressibility  from  laboratory  consolidation  tests. 

3.7  Elastic  Analysis  :  It  is  the  authors'  view  that  conven¬ 
tional  methods  of  analysis  for  compressible  piles  or  composite 

material  constituting  the  unit  cell  are  adequate.  Too  much 
refinement  in  the  analysis  of  the  elastic  settlement  is  not 
usually  required  in  practice,  since  consolidation  is  very  rapid 
and  rectifications  or  modifications  can  usually  be  carried 
out  after  a  short  period  of  observation. 

3.8  Time  of  Consolidation  :  The  actual  time  of  consolida¬ 
tion  of  the  stone  column  system  has  been  found  to  be  very 
short  (usually  less  than  2  weeks).  This  is  due  to  several  factors 
described  below  : 

-  There  appears  to  be  no  smear  effect  presumably  due  to 

r  remoulding  of  the  soil  near  the  stone  column  interface 

and  a  thorough  mixing  of  the  sand  and  soil. 

-  There  is  reason  to  believe  that  hydro  fracturing  occurs 
due  to  the  high  radial  stresses  developed  during  compaction 
and  this  would  increase  the  horizontal  coefficient  of  conso¬ 
lidation. 


4.0  SINGLE  STONE  COLUMN  BEHAVIOUR 

4.1  The  single  stone  column  behaviour  was  interpreted 
on  the  basis  of  an  elastic-plastic  model  where  a  single  column 
load  test  which  is  essentially  similar  to  a  pile  load  test 
was  used  (See  Fig.  2).  The  load  is  transferred  by  means 
of  a  cylindrical  loading  element  to  the  top  of  the  stone 
column  situated  at  a  depth  of  about  1.2  m  or  more  depending 
on  the  soil  condition.  By  using  a  smooth  sided  cylinder  coated 
with  bitumen  the  friction  is  minimised  and  it  is  presumed 
that  the  entire  load  in  the  single  column  test  is  transferred 
to  the  top  of  the  stone  column.  The  test  results  are  inter¬ 
preted  in  a  conventional  way  as  in  pile  load  tests  and  the 
yield  stress  is  worked  out  by  dividing  the  yield  load  by  the 
area  of  the  stone  column  estimated  from  the  consumption 
data.  It  is  presumed  that  the  stone  column  cross  sectional 
area  corresponds  to  the  average  net  volume  per  metre  in 
the  zone  of  interest  and  the  net  volume  of  the  compacted 
sand  mixture  is  taken  to  be  0.8  x  the  volume  of  sand  plus 


stone  consumed  during  the  installation  of  the  stone  column 
as  measured  in  boxes  or  bins.  A  parameter  F'se  was  derived 
as  per  following  equation. 

(Tv  Cu  '^'sc 

where  ^  yield  stress  in  the  stone  column 

Cu  -  undrained  cohesion 

4.2  .Mitchell  has  proposed,  based  on  the  Vesic's  cavity 
e.xpansion  theory  a  value  of  25  for  F'se.  But  in  the  cases 
presented,  the  F'se  values  turned  out  to  be  in  excess  of 
40  and  were  in  fact  often  in  the  range  of  50-60.  (See  Table  1). 
The  data  compiled  in  table  pertain  to  1830  mm  diameter 
piepline,  Sion  Koliwada:  234  5  mm  dia  pipeline,  Kasheli;  and 
stone  column  installations  in  Mangalore  Chemicals  &  Ferti¬ 
lisers.  Low  values  are  onlv  for  very  weak  soils  Cu  ^  0.6  - 
0.7  t/m  . 

''.3  'E'  value  for  the  stone  columns  are  estimated  from 

individual  stone  column  load  test  results.  The  'E'  value  for 
the  first  cycle  (immediate)  loading  of  the  stone  colryin  (un¬ 
drained  modulus)  is  as  high  as  50.000-70,000  t/m  while 
for  sustained  loading  (7  days  loading)  the  'E'  value  is  about 
7000  t/m  .  The  data  are  presented  in  Table  1.  The  esti¬ 
mation  of  'E'  are  very  approximate  and  it  gives  only  order 
of  magnitude.  The  E  value  has  been  very  muchGn  the  range 
as  suggested  by  Mitchell  (1981)  i.e.  4000-7000  t/m  . 

4.4  The  settlement  magnitude  for  the  different  foundations 
are  as  follows  ; 

Untreated  ground  500-100  mm  -  10  m  thick  layer  of  clay 

Stone  column 

treated  ground  50  -100  mm  -  10  m  stone  column 

length 

Considering  an  'E'  value  of  8000  t/m^,  strain  in  the  stone 
column  at  yield  would  be  0.6%,  which  will  cause  a  settlement 
of  60  mm  for  a  10  m  long  stone  column.  This  shows  that 
the  settlement  of  the  stone  column  treated  ground  would 
be  in  the  range  as  mentioned  above. 


5.0  ISOLATED  GROUPS  OF  STONE  COLUMNS 

In  the  cases  presented  below,  the  footings  bear  on  stone 
columns  covered  by  a  pad  of  granular  soil  0. 6-1.0  m  thick. 
The  small  groups  of  stone  column  thus  installed  are  observed 
to  have  performed  well.  Total  load  including  estimated  drag 
forces  were  of  an  order  suggested  by  Broms  (1979).  The 

stone  columns  would  have  yielded  over  a  part  of  its  length. 
Even  under  heavy  loads  the  stone  column  system  did  not 
show  any  signs  of  collapse  and  the  settlement  is  very  small 
at  the  end  of  construction  (of  the  pipeline/pipe  racks). 

5.1  Pipe  Rack  at  IFFCO,  Kandla  (1972) 

5.1.1  IFFCO  Kandla  has  constructed  pipe  racks  in  1972. 

The  footings  of  the  pipe  rack  were  supported  on  750  mm 

dia  10  m  long  stone  columns. 

5.1.2  Subsoil  profile  and  characteristics  are  presented  in 

Fig.  3. 

5.1.3  Stone  column  design  :  The  stone  columns  were  designed 
to  carry  20  t  sustained  load  and  30  t  as  short  term  maximum 
load.  The  footings  were  treated  as  rigid  pile  caps,  and  each 
footing  was  supported  on  6  stone  columns. 

Loads  on  one  footing  were  as  follows  : 


Drag  load  (upper  bound)  120  t 

D.L.  t  L.L.  150  t 

Preload  (surcharge)  123  t 


Total  393  t 


With  50%  of  Drag  load  (lower  bound)  total  =  333  t. 

Drag  load  was  calculated  according  to  Broms  guidelines 
-  Broms  (1979). 
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Therefore  each  stone  column  was  subiected  to  estimated 
vertical  load  of  55t  -  65  t  (nearlt  2.5  times  the  load  given 
by  Mitchell's  "25Cu"  criteria). 

5.1.4  Behaviour  of  the  Stone  Column  Foundation  :  The 
final  settlement  observed  were  15  mm  (maximum)  to  6  mm 
(minimum)  whereas  that  of  untreated  ground  would  have 
been  of  the  order  of  SOO  mm.  Also  the  time  involved  in 
removing,  placing  the  preload,  installation  of  sand  drains 
etc.  would  have  been  considerable.  With  the  piles,  the  major 
problem  would  be  the  drag  caused  by  settlement  of  surround¬ 
ing  soil. 

5.2  2345  mm  diameter  Pipeline  at  Kashcll  near  Bombay 

5.2.1  The  pipeline  is  constructed  from  Anjru  Diping  to 
Majiwade  in  Thane  Dist.  The  Pipeline  alignment  is  nearly 
S  km  long  and  crosses  several  creeks.  The  pipeline  is  divided 
into  3  sections  as  follows  : 

Section  1  Majiwade  to  RT4  (underground  pipeline) 

Section  2  RT4  to  C-point  (piepline  above  ground) 

Section  3  Cl-point  to  G-point  (pipeline  above  ground  and 
over  bridge  111) 

Typical  subsoil  profiles  and  soil  characteristics  are  presented 
in  Figure  4. 

5.2.2  Stone  Column  Foundation  ;  The  pipeline  is  supported 
in  concrete  pedestals  with  base  area  4.2  m  x  2.1  m  through 
which  70  T  piepline  load  is  transferred  to  the  ground.  Each 
pedestal  bears  on  6  rammed  stone  columns.  Nominal  diameter 
of  the  stone  columns  is  7  50  mm.  For  compaction  control 
first  'set'  was  taken  at  a  depth  of  4  m  above  tip  level  and 
for  each  3.5  m  additional  length  one  'set'  was  taken.  The 
set  criteria  was  for  1.5  T  rammer  and  1.5  m  fall  penetration 
should  be  less  than  20  mm  for  2  5  blows.  Approach  embank¬ 
ments  for  the  bridges  were  provided  with  area  treatment 
with  stone  columns.  Average  length  of  stone  columns  were 
as  follows  : 

Section  1  3  -  7  m 

Section  2  4  -  8.5  m 

Section  3  4  -  7  m 

For  these  sections  average  diaraeter  of  stone  column  800 
-  1000  mm,  Cu  of  the  soil  =  1  t/m*^. 

5.2.3  Load  on  each  footing  was  as  follows  : 

Dead  load  of  pipe  13  t 

Pedestal  load  21  t 

Drag  load  1  1 2  t 


Total  146  t*  at  the  end  of  construction 


Additional  water  load  45  t 


Final  load  191  t**  at  the  ime  of  commis¬ 

sioning  the  pipeline. 

*  Therefore  load/column  was  25  t. 

**  At  the  time  of  commissioning  the  pipeline,  load  per  column 
was  32  t. 

5.2.4  Settlement  Monitoring  :  A  few  pedestals  were  selected 
and  provided  with  magnetic  settlement  markers,  surface 
settlement  markers  (plate  type)  and  piezometers  to  monitor 
the  settlements  of  clay  layers  and  ground,  tn  almost  all 
the  cases,  the  settlement  markers  were  installed  when  50% 
of  the  loading  (i.e.  embankment  construction)  was  over. 
Settlement  recorded  was  30  mm.  Since  A  p  is  very  small, 
"ihe  settlement  at  the  time  of  commissioning  the  pipelines 
would  not  be  of  any  consequence  (Ref.  Annexure  1). 

5.2.5  Consumption  data  were  analysed  considering  80% 
of  the  loose  volume  dumped  in.  For  the  stone  column  gap 
graded  materials  were  used  comprising  of  stone  column  of 


size  25  mm  to  7  5  mm  and  sand  of  maximum  particle  size 

5  mm  in  the  ratio  of  5:2. 

5.2.6  If  the  stone  column  would  have  been  designed  using 
Mitchell's  '25  Cu'  criteria  (with  F.O.S.  -  1)  the  number 
of  stone  columns  would  have  been  as  large  as  16  as  against 

6  columns  provided,  which  show  no  sign  of  yielding. 


6.0  LARGE  GROLP  OF  STONE  COLliMNS 

6.1  Delapur  Bridge  Abutment  (1975) 

Stone  columns  were  used  for  treatment  of  foundations  of 
the  abutment  of  a  major  highway  bridge  near  Bombay.  The 
brdige  is  over  a  creek  and  has  spans  of  50  m,  designed  to 
carry  a  70  r  tracked  vehicle.  Approach  to  the  bridge  is 
an  embankment  on  ground  treated  with  40  mm  sand  drains. 
The  box  abutment  rests  on  37  Nos.  of  750  mm  diameter 
rammed  stone  column  with  spacing  1.7  m.  The  design  rapacity 
of  the  stone  column  is  25  t.  the  stipulated  yield  value  of 
40  t  was  confirmed  by  load  tests.  The  bridge  deck  rests 
on  caisson  foundations.  Soil  characteristics  are  as  exhibited 
in  the  figure  5.  The^  load  intensity  at  the  base  of  the  abutment 
IS  12  to  14  t /m"^,  considering  an  ^mbankment  height  of 
6.7  m  having  unit  weight  of  1.8  The  actual  load  may 

be  higher  due  to  drag  forces.  Settlement  of  the  virgin  soil 
under  this  load  W'ould  be  of  the  order  of  1.75  m.  Settlement 
as  observed  after  7  years  of  construction  is  of  the  order 
of  8  cm  (accuracy  i  5  mm),  considering  that  the  deck  slab 
of  the  bridge  and  box  abutment  were  constructed  to  same 
elevation.  This  settlement  is  less  than  5%  of  the  settlement 
of  the  virgin  ground  unjier  comparable  load.  Considering 
load  intensity  of  14  t /m  and  plan  area  of  box  abutment 
4.5  X  12  m,  the  estimated  load  is  756  t  and  a  total  drag 
of  338  t  calculated  as  per  Broms'  guidelines  (Broms,  1979). 
The  load  per  stone  column  was  almost  equal  to  the  design 
load  since  37  stone  columns  were  provided.  Alternatives 
such  as  piles,  preloading  were  examined  and  rejected.  Piles 
would  have  been  subject  to  heavy  drag  forces  and  lateral 
loads  due  to  the  deformation  of  the  soil.  Preload  would  have 
required  longer  time  for  stage  loading  and  would  have  inter¬ 
fered  with  the  construction  of  the  abutment.  The  structural 
performance  of  the  abutment  is  satisfactory  except  for 
a  minor  crack  due  to  an  unsatisfactory  junction  detail.  The 
settlement  is  stabilised  and  there  is  no  noticeable  settlement 
in  the  last  5  years. 

6.2  Kasheli  Box  Abutment 

This  box  abutment  was  supported  on  49  m  x  No.  of  750  mm 
diameter  stone  column  spaced  1.3  m  c/c.  The  box  abutment 
was  designed  to  carry  two  pipeline  of  diameters  2345  mm 
and  3100  mm  on  either  side  and  a  road  in  the  middle  maximum 
stress  intensity  at  the  foundation  level  is  25  t/m‘.  A  compac¬ 
ted  sand  pad  of  400  mm  thickness  is  provided  between  the 
box  abutment  footing  and  stone  column  top.  The  soil  profile 
is  exhibited  in  Fig.  4.  Over  a  period  of  more  than  1  year 
the  box  abutment  has  not  shown  any  significant  settlement 
(i.e.  observed  settlement  is  less  than  50  mm). 


7.0  AREA  TREATMENT  WITH  STONE  COLUMNS 

As  against  the  individual  footing  i.e.  small  group  of  stone 
columns,  the  large  group  of  stone  column  is  capable  of  reach¬ 
ing  much  mo-e  load  because  each  unit  cell  of  stone  column 
bears  more  load  due  to,  radial  confinement  of  stone  columns. 
In  large  group  the  loads  also  turned  out  to  be  very  small. 
The  cases  falling  under  this  category  are  reported  below. 

7.1  Large  Scale  Test  Plot  at  Bhandup  near  Bombay  (1982) 

7.1.1  Construction  of  lagoons  for  treatment  of  sewage 
is  contemplated  near  Bhandup,  a  north-east  suburb  of  Bombay. 
Use  of  stone  columns  is  foreseen  for  improvement  of  the 
ground  for  the  embankment  of  the  lagoon  and  foundations 
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o*.  '.ariOuS  stru<^tures.  An  instrumented  test  embankment 
was  csinstructed  to  verify  the  design  approach  and  specifically 
the  following  aspects 

-  L'se  ol  single  column  load  test  data  for  evaluating  the 
yield  load  parameters  for  large  stone  column  groups. 

-  Estimates  of  increase  in  stone  column  capacity  for  stone 
columns  in  large  groups  subjected  to  area  loads. 

-  I  se  of  equilibrium  methods  for  estimating  the  stress 
in  the  soil  in  stone  column  treated  ground  and  correspond¬ 
ing  \alues  of  settlement. 

-  Verilication  of  the  efficacy  of  stone  columns  as  load 
reiieters  for  ensuring  overall  stability  of  embankments 
on  soft  clay. 

7.1.2  The  subsurface  profile  and  soil  characteristics  are 
eshibited  in  Fig.  6.  The  relevant  data  are  summarised  bleow  : 

Cii  0.7  t/m^  Cc/Uco  =  0.2  3 
Depth  of  c!a\  c.S  ni 

’.i.3  The  stone  column  layout  was  selected  to  provide 
a  lactor  of  safety  of  l.k  with  respect  to  overall  stability. 
At  the  designed  height  of  embankment,  the  yield  capacity 
0!  stone  column  was  exceeded  so  that  a  considerable  part 
of  the  applied  load  was  shared  by  the  soil.  Shear  deformations 
were  expected  along  with  significant  lateral  movements 
near  the  toe  of  the  embankment. 


Even  for  6  m  height  of  fill  were  small  which  confirmed 
that  factor  of  safety  against  shear  failure  was  sufficiently 
large.  .Movements  were  accentuated  only  after  excavating 
for  a  depth  of  1.5  m  below  ground  level  near  the  toe  even 
then  the  lateral  movements  were  smaller  than  an  adjoining 
plot  with  5  m  fill  load  on  untreated  ground. 


Stone  Column  for  1830  mm  dia  Pipeline,  Sion-Koliwada, 
Bombav 


7.2.1  The  water  pipeline  at  Sion  Koliwada  is  supported 
on  the  ground  treated  with  an  arrangement  of  stone  columns 
consisting  of  two  rows  at  a  spacing  of  m  along  the  rows 
and  2  m  between  the  rows  and  a  line  of  stone  column 
in  the  centre  at  spacing  of  4  m  c/c. 

7.2.2  Very  soft  underejnsolidated  clays  deposits  (k  m  thick), 
having  a  Cu  of  0.6  t/m'^,  was  encountered  here  through  which 
stone  columns  were  installed  bearing  on  dense  murrum  strata. 
Final  compaction  'set'  criteria  w'ere  followed  for  the  stone 
column  installation  as  discussed  earlier. 


7.2.3  Settlement  monitoring  data  are  not  available  at  the 
time  of  writing  this  paper.  However,  when  the  data  are 
available,  they  will  provide  good  basis  for  the  stone  column 
design  approach  discussed  earlier. 


8.0  STONE  COLUMNS  IN  ELASTIC  RANGE 


7.1.!*  Following  Instruments  where  provided  for  monitoring 

-  Overflow  type  as  well  as  magnetic  type  buried  settlement 
markers. 

-  Casugrande  piezometers  placed  below  the  centre  of  the 
enibankment. 

-  Lateral  displacement  markers  installed  near  the  toe  of 
the  fill  to  indicate  horizontal  movements. 

The  scheme  of  instrumentation  is  exhibited  in  Fig.  7. 

7.1.5  Single  column  load  test  results  fo-  the  rammed  stone 
columns  show  that  the  column  did  not  yield  even  when  the 
vertical  stress  intensity  in  the  column  had  reached  45  Cu. 

7.1.6  Several  settlement  markers  were  installed,  many 
of  liquid  level  markers  did  not  function  due  to  damage  of 
the  tubing  by  rodents.  However,  5  markers  functioned  satis¬ 
factorily.  Maximum  observed  settlement  varied  from  90 
mm  to  125  mm  giving  an  average  settlement  of  112  mm 
at  the  centre  of  the  loaded  area.  The  observed  settlements 
in  an  adjoining  sand  drain  test  plot  were  analysed  to  verify 
the  design  values  of  parameter  Cc/l-eo  ic  Pc.  Based  on 
these  verified  parameters  the  settlement  of  untreated  ground 
at  the  load  imposed  on  the  stone  column  test  plot  was  esti¬ 
mated  as  450  mm.  A  ratio  of  settlement  of  stone  column 
treated  ground  to  settlement  of  untreated  soil  was  0.25. 
The  stone  columns  arrangerrient  below  the  embankment  has 
an  area  replacement  ratio  (l/o()  of  4.4. 

7.1.7  The  relat’'^,!  between  1/^  and  /i  are  computed  by 
the  equilibrium  method  allowing  for  the  stone  column  yield. 
Curves  accounting  for  the  effect  of  preconsolidation  pressure 
are  also  shown  in  Datye  &  Nagaraju  (1984).  Observed  settle¬ 
ments  are  quite  close  to  values  estimated  by  equilibrium 
theory  even  after  making  some  allowance  for  the  probable 
error  in  estimation  of  the  tributary  are  for  the  stone  column 
groups  and  the  corresponding  imposed  load  on  the  unit  cells. 


For  critical  structures  such  as  storage  tanks  storing  hazardous 
liquids  where  large  settlements  could  not  be  tolerated,  the 
large  groups  of  stone  columns  were  designed  conservatively. 
In  these  cases  a  2.0  m  thick  compacted  sand  pad  has  been 
provided  for  load  dispersion. 


8.1  Phosphoric  Acid  Tanks  at  Mangalore  Chemicals  & 
Fertilisers,  Mangalore 

8.1.1  Subsoil  profile  is  presented  in  the  Fig.  8. 


8.1.2  Tank  Data  : 

No.  of  tanks  =  2 

Dia.  of  the  tanks  =  23  m 

Storage  height  =  1 3  m  . 

Design  load  intensity  at  the  tank  bottom  =  22  t/ni 


8.1.3  Stone  Column  Foundation  : 

Type  of  stone  column  ;  Vibro-float 

Nominal  dia.  of  stone  column  =  750  mm 

Total  No.  of  stone  columns  =  780  (for  the  two  tanks) 

Spacing  of  stone  column  -  1.3  m  c/c  in  triangular 

grid  2 

Load  intensity  at  the  top  of  stone  column  ■;  14.43  t/m 
Load  on  the  unit  cell  =  19.3  t 

While  the  individual  stone  columns  were  subjected  to  load 
test,  settlement  under  35  t  load  was  6-15  mm. 


8.1.4  When  the  tanks  were  subjected  to  hydrotest  they 
have  shown  settlements  of  39  mm  and  55  mm. 

8.1.5  Considering  an  ai^rage  sectional  area  of  0.785 
and  Cu  value  of  1  t/m^  the  stone  column  capacity  would 
be  20  t  according  to  Mitchell  (1981)  and  with  a  factor  of 
safety  of  3  times  the  number  stone  columns  would  be  required 


8.1.6  Settlement  calculations  are  presented  in  Annexure  2. 


7.1.8  Lateral  displacements  were  monitored  by  rigid  stakes. 
The  top  stiff  descicated  clay  and  compacted  general  fill 
was  isolated  by  installing  the  marker  in  60  cm  diameter 
RCC  pipe.  Horizontal  movements  of  the  marker  were  measu¬ 
red  by  a  theodolite  and  the  tilt  was  read  by  placing  a  tilt- 
meter  on  top  of  the  marker.  Lateral  displacements  were 
computed  from  tilt  readings  and  theodolite  readings. 


8.2  Phos  Acid  Tanks  at  IFFCO,  Kandia 

8.2.1  Tank  Data  : 

No.  of  tanks  2 

Dia.  of  tanks  28  m 

Storage  height  10m  ^ 

Design  load  intensity  at  the  bottom  of  the  tank  =  20  t/m 
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S.2.2  The  subsoil  characteristics  are  saTie  as  presented 

^  Initial  sallies  Values  after 

Sand  (ill  ;  2.0  rn^ 

Soft  cla>  (TO  in  thick)  Oai  -  1  t/rn" 

cTases  sand  (TO  ni  thick)  Cu  3  t/m 

Dense  sand  laser  beloss  iilases  sand  lasers. 


preloading- 
3.2  t/ni^ 
4.5  t/m 


9.3  A  major  element  of  uncertainty  lies  in  the  estimation 
of  the  yield  stress  for  the  stone  column.  This  parameter 
is  strongly  influenced  by  construction  methods.  For  the  cases 
reported  it  has  been  found  that  the  actual  stone  column 
capacities  realised  are  about  tss'ice  the  values  estimated 
according  to  Mitchell's  parameters  based  on  cavity  expansion 
theory  (Mitchell.  1981). 


5.2.3  Area  Treatment  ;  Sand  drains  were  provided  in  the 
entire  area  and  the  area  was  preloaded  upto  half  the  maxi¬ 
mum  design  stress.  1  ■  of  the  top  soft  clay  was  removed 
and  Idled  w  ith  compai  'ed  sand  and  thereafter  750  mm  ram¬ 
med  stone  columns  we-e  installed.  The  tank  was  constructed 
on  a  sand  pad  of  total  s  m  thickness. 

3.2.4  Testing  of  the  Tanks  :  The  tanks  were  tested  by  filling 
water  and  then  wi'h  acids.  The  settlement  recorded  are 
as  follows  : 

Hater  load  (10  t/m^)  Phos  acid  load  Total 

IS  t/m 


Ma\ 

■Mm 

Max 

Min 

Max 

Min 

(m  m) 

(mm) 

fmm) 

(mm) 

(mm) 

(mm! 

North 

tank 

60 

48 

142 

74 

202 

122 

South 

tank 

49 

42 

118 

80 

167 

122 

S.3  Settlements  observed  versus  computed 

5.3.1  Results  of  computations  are  summarised  in  Annexure  2. 

5.3.2  For  M.C.F.  computed  settlements  are  close  to  the 
Values  computed  by  Van  Impe  method. 

8.3.3  In  Kandla  settlement  would  be  very  small  as  by  equili¬ 
brium  method  considering  that  the  soil  was  preloaded  prior 
to  stone  column  installation  and  stone  column  yield  value 
was  30  t.  The  large  actual  settlement  can  be  attributed 
to  settlement  of  compressible  soil  layers  below  stone  column 
tip.  The  stone  columns  tend  to  concentrate  the  load  increasing 
the  intensity  on  the  soil  layer  below  the  tip.  The  effective 
preioad  intensity  in  the  lower  layers  is  singif icantly  less 
than  the  applied  load  on  the  surface.  These  two  factors 
seem  to  have  contributed  settlement  beyond  the  estimated 
values. 


9.0  C0NCLL'S10!V,'S 

9.1  The  case  histories  bring  out  clearly  the  advantages 
of  using  a  simple  theory  based  on  a  one  dimensional  analysis 
where  the  soil-stone  column  interaction  is  simulated  by  unit 
cell  consisting  of  a  cylindrical  element  of  compacted  granular 
soil  placed  within  a  soil  annulus.  A  simple  linear  elastic 
model  of  stone  column  behaviour  and  equilibrium  relations 
have  been  used  successfully  to  predict  behaviour  of  ground 
improved  with  stone  columns. 

9.2  Precise  modelling  of  the  soil-stone  column  interaction 
is  not  feasible  in  view  of  the  complications  arising  from 
a  complex  stress  path  followed  by  soil  elements  around  the 
stone  colum..  involving  relaxation  from  an  initial  Ko  state 
to  a  stress  condition  with  high  radial  horizontal  stresses. 
Rotation  of  the  direction  of  major  principal  stress,  variation 
of  stress  conditions  with  distance  from  the  soil  stone  column 
interface  further  complicates  the  analysis.  The  benefit  of 
axial  symmetry  could  be  taken  by  adopting  the  unit  cell 
simulation.  The  reliability  of  prediction  very  much  depends 
on  accuracy  in  estimation  of  the  odeometric  modulus  of 
the  soil,  determination  of  sectional  area  of  the  compacted 
stone  column  insitu  and  estimation  of  the  yield  load  as  well 
as  deformation  modulus  of  the  stone  columns.  If  the  stone 
column  section  is  determined  from  consumption  records 
and  elastic  modulae  in  the  range  of  values  suggested  by 
Mitchell  are  used,  conventional  elastic  solution  provide  an 
adequate  basis  for  estimation  of  settlements  for  stone  column 
systems  working  in  the  elastic  range. 


9.4  The  case  histories  substantiate  the  author's  postulation 
that  the  stone  column  in  a  unit  cell  would  not  collapse  as 
the  increased  load  transferred  to  the  soil  after  local  yield 
occurs,  improves  the  capacity  of  the  stone  column.  The 
case  histories  substantiate  the  author's  view  that  factor 
of  safety  in  the  range  of  4-3  is  not  necessary.  Number  of 
stone  columns  required  can  very  well  be  determined  by  taking 
the  unit  cell  capacity  to  be  equal  to  yield  loads  measured 
in  single  column  load  test. 

9.5  The  case  history  demonstrates  conclusively  that  there 
is  no  hazard  of  long  term  increase  in  the  deformation  by 
progressive  enlargement  of  the  stone  column  as  the  surround¬ 
ing  soil  consolidates.  The  long  term  or  the  sustained  load 
moduiii  are  in  the  range  of  values  proposed  by  Mitchell 
(1981)  eventhough  the  loads  for  each  unit  cell  are  2  to  3 
times  the  capacities  based  on  Mitchell's  parameters.  Several 
years  of  post  construction  performance  observations  over 
a  range  of  soil  condition  bring  out  clearly  the  merit  of  an 
observation  based  design  approach  where  the  design  para¬ 
meters  were  evaluated  by  conducting  single  column  load 
tests.  Suggested  elastic-plastic  model  provides  a  good  assess¬ 
ment  of  the  settlements  when  yield  occurs  over  a  significant 
part  of  the  stone  column  length  when  replacement  ratio 
is  high.  However,  when  stone  column  behaviour  is  in  elastic 
range  as  for  cases  when  replacement  ratio  is  in  excess  of 
0.4  the  Van  Impe  model  would  provide  a  better  prediction. 

9.6  As  the  stone  columns  also  function  as  a  drain  and 
the  consolidation  of  the  surrounding  soil  takes  place  in  a 
very  short  period,  adverse  consequences  of  deviation  from 
the  postulated  behaviour  can  be  taken  care  of  by  controlled 
stage  loading  and  use  of  surchage  loads.  In  initial  stages 
of  loading  observations  of  settlements  and  pore  pressures 
by  magnetic  plate  settlement  markers  and  porous  tube  piezo¬ 
meters  located  at  various  elevation  could  be  adequate  for 
verification  of  stone  column  behaviour.  By  choice  of  suitable 
structural  system,  structural  damage  can  be  avoided  and 
therefore  too  great  a  refinement  in  estimation  of  settlement 
is  not  necessary.  The  case  studies  have  brought  out  the  import¬ 
ance  of  the  influence  of  construction  method.  Successful  appli¬ 
cation  of  the  suggested  design  approach  is  dependant  on 
establishing  field  procedure  and  compaction  control  criteria 
in  the  initial  stages  of  work  by  observing  consumption  of 
stone  followed  by  use  of  load  tests  to  verify  the  estimates 
of  yield  loads  and  deformation  moduiii. 

9.7  Suggestions  for  Further  Research 

There  is  a  need  to  take  up  systematic  investigations  of  unit 
cell  behaviour  by  laboratory  large  scale  odeometer  tests 
and  mathematical  modelling  to  verify  the  postulation  made 
herein  regarding  the  absence  of  hazard  of  collapse  of  stone 
columns  subjected  to  loads  exceeding  the  estimated  yield 
loads.  More  systematic  investigation  is  also  needed  of  the 
gain  in  strength  of  the  soil  annulus  surrounding  the  stone 
column  and  the  corresponding  increase  in  the  yield  load. 
This  could  best  be  done  by  studying  the  soil  behaviour  in 
large  odeometers  tests  and  establishing  the  relationship  bet¬ 
ween  the  post  consolidation  water  contents  and  the  state 
of  stress  in  the  soil  annulus  for  given  initial  void  ratio  Pc 
and  Cc  values.  The  field  observation  of  moisture  content 
in  similar  soil  after  installation  of  stone  column  and  the 
reduction  in  the  moisture  condition  as  compared  to  initial 
conditions  will  help  to  substantiate  the  postulated  unit  cell 
behaviour. 

More  observations  from  large  loaded  area  and  as  well  as 
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small  groups  with  magnetic  settlement  markers  porous  tube 
piezometers  and  soil  moisture  content  measurement  before 
and  after  consolidation  will  help  to  verify  the  zone  categorisa¬ 
tion  and  postulated  load  settlement  behaviour. 

There  is  a  need  to  standardise  the  load  test  procedure.  T'se 
of  load  cells  would  help  to  establish  the  actual  stress  develop¬ 
ed  in  the  stone  column  and  by  using  loading  elements  of 
various  lengths  the  yield  load  at  various  levels  can  be  deter¬ 
mined. 

By  use  of  soil  reinforcement  for  the  granular  fill  the  hazard 
of  premature  collapse  of  the  stone  column  in  the  critical 
zone  can  be  minimised,  thereby  increasing  the  capacity 
of  stone  column.  There  is  also  the  prospect  of  using  sand 
mats  reinforced  vvith  geotextiles  which  would  minimise  differ¬ 
ential  settlement.  In  many  practical  applications  stage  loading 
could  then  be  used  in  the  place  of  preloading  to  take  care  of 
differential  settlement. 
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Table  -  I  :  SINGLE  STONE  COLUMN  BEHAVIOI  :R 


Site 

Stone 

Column 

No. 

Column 

Length 

(m) 

Consum¬ 

ption 

(%) 

Average 

Diameter 

(m) 

Max. 

Load 

(t) 

Total 

settlement 
under 
max.  load 
immediate 
(mm) 

Total 

settlement 
under 
max.  load 
at  24  hrs. 
(mm) 

Cu 

t/m^ 

E  (t/m^) 

<7V/CU 

Remarks 

24  hrs. 

_ 

7  days 

2345  mm 
pipeline, 
Kasheli, 
Bombay 

SC-! 

4.53 

186 

1.060 

40 

1S.885 

1 

5C-5 

8.10 

196 

1.090 

40 

12.590 

20.970 

1 

26455 

11306 

42.87 

Stone  column 
not  yielded 

RT2-C/ 

TB-208 

7.25 

120 

0.822 

40.51 

9.100 

16.100 

1 

62099 

21681 

76.33 

Stone  column 
not  yielded 

SC-4 

3.18 

215 

1.140 

40 

8.630 

1 

17803 

6231 

39.2 

Stone  column 
not  yielded 

SC-2 

4.00 

174 

1.030 

40 

6.290 

1 

38405 

18974 

48.03 

btone  column 
not  yielded 

24  hrs. 
settlemeni 

1830  mm 
Pipeline, 
Bombay 

1554-C 

3.325 

259 

1.062 

30 

65 

■Bl 

mg 

1066-C 

8.540 

237 

1.016 

30 

73 

75* 

564-E 

4.480 

156 

0.824 

20.13 

48 

BB 

1698-C 

4.700 

215 

1.100 

30.2 

70 

H 

2135 

1291 

31.79 

MCF 

Acid 

Tanks 

996 

nn 

■ai 

1.00 

15.0 

Hi 

63 

Stone  column 
not  yielded 

■1 

IB 

35.5 

12.2 

- 

1 

ggH 

Stone  column 
not  yielded 

881 

1.02 

35 

9.1 

- 

1 

62 

Stone  column 
not  yielded 

682 

7.75 

134 

1.04 

36 

_ 

5.9 

- 

1 

36500 

14600 

59 

■Stone  column 
not  yielded 

§  Measured  under  20  t 

11  Measured  under  14.73  r 

*  Measured  under  load  of  20.62  t 
Y  Assuming  E2  hrs.^^7  days  = 
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SYNOF JIS 


The  Port  of  Portland,  Oregon  recently  completed  the  rehabilitation  of  the  downstream  portion  of 
Terminal  2.  The  project  included  the  placement  of  more  than  1  million  cy  of  dredged  hydraulic  sand 
fill  and  the  construction  of  a  1 , 400-ft-long  pile-supported  wharf.  Up  to  60  ft  of  sand  fill  was 
placed  over  soft,  submerged  sediments.  The  silt  alv.ng  the  toe  of  the  slope  was  removed  prior  to 
placing  the  fill.  No  shear  failures  or  mudwaves  were  detected  during  filling.  The  fill  induced 
settlements  of  up  to  63  in. ,  which  agreed  well  with  the  predicted  maximum  settlement  of  about  60  in. 
Underwater  sand  fill  slopes  were  placed  at  about  2.5H:1V  and  subsequently  trimmed  to  2.25H:1V.  The 
slope  was  subsequently  densified  and  steepened  to  1.75H:1V  with  fragmental  quarry  rock.  After  slope 
construction,  840  vertical,  24-in.  octagonal  prestressed  concrete  piles  were  driven  for  the  wharf. 


INTRODUCTION 


In  1982,  the  Port  of  Portland,  Oregon,  began 
design  studies  for  the  expansion  and  rehabili¬ 
tation  of  the  downstream  portion  of  Terminal  2. 
The  project  team  consisted  of  the  Port;  the 
wharf  consultant.  Swan  Wooster  Engineering, 
Inc.  of  Portland;  the  geotechnical  consultant, 
the  Portland  office  of  Dames  &  Moore;  and  the 
dredging  consultant,  Ogden  Beeman  and  Associ¬ 
ates  of  Portland. 

The  terminal  is  a  general  cargo  facility 
located  along  the  west  bank  of  the  Willamette 
River  in  the  Portland  harbor  area.  The  origi¬ 
nal  Terminal  2  facility  was  built  in  the  1920s 
and  consisted  of  wood  construction  with  wharfs 
supported  by  timber  piles.  All  of  the  original 
wood  construction  was  demolished  for  the  latest 
rehabilitation.  The  upstream  portion  of  the 
terminal  was  upgraded  in  the  1960s  and  consists 
of  a  pile-supported  concrete  wharf  constructed 
on  the  riverward  siae  of  a  sheet-pile  bulkhead. 
The  major  elements  of  the  recent  modernization 
included  a  new  1, 400-ft-long  wharf  structure, 
the  in-water  filling  of  existing  slips  with 
over  1  million  cy  of  fill  to  create  about  20 
acres  of  new  terminal  area,  building 
construction,  and  new  cargo  handling  equipment. 
The  final  grade  of  most  of  the  wharf  and  filled 
area  is  elevation  +26  ft.  The  d''nstreara 
portion  of  the  new  wharf  is  for  roll-on  roll¬ 
off  (RO/RO)  use  with  the  top  of  the  wharf  at 
elevation  +20  ft.  The  new  wharf  structure 
extends  the  existing  concrete  wharf  structure 
downstream  1,100  ft.  The  design  dredge  line 
along  the  face  of  the  wharf  is  elevation  -45 
ft. 


SITE  CONDITIONS 


The  mudline  elevation  in  the  fill  areas  varied 
from  about  -30  to  -38  ft  in  the  upstream  slip, 
-10  to  -25  ft  in  the  downstream  slip,  a:id  -30 
to  -35  ft  along  the  face  of  the  proposed  wharf. 
The  existing  wharf  is  of  reinforced  concrete 
and  is  supported  by  20-in. -square,  prestressed- 
concrete  piles.  A  sheet-pile  bulkhead  is 
located  behind  the  wharf. 


SUBSURFACE  CONDITIONS 


The  subsuriuce  investigation  included  22  bor¬ 
ings  and  two  cone  penetration  test  probes  to 
explore  subsurface  conditions  in  the  fill  and 
wharf  areas;  21  borings  were  made  to  evaluate 
potential  dredge  sand  borrow  sources  in  nearby 
reaches  of  the  Willamette  River.  The  subsur¬ 
face  conditions  at  the  terminal  can  be  charac¬ 
terized  as  shown  on  Figure  1. 

In  general,  a  layer  of  soft,  gray  silt  with  an 
average  thickness  of  about  15  ft  occurs  at  the 
mudline;  the  silt  is  underlain  by  loose  to 
medium  dense  sand  which  extends  to  an  underly¬ 
ing  stratum  of  sandy  gravel  at  about  elevation 
-85  ft.  A  review  of  past  dredging  records 
indicated  that  most  of  the  proposed  fill  areas 
had  been  dredged  to  about  elevation  -35  to  -40 
ft.  As  a  result,  the  soft  silty  soils  occur¬ 
ring  above  these  elevations  were  relatively 
recent  sediments.  The  sand  formation  consists 
of  generally  medium  dense,  gray,  fine-  to 
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Fig.  1  Typical  Boring  Log 


medium-grained  sand  with  a  trace  of  silt.  The 
top  of  the  underlying  gravel  occurs  between 
elevation  -75  to  -95  ft.  The  gravel  consists 
of  relatively  well-graded,  rounded  to 
subrounded  gravel  in  a  matrix  of  sand  with  a 
trace  of  silt.  The  borings  revealed  that  the 
gravel  was  generally  medium  dense  to  dense  and 
is  not  cemented. 

The  borings  within  the  proposed  dredge  borrow 
areas  generally  encountered  a  layer  of  silt  or 
silty  sand  at  the  mudline  which  was  underlain 
by  clean,  gray,  fine-  to  medium-grained  sand. 
The  mudline  at  the  boring  locations  generally 
ranged  from  about  elevation  -40  to  -60  ft. 
Based  on  a  review  of  past  dredging  near  the 
project,  and  the  results  of  the  subsurface  ex¬ 
plorations,  two  potential  areas  near  the  site 
were  identified  as  sand  borrow  sources.  The 
gradation  of  the  borrow-area  sand  is  summarized 
on  Figure  2 . 


New  sand  fill  (SP)  above  water  34°-35° 

New  sand  fill  (SP)  below  water  32°-35° 

In  situ  sand  (SP)  35° 

In  situ  silty  sand  (SM)  30°-32° 

Undrained  shear  strength  of  soft, 

silty  mudline  soils  (ML-MH)  50  psf 

Angle  of  internal  friction  (0)  16° 

Consolidation 

Coefficient  of  compressibility  0.19 

of  soft  silt  (ML-MH) ,  C^ 

l+®o  2 

Coefficient  of  consolidation  1.0  ft  /day 

for  soft  silt,  (ML-MH),  Cy 

Coefficient  of  compressibility,  0.05 

silty  sand  (SM)  ,  C^, 


Unit  Weight 


Soft  silt  (ML-MH) 

Saturated  unit  weight  84  pcf 

Submerged  unit  weight  22  pcf 

Sand  (SP) 

Total  unit  weight  of  fill  115  pcf 

Saturated  unit  weight  120  pcf 

Submerged  unit  weight  58  pcf 

Silty  sand  (SM) 

Saturated  unit  weight  115  pcf 

Submerged  unit  weight  53  pcf 


DESIGN  PROCESS 


SOIL  PROPERTIES 


Based  on  an  extensive  laboratory  testing  pro¬ 
gram  and  a  detailed  review  of  geotechnical  data 
obtained  from  nearby  sites  in  the  Portland  har- 
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Fig.  2  Gradation  of  Sand  Fill 


While  the  geotechnical  investigation  was  in 
progress,  the  wharf  consultant  developed  pre¬ 
liminary  design  concepts  that  fulfilled  the 
Port’s  performance  criteria,  appeared  practical 
to  construct,  and  considered  the  subsurface 
conditions.  The  following  types  of  structures 
were  selected  for  further  evaluation. 

open  pile-supported  wharf 
-  pile-supported  wharf  with  sheet-pile 

bulkhead 

cellular  sheet-pile  structure 

The  open  pile-supported  wharf  with  a  cast-in¬ 
place  concrete  deck  was  selected  for  the  final 
design.  The  selection  of  this  type  of  struc¬ 
ture  was  based  on  cost  comparisons,  technical 
considerations,  and  scheduling  constraints. 
This  wharf  design  used  only  vertical  piles  of 
one  type  and  size.  The  wharf  deck  was  of  a 
uniform  thickness,  with  no  distinct  pile  caps. 
These  features  were  adopted  to  contribute  to 
more  straightforward  construction. 

The  cellular  sheet-pile  structure  was  cost- 
competitive;  however,  the  required 
configuration  of  the  cells  would  have  imposed 
critical  tolerances  for  construction.  In 
particular,  the  fender  line  of  the  wharf  and 
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the  new  crane  rails  had  to  match  the  existing 
upstream  structure.  Based  on  past  experience, 
it  was  agreed  by  the  design  team  that  the 
actual  riverward  projection  of  the  cells 
following  filling  could  be  plus  or  minus  1  ft 
of  the  desired  line.  This  uncertainty  was 
considered  undesirable  and  imposed  constraints 
upon  the  type  of  fender  system  that  could  be 
used. 

Since  the  project  would  involve  the  placement 
up  to  60  ft  of  sand  fill  above  and  below  water, 
a  detailed  study  was  performed  to  evaluate  the 
liquefaction  potential  of  the  fill.  The 
stuaies  indicated  that  unless  the  fill  was  in¬ 
stalled  to  adequate  relative  densities  or  had 
sufficient  confinement,  liquefaction  under 
stresses  induced  by  the  design  earthquake  would 
be  a  potential  problem  near  the  slope.  The 
results  of  the  studies  for  the  riverward  slope 
indicated  that  a  relative  density  of  60%  would 
be  necessary  to  obtain  a  factor  of  safety 
slightly  more  than  1  against  liquefaction  or 
lateral  deformation  during  the  design  earth¬ 
quake.  For  this  reason,  it  was  necessary  to 
density  the  sand  fill  beneath  the  wharf  struc¬ 
ture.  To  provide  sufficient  confinement  for 
the  surface  sand  fill  materials  during  densifi- 
cation,  the  design  included  a  10-ft-thick  blan¬ 
ket  of  coarse  granular  material  over  the  slope. 
Rounded  sandy  gravel  and  cobbles  were  consid¬ 
ered  the  most  appropriate  materials  for  the 
confinement  layer,  since  it  could  be  easily 
penetrated  by  vibratory  probes  that  would  be 
used  for  densif ication.  The  adopted  slope 
configuration  based  on  the  geotechnical  studies 
is  shown  on  Figure  3. 

A  pile-supported  wharf  with  sheet-pile  bulkhead 
would  be  comparable  to  the  existing  upstream 
structure.  This  design  was  initially  consid¬ 
ered  the  most  appropriate  for  the  project. 
However,  the  Port  determined  that  the  wharf 
must  accommodate  container  cranes  with  100-ft 
rail  spacing.  Since  the  pile-supported  wharf 
would  be  about  74  ft  wide,  the  rear  crane  rail 
would  be  landward  of  the  sheetpile  bulkhead  and 


require  a  separate  foundation.  It  was  recog¬ 
nized  that  the  foundation  would  probably  inter¬ 
fere  with  the  tie-back  system  used  to  restrain 
the  bulkhead. 

Based  on  the  project  team's  selection  of  the 
open  pile-supported  wharf  as  the  preferred 
alternative.  Dames  &  Moore  proceeded  with  final 
design  studies  for  site  filling  and  wharf 
support . 

For  cost  purposes,  it  was  necessary  to  minimize 
the  width  of  the  pile-supported  wharf;  this,  in 
turn,  required  that  the  fill  slopes  be  con¬ 
structed  as  steep  as  possible.  The  soft  silty 
sediments  occurring  at  the  mudline  were  the 
primary  consideration  in  the  construction  of 
steep,  stable  slopes.  To  provide  sufficiently 
steep  slopes  constructed  of  hydraulic  sand 
fill,  it  would  be  necessary  to  make  a  toe 
trench  excavation  to  remove  the  soft  silty 
soils  at  the  toe  of  the  slopes.  Computer- 
assisted  slope  stability  studies  were  performed 
to  aid  in  the  development  of  practical  design 
criteria  for  the  slopes  along  the  wharf.  The 
studies  indicated  that  stable  sand  fill  slopes 
having  an  adequate  factor  of  safety  could  be 
constructed  at  inclinations  of  up  to  2.5H:1V  to 
2.25H:1V,  depending  on  the  configuration  of  the 
toe  trench  excavation.  The  slopes  could  be 
further  steepened  to  1.75H:1V  by  filling  over 
the  sand  slope  with  well-graded  angular  rock. 


Based  on  past  experience  by  Dames  &  Moore,  it 
was  considered  feasible  to  place  the  hydraulic 
sand  fill  over  the  very  soft  silt  sediments 
present  at  the  mudline  by  using  carefully  con¬ 
trolled  construction  methods  that  would  mini¬ 
mize  or  avoid  shear  failures  and  formation  of 
mudwaves.  Mudwaves  could  produce  pockets  of 
compressible  silty  soils  which  could  result  in 
irregular  settlement  of  the  fill  surface  and, 
if  formed  near  the  slope,  could  reduce  the 
stability  of  the  fill  slopes.  It  was 
recognized  that  the  placement  of  the  initial 
underwater  fill  was  the  most  critical  aspect  of 
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Fig.  3  Slope  Section 
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the  fill  plan.  The  installation  of  each  of  the 
initial  four  lifts  was  to  begin  and  end  at  the 
same  locations  to  provide  the  maximum  time 
period  for  consolidation  of  the  soft  silts 
prior  to  placing  the  following  lift.  The 
initial  lift  would  have  a  nominal  thickness  of 
3  ft,  or  less,  which  would  require  frequent  or 
continuous  repositioning  of  the  dredge 
discharge.  The  subsequent  three  lifts  could 
each  be  placed  at  a  maximum  thickness  of  5  ft. 
The  remaining  fill  could  be  placed  in  maximum 
10-ft-thick  lifts.  Fill  placed  above  the  river 
level  would  be  placed  so  that  the  resulting 
minimum  dry  density  was  on  the  order  of  90%,  as 
determined  by  ASTM  D  1557.  This  degree  of 
compaction  is  usually  obtained  by  normal 
hydraulic  filling  operations. 

Since  the  borrow  sand  fill  was  relatively 
clean,  it  was  anticipated  that  the  underwater 
sand  fill  could  be  placed  as  an  open,  uncon¬ 
fined  fill.  It  was  anticipated  that  the  under¬ 
water  slopes  could  be  filled  as  steep  as 
2.5H:1V  and  would  require  subsequent  trimming 
to  the  specified  slope  of  2.25H:1V. 

The  preliminary  studies  indicated  that  founda¬ 
tion  support  for  the  wharf  would  be  provided  by 
high-capacity  vertical  piles  driven  into  the 
underlying  gravel  strata.  A  capacity  of  225 
tons  was  recommended  for  24-in.  octagonal  pre¬ 
stressed  concrete  piles  and  24-in. -diameter 
open-end  steel  pipe  piles.  The  capacities 
pertain  to  real  loads  and  were  based  on  soil 
support  considerations  and  included  an 
estimated  factor  of  safety  of  at  least  2.  The 
capacities  were  estimated  by  static  analytical 
methods  and  were  supplemented  by  dynamic 
analyses  (wave  equation  studies)  and  the  review 
of  pile  load  tests  performed  at  comparable 
sites  and  during  the  previous  rehabilitation  of 
the  upstream  portion  of  Terminal  2.  It  was 
anticipated  that  concrete  and  steel  piles  would 
penetrate  4  to  8  ft  and  10  to  15  ft, 
respectively,  into  the  gravel  strata. 


SETTLEMENT 


During  design,  studies  were  conducted  to  esti¬ 
mate  the  total  settlement  and  rate  of  settle¬ 
ment  associated  with  the  installation  of 
dredged  fill  over  the  soft  river  sediments. 
The  results  were  used  to  evaluate  the  effect  of 
long-term  settlement  on  the  construction  sched¬ 
ule,  and  differential  settlement  on  proposed 
facilities  within  the  filled  area.  The  studies 
considered  the  consolidation  of  the  highly  com¬ 
pressible  river  sediments  that  occurred  at  the 
mudline  and  had  an  average  thickness  of  about 
15  ft.  Conventional  one-dimensional  consolida¬ 
tion  theory  was  used  in  the  analysis.  The 
stress  distribution  along  the  edge  of  the 
dredged  fill  area  was  evaluated  using  a  linear 
elastic  analysis.  Settlement  of  the  50-ft- 
thiok  sequence  of  sand  was  evaluated  using 
elastic  analysis.  The  medium  dense  to  dense, 
tandy  gravel  that  lies  below  the  sand  at  ap¬ 
proximately  elevation  -85  ft  is  considered  to 
be  essentially  incompressible.  A  conventional 
ramp-loading  approximation  was  used  to  r.imulate 
the  filling  sequence. 


Settlement  was  dependent  on  the  thickness  of 
the  underlying  compressible  soils  and  the 
thickness  and  configuration  of  the  dredged 
fills.  The  analyses  predicted  that  up  to  60 
in.  of  total  primary  settlement  would  occur, 
80%  of  which  would  occur  by  the  end  of  filling. 
The  studies  suggested  the  potential  for  signif¬ 
icant  post-construction  differential  settle¬ 
ments  across  the  filled  area.  The  design  team 
recommended  a  15-ft-thick  surcharge  fill  within 
the  building  areas  to  limit  post-construction 
differential  settlement.  The  paved  areas  were 
overfilled  to  compensate  for  post-filling 
settlement. 


SETTLEMENT  MONITORING  PROGRAM 


Considering  the  relatively  large  anticipated 
settlements  and  the  potential  impact  of  the 
rate  of  settlement  on  the  construction  sched¬ 
ule,  a  monitoring  program  was  considered  neces¬ 
sary  to  evaluate  settlement  progress.  Pneu¬ 
matic  settlement  transducers  and  pneumatic 
piezometers  were  selected  since  they  would  be 
unobtrusive  to  the  contractor  during  the  fill¬ 
ing  operation.  The  performance  requirements 
for  the  monitoring  system  were  specified  in  the 
bid  documents.  The  general  contractor,  Riedel 
International,  Inc.,  retained  a  subcontractor 
to  design  and  install  the  system.  The  system 
consisted  of  12  pneumatic  settlement  sensors, 
five  pneumatic  pore  pressure  transducers,  and 
two  pneumatic  readout  boxes.  The  pneumatic 
settlement  sensors  and  pneumatic  pore  pressure 
transducers  were  installed  at  the  mudline  and 
the  middle  of  the  compressible  silt  layer,  re¬ 
spectively,  prior  to  fill  placement. 

During  the  monitoring  period  which  extended 
from  the  beginning  of  the  filling  operation, 
over  a  period  of  approximately  7  months,  a 
total  of  10  settlement  sensors  and  four 
piezometers  failed.  Behavior  of  the  failed 
instruments  suggested  the  tubes  had  been 
pinched  or  severed.  Many  of  the  failed 
settlement  sensors  were  replaced  with  surface 
settlement  plates  after  the  fill  was  above  the 
river  level. 

Information  obtained  from  undamaged  instruments 
and  the  surface  settlement  plates  was  used  to 
predict  the  post-filling  settlements  to  deter¬ 
mine  the  overfill  quantities.  In  addition, 
several  instruments  survived  long  enough  to 
permit  comparison  of  predicted  time-rate  and 
magnitude  of  settlement  versus  actual  field 
performance.  In  general,  the  actual  time-rate 
of  settlement  occurred  faster  than  the  consoli¬ 
dation  test  results  had  indicated.  A  compari¬ 
son  between  estimated  time-rate  of  settlement 
curves  with  actual  results  from  field  monitor¬ 
ing,  is  shown  on  Figure  4.  A  maximum  settle¬ 
ment  of  about  60  in.  was  estimated  based  on  the 
settlement  studies;  the  actual  maximum  settle¬ 
ment  measured  by  the  monitoring  system  was 
63  in. 
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Fig.  4  Predicted  versus  Actual  Maximum 
Settlement 


SITE  FILLING  AND  SLOPE  CONSTRUCTION 


Initially,  a  150-ft-wide  trench  was  excavated 
along  the  toe  of  the  slope  to  remove  the  soft 
silt.  The  toe-trench  excavation  was  made  using 
a  26-in.  hydraulic  suction  dredge  equipped  with 
a  cutterhead.  The  suction  dredge  generally 
left  12  in.  or  less  of  silt  in  the  bottom  of 
the  toe  trench.  The  final  cleaning  was  made 
with  a  barge-mounted  crane  and  clamshell. 

The  general  sand  fill  and  the  fill  slopes  were 
made  with  the  hydraulic  suction  dredge.  The 
dredge  ladder  was  extended  to  permit  dredging 
to  depths  of  about  100  ft,  and  the  cutterhead 
was  removed  and  replaced  with  jets.  The  borrow 
sources  were  near  the  middle  of  the  river  with 
a  maximum  pumping  distance  of  about  4,500  ft. 
To  place  the  fill,  the  dredge  pipe  discharged 
into  a  vertical  8-ft-diameter  pipe  that  was 
suspended  from  a  barge.  The  bottom  of  the  pipe 
was  usually  maintained  about  13  ft  below  the 
water  surface  and  could  be  raised  and  lowered 
to  control  turbidity  and  optimize  fill 
placement. 

Following  completion  of  the  toe  trench,  the 
sand  fill  slopes  were  constructed  by  the  in¬ 
stallation  of  a  toe  dike  along  the  alignment  of 
the  toe  trench.  The  toe  dike  was  placed  in  two 
lifts  ultimately  to  elevation  -15  ft.  The  fill 
material  consisted  of  excellent  quality  gray 
sand  containing  significant  gravel  and  few 
fines.  Alignment  of  the  discharge  barge  was 
maintained  with  on-shore  lasers.  Bathymetric 
surveys  conducted  after  installation  of  the  toe 
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fill  was  placed  over  the  soft  river  sediments 
using  the  discharge  barge.  The  initial  two 
lifts  were  3  ft  thick,  the  next  two  were  3  to  5 
ft  thick,  and  the  remaining  lifts  to  the  water 
surface  were  7  to  10  ft  thick.  During  filling, 
the  instrumentation  was  closely  monitored  and 
bathymetric  surveys  were  made  after  each  lift 
to  monitor  unusual  river  bottom  bulging  which 
would  indicate  the  occurrence  of  a  mudwave. 
Bathymetric  surveys  were  also  used  to  monitor 
the  quality  of  the  installation  procedure  and 
check  lift  thicknesses  below  the  river  level. 
In  general,  the  fill  placement  was  satisfactory 
and  no  mudwaves  were  detected. 

The  above-river  filling  was  conducted  by  con¬ 
structing  a  dike  along  the  river  slopes  to 
contain  the  dredge  fill.  Dredge  water  was 
directed  riverward  through  a  temporary  spillway 
scructure.  The  dredged  fill  was  placed  in 
approximately  horizontal  lifts  by  movement  of 
the  discharge  pipe  and  spreading  with  a  dozer. 
The  placement  procedures  resulted  in  an  in- 
place  density  of  the  fill  placed  above  the 
river  level  comparable  to  88  to  91%  of  the 
maximum  density  determined  by  ASTM  D  1557. 

Following  installation  of  the  slopes  and  the 
general  site  fill,  the  sand  slopes  were  trimmed 
to  the  specified  slope  of  2.25H:1V.  The  con¬ 
tractor  used  a  dozer  to  trim  the  slope  above 
the  river  level  and  a  barge-mounted  crane  oper¬ 
ating  a  5  cy  clamshell  bucket  to  trim  the 
underwater  slope.  The  contractor  initially 
attempted  to  trim  the  fill  slopes  using  the 
suction  dredge;  however,  control  of  the  cutter 
head  was  difficult  and  several  gouges  and  minor 
slope  failures  occurred  during  the  attempt. 
The  contractor  completed  the  remainder  of  the 
trim  excavation  using  the  barge  and  clamshell 
operation. 

The  slope  trimming  operation  was  followed  by 
the  placement  of  the  10-ft-thick  granular  con¬ 
fining  blanket.  The  material  was  barged  to  the 
site  and  unloaded  with  a  barge-mounted  crane 
operating  a  clamshell  bucket.  The  sandy  gravel 
fill  consisted  of  rounded,  well-graded  gravel 
and  cobbles  with  a  clean  sand  matrix.  Care  was 
taken  to  lower  the  bucket  below  the  surface  of 
the  water  to  minimize  fill  segregation  during 
installation. 

Following  installation  of  the  sandy  gravel 
blanket,  the  river  slopes  were  densified  using 
a  barge-mounted  vibratory  probe.  The  probe 
consisted  of  a  36-in. -diameter  open-end  pipe 
which  was  slowly  inserted  to  and  withdrawn  from 
the  bottom  of  the  fill  to  approximately  eleva¬ 
tion  -40  to  -53  ft  while  being  vibrated  with  a 
25,000  ft-lb  Toyamenka  6000  vibratory  hammer. 
The  generalized  zone  of  vibratory  densification 
is  shown  on  Figure  3 . 

Standard  penetration  tests  (SPTs)  were  used  to 
verify  densification  requirements  and  to  pro¬ 
vide  information  for  selecting  the  appropriate 
probe  spacing.  A  truck-mounted  drill  rig  oper¬ 
ating  from  a  barge  performed  the  SPTs  in  bor¬ 
ings  drilled  at  regular  intervals  along  the 
wharf  fill  slopes,  overdensif led  slopes  were  a 
concern  because  of  the  potential  for  difficult 
driving  of  the  wharf  piles.  Initial  tests 
indicated  that  probing  on  a  5-  by  5-ft  grid 
resulted  in  overdensif ication.  A  7-  by  7-ft 
grid  pattern  was  eventually  adopted  since  it 
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generally  produced  the  specified  density 
throughout  the  depth  of  sand  fill. 

Following  densif ication,  the  river  slopes  were 
steepened  to  1.75H:1V  by  placement  of  a  wedge 
of  8-in. -minus  fragmental  quarry  rock.  The 
quarry  rock  was  barged  to  the  site  and  in¬ 
stalled  on  the  slope  from  the  toe  upward  by  a 
barge-mounted  crane  a  4  cy  skip  bucket. 

The  sand  fill  was  placed  during  October  through 
December  1985,  when  the  level  of  the  Willamette 
River  was  in  the  range  of  elevation  +2  to  +5 
ft.  During  early  1986,  high  river  levels  up  to 
elevation  +18  ft  resulted  in  the  deposition  of 
3  to  7  ft  of  silt  at  the  toe  of  the  slope.  The 
silt  was  removed  prior  to  placement  of  the 
sandy  gravel  blanket  and  fragmental  rock  fill. 
Slope  construction  was  completed  after  driving 
of  the  wharf  piles  by  the  placement  of  the 
riprap  protection. 


PILE  INSTALLATION 


Support  for  the  wharf  structure  is  provided  by 
driven,  24-in. -octagonal  prestressed,  solid 
concrete  piles  having  a  design  capacity  of  225 
tons.  The  piles  were  driven  into  the  underly¬ 
ing  gravel,  and  pile  lengths  varied  from  108  to 
120  ft.  Alternating  piles  along  the  rear  cut¬ 
off  wall  were  designed  for  lateral  loads  only 
and  were  driven  to  tip  elevations  of  -60  ft. 
The  pile  driving  plant  consisted  of  a  large 
barge-mounted  crane  equipped  with  leads  and  a 
hydraulic  spotter.  Most  of  the  piles  were 
driven  with  a  Delmag  D46-32  diesel  hammer 
delivering  a  maximum  rated  energy  of  107,000 
ft-lbs.  In  an  attempt  to  increase  production, 
several  piles  were  driven  with  a  Delmag  D62-00. 

Prior  to  and  during  production  driving,  10  in¬ 
dicator  test  piles  were  driven  along  the  wharf 
alignment  to  determine  pile  length  requirements 
and  identify  potential  problems  in  advance  of 
the  production  driving.  Most  of  the  test  piles 
were  monitored  during  driving  by  the  Pile 
Dynamic  Analyzer  (PDA)  provided  and  operated  by 
Goble-Rausche-Llkens  (GRL) ,  of  Boulder, 
Colorado.  Information  obtained  from  the 
program  was  used  to  develop  terminal  driving 
criteria  and  select  appropriate  pile  lengths 
that  would  require  minimum  cutoff  and 
preferably  no  splicing.  In  addition,  the 
monitoring  provided  information  regarding  pile 
capacity,  driving-induced  stresses,  and  hammer 
and  cushion  performance. 

Production  piles  were  installed  over  a  7-month 
period  during  1986,  with  relatively  few  prob¬ 
lems.  A  localized  occurrence  of  piles  damaged 
during  driving  required  special  study  and  addi¬ 
tional  dynamic  testing.  The  monitoring  results 
indicated  that  the  hammer  had  an  increased 
efficiency  which  resulted  in  excessive  tensile 
stresses  during  initial  driving.  Pile  quality 
control  problems  were  also  considered  to  be  a 
contributing  factor  to  pile  damage.  Based  on 
the  monitoring  and  the  results  of  wave  equation 
analyses,  the  contractor  increased  the  thick¬ 
ness  of  the  wooden  pile  cushion  from  11.5  to  16 
in.  Most  of  the  piles  were  driven  5  to  10  ft 
into  the  underlying  gravel  stratum  with  a  ter¬ 
minal  driving  resistance  of  50  to  65  blows/ft. 


Some  difficulty  was  encountered  maintaining 
pile  position  and  alignment  during  initial 
driving  on  the  relatively  steep  slopes 
(1.75H:1V)  and  through  the  quarry  rock.  A  sub¬ 
stantial  number  of  piles  were  out  of  position 
and  alignment  following  completion  of  driving. 
Fortunately,  the  uniform  thickness  of  the  wharf 
deck  allowed  considerable  flexibility  using 
misaligned  and  out-of-position  piles. 


CONCLUSIONS 


The  Terminal  2  project  was  successfully  con¬ 
structed  on  schedule  and  within  budget.  Essen¬ 
tially  no  conditions  were  encountered  during 
construction  that  were  not  anticipated  in  the 
design  and  could  not  be  accommodated  or 
resolved  by  the  original  fill  and  construction 
plan.  The  project  involved  a  knowledgeable 
client,  a  design  team  with  extensive  waterfront 
experience,  a  thorough  geotechnical  investiga¬ 
tion,  and  a  qualified  contractor  who  understood 
and  appreciated  the  technical  considerations  of 
the  project.  The  primary  factors  contributing 
to  the  design  and  construction  of  the  project 
included  the  following: 

1)  Thick  fill  can  be  placed  over  soft,  sub¬ 
merged  sediments,  provided  the  fill  is  placed 
in  a  carefully  controlled  manner  so  that  fill- 
induced  stresses  are  essentially  uniform  at  all 
times.  This  requires  placement  of  at  least  the 
initial  thicknesses  of  the  fill  in  uniform  thin 
lifts. 

2)  Relatively  steep  (2.25H:1V)  underwater 
sand  fill  slopes  were  constructed  using  careful 
construction  procedures.  However,  slopes  must 
be  constructed  from  the  bottom  to  the  top. 

3)  Underwater  sand  fill  was  placed  by  hy¬ 
draulic  methods  as  steep  as  2.5H:1V.  The  in¬ 
clination  of  the  underwater  sand  fill  depends 
on  the  method  of  placement  and  the  quality  of 
the  dredged  sand. 

4)  The  relative  density  of  the  submerged 
sand  fill  was  increased  from  less  than  50%  to 
more  than  60%  by  densifying  with  vibratory 
pipe-pile  probes. 

5)  High-capacity,  24-in.  octagonal  concrete 
piles  were  successfully  driven  through  the  rel¬ 
atively  steep,  rock-filled  slope.  However,  it 
was  difficult  to  control  the  final  position  of 
the  pile  top  to  small  tolerances.  These  devia¬ 
tions  were  anticipated  and  accommodated  in  the 
wharf  design  by  the  uniform  thickness  of  the 
wharf  deck. 

6)  Actual  settlement  of  the  sand  fill  agreed 
well  with  the  predicted  settlements.  However, 
the  instrumentation  used  to  monitor  the  rate 
and  magnitude  of  the  fill  settlement  suffered  a 
high  rate  of  failure.  The  ability  of  pneumatic 
sensors  to  withstand  long  tubing  runs  and  large 
settlements  is  not  well  developed  at  this  time. 

7)  During  pile  driving,  the  pile  dynamic 
analyzer  (PDA)  was  a  valuable  tool  for  aiding 
the  evaluation  of  pile  hammer  performance, 
driving-induced  stresses,  and  estimated  pile 
capacity. 
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SYNOPSIS :  Geotextile  reinforcement  was  used  to  construct  an  embankment  for  a  four  lane  divided 
highway  over  up  to  22  feet  of  low  strength  peat-  The  embankment  had  heights  up  to  7  feet.  Special 
field  testing  and  conventional  laboratory  tests  were  performed  to  measure  the  shear  strength  and 
compressibility.  Stability  analysis  indicated  that  geotextile  reinforcement  could  be  used  to 
construct  a  stable  embankment  on  the  peat  deposit,  provided  the  geotextile  had  sufficient  strength 
to  prevent  rotational  shear  failure  and  to  limit  lateral  deformation  of  the  embankment. 
Construction  of  the  embankment  was  begun  in  late  summer  of  1984.  The  highway  opened  for  traffic  in 
late  1985.  Performance  of  the  embankment  was  monitored  during  and  after  construction.  The  design, 
construction  procedures,  and  results  of  the  settlement  monitoring  program  are  presented. 


BACKGROUND 

The  existing  U.S.  Highway  45,  located  south  of 
West  Bend,  Wisconsin,  had  experienced  a  poor 
safety  record.  The  Wisconsin  Department  of 
Transportation  (WDOT)  planned  to  construct  a 
four  lane  divided  by-pass  around  the  city.  The 
new  alignment  crossed  the  edge  of  Mud  Lake,  a 
filled  glacial  lake.  The  lake  contained 
significant  peat  deposits. 

Traditionally,  the  peat  soils  would  have  been 
displaced  or  excavated  and  replaced  with 
granular  fill.  However,  the  following 
constraints  precluded  the  conventional 
approach:  1)  No  disposal  sites  were  available 
for  the  organic  soils;  2)  Since  the  area  was 
considered  a  wetlands,  there  were  environmental 
concerns  related  to  excavating  the  organic 
soils;  3)  The  large  volumes  of  soils  involved 
would  have  resulted  in  large  costs;  4)  To  allow 
direct  observation  of  the  foundation,  expensive 
dewatering  would  have  been  required. 

As  a  resul*-  of  the  constraints,  the  design 
engineers,  J.C.  Zimmerman  Engineering 
Corporation,  contacted  their  geotechnical 
engineering  consultants,  STS  Consultants,  Ltd., 
concerning  the  feasibility  of  constructing  the 
embankment  over  the  organic  soils. 

SOIL  CONDITIONS 

Borings  performed  by  WDOT  showed  that  the 
organic  soils  occurred  over  a  span  of  2300 
feet.  The  peat  occurred  in  two  "basins"  that 
were  nearly  separated  by  a  ridge  of  inorganic 
soil.  In  the  south  basin  the  peats  were  up  to 
22  feet  thick  and  in  the  north  basin  were  up  to 
18  feet  thick.  Since  the  embankment  crossed 
the  west  edge  of  the  lake,  the  ground  surface 
declined  to  the  east  and  the  organic  soils 
became  thicker  to  the  east. 

Three  distinctive  organic  layers  were 
encountered.  The  upper  layer  was  a  root  mat 


having  a  thickness  of  zero  to  2  feet.  The 
second  layer  was  a  relatively  decomposed 
fibrous  peat  ranging  in  thickness  from  4  to  18 
feet.  The  fibrous  peat,  which  occurred  at  all 
locations  that  were  explored,  had  losses  on 
ignition  ranging  from  60  to  90%  and  water 
contents  typically  ranging  from  100  to  1000%, 
The  third  layer,  which  was  primarily 
encountered  in  the  south  basin,  was  an 
amorphous  type  sedimentary  peat  found  below  the 
fibrous  peat.  The  sedimentary  peat  had 
ignition  losses  of  less  than  10%  and  water 
content  ranging  from  40  to  approximately  250%. 

The  organic  soils  were  underlain  by  inorganic 
silty  and  sandy  soils  that  were  generally  in  a 
loose  to  medium  dense  condition. 

The  strength  of  the  organic  soils  was  initially 
measured  in  the  WDOT  laboratory  by  means  of 
numerous  unconfined  compression  tests  and  by  a 
single  direct  shear  test. 

In  order  to  provide  better  definition  of  the 
shear  strength  of  the  organic  soil,  the 
geotechnical  engineer  undertook  a  program  of 
field  testing.  This  included  both  conventional 
vane  shear  tests  and  a  new  small-diameter  plate 
bearing  device.  This  device  consisted  of  a  3 
inch  diameter  disc  that  was  connected  to  a 
smaller  diameter  push  rod  by  means  of  a  load 
cell.  Due  to  the  small  diameter  plate  and  the 
weak  soils,  it  was  possible  to  manually  push 
the  rod  into  the  soil.  By  virtue  of  its 
location,  the  load  cell  ignored  the  effect  of 
friction  on  the  rod.  The  shear  strength  of  the 
organic  soil  was  calculated  using  the  bearing 
capacity  equation  for  "deep  foundations". 

Typical  strength  results  from  laboratory  and 
field  tests  are  shown  on  Figure  No.  1.  The 
data  shown  is  from  the  south  basin  and 
represents  all  three  organic  layers.  As  shown 
on  the  figure,  the  strengths  ranged  from  30  to 
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520  psf,  with  the  lower  strengths  measured  in 
the  amorphous  peat  layer. 
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Figure  2  Soil  Model 


Figure  1  Comparison  of  StrengL.i  Tests 


In  the  authors'  opinion,  the  in-situ  test 
results  appeared  to  provide  the  most  reliable 
shear  strength  for  the  organic  material. 

To  evaluate  embankment  settlement  numerous 
standard  consolidation  tests  were  performed  in 
the  WDOT  laboratory.  These  tests  indicated 
compression  indices  ranging  from  0,1  to  5.0. 
The  tests  performed  on  fibrous  peat  had 
compression  indices  greater  than  1.7.  Tests  on 
sedimentary  peat  indicated  compression  indices 
of  1.0  or  less. 

Additionally,  several  long  term  consolidation 
tests  were  performed  to  measure  the  secondary 
compression  coefficient.  The  tests  indicated 
secondary  compression  coefficients  ranging  from 
0.009  to  0.029.  The  lowest  coefficient  was 
measured  for  sedimentary  peat,  while  the  higher 
values  were  measured  on  fibrous  peat.  The  1/3 
order  of  magnitude  variation  in  secondary 
compression  coefficient  between  the  two  types 
of  peat,  indicated  relatively  uniform  secondary 
compression  behavior. 

SOIL  MODEL  FOR  STABILITY  ANALYSES 


A  soil  model  was  developed  for  each  of  the 
zones  so  that  slope  stability  analyses  could  be 
performed . 


For  the  purposes  of  this  paper,  only  the 
analysis  of  the  most  critical  zone  will  be 
reviewed.  The  soil  model  for  this  zone, 
illustrated  on  Figure  No.  2,  included  fibrous 
peat  occurring  in  a  layer  extending  from  4  to 

15  feet  below  the  surface.  This  layer  was 

thickest  at  the  western  end  of  the 

cross-section  and  the  thickness  decreased 
toward  the  east.  On  the  basis  of  field 
testing,  this  layer  was  assigned  a  shear 

Strength  of  250  psf. 


At  the  east  end  of  the  cross-section,  the 
fibrous  peat  was  underlain  by  sedimentary  peat 
having  a  thickness  of  15  feet  near  the  extreme 
east  end  of  the  section.  The  thickness  of  this 
layer  decreased  to  the  west  and  the  layer 
tapered  out  completely  about  20  feet  east  of 
the  embankment  centerline.  This  sedimentary 
peat  layer  was  assigned  a  shear  strength  of  100 
psf  based  on  the  field  test  results. 

The  fibrous  and  sedimentary  peats  were 
underlain  by  a  localized  sandy  sedimentary  peat 
deposit  that  extended  about  20  to  30  feet  on 
either  side  of  the  embankment  centerline.  This 
layer  was  assigned  a  shear  strength  of  400  psf. 

The  organic  soils  were  underlain  by  inorganic 
silts  and  sands  which  were  assigned  a  friction 
angle  of  26  degrees. 

DESIGN  REQUIREMENTS 


An  embankment  having  a  maximum  height  of  7  feet 
was  necessary  to  meet  final,  after  settlement, 
grade  requirements. 

For  the  normal  long  term  situation  a  factor  of 
safety  of  1.5  was  required.  Although  somewhat 
conservative,  it  was  felt  that  this  factor  of 
safety  would  result  in  a  better  long-term 
performance  of  the  embankment.  However,  for  a 
short  term  condition,  such  as  initial  fill 
placement,  or  the  placement  of  surcharge  fill, 
a  factor  of  safety  of  1.3  was  considered 
adequate  . 

STABILITY  ANALYSIS 

The  stability  of  the  unreinforced  embankment 
was  first  analyzed  for  bearing  capacity  and 
rotational  shear  stability  using  conventional 
geotechnical  techniques.  The  slope  stability 
analyses  were  made  using  the  computer  program 
STABL  developed  by  Purdue  University.  This 
program  calculates  the  factor  of  safety  by  the 
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method  of  slices.  The  analyses  employed  the 
modified  Bishop  method  which  is  applicable  to 
circular  failure  surfaces  and  the  simplified 
Janbu  method  applicable  to  failure  surfaces  of 
general  shape. 

The  STABL  program  features  unique  random 
techniques  for  the  generation  of  potentional 
failure  surfaces  for  subsequent  determination 
of  the  more  critical  factors  of  safety. 
Typically,  50  to  100  yctuntial  failure  surfaces 
were  analyzed  for  each  case.  Both  circular  arc 
and  sliding  block  surfaces  were  considered  in 
the  analyses. 

For  normal  weight  fill,  factors  of  safety 
ranged  from  0.72  for  4:1  embankment  side 
slopes,  to  0.87  for  8:1  side  slopes.  Both 
values  are  well  below  the  desired  factor  of 
safety.  The  critical  result  of  the  slope 
stability  analysis  was  checked  manually  using 
the  method  of  slices.  The  manually  calculated 
factors  agreed  within  0.1,  which  was  considered 
good  agreement. 

For  the  analysis,  it  was  apparent  that  the 
embankment  could  not  be  constructed  without 
some  form  of  subgrade  or  embankment  modifica¬ 
tion.  Since  excavation  and  replacement  was  not 
a  viable  alternative,  other  methods  including 
the  use  of  wick  drains,  stone  columns,  light 
weight  fill,  piles,  as  well  as  soil  reinforc¬ 
ement  were  considered.  After  a  comparison  of 
the  methods  with  respect  to  feasibility, 
performance  and  cost,  it  was  apparent  that  the 
use  of  geosynthetics  was  the  most  effective 
alternative.  The  use  of  metallic  reinforcement 
was  excluded  due  to  the  high  corrosion 
potential  in  the  acidic  organic  soils  and 
relatively  high  cost. 

EMBANKMENT  REINFORCEMENT 

By  placing  high  tensile  strength  reinforcement 
at  the  base  of  the  embankment,  the  stability  of 
the  embankment  could  be  improved  through 
increased  shear  resistance  offered  by  the 
reinforcement.  In  addition,  the  reinforcement 
theoretically  provided  additional  stiffness  to 
the  base  of  the  embankment,  allowing  for  a  more 
uniform  distribution  of  embankment  loads.  As 
the  reinforcement  should  also  reduce  shear 
stresses  at  the  embankment  subgrade  interface, 
it  aided  in  reducing  the  potential  for  lateral 
s.,rijading  of  the  embfnkment  over  the  weak 

subgrade . 

Other  reasons  for  using  geosynthetic  reinforce¬ 
ment  included: 

1.  Allowing  for  initial  support  of  vehicles 
out  over  the  soft  soil  deposits,  so  that 
fill  could  be  placed. 

2.  Providing  for  more  controlled  construc¬ 
tion,  less  disturbance,  and  less 
displacement  of  the  organic  soil  during 
construction . 

3.  Preventing  the  embankment  from  penetrat¬ 
ing  downward  into  the  soft  subgrade. 

4.  Maintaining  the  integrity  and  uniformity 
of  the  embankment  construction.  The 


reinforcement  was  not  anticipated  to 
reduce  settlement  of  the  embankment  but 
was  assumed  to  provide  for  a  more 
uniform  settlement.  As  such,  the 
geosynthetic  was  anticipated  to  reduce 
differential  settlement  at  points  of 
transition  in  organic  soil  thickness. 

REINFORCEMENT  REQUIREMENTS 

Analyses  were  carried  out  in  order  to  determine 
the  strength  of  the  reinforcement  necessary  to 
enable  the  proposed  embankment  to  be  con¬ 
structed  to  its  full  height.  The  calculation 
method  utilized  the  critical  failure  surface 
from  the  slope  stability  analysis  of  the 
unreinforced  section  to  determine  the  resisting 
moments  required  to  raise  the  factor  of  safety 
above  1.3  at  the  end  of  construction.  This 
additional  resisting  moment  was  then  assumed  to 
be  developed  by  the  reinforcing  element.  The 
strength  required  of  the  reinforcing  and  its 
location  was  then  determined  analytically.  The 
long-term  factor  of  safety  was  met  through 
post-construction  (consolidation)  shear 
strength  gains  in  the  subgrade. 

Several  methods  of  analyzing  the  required 
strength  of  the  geosynthetic  were  used  as 
summarized  in  the  FHWA  Geotextile  Engineering 
Manual,  (Christopher  and  Holtz,  1585).  The 
methods  included  those  proposed  by  Fowler,  1980 
and  Wager,  1981.  The  Fowler  method  assumes 
that  the  reinforcement  is  placed  in  tension  by 
alignment  tangent  to  the  failure  surface  such 
that  the  resisting  moment  provided  by  the 
geotextile  is  equal  to  the  radius  of  the  circle 
times  the  allowable  strength  in  the  reinforce¬ 
ment.  Please  refer  to  Figure  No.  3.  The 
increase  in  resisting  force  is  defined  by  the 
following  equation: 

=  T  R  (1) 


Figure  3  Geotextile  Reinforcement  Model 


The  Wager  method  uses  a  vector  approach  which 
accounts  for  soil-fabric  interaction  plus  the 
strength  of  the  textile.  The  Wager  method 
allows  for  the  soil-fabric  friction  by  adding 
the  geotextile  tensile  strength  (T)  times  the 
height  (Y)  of  the  radius  point  of  the  slip 
circle  above  the  fabric,  to  the  textile 
strength  times  the  horizontal  component  of  the 
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radius  (X)  times  the  tangent  of  the  embankment 
fill  friction  angle  (0).  See  Figure  No.  3. 
Therefore,  the  increase  in  resisting  moment 
(M^)  provided  by  the  geosynthetic  is  defined  by 
the  following  equation: 

M^  =  T  Y  +  T  X  tan  0  (2) 

For  highly  deformable  soils  such  as  peat,  it 
was  our  opinion  that  the  Wager  method  provided 
a  realistic  model  and  was  used  for  the  final 
selection.  For  other  less  deformable  soil  con¬ 
ditions,  the  Fowler  and  Wager  methods  may  be 
non-conservative  (Bonaparte  and  Christopher, 
1987)  . 

The  geosynthetic  reinforcement  analysis  indi¬ 
cated  that  at  the  most  critical  location,  a 
total  reinforcement  tensile  strength  on  the 
order  of  1500  Ib/in  would  be  required.  Even 
though  this  is  a  relatively  high  geosynthetic 
strength  requirement,  it  could  be  easily  be  met 
by  commercially  available  products  if  several 
layers  of  geosynthetic  were  used.  By  consider¬ 
ing  several  layers,  other  efficiencies  could  be 
gained  as  strength  requirements  were  neither 
uniform  across  the  site  nor  along  the 
alignment . 

Several  items  were  required  to  assure  compat¬ 
ibility  of  the  multiple  layers.  Firstly,  the 
reinforcement  layers  were  separated  by  a 
minimum  of  one  foot  of  granular  soil  such  that 
maximum  soil-fabric  friction  could  be  achieved 
by  each  layer.  Secondly,  similar  stress-strain 
characteristics  were  required  of  each  layer 
such  that  strength  requirements  were  achieved 
at  compatible  strains.  Finally,  a  re-analysis 
was  made  to  verify  the  strength  requirements 
for  each  successive  layer. 

The  reinforcing  requirements  were  also 
evaluated  with  respect  to  the  ability  of  the 
reinforcement  to  limit  lateral  movement  of  the 
embankment.  An  analysis  was  made  to  determine 
the  factor  of  safety  against  the  embankment 
fill  sliding  laterally  on  top  of  the  reinforc¬ 
ing  material.  A  soil-fabric  friction  angle  of 
25°  was  required.  An  analysis  was  then  made  to 
determine  the  strength  of  the  reinforcing 
required  to  resist  substantial  lateral 
movement.  The  force  to  be  resisted  was  assumed 
to  be  the  force  resulting  from  the  active 
lateral  pressure  at  the  base  of  the  embankment 
with  an  applied  factor  of  safety  of  1.5. 

As  substantial  movement  was  anticipated  along 
the  alignment  of  the  embankment  during 
construction,  the  above  lateral  spreading 
analysis  was  also  used  to  determine  the 
required  geotextile  strength  in  that  direction. 

A  limiting  design  strain  was  then  established 
to  control  the  lateral  and  longitudinal  move¬ 
ment  at  the  design  strength  requirements.  A 
limiting  strain  of  less  than  10%  was  selected 
to  reduce  the  potential  for  tension  cracking  in 
the  embankment  following  construction  {5% 
induced  strain  was  assumed  during  construc¬ 
tion).  Geotextile  requirements  will  be 
detailed  in  a  later  section. 


The  reinforced  embankment  was  then  checked  for 
overall  bearing  capacity  failure.  Since  the 
reinforcement  was  designed  to  prevent  local 
shear  failure,  the  stress  at  the  base  of  the 
embankment  could  then  be  assumed  to  be 
distributed  more  over  the  full  width  of  the 
embankment.  A  classical  (Prandtl)  analysis 
averaging  the  strength  of  all  soils  within  the 
classical  failure  zone  indicated  a  factor  of 
safety  in  excess  of  1.5.  However,  it  is 
unlikely  that  an  embankment  that  is  wide 
relative  to  the  thickness  of  the  underlying 


soft  layer  would  fail  in  this  mode.  A  more 
probable  mode  of  failure  would  involve  the 
lateral  squeezing  of  soils  from  beneath  the 
embankment.  An  elastic  shear  stress  versus 
shear  strength  analysis  (Jurgenson:  Boston 
Society  of  Civil  Engineers,  1934)  at  the  edge 
of  the  embankment  indicated  an  unsafe  condition 
in  the  lower  strength  subgrade  area  (factor  of 
safety  approximately  1).  Passive  pressure  and 
shear  resistance  analysis  indicated  higher 
factors  of  safety.  Due  to  the  possibility  of 
low  factors  of  safety  in  these  areas.  Special 
construction  procedures  were  recommended  to 
increase  stability,  including  the  use  of  a  berm 
at  the  toe  of  the  embankment  in  those  sections 
to  provide  additional  lateral  resistance  and 
the  construction  of  a  berm  prior  to  to  con¬ 
struction  of  the  embankment  to  contain  soil  and 
prevent  it  from  squeezing  laterally.  These 
construction  techniques  are  typically  referred 
to  as  mud  wave  construction  techniques  and  will 
be  reviewed  further  in  the  construction  details 
section . 

EMBANKMENT  SETTLEMENT 

The  settlement  of  the  embankment  was  calculated 
two  ways  using  the  results  of  the  laboratory 
consolidation  tests.  The  first  way  involved  a 
conventional  consolidation  theory  using  the 
compression  index  measured  by  the  conventional 
laboratory  consolidation  tests.  Using  this 
method,  extremely  large  settlements  were  pre¬ 
dicted.  In  most  cases,  the  predicted  settle¬ 
ment  exceeded  the  height  of  the  embankment. 
While  it  is  certainly  possible  for  the 
settlement  to  exceed  the  height  of  fill  placed, 
this  was  not  judged  to  be  likely  based  upon 
past  experience. 

The  second  method  of  predicting  settlement  was 
more  simplistic.  This  method  used  the  results 
of  the  long-term  consolidation  tests  that  were 
performed  in  the  laboratory.  In  this  method, 
the  predicted  settlement"  was  equated  to  the 
compression  measured  in  the  laboratory  under  a 
similar  pressure  times  the  ratio  of  the  thick¬ 
ness  of  the  compressing  soil  in  the  field  to 
the  laboratory  sample  thickness.  The  results 
of  three  long-term  consolidation  tests  per¬ 
formed  at  a  constant  load  increment  of  1000 
psf,  the  maximum  pressure  expected  to  result 
from  embankment  construction,  were  used  for 
this  analysis.  The  pertinent  compression  was 
taken  to  be  that  occurring  at  the  completion  of 
full  primary  consolidation. 
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Based  upon  this  analysis  the  calculated  primary 
settlement,  under  an  embankment  load  of  1000 
psf  and  assuming  a  20  foot  peat  thickness, 
ranged  from  8  inches  to  28  inches. 

In  addition  to  the  primary  consolidation 
discussed  above,  secondary  compression  of  the 
peat  was  anticipated.  The  secondary  compres¬ 
sion  was  computed,  based  upon  the  coefficient 
of  secondary  compression  determined  from  the 
long-term  consolidation  tests. 

The  predicted  total  settlement  including  the 
primary  consolidation  and  the  secondary  com¬ 
pression  is  summarized  on  Figure  No.  4.  The 
wide  band  of  settlement  resulted  from  varia¬ 
tions  in  laboratory  consolidation  test  results. 
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Fijijro  4  Predicted  Settlement 


The  noted  settlement  was  for  the  conditions  of 
20  feet  of  compressing  soil  and  an  embankment 
load  corresponding  to  1000  psf.  Where  the 
embankment  was  lower  or  where  the  thickness  of 
the  organic  soil  was  less,  proportionately  less 
total  settlement  was  anticipated. 

GEOTEXTILE  SPECIFICATIONS 


The  specifications  that  were  prepared  for  the 
project  are  summarized  on  Table  No.  1  which 
follows : 

Each  fabric  roll  was  required  to  be  marked 
showing  the  type  of  fabric  upon  delivery  to  the 
field.  Two  (2)  copies  of  the  mill  certificates 
for  the  geotextile  were  required  to  be  provided 
with  each  shipment  of  the  fabric. 

Testing  by  an  independent  agency  was  specified 
to  confirm  the  design  parameters.  A  complete 
design  parameter  test  series  was  required  for 
the  first  shipment  to  the  site.  Additonal  sets 
of  strength  and  modulus  parameters  were 
required  for  each  additional  10,000  square 
yards  used  on  the  project. 
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since  the  geotextile  contributed  significantly 
to  the  strength  of  the  embankment,  seams  were 
allowed  only  in  the  transverse  direction,  the 
direction  in  which  the  shearing  stresses  were 
lower.  The  seams  were  required  to  develop  the 
specified  strength  of  the  geotextile  in  the 
cross  direction.  The  seams  were  required  to  be 
sewn  with  thread  having  equal  or  greater 
strength  and  durability  as  the  material  of  the 
geotextile.  The  seams  were  specified  to  be 
double  sewn  with  parallel  stitching  approxi¬ 
mately  1/2  inch  apart.  Chain-lock  seams  were 
required  to  reduce  the  potential  for  unravel¬ 
ing.  The  sewn-fold  was  required  to  be  placed 
on  the  upper  surface  of  the  geotextile  to 
facilitate  observation  of  the  seams. 


CONSTRUCTION  DETAILS 

The  following  items  briefly  highlight  major 

construction  procedures: 

.  A  well-graded  granular  fill  was  specified  to 
facilitate  placement  and  compaction.  It  was 
also  felt  that  granular  fill  would  be  more 
tolerant  of  the  anticipated  settlement. 

.  The  bottonr  1.5  feet  of  fill  was  specified  to 
contain  less  than  5%  fines  in  order  to 
function  as  a  drainage  layer. 

.  Side  slopes  were  specified  to  be  4  (horizon¬ 
tal)  :  1  (vertical)  or  flatter.  A  10  foot 

wide  toe  berm  was  required  for  embankment 
heights  greater  than  10  feet. 

.  The  lower  geotextile  reinforcement  layer 
extended  across  the  full  embankment  width. 
The  upper  geotextile  extended  10  feet  beyond 
the  embankment  crests. 

.  The  east  half  of  the  embankment  was  filled 
only  to  half  height  during  the  first  con¬ 
struction  season.  Thus,  it  served  as  a 
temporary  berm  for  the  higher  western  half  of 
the  embankment. 

.  The  temporary  berm  allowed  a  surcharge  to  be 
placed  on  the  western  half  of  the  embankment 
to  accelerate  settlement. 
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A  minimum  of  3  feet  of  separation  between  the 
peat  and  the  pavement  subgrade  was  required. 

felled  trees  were  left  in  place  to  create  a 
"corduroy  road",  which  aided  traff  icing  on 
the  subgrade  and  provided  slight  additional 
reinforcement.  The  length  of  trees  was 
oriented  perpendicular  to  the  embankment 
al ignment . 

The  contractor  opted  to  place  a  low  strength 
"sacrificial"  geotextile  directly  above  the 
felled  trees.  Drainage  fill  was  placed  on 
the  "sacrificial"  fabric  to  provide  a  working 
platform . 

The  first  layer  of  geotextile  reinforcement 
was  smoothly  rolled  out  on  the  working 
platform.  The  fabric  was  pulled  as  taut  as 
possible  to  remove  wrinkles  and  then  sewn  as 
spec i f ied  . 

The  placement  of  subsequent  fill  was  ini¬ 
tiated  at  the  toe  of  the  embankment  and 
proceeded  toward  the  center.  The  settlement 
occurring  at  the  toes  further  tensioned  the 
fabric  . 

No  turning  of  the  fill  placement  vehicles 
was  allowed  on  the  first  lifts  of  fill. 

The  height  of  fill  piles  was  restricted  to  3 
feet  before  blading.  No  fill  piles  were 
allowed  to  remain  overnight.  Side  slopes 
were  not  allowed  to  become  steeper  than  4:1 
at  any  time. 


EMBANKMENT  PERFORMANCE 

Monitoring  of  the  construction  operations  and 
the  performance  of  the  embankment  was  provided 
by  WDOT. 

The  instrumentation  that  was  installed  included 
settlement  plates,  pore  pressure  piezometers 
and  inclinometers.  The  majority  of  the  instru¬ 
mentation  was  concentrated  where  the  organic 
soils  were  weakest  and  thickest.  The  primary 
data  related  to  settlement  of  the  embankment  is 
discussed  in  the  following  paragraphs. 

The  during  construction  and  immediate  post- 
con-.truction  performance  of  the  embankment,  as 
determined  by  monitoring  the  settlement  plates, 
was  as  predicted.  In  most  areas,  the  settle¬ 
ment  which  had  occurred  at  the  time  of  pavement 
construction  was  in  the  range  of  2  to  4  feet. 
The  one  exception  was  in  the  localized  area 
where  overfilling  caused  shear  displacement 
that  resulted  in  6  feet  of  apparent  settlement. 

It  is  believed  that  early  during  construction, 
a  localized  seam  failure  occurred  in  the 
sacrificial  fabric  at  this  location.  The 
failure  likely  resulted  from  the  unintentional 
placement  of  excessive  fill  in  this  area,  which 
overstressed  the  seam.  Several  feet  of  excess 
fill  was  placed  in  this  area  before  the  failure 
was  detected.  The  large  movement  observed  at 
the  east  side  at  Station  395+00  appeared  to 
result  from  shear  d isplacement-not  consolida¬ 
tion  settlement. 


The  area  was  repaired  by  filling  the  depression 
with  light  weight  fill  (branches  and  twigs)  up 
to  the  surrounding  fill  surface.  The  area  was 
then  covered  with  an  additional  sacrificial 
geotextile  layer,  which  overlapped  a  minimum  of 
5  feet  over  the  stable  surrounding  fill. 
Conventional  procedures  then  resumed,  including 
placement  of  the  two  high  strength  geotextile 
reinforcing  layers. 

The  post-paving  performance  of  the  embankment 
has  been  as  good  or  slightly  better  than 
predicted.  Survey  markers  installed  on  the 
pavement,  shortly  after  placement,  experienced 
from  zero  to  5  inches  of  settlement  during  the 
subsequent  year  and  a  quarter.  Since  post¬ 
paving  differential  settlement  has  occurred 
over  a  long  span,  the  distortion  is  minimal  and 
rideability  of  the  section  is  considered  good. 

CONCLUSIONS 

1.  Geosynthetic  reinforcement  can  be 
engineered,  using  procedures  discussed  herein, 
to  allow  the  support  of  embankments  over  weak 
foundations . 

2.  Geosynthetic  reinforcement  is  a  cost-effec¬ 
tive  method.  It  is  conservatively  estimated 
that  $400,000  was  saved  on  the  Highway  45 
project,  when  compared  to  more  conventional 
alternatives . 


3.  The  settlement  of  embankments  can  be 
predicted  using  methods  discussed  herein. 

4.  The  geotextile  reinforced  embankment  can  be 
tolerant  of  significant  settlement. 

5.  The  post-pavement  construction  settlement 
has  been  slight  and  the  rideability  of  the 
highway  is  excellent. 

6.  Close  construction  monitoring  is  important 
and  should  be  considered  an  extension  of  the 
design  process. 
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SYNOPSIS  In  a  road  widening  project,  tensile  inclusions  were  used  to  stabilize  some  parts  of  cut 
slope  works.  The  site  condition  and  the  construction  of  reinforced  slope  cutting  are  presented.  A 
full  scale  field  test  on  a  reinforced  cut  slope  was  performed  being  incoiporated  with  this  road 
widening  project.  The  field  test  consisted  of  a  field  loading  test  and  a  field  excavation  test. 
Details  of  the  field  test,  field  measurements  and  site  observation  are  presented.  Finite  element 
analysis  of  '  le  field  test  is  performed.  Based  on  the  field  measurements  together  with  the 
analytical  r'’'^  Its,  the  reinforcement  mechanism  of  a  re.n.forced  cut  slope  under  a  surcharge  load 
and  that  under  an  effect  of  excavation  are  discussed. 


INTRODUCTION 

Natural  slope  stabilization  by  means  of  tensile 
inclusions,  that  is,  root  piles  or  soil  nailing, 
has  attracted  special  interests  recently.  Reti¬ 
culated  root  piles  which  is  an  in-situ  soil 
reinforcing  technique  were  employed  to  stabilize 
some  parts  of  cut  slope  works  in  a  road  widening 
project,  in  Osaka,  Japan.  The  reinforcement 
mechanism  and  its  estimation  in  practical  pro¬ 
jects,  however,  have  not  been  elucidated  yet. 
Therefore,  a  full  scale  field  test  was  performed 
being  incorporated  with  this  road  widening  pro¬ 
ject.  The  field  test  consisted  of  a  field 
loading  test  and  a  field  excavation  test.  Long 
term  site  observation  program  continued  to  moni¬ 
tor  the  performance  of  the  reinforced  cut  slope. 

In  this  paper,  first  the  general  grc’nd  condi¬ 
tion  of  the  site  of  the  road  widening  project 
and  the  construction  of  the  reinforced  slope 
cutting  are  described.  Then  the  detail  of  the 
field  test,  field  measurements  and  the  site 
observation  are  presented.  Finite  element  analy¬ 
sis  of  the  field  test  is  carried  out.  Finally, 
based  on  the  field  measurements  together  with 


Fig.  1  Plan  of  the  Reinforced  .Slope  Cutting 


the  analytical  results,  the  reinforcement  mecha¬ 
nism  of  the  reinforced  slope  cutting  under  a 
surcharge  load  and  that  under  the  effect  of 
excavation  are  discussed. 

ROAD  WIDENING  P.ROJECT 

Site  condition 

The  site  is  located  on  a  mountainous  region  in 
the  suburbs  of  Osaka,  Japan.  The  site  consists 
dominantly  of  gne i s s - gr an  1 1 e  deposit.  The  ex¬ 
isted  road  is  at  the  mid-level  of  slope  with 
the  elevation  of  about  300m  above  sea  level.  The 
slope  consists  of  an  inclined  soft  rock  stratum 
overburdened  by  a  completely  decomposed  granite 
residual  soil  layer  of  several  meters  with  a  dip 
of  20‘’-35°.  In  the  nearby  area  a  slope  failure 
happened  previously  during  the  cutting  in  the 
road  widening  works. 

Construction  of  the  reinforced  cutting 

In  order  to  ensure  the  long  term  slope  stability 
of  the  cut  slope  and  the  safety  of  the  cutting 
during  construction,  slope  stabilization  by  root 
piles  was  used  in  some  part  of  cutting  in  the 
road  widening  project.  The  proposed  plan  and 
section  of  the  reinforced  slope  cutting  are 
shown  in  Figs.l  and  2,  respectively. 


Fig.  2  Section  of  the  Reinforced  Slope  Cutting 
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Photo  1 


General  View  of  the  Root  Pile  Head 


Construction  of  the  Reinforced  Slope 
Cutting  in  Progress 

The  extent  of  the  reinforced  slope  cutting  works 
IS  46.75n  long  and  the  proposed  reinforced  cut¬ 
ting  IS  in  a  gradient  of  1:0.5.  The  excavation 
IS  carried  out  by  steps  with  a  pitch  of  2.5m. 
After  the  c^upletion  of  each  step  of  excavation, 
drilling  hole  of  diameter  of  116mm  is  formed  by 
a  rotary  drill  (see  Photo  1).  The  reinforcement 
of  root  pile  is  a  small  steel  pipe  with  36mm 
diameter  and  6mm  thickness.  The  root  pile  is 
formed  by  grouting  the  steel  pipe  with  expansive 
mortar.  In  order  to  increase  the  bond  between 
the  mortar  and  reinforcement,  a  special  ring  is 
fixed  in  the  steel  pipe  at  500mm  interval.  The 
head  of  the  root  pile  is  fixed  with  a  bearing 
plate  and  a  nut,  as  shown  in  Fig. 3.  The  surface 
of  the  cutting  is  protected  by  30mm  thick  mortar 
with  a  steel  miesh  (see  Photo  2).  The  sequence  of 
construction  of  root  oile  is  illustrated  in 
Fig. 4  . 


Fig.  3  Section  of  the  Root  Pile 


;  SITE  FOR.MATIO.\’  j 
rriiSTALLATION  OF  DRILL  I 
r DRILLING  I 

FTlacing  reinforcement  I 
i  GROUTING  AND  WITHDRAWING  CASING~| 


i  FIXIh'G 

PILE  HEAD  1 

1  MORTAR 

SURFACING  1 

Fig.  4  Construction  Sequence  of  Root  Pile 


Photo  2 

Design  of  reinforced  slope  cutting 

Codes  or  Standards  on  the  slope  stabilization  by 
tensile  inclusions  have  not  been  established 
yet.  In  this  project  the  reinforced  cutting  is 
designed  by  empirical  method.  The  unreinforced 
cut  slope  IS  first  analyzed  by  limit  equilibrium 
sl''pe  stability  method.  Then  the  tensile  force 
of  reinforcement  to  obtain  a  required  factor  of 
safety  of  the  cutting  is  estimated.  From  the 
required  tensile  force  of  the  reinforcements, 
length,  arrangement  and  inclination  of  the  rein¬ 
forcements  are  determined  by  considering  the 
ultimate  allowable  ttress  of  the  section  of  the 
reinforcement  and  the  ultimate  allowable  bond 
stress  between  the  reinforcement  and  the  soil. 

The  gen'^ral  design  apnroach  for  the  slope  stabi¬ 
lity  analysis  on  a  slope  cutting  stabilized  by 
tensile  inclusions  is  illustrated  in  Fig. 5.  The 
analysis  of  the  reinforced  cutting,  the  equilib¬ 
rium  of  forces  and  the  strain  compatibility 
between  the  reinforcement  and  the  soil  should  be 
satisfied.  In  the  limit  equilibrium  analysis 
the  strain  compatibility  condition  is  not  satis¬ 
fied.  It  seems  that  the  deformation  analysis  by 
finite  element  method  could  be  a  better  solution 
for  the  reinforced  cutting  analysis.  An  appro¬ 
priate  design  method  of  a  reinforced  slope  cut¬ 
ting  cannot  be  developed  if  the  mechanism  is  not 
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I  SITE  CONDITION  ! 
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Fig.  5  Design  Approach  of  Reinforced  Slope 
Cut  ting 
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Table  2 


Parameters  of  Soil  and  Soft  RocK 


Locations  of 

Samp’  a 

Tf'st  I  t  omn 

C 

D 

r* 

Unit  Weiqtit  (qt/cm’) 

1.97 

1  .96 

1  .90 

Wilt  or  ('on  tent  (^) 

8  .  3 

5.7 

1  4 . 0 

Vo  i  Rat  1  o 

0 . 5S 

0.55 

0 . 56 

I  qn  i  t  i  on  l.os  ) 

3.7 

3.5 

6. 1 

Fiq.  8  Construction  Sequence  of  Roittforced 
Slope  Cutting 


Instrumentat ion 

The  instrumentation  consisted  of  numbers  of 
strain  gauges  on  the  reinforcement,  six  dial 
indicators  on  the  surface  of  the  cutting,  an 
inclinometer  in  the  borehole  and  two  settlement 
plates  on  the  top  of  cut  slope,  as  shown  in 
Fig. 6. 

Limit  equilibrium  analysis 

The  limit  equilibrium  analysis  was  performed 
using  the  method  of  slices  by  assuming  a  circu¬ 
lar  slip  surface.  The  material  properties  were 
estimated  from  the  N  values  obtained  from  the 
borenoie  and  the  bacx  analysis  of  the  previous 
landslide.  The  parameters  of  the  soil  and  the 
soft  rock  used  in  the  slope  stadility  analysis 
are  summarized  in  Table  2. 

Figs. 9  and  10  show  the  results  of  slope  analysis 
of  the  unreinforced  slope  under  the  surcharge 
load  and  the  effect  of  excavation,  respectively. 
The  minimum  of  factors  of  safety  obtained  from 
the  limit  equilibrium  analysis  are  summarized  in 
Table  3. 


Parameters 

So  i  1 

Soft  Rock 

c  ( t  f  /  m '  ) 

1  .  0 

1  .0 

t'  (df^qree) 

19.0 

45.0 

Un  i  t  We  i  q  )it  {  t  f  / m  ’  ) 

1  .80 

2.00 

Fig.  9  Slope  Stability  Analysis  of  a  .Slope 
under  a  Surcharge  Load 


Fig.  10  Slope  Stability  Analysis  of  a  Slope 
under  an  Effect  of  Excavation 


Table  3  Factors  of  Safety  of  the  Unreinforced 
Cut  Slope 


Cases 

Factor 

of  Safety 

Load  Test 

Excavation  Test 

Case  1 

0.835 

0.763 

Case  2 

0 . 799 

0 . 7  3  5 

Case  3 

0.745 

0 . 666 

Case  4 

0.697 

0 . 666 

Ca  so  5 

0.655 

0.615 
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Field  loading  test  and  field  excavation  test 

In  order  to  apply  a  uniformly  distributed  load, 
the  loading  test  was  carried  out  by  piling  up 
sandbags  on  the  top  of  slope  as  shown  in  Fig. 6. 
The  sandbags  were  placed  at  a  controlled  loading 
speed  of  0.59tf/m^/h.  The  loading  curve  is  shown 
in  Fig.11.  For  the  purpose  to  check  whether  the 
instruments  work  properly,  a  preloading  test  was 
performed  in  the  first  day.  The  typical  mea¬ 
sured  maximum  tensile  forces  developed  in  the 
reinforcements,  such  as  reinforcement  A  and  C, 
are  given  in  Fig. 12. 

The  field  excavation  test  was  carried  out  after 
the  sandbags  were  removed  by  excavating  the 
lower  part  or  slope  up  to  about  5m  depth.  It  was 
necessary  to  remove  the  dial  indicator  holder  to 
carry  out  excavation,  therefore  the  surface 
horizontal  displacement  could  not  be  measured. 
The  excavation  was  carried  out  by  steps.  Typical 
measured  maximum  tensile  forces  developed  in  the 
reinforcements,  such  as  A  and  C,  versus  the 
elapsed  time  after  excavation  is  shown  in 
Fig . 1 3 . 

From  Figs.' 2  and  13  it  can  be  seen  that  the 
tensile  force  developed  in  the  reinforcement 
under  an  effect  of  surcharge  reached  a  stable 
state  immediately  after  the  surcharge  loading 
was  applied  and  the  tensile  force  slightly  re¬ 
duced  after  the  surcharge  loading  was  removed. 
However  it  took  about  two  weeks  tor  the  tensile 
force  developed  in  the  reinforcement  to  reach  a 
stable  stage  under  an  effect  of  excavation.  This 
delayed  response  of  the  development  of  tensile 
force  in  the  reinforcement  may  be  due  to  the 
effect  of  the  relic  joint  in  the  decomposed 
granite.  When  a  surcharge  loading  is  applied, 
the  relic  joint  is  compressed  immediately  and 
permanently.  So  the  tensile  force  developed  in 
the  reinforcement  immediately  after  the 
surcharge  load  is  applied  and  such  a  tensile 
force  reduces  in  a  very  small  amount  after  the 
surcharge  load  is  removed.  On  the  other  hand, 
stress  relief  produced  by  excavation  may  cause 


Time  ( hours ) 


Fig.  11  Applied  Surcharge  Load  versus  Time 


Fig.  12 


Measured  Tensile  Force  versus  Time 


Time  (days) 

Fig.  13  Measured  Tensile  Force  versus  Days 
after  Excavation 


the  relic  joint  to  expand.  Such  swelling  process 
is  slow,  because  water  absorption  needs  time  for 
the  water  to  penetrate.  The  field  measurement 
shows  that  such  a  process  takes  about  two  weeks 
to  reach  a  stable  stage. 

Field  measurement 

Fig. 14  shows  the  measured  horizontal  displace¬ 
ment  of  slope  surface  for  the  leading  test. 
Fig. 15  shows  the  horizontal  displacement  at  the 
borehole  location  for  both  loading  test  and 
excavation  test.  Field  measurement  shows  that 
the  upper  portion  of  the  slope  moved  forward 
while  with  negligible  movement  at  the  lower 


Fig.  14  Measured  Horizontal  Displacement  at  the 
Surface  of  the  Slope 
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a)Surcharge  b)Excavation 


Fig.  15  Measured  Horizontal  Displacement  at  the 
Borehole  Location 
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inice  element  analyses  oi  tne  rieia  test  nave 
een  performed  (  Matsui  and  San,  1987).  In  the 
nalycca,  l-he  soil  is  assumed  to  be  nonlinear 
lastic  with  a  hyperbolic  tangent  modulus 
Duncan  and  Chang,  1970)  and  the  soft  rock 
inear  elastic.  The  slippage  between  the  rein- 
orcement  and  the  surround  medium  and  between 
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Decomposed  granite 


Fig.  19  Analytical  Axial  Force  Distribution  of 
Reinforcement  (  1 t f /m^ - 5 1 f /m’  ) 


field  loading  test.  From  Figs. 16  and  19,  it  can 
be  seen  that  both  analytical  and  measured  re¬ 
sults  show  that  the  axial  forces  developed  in 
the  reinforcement  are  not  all  in  tension,  and 
that  the  tensile  force  developed  in  the  upper 
reinforcements  are  significantly  larger  than  the 
lower . 

Shear  strength  of  reinforced  soil  mass 

Figs. 20  and  21  show  the  distribution  of  total 
principal  stress  in  the  reinforced  and  unrein¬ 
forced  slopes  under  the  loading  of  5tf/m’,  re¬ 
spectively.  It  can  be  seen  that  the  orientation 
of  principal  stress  of  the  soil  is  slightly 
changed,  while  the  minor  principal  stress  is 
significantly  increased  in  the  reinforced  soil 
mass.  It  is  very  clear  that  the  increase  in  the 
minor  stress  contributes  to  increase  the  shear 
strength  of  the  reinforced  soil  mass  without  any 
change  of  c,<ti  values. 

CONCLUSIONS 

A  full  scale  field  test  on  a  reinforced  cut 
slope  incorporated  with  a  road  widening  project 
has  been  presented.  Finite  element  analyses  of 
the  field  loading  test  have  been  also  presented. 
The  agreement  between  analytical  results  and 
field  measurements  is  satisfactory.  From  the 
comparisons  between  measured  and  analytical 
results  of  the  field  loading  test,  the  success 
of  the  slope  stabilization  by  tensile  inclu¬ 
sions,  such  as  root  piles,  has  been  demon¬ 
strated.  Both  site  observations  and  analytical 
results  show  that  the  upper  part  of  the  surface 
of  the  slope  significantly  moves  away  with  small 
movement  at  the  toe  under  the  surharge.  The 
analytical  results  indicate  that  the  orientation 
of  principal  stress  of  soil  is  slightly  changed, 
while  the  minor  principal  stress  is  signifi¬ 
cantly  increased  under  the  effects  of  reinforce¬ 
ment.  The  increase  in  the  minor  principal  stress 
contributes  to  increase  in  the  shear  strength  of 
soil  without  any  change  in  c,  <t>  values. 
Moreover,  the  reinforcement  mechanism  of  a  rein¬ 
forced  cut  slope  under  an  effect  of  excavation 
is  different  with  that  of  surcharge.  By 
comparing  the  reinforcement  mechanism  of  a  rein¬ 
forced  cut  slope  under  a  surcharge  load  and  an 
effect  of  excavation,  some  distinguished  aspects 
are  summarized  as  follows: 


Fig.  20  Principal  Stress  Distribution  of  the 
Reinforced  Cut  Slope  under  5tf/m^ 
Load i ng 


Loading 


(1)  The  axial  forces  developed  in  the  rein¬ 
forcement  are  not  all  in  tension  under 
surcharge  loading.  Such  axial  forces 
develop  immediately  as  the  surcharge  is 
applied,  and  decreased  in  a  small  amount 
after  the  surcharge  is  removed. 

(2)  The  axial  forces  developed  in  the  rein¬ 
forcement  are  mainly  in  tension  under  an 
effect  of  excavation  with  a  maximum  near 
the  surface  just  after  excavation  is  com¬ 
pleted.  Such  axial  forces  increase  with 
elapsed  time  and  reach  a  stable  condition 
after  two  weeks. 
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SYNOPSIS:  This  paper  describes  the  ground  treatment  carried  out  and  the  subsequent  load  settle¬ 
ment  behaviour  of  a  grain  silo  in  Jeddah,  Saudi  Arabia.  Predicted  performance  based  on  the  results 
of  both  SPT  and  cone  penetration  tests  are  compared  with  actual  behaviour.  The  prediction  based  on 
the  SPT  results  is  poor,  with  the  cone  penetration  analyses  giving  a  significant  improvement.  A 
knowledge  of  cone  resistance  and  hence  modulus  values  for  the  full  depth  of  influence  of  the  silo 
would  have  further  refined  the  prediction. 


lOTRCDOCnON 

This  paper  details  the  settlement  behaviour  of  a  port 
silo  of  20,000  tonne  capacity  constructed  at  Jeddah  Port 
(Saudi  Arabia)  for  imported  cereals  and  expellers,  (See 
Fig  1). 

The  silo  installation  at  the  port  acts  in  the  capacity 
of  transit  storage,  permitting  vessels  of  up  to  65,000 
tonnes  to  be  discharged  at  600  tonnes  per  hour,  and  the 
cereals  transferred  to  inland  feedmill  storage  silos  by 
road  vehicles.  This  case  history  relates  to  Phase  I  of 
the  silo  construction  contract. 

The  silo  structure  comprises  a  block  of  12,  10.5  metre 
square  steel  bins,  constiructed  from  deep  profile 
corrugated  steel  sheet  supported  by  hollow  section 
concrete  filled  posts  and  diagonal  tie  bars. 

The  silo  structure  is  founded  on  a  reinforced  concrete 
cellular  raft  32.5m  x  42.5m  imposing  an  average  stress 
of  250  kN/m'  and  a  maximum  of  300  kN/1n^  when  8  out  of 
the  12  bins  ate  loaded  towards  the  end  of  the  silo. 

GBOLOGy  AN}  GHXMD  CXXOITIONS 

The  coastal  plain  aroxmd  Jeddah  Port  consists  of 
Quarternary/Recent  deposits  of  gravel,  sand,  coral 
limestone  eind  silt  underlain  at  depth  by  Quarternary 
Volcanics  or  Pre  Cambrian  basement  rocks. 

The  ground  investigation  for  the  silo  complex  consisted 
of  cable  percussion  boreholes  and  static  cone 
penetrometer  tests.  The  investigation  revealed  that  the 
site  which  is  partly  in  an  area  of  reclaimed  land,  is 


underlain  by  very  loose  marine  shelly  sands  and  silts 
with  layers  or  lenses  of  clay  and  gravel  and  coral 
limestone.  Graded  bed  sequences  with  gravel  at  the 
base,  fining  upwards,  were  evident  as  was  the  local 
concentrations  of  heavy  minerals  due  to  wave  action  at 
former  beach  levels. 


The  sequence  contained  thin  laterally  discontinuous 
bands  of  coral  limestone  up  to  6m  thick  concentrated 
between  depths  of  2m  to  9m  and  18m  to  32m  respectively. 
The  limestone  is  a  breccioconglomeratic  calcirudite 
composed  of  coral  and  limestone  fragments  with  shell 
debris  in  a  sandy  matrix.  Voids  of  between  20nin  to  60ntn 
were  identified  within  the  limestone  layers.  A  further 
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porous  shelly  limestone  layer  with  dissolution  cavities 
partially  filled  with  sand  gravel  and  clay  was 
encountered  from  49.0m  to  59.5m  depth  but  it  is  not 
known  whether  this  is  laterally  persistent  as  only  one 
borehole  was  taken  to  this  depth,  the  others  terminating 
between  40m  and  50m.  A  typical  section  is  shown  in  Fig 
2. 

Groundwater  was  encountered  at  some  1.5m  below  ground 
level,  that  is  approximately  at  the  founding  level  of 
the  silo  raft,  a  design  criteria. 

The  Standard  Penetration  Test  profiles  recorded  within 
the  boreholes  were  generally  similar  with  SPT  'N'  values 
of  between  2  to  20  to  a  depth  of  16m  reducing  to  between 
0  and  12  to  a  depth  of  approximately  26m.  (See  Fig  2). 
Below  this  level  SPT  'N'  values  increased  significantly 
to  between  25  cind  50  with  refusal  being  recorded  after  a 
short  penetration  into  the  limestone  lenses.  A  number 
of  cone  penetration  tests  were  subsequently  carried  out 
to  further  investigation  the  zone  of  low  SPT  results  to 
a  depth  of  26m. 


FOUNDATICNS 

In  view  of  the  low  cone  readings  cind  low  SPT  'N'  values 
measured  to  a  depth  of  26m  the  possibility  existed  that 
a  beating  capacity  failure  could  occur  under  adverse 
silo  loading  conditions.  The  decision  was  therefore 
taken  to  adopt  ground  treatment  to  reduce  adverse 
differential  settlements  and  minimise  the  risk  of 
bearing  failure. 

Options  investigated  included  the  formation  of  jet 
grouted  columns,  piling,  dynamic  compaction  and 
vibro- replacement  the  latter  being  considered  the  most 
appropriate  on  the  basis  of  financial  cind  technical 
considerations. 

The  varying  silt  content  within  the  ground  suggested 
that  vibro-replacement  rather  than  vibro-compaction 
would  be  most  effective.  In  view  of  the  increasing 
friction  ratio  with  depth,  identified  from  the  static 
cone  testing,  it  was  considered  that  a  treatment  depth 
of  between  10m  to  12m  would  represent  the  practical 
maximum  depth  throughout  which  useful  treatment  could  be 
achieved.  With  friction  ratios  from  the  static  cone 
penetrometer  tests  generally  exceeding  3%  within  the 
zone  to  be  treated  by  vibro-compaction,  the  treatment 
process  becomes  one  of  installing  relatively  stiff 
columns  into  the  ground  which  itself  shows  little 
increase  in  relative  density. 

The  ground  treatment  for  the  Phase  I  silo  comprised  the 
installation  of  some  500  stone  columns  to  depths  of  12m 
with  a  grid  spacing  varying  from  2.0m  to  2.5m. 

PE3<F0RWNCE  B^AVIOUR  -  FRQIICTQ} 

Settlement  calculations  were  undertaken  using  the 
results  of  the  SPT  'N'  values  and  the  static  cone 
penetrometer  tests.  The  SPT  'N'  values  exhibited  a  wide 
range  which  reflected  the  interbedded  and  lenticular 
nature  of  the  deposits  rendering  a  settlement  auialysis 
based  on  the  results  of  average  SPT  'N'  values 
inappropriate.  Typical  settlements  under  an  applied 
loading  250  kN/m’  calculated  by  varing  methods  are  30mm 
and  40mm  using  Meyerhof  (1965)  and  Schultze  and  Sherif 
(1973)  respectively,  and  up  to  70mm  by  Parry  (1971). 
The  more  recent  analysis  by  Borland  and  Burbridge  (1985) 
produces  a  calculated  settlement  of  SOma. 

Analysis  based  upon  SPT  testing  would  therefore  suggest 
that  the  predicted  settlements  are  within  a  range  that 
could  be  accommodated  by  a  silo  raft  where  controlled 
loadings  apply.  However  it  is  understood  that  severe 
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settlement  had  been  experienced  on  cin  adjacent  silo 
site.  A  method  of  analysis  based  upon  static  cone 
penetrometer  tests  which  provide  a  continuous  profile  of 
resistance  with  depth  was  therefore  preferred.  The 
results  were  analysed  using  Schertmann's  (1970) 
procedure  which  assumes  a  triangular  strain  distribution 
up  to  a  depth  of  twice  the  foundation  width,  that  is 
some  65m.  Although  boreholes  had  been  sunk  to  this 
depth  the  static  cone  testing  met  with  refusal  around  a 
depth  of  26m.  Reference  to  the  borehole  records  also 
indicated  high  SPT  values  below  this  level  in  dense  saind 
and  gravel  with  lenses  of  limestone. 

A  coitparison  of  the  measured  penetration  results  with  a 
chart  for  the  interpretation  of  penetration  tests  in 
chalk  by  Searle  (1979)  suggest  that  the  soils  compare 
with  a  medium  dense  to  dense  structureless  chalk  and 
that  the  carbonate  silts  and  sands  are  weakly  cemented. 
An  assumption  was  therefore  made  that  the  presence  of 
high  modulus  materials  below  a  depth  of  26m  would  modify 
the  stress  distribution  below  the  raft  such  that  the 
majority  of  settlement  occurred  above  this  level. 

A  modulus  value  of  100  MN/m*  was  arbitarily  ascribed  to 
the  materials  below  26m  depth.  The  effect  of  this 


assumption  was  to  limit  the  predicted  settlment  to  25mm 
within  the  zone  from  26m  to  65m. 

Based  upon  the  above  assumptions  a  calculated  total 
settlement  for  the  silo  raft  of  220ram  was  obtained  which 
is  signif iccintly  greater  than  that  obtained  using  SPT 
results. 

In  assessing  the  reduction  in  settlement  caused  by  the 
installation  of  stone  columns  reference  was  made  to  the 
method  proposed  by  Priebe  (1976).  With  the  column 
spacings  adopted,  a  settlement  reduction  factor  of  2 
could  be  applied.  This  is  equivalent  to  doubling  the 
modulus  in  the  treated  ground  coitpared  with  the 
untreated  around.  The  effect  on  installing  stone 
columns  is  thus  limited  to  halving  the  settlement  within 
the  treated  layer  and  is  insignificant  when  compared 
with  the  overall  anticipated  settlement,  the  majority  of 
which  occurs  below  the  treated  zone.  The  reduction  in 
settlement  was  calculated  as  being  around  25mm. 
However,  it  was  believed  that  the  stone  columns  would 
significantly  increase  bearing  capacity  and  by  forming  a 
layer  of  uniform  stiffness  would  minimise  differential 
movement . 


Fig  3  Load  Settlement  Behaviour 
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PERFORMANCE  BEHAVIOUR  -  OBSERVED 

Following  completion  of  the  silo  raft  in  Seftember  1983 
steel  targets  were  cast  into  corners  and  mid  points  of 
the  long  axis  of  the  raft.  Readings  which  were  taken 
prior  to  the  construction  of  the  silo  bins  acted  as 
datum  for  subsequent  settlement  measurements.  The  dead 
weight  of  the  raft  is  14000  tonnes  giving  an  imposed 
bearing  pressure  of  100  kN  m’ .  From  che  observations  of 
subsequent  load  settlement  behaviour  it  can  be  assumed 
that  settlement  of  the  raft  was  concurrent  with 
construction. 

The  loading  of  the  silos  was  carefully  controlled  by 
redistribution  of  grain  to  ensure  uniform  ground 
pressures  and  settlement.  Reference  to  the 
load/ settlement  behaviour  for  two  of  the  targets  '.'^ig  3) 
indicates  that  settlement  is  virtually  immediate  upon 
application  of  load  followed  by  a  relatively  minor  time 
related  settlement  which  lasts  of  the  order  of  two  to 
three  weeks.  The  operational  demands  of  the  silo  were 
such  that  full  consolidation  for  a  given  load  could  not 
always  be  reached.  As  would  be  expected  with  subsequent 
unloading  and  reloading  further  settlement  only  occurred 
when  the  previous  highest  loading  had  been  exceeded  or 
where  full  consolidation  has  not  been  reached  under 
previous  loadings.  As  the  full  silo  condition  was 
approached  only  relatively  small  settlement  increases 
occurred  compared  with  those  experienced  during  initial 
loadings.  The  magnitude  of  any  elastic  recovery  during 
unloading  was  insignificant. 

The  design  of  the  silo  raft  has  allowed  substantial 
redistribution  of  stresses  to  occur  and  can  be  thought 
of  as  approaching  a  rigid  raft  condition  with  regards  to 
its  settlement  performance.  Although  the  settlement  of 
the  centre  of  the  raft  was  not  monitored  the  performance 
of  the  silo  suggests  that  there  has  been  no  adverse 
dishing  at  the  centre.  Relatively  planar  settlements 
can  therefore  be  assumed. 

The  headhouse  tilted  towards  the  silo  due  to  the 
influence  of  the  silo  loading  on  the  settlement  of  the 
headhouse  raft.  This  caused  no  structural  or 
operational  problems,  but  the  access  platforms  between 
the  headhouse  and  silo  were  adjusted  to  prevent  damage 
by  contact. 

DISCUSSION 

The  observed  settlements  are  large  and  exceeded  that 
predicted.  It  should  be  noted  that  settlement  readings 


were  only  taken  after  construction  of  the  raft  had  been 
completed  which  accounts  for  approximately  40%  of  the 
load  under  a  full  silo  condition.  From  the  settlement 
observations,  settlement  under  primary  loading  has  been 
shown  to  be  virtually  concurrent  with  loading,  followed 
by  a  minor  consolidation  period  lasting  2  to  3  weeks. 
From  this  it  can  be  assumed  that  settlement  of  the  raft 
would  have  been  essentially  complete  at  the  time  of 
installing  the  steel  targets.  On  a  pro-rata  basis  the 
settlement  of  the  raft  alone  could  have  been  around 
150mm. 

For  the  carbonate  deposits  encountered,  the  ratio  of 
observed  to  predicted  settlement  based  on  the  results  of 
SPT  tests  was  high.  Calculations  using  the  cone 
penetrometer  results  superficially  gave  good  agreement 
between  predicted  and  observed,  but  if  an  allowance  is 
made  for  settlement  of  the  raft,  this  approach  also 
underestimated  total  settlement.  It  is  considered  that 
the  disparity  is  predominantly  due  to  an  overestimate  of 
the  modulus  value  below  a  depth  of  26m. 

The  stone  columns  have  provide  very  effective  in 
reducing  differential  settlement  and  eliminating  any 
bearing  failure.  The  actual  amount  of  total  settlement 
has  had  little  effect  on  the  operational  performance  of 
the  silos. 

CONCXOSICW 

The  load/settlement  behaviour  of  the  silos  could  not  be 
adequately  predicted  using  SPT  based  methods.  The  use 
of  a  static  cone  penetrometer  enabled  a  better 
prediction  to  be  made.  However,  as  cone  penetrometer 
tests  were  only  able  to  penetrate  to  a  depth  less  than 
half  that  influenced  by  the  silo,  a  suitable  estimate  of 
the  variation  in  modulus  with  depth  could  not  be 
obtained.  The  use  of  a  relatively  high  modulus  at  depth 
led  to  an  underestimate  of  settlement. 

The  use  of  stone  columns  has  prevented  bearing  failure 
and  limited  differential  settlement.  The  silo  has  been 
fully  operational  since  construction  and  has  been 
unaffected  by  the  settlement.  The  load/settlement 
behaviour  of  the  silos  shows  that  settlement  has 
essentially  ceased. 

ACKNOWLEDGETSinS 

The  writers  wish  to  acknowledge  Shiek  A  Fakieh  of  Fakieh 
Poultry  Farms,  Makkeh,  Saudi  Arabia  for  permission  to 
publish  this  paper.  The  civil  contractors  for  the 


1110 


developi..?nt  were  Icori  Estero  SA  and  Berga  Impianti 
Cereall  SFS  of  Italy.  The  ground  treatment  was  carried 
out  by  Cementation  and  Foundation  Engineering  Ltd,  Great 
Britain  and  the  ground  investigations  by  Alhoty  Stanger 
Ltd  and  Foundation  Engineering  Ltd,  Saudi  Areibia. 

REIFB^ENCES 

Burland,  J.B.  and  Burbidge,  M.C.  (1985)  -  "Settlement  of 
Foundations  on  Sand  and  Gravel."  Proc.  Inst.  Civ.  Eng., 
Part  1,  78,  Dec.,  pp  1325-1381. 

Clarke  eind  Walker  (1977)  -  "A  Proposed  Scheme  for  the 
Classification  eind  Nomenclature  for  Use  in  the 
Engineering  Description  of  Middle  Eastern  Sedimentary 
Rocks."  Geotechnique,  Vol.  XXVII,  No.  1,  pp  93-99. 

Meyerhof,  G.G.  (1965)  -  "Shallow  Foundations."  ASCE, 
JSMFD,  Vol.  91,  SM2,  pp  21-31. 

Parry,  R.G.H.  (1971)  -  "A  Direct  Method  of  Estimating 
Settlements  in  Sands  from  SPT  Valuves."  Proc.  Symp. 
Inter.  Struct.  Found.  Mid.  Soc.  SMFE,  Birmingham, 
pp  29-37. 

Schroertmann,  J.H.  (1970)  -  "Static  Cone  to  Compute 
Static  Settlement  over  Sand."  ASCE,  JSMFD,  Vol.  96, 
SM3,  pp  1011-1043. 

Schultze,  E.  and  Sherif  G.  (1973)  -  "Prediction  of 
Settlements  From  Evaluated  Settlement  observations  for 
Sand."  Proc.  8th  Int.  Conf.  Soil  Hech.  Fdn.  Engng., 
Moscow,  Vol.  1.3,  pp  225-30. 

Searle,  I.W.  (1979)  -  "The  Interpretation  of  Begemann 
Friction  Jacket  Cone  Results  to  give  Soil  Types  and 
Design  Parameters."  Proc.  7th  European  Conf.  Soil  Mech. 
Fdn.  Engng.,  Brighton,  Vol.  2,  pp  265-270. 


nil 


Proceedings;  Second  International  Conference  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  5.45 

Designing  Geotextile  Support  for  Submarine  Power  Cables 

K.Y.C.  Chung 

Consultant  of  Geotechnical  Services.  Gilbert/Commonwealth, 

Jackson.  Michigan 


SYNOPSIS:  Six  36cm  diameter 

in  the  soft  river  mud  under 
fiewburgh  Bridge,  New  York, 
point  of  view  of  using  geotex 


submarine  pipe-cables  were  buried  in  a  1.2  km  long,  fabric-lined  trench 
17ra  average  water  head  across  the  Hudson  River  about  4.8km  north  of  the 
This  paper  describes  the  design  considerations  based  on  geotechnical 
tile  to  support  submarine  power  cables. 


INTRODUCTION 

Field  and  laboratory  test  results  indicate  that 
the  upper  river  sediment  is  extremely  soft  and 
is  thermally  unstable  (G/C,  1984).  Thermal 

sand  was  required  as  backfill  because  its  heat 
dissipating  qualities  prevent  the  conductors 
from  over-heating. 

Three  alternatives  to  improve  the  stability  of 
the  trench  were  considered  during  design  stage: 

•  Increase  the  trench  depth  to  2.44m  and 
maintain  the  thickness  of  thermal  sand  at 
1 .83ra. 

•  Maintain  the  1.83m  trench  depth,  and 
backfill  with  lightweight  aggregate  instead 
of  the  originally  proposed  thermal  sand. 

•  Maintain  the  1.83m  trench  depth,  and  place 
filter  cloth  in  the  trench  prior  to  the 
placement  of  the  thermal  sand  and  pipes. 

Environmental  concerns  prohibited  river  or 
ocean  disposal  of  the  dredged  waste.  A  deep 
trench  disposal  plan  was  cancelled  because  of 
the  volume  and  cost  limitations  of  the  upland 
disposal  site.  Cost  comparisons  indicated  that 
using  lightweight  aggregate  to  replace  the 
thermal  sand  was  more  expensive  and  less 
reliable  than  the  fabric  alternative.  The 
filter  fabric  was  therefore  selected  to  line 
the  trench,  to  help  stabilize  the  trench 
bottom,  and  to  prevent  the  river  muck  from 
mixing  with  the  sand  backfill. 

SEDIMENT  CHARACTERISTICS 

Borings,  samplings,  in-situ  vane  shear  tests, 
and  laboratory  tests  such  as  classification, 
strength,  sensitivity,  consolidation,  thermal 
resistivity  and  chemical  tests  were  performed 
to  study  tne  engineering  properties  of  the  soft 
river  sediments.  The  results  were  evaluated. 
Drilling  in  the  river  was  conducted  from  a  18.3 
by  7.6m  barge.  A  special  submersible  platform 
which  supported  the  drilling  casing  and  the 
Geonor  vane  shear  device  was  provided  by  the 
contractor  to  isolate  the  testing  from  the 
operation  of  the  barge.  In  order  to  obtain 
relatively  undisturbed  soil  samples  for 
laboratory  testing,  Osterberg  samples  were 
recovered  at  certain  elevations  at  some 
borings . 

The  Hudson  River  sediments  consist  of  gray  soft 
lastic  clay  occasionally  interbedded  with  silt 
ayers.  Shell  fragments  were  also  noted.  The 


organic  content  of  the  sediments  decreases  as 
depth  increases.  The  thickness  of  this  clay 
varies  from  zero  to  6m  at  the  shorelines  and 
29m  in  the  middle  of  the  channel.  Underlying 
the  clay  is  a  layer  of  very  dense  silty  sand. 
Project  location  and  the  subsurface  profile 
along  the  submarine  river  crossing  are 
resented  in  Figure  1.  Figures  2  and  3  present 
he  soil  classification  based  on  Unified 
Classification  System  and  the  gradation  range 
for  the  sediment,  respectively.  Field  and 
laboratory  shear  strength  data,  Atterberg 
limits,  maximum  past  pressure,  and 
consolidation  data  for  the  sediment  with 
respect  to  depth  are  presented  in  Figure  4. 

The  undrained  shear  strength  (Su)  of  the 
sediments  varies  from  about  2,4  kn/ra2  near  the 
river  bottom  to  38  kn/m2  at  depths  of  19.8  to 
21.3m  below  the  river  mudline.  The  3m  sediment 
is  gray  organic  plastic  clay  and  the  natural 
water  content  ranges  from  70  to  100S5,  which  is 
higher  than  the  liquid  limit  of  the  soil.  The 
average  liquid  limit  is  about  60  percent.  With 
natural  moisture  contents  near  and  higher  than 
the  liquid  limit,  these  clays  are  sensitive 
with  a  sensitivity  value  of  2  for  the  top  1.83m 
to  6  for  a  greater  depth.  Sensitivity  is 
defined  as  the  ratio  of  the  undisturbed  ana  the 
remolded  shear  strengths.  The  clays  are 
slightly  o V e r c o n s o 1 i d a t e d  with  the 
overconsolidation  ratio  (OCR)  of  1.5  to  2  in 
the  upper  9.1m  and  of  1.1  to  1.3  below  9.1m. 
test  cfata  indicate  that  the  submerged  unit 
weight  of  the  river  sediment  ranges  from  0.45 
to  0.51  g/cm3. 

In  order  to  select  an  adequate  shear  strength 
value  for  design  of  the  foundation  system,  the 
field  and  laooratory  strength  cfata  were 
evaluated  and  compared  with  typical  values  from 
available  literature  (Bjerrum,  1972;  Duncan, 
1973;  Ladd,  1977;  &  Osterman,  1959), 

For  a  normally  consolidated  marine  clay,  the 
ratio  of  undrained  shear  strength  of  the 
effective  overburden  pressure  rSu/o'vo)  is 
directly  proportional  to  the  plasticity  index 
of  the  clay  (Osterman,  1959),  In  this  case, 
the  ratio  (Su/a'vo)  for  the  normal  consolidated 
soil  is  0,22,  Since  the  upper  clay  was  found 
constantly  disturbed  by  tidal  action  and 
currents  and  slightly  overoonsol idated ,  the 
shear  stress  ratio  was  adjusted  based  on  the 
stress  history  (or  overoonsol idat  ion  ratio, 
OCR)  according  to  the  work  of  Ladd  (1977).  A 
normalized  shear  stress  ratio  curve 
incorporated  with  the  stress  history  is  also 
drawn  in  Figure  4.  The  shear  stress  ratios 
based  on  the  field  vane  shear  test  results  are 
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Fig.  1  Geologic  Cross  Section,  Hudson  River  Submarine  Crossing 


also  computed  as  shown  on  the  same  figure.  A 
reduction  factor  of  0.9  on  the  vane  shear  test 
results  to  account  for  disturbance,  rate  of 
test,  time  delay  during  test,  and  vane  size 
effects  was  applied  in  calculations  (Bjerrum, 
1972),  Based  on  comparisons,  a  shear  stress 
ratio  (Su/o'vo)  of  0.32  for  the  too  3m  sediment 
was  selected  for  design. 


Q  =  v'f  Df 

in  which  ■, ’f  =  Average  submerged  unit  weight 
of  the  granular 
backfill  in  pcf 

Of  =  Depth  of  the  backfill  in  ft 


STABILITY  OF  TRENCH  BOTTOM 

The  stability  of  the  trench  bottom  is  governed 
by  the  shear  strength  of  the  river  sediments 
and  the  weight  of  the  backfill  material. 
During  placement  of  the  backfill,  the  ultimate 
bearing  capacity.  Quit,  underneath  the  granular 
fill  can  be  expressed  by  the  bearing  capacity 
equation : 

Quit  =  Nc  Su  +  y's  Ds 

in  which  Su  =  Undrained  shear 
strength  of  the 
sediment  in  psf 

y's  = Average  submerged 
unit  weight  of 
the  sediment  in 
pcf  (1  g/cm3  T  62. M  pcf) 

Ds  =  Depth  of  excavation 

in  ft  ( 1  ft  :  30.48  cm) 

Nc  =  Bearing  capacity 
factor  for  clay: 

5.7  based  on 
Terzagh i  and  5.14 
based  on  Prandtl, 

(Moorhouse,  1972)  . 


Let  FS  be  the  safety  factor  against  the  bearing 
capacity  failure  at  the  bottom  of  backfill. 
Then 

FS  =  Qult/Q 


PLASTICITY  CHART 


The  applied  pressure  (Q)  due  to  placement  of 
the  backfill  is: 


Fig.  2  Soil  Classification  for  Hudson  River 
Sediment 
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G'ning  submerged  unit  weights  of  the  granular 
taeKfill  and  the  existing  top  sediment  of  65 
pef  (I.Ok  g  om3  and  pcf  (0.48  g/cm3. 

respect! V  el yi  and  substituting  the  design 
undrained  shear  strengths  and  the  effective 
overburden  pressure  'o'/o).  the  factors  of 
safety  for  the  stabiiity  of  the  trench  bottom 
at  the  end  of  construction  vary  from  1.2  to 
i  .  3 .  The  result  is  based  on  the  assumption 
that  no  variation  of  the  backfill  thickness 
during  construction  would  occur.  Should  the 
shear  strehgth  of  the  sediment  decrease  for  any 
reason  such  as  dirsturbance  during  excavation  to 


the  remolded  strength,  the  factor  of  sar'ety 
against  the  bearing  capacity  failure  of  the 
trench  bottom  would  become  0.87. 

Due  to  uncertainties  associated  with  the 
construction  operation  (nonconformity  of  the 
backfill  thickness),  the  effect  of  currents  and 
wave  action,  and  the  unkhown  soil  strength  of 
the  top  0.6lm  of  sediment,  this  upper  bound 
safety  factor  (1.30)  is  considered  to  be  too 
low.  The  rate  of  the  secondary  compression 
(creep),  C  >  ( =AH/H/Alog  ,Qt ) ,  has  been  found 
higher  than  0.03  for  the  top  3m  sediments.  At 
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low  factor  of  safety,  creep  to  failure  is 
ossible  for  this  soft  marine  clay, 
urthermore,  if  the  remolded  strength  is  used, 
the  factor  of  safety  is  less  than  one.  The 
most  likelv  bearing  capacity  failure  mode  for 
soft  soil  at  top  and  stiffen  soil  at  bottom 
would  be  lateral  plastic  flow.  Therefore, 
should  the  trench  slope  and  bottom  fail,  some 
granular  cover  will  be  lost  laterally.  The 

pipe-cable  will  be  covered  by  river  sediment 
instead  of  sand  backfill. 

Filter  cloth  to  line  the  trench  was  selected 
and  installed.  Analysis  indicate'^  that  the 
filter  cloth  could  protect  the  thermal  sand, 
increase  the  bearing  capacity  of  the  sediment, 
and  increase  the  stability  of  the  overall 
system . 

Settlement  analysis  for  the  combined 
pipe-backfill  system  was  performed.  The 
maximum  total  settlement  consist  of  47cm  of 
consolidation  settlement  and  25.4cm  of 
secondary  settlement  (creep).  The  differential 
settlement  between  two  points  30.5m  apart  along 
the  cable  alignment  could  then  be  estimated  to 
be  less  than  30. ocm.  The  maximum  amount  of 
settlement  was  not  expected  to  impact  the  pipe 
cables.  The  stress  in  the  pipe  induced  by 
these  total  and  differential  settlements  was 
verified  by  conventional  analysis  using  beam  on 
elastic  foundation  approach  and  was  negligible. 

INSTALLATION 

A  woven  polyester  (Mirafi's  2300  HP  fabric) 
with  excellent  resistance  to  stress  relaxation 
was  selected.  It  was  favored  over  polyethylene 
because  of  its  heavy  weight  (1kg  per  square 
meter  and  a  specific  gravity  of  1.3)  and  the 
fact  that  it  could  be  designed  to  40  percent  of 
its  ultimate  tensile  strength  instead  of 
25  percent  for  polyethylene.  Other  critical 
properties  of  the  2300  HP  fabric  are:  grab 

tensile  strength  of  6.8  MN/m2;  wide  strip 
tensile  strength  of  6  MN/mk;  burst  strength  of 
10.2MN/m2;  soil  to  fabric  friction  of  28  : 
puncture  strength  of  159  kg;  grab  elongation  of 
15J:  and  equivalent  opening  size  of  0.42mra, 

In  order  not  to  disturb  a  fish  spawning  season 
in  the  Hudson  River,  the  dredging  operation, 
using  a  barge-mounted  crane  with  watertight 
clamshell  bucket  and  fabric  placement,  had  to 
be  completed  between  July  15  and  October  15, 
1986.  Approximately  36,810  square  meters  of 
fabrics  were  produced  for  the  project  and 
shipped  in  fabricated  panels  of  21,3  by  30.5m. 

To  get  the  fabric  in  position,  a  lead  roller 
was  run  along  the  river  bottom  in  front  of  the 
roll  containing  the  fabric  in  order  to  push 
down  the  bottom  mud  in  the  trench.  6.1m  of 
fabric  overlapped  at  the  end  of  each  roll  to 
provide  a  continuous  stretch  of  geotextile 
across  the  river.  As  each  roll  was  installed, 
divers  inspected  the  fabric  to  make  sure  it  was 
correctly  positioned.  Because  of  cross 
currents  of  as  much  as  four  feet  per  second, 
the  fabric  was  unrolled  at  a  slight  angle  and  a 
0.45m  layer  of  thermal  sand  was  placed  on  top 
of  the  fabric  for  every  6, Ira  that  was  unrolled. 
The  edges  of  each  fabric  at  some  locations  were 
also  held  down  to  the  mud  using  2m+  long  by 
2.2cra  diameter  pins  at  1.5m  spacing.  The 
thermal  sand  was  placed  through  a  combination 
of  direct  clamshelling  and  a  tremie  hopper 
system.  Six  36cm  OD  conduits  were  assembled  on 
the  west  side  of  the  river  and  then  pulled  with 
a  winch  across  the  river.  The  conduit  was  kept 
as  a  neutral  buoyancv,  which  let  it  float  a 
slight  distance  above  the  layer  of  thermal  sand 
over  the  geotextile.  A  special  sled  device  at 
the  nose  of  the  conduit  kept  them  from  plowing 
down  into  the  sand  and  the  filter  fabric.  Once 
the  conduit  was  in  position  on  the  river 
bottom,  it  was  covered  with  1.37m  sand  to 
complete  the  i '' ;rmal  sand  environment.  The 
conduit  was  evacuated  to  a  high  vacuum  and  the 
conductor  cable  was  then  pulled  through  the 


conduit  from  the  east  side  to  the  west. 

During  installation,  the  contractor  provided  an 
offshore  surveying  and  monitoring  crew  to 
confirm  all  the  work  he  performed.  The  crew 
was  equipped  with  a  Cubic  "Autotape"  model 
DM-40  Two-Range  Precise  Navigation  system, 
which  was  capable  of  0.5m  accuracy  in  range 
measurement.  For  vertical  measurement,  the 
crew  was  eouipped  with  a  Raytheon  DE-719  Survey 
Depth  Sounder  and  a  Klein  model  400  Side  Scan 
Sonar.  Prior  to  the  dredging  operation  and 
after  the  final  work,  bathymetric  surveys  at  an 
interval  of  6.1m  and  a  minimum  width  of  61m 
along  the  whole  cable  alignment  were  performed. 

An  underwater  sediment  profile  using  a 
Bo t tom /Subbo t t om  Video  Profiler  with  sonar 
remote  sensing  capability  was  also  recorded  by 

Video  Recorder  during  dredging  operations  to 
confirm  sediment  condition. 

CONCLUSION 

Use  of  the  geotextile  enabled  the  owner  to 
successfully  place  the  pipe-cables  underwater 
despite  the  unstable  river  bottom.  The 
decision  to  use  the  geotextile  resulted  in 
approximately  a  third  less  dredging  and  a 
considerable  savings  in  time  and  labor. 
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SYNOPSIS:  The  s  bsoil  conditions  along  the  Red  Sea  coast  in  Saudi  Arabia  are  complex  due  to  exist- 
ance  of  very  thick  beds  of  coralline  limestone  of  recent  geological  origin.  These  coral  beds  are 
soft,  porous  and  nonhomogeneous .  They  are  often  interspaced  with  large  cavaties  and  soft  sandwitched 
layers  of  finer  particles.  Analysis  of  the  subsoil  conditions  to  a  fifty  meter  depth  based  on  data 
fr,jm  deep  boreholes.  Standard  Penetration  Tests  (SPT),  Quasi  Static  Cone  Tests  (DCT)  and  large  size 
Plate  Load  Tests  is  presented.  The  strength  and  compressibility  characteristics  of  the  strata  and 
the  correlation  factors  for  the  SPT  and  DCT  in  coralline  limestone  are  evaluated.  The  results  from 
the  plate  load  tests  conducted  on  natural  soil  and  on  soil  compacted  with  stone  coluro  .s  are 
includ-d.  An  evaluation  of  the  performance  of  the  foundation  for  the  heavy  turbines  resting  on  soil 
compacted  with  vi bro-compact ion  replacement  method  with  stone  columns  was  made. 


INTRODUCTION 

Saudi  .Arabia  is  a  vast  country  with  several 
geologic  environments.  The  western  coastal 
area  is  a  flat  narrow  plain  bounded  by  the  Red 
Sea  in  the  west  and  by  the  A1  Hiyaz  mountain 
ranges  in  the  east.  It  is  underlain  by  the 
Arabian  Shield.  The  Precambrian  Basement 
Complex  of  the  Arabian  Shield  are  mainly 
igneous  and  metamorphic  and  form  a  dome  shaped 
topography,  Saad  and  Zolt  (1978),  The  main 
geological  features  and  climatic  conditions  in 
Saudi  Arabia  are  discussed  by  Oweis  and  Bowman 
(1981),  Due  to  favourable  marine  and  climatic 
conditions  coral  cultures  grew  along  the  Red 
Sea  coast  forming  terraces  of  coralline  lime¬ 
stone.  The  reef  conditions  caused  continuous 
changes  in  coralline  limestone  beds.  The  high 
porosity  of  the  soft  coral  beds  and  the 
destruction  caused  by  the  boring  organisms 
permitted  flowing  of  water  and  sedimentation  of 
sand  and  silt  particles  between  coral  layers. 
Sometimes  the  sediments  and  soft  coral  forma¬ 
tions  were  washed  away  creating  cavaties. 

This  case  study  involves  a  large  project  locat¬ 
ed  on  the  Red  Sea  coast  about  140  kilometers 
south  of  Jeddah.  This  mu  1 1 i -mi  1 1 ion  dollar 
Power  and  Desalination  Plant  is  spread  over  an 
area  of  approximately  10  hectors  and  it  has 
five  foundations  pads  of  100  square  meters 
(SQM)  for  each  of  the  five  turbines.  Only  the 
heavy  foundations  with  loads  of  15  mega  newtons 
(MN)  each  for  the  five  turbines  are  discussed 
in  this  case  study. 

SUBSOUL  INVESTIGATIONS 

The  shed  housing  the  turbines  and  the  boilers 
covers  an  area  of  300  meters  (M)  by  150  M.  To 
investigate  the  subsoil  conditions,  a  50  M  deep 
borehole  was  drilled  in  the  center  of  the  area 
and  six  more  boreholes  up  co  25  M  depth  were 
sunk  within  the  area.  Forty  five  Quasi  Static 
Cone  penetration  tests  (Dutch  Cone  Test  (DCT)) 
up  to  25  M  depth  were  cor.ducted  within  the 
area.  The  DCT  results  along  with  the  borehole 


log  data  representing  the  average  subsoil 
conditions  in  the  area  is  given  in  Figure  1. 
The  DCT  was  conducted  in  the  immediate  vicinity 
of  the  borehole  and  Standard  Penetration  Tests 
(SPT)  were  performed  during  drilling  of  bore¬ 
holes.  Two  plate  load  tests  at  a  depth  of  one 
meter  below  ground  level  were  also  conducted. 
The  details  for  all  the  boreholes,  the  DCTs, 
the  plate  load  tests  and  the  laboratory  tests 
are  given  by  Keller  (1984). 

SUBSOIL  CONDITIONS 

The  water  table  lies  between  1.25  to  2.5  M 
below  ground  level  (G.L).  The  overburden  is  5 
to  7  M  thick.  It  is  composed  of  a  mixture  of 
silt  (up  to  60  percent  (%)),  fine  sand  (up  to 
25%)  and  clay  (up  to  20%).  A  generalised  grain 
distribution  plot  is  given  in  Figure  2.  The 
silts  are  soft  to  medium  soft  in  consistency 
and  are  classified  as  Silts  of  Low  Plasticity 
(ML).  The  SPTs  indicate  low  penetration  resis¬ 
tance  with  blow  count  (N)  ranging  between  5  to 
15  N  with  an  average  of  N=ll  for  the  12  tests. 
The  N  values  show  that  the  stratum  is  loose 
to  medium  loose  with  (allowable  bearing 

pressure)  is  less  than  one  bar,  Terzaghi  and 
Peck  (1948),  In  conformity  with  SPTs,  the  DCTs 
gave  the  cone  resistance  ranging  between 

10  to  20  bars  with  an  average  of  14  bars  and  a 
friction  ratio  ranging  between  4  to  6%  for  the 
45  DCTs  conducted  for  the  full  depth  of  the 
overburden.  Thus  for  the  stratum  is  one 

bar  for  raft  foundation,  Terzaghi  and  Peck 
(  1948).  The  correlation  factor,  n  = 
relating  the  SPT  blow  count  N  to  DCT  cone 
resistance  q^,  ranges  between  2  to  4  for  all  the 
tests  in  the  overburden.  The  correlation 
factor  is  in  conformity  with  the  published 
results  for  loose  silts,  Schmertmann  (1370), 
and  Sanglerat  (1972).  The  plate  load  test 
conducted  on  a  5  SQM  concrete  slab  inlicated  a 
bearing  pressure  of  0.75  bars  with  a  settlement 
of  2.58  millimeters  (mm).  The  laboratory  test 
results  are  given  in  Table  1. 
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formation  and  a  few  SPT  and  DCT  tests  were 
conducted.  SPT  tests  indicate  medium  resistance 
of  15  to  35  N  and  t.te  in  DCT  tests  ranged 

between  20  to  70  bars  in  the  porous  and  weaker 
grey  coralline  limestone  containing  sandwitched 
layers  of  silt  and  fine  sand.  Compact  coral¬ 
line  limestone  is  white  to  brown  in  color  with 
a  tight  but  porous  structure.  The  SPT  ranged 
between  25  to  60  N  and  q^,  in  DCT  tests  ranged 

between  80  to  200  bars.  The  N  values  indicate 
that  ranges  between  1  to  3  bars  for  the 

weaker  grey  coralline  limestone  and  it  varies 
between  2  to  5  bars  for  the  compact  white 
coralline  limestone.  Similarly  the  q^  from 

DCTS  show  that  q^^j  varies  between  0.5  to  2  bars 

for  the  grey  layers  and  it  ranges  between  2  to 
5  bars  for  the  compact  white  stratum.  Hence, 
a  value  for  of  2  to  3  bars  can  be  assigned 

for  the  entire  coralline  limestone  strata.  The 
correlation  factor  (n)  for  the  weaker  grey 
layers  ranges  between  2  and  3  and  it  varies 
between  3  and  4  for  the  compact  white  layers. 
The  unconfined  compressive  strength  of  intact 
cores  from  the  white  layers  ranged  between  6.2 
to  22.6  bars  with  unit  weight  ranging  between 
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THE  PROBLEM  AND  THE  SOLUTION 

The  upper  stratum  of  5  to  7  M  thick  is  mostly 
silts  mixed  with  sand  and  clay  size  particles. 
It  is  nonhomogeneous ,  compressible  and  of  low 


bearing  opacity  of  0.75  to  1.0  bar.  The  coral¬ 
line  limestone  formations  underneath  are  of 
recent  geological  origin.  The  density  and 
strength  characteristics  vary  erracticaly.  Thin 
layers  of  silts  and  sands  are  sandwitched 
between  thick  layers  of  coralline  limestone. 
The  coralline  limestone  possesus  medium 
strength  with  q^^j  =  2  to  3  bars  and  is  unsuit¬ 
able  for  bearing  piles. 

Any  solution  to  the  foundations  must  ensure  the 
load  distribution  within  the  upper  stratum  of  5 
to  7  M  in  order  to  avoid  load  concentration  on 
coralline  limestone  underneath.  It  should 
also  meet  the  settlement  criteria.  The  other 
factors  are  the  time  element  and  the  cost. 
Thus  the  improvement  of  the  upper  stratum  by 
compaction  techniques  is  one  of  the  best 
economical  solutions  to  be  considered. 

Dynamic  Compaction 

The  subsoil  condition  are  not  ideally  suited 
for  application  of  dynamic  compaction.  The 
compaction  of  a  7  M  thick  stratum  with  high 
water  table  and  a  large  content  of  fines 
would  make  dynamic  compaction  ineffective. 
Also,  the  shock  waves  generated  during  dynamic 
compaction  could  loosen  the  structural 
boundaries  of  the  coralline  limestone. 

Preloading  -  Surcharge  Method 

The  required  massive  surcharge  loads  and  the 
drainage  system  necessary  to  compact  the  7  M 
thick  stratum  below  the  water  table  would 
require  a  long  duration  and  would  be  unecono¬ 
mical. 

Vibro-Compact ion  with  Stone  Columns 

For  the  subsoil  conditions  the  Vibro-compact ion 
Replacement  Method  with  stone  columns  for  com¬ 
pacting  the  7  M  thick  upper  stratum  was  an 
effective  and  economical  solution  requiring  a 
minimum  of  time.  The  method  improves  the  sub¬ 
soil  with  reduction  in  voids  and  compaction  of 
weak  material  due  to  formulation  of  densely 
compacted  stone  column  tightly  interlocked  with 
the  surrounding  soils. 

Plate  load  tests  were  conducted  to  accertain 
the  effectiveness  of  the  vi br o-compa c t i on 
method.  The  load-settlement  curves  for  two 
plate  load  tests  are  given  in  Figure  3.  Test 
No.  1  was  performed  on  natural  soil  deposit 
(without  any  treatment)  and  Test  No.  2  was 
conducted  on  soil  compacted  with  stone  columns. 
The  stone  columns  were  one  meter  in  diameter 
and  were  placed  at  1.2  M  center  to  center 
embeded  7  M  in  the  compacted  overburden  and 
penetrating  one  meter  into  the  coralline  lime¬ 
stone.  Both  tests  were  conducted  with  a 
concrete  test  slab;  600  mm  thick  with  a  base 
area  of  5  SOM.  Loads  were  applied  in  increments 
through  a  hydraulic  jack  located  below  the 
loading  platform.  The  settlements  were  monitor¬ 
ed  at  four  points  with  dial  gauges  reading  to 
0.01  mm  and  the  average  settlement  was  recorded 
for  each  load  increment  which  was  held  constant 
for  six  hours.  Test  No.  1  in  Figure  3  shows 
that  settlements  increased  excessively  for 
loads  exceeding  375  kilonewtons  ( KN )  indicating 
general  shear  failure,  Terzaghi  and  Peck 
(1948).  Test  No.  2  does  not  indicate  any  shear 
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failure  for  loads  up  to  3000  KN  with  a  total 
settlement  of  23.21  mm.  At  the  design  founda¬ 
tion  pressure  of  1.5  bars  (load  of  1500  KN  on  a 
5  .50.“  slab),  the  total  settlements  was  7.03  mm. 
An  analysis  of  these  curves  gave  the  Elastic 
Modulus  for  natural  soil  (Test  No.  1),  E  =  6700 
kilonewtons  per  meter  square  (KN/M^  )  and  the 
Elastic  Modulus  for  compacted  soil  with  stone 
colu.mns  (Test  No.  2),  E  =  64000  KN/M^  .  Using 
the  deep  oorehole  log  data  and  DCT  results  the 
Elastic  Modulus  for  different  layers  of  coral¬ 
line  limestone  varied  between  40,000  KN/M^  to 
120,000  KN/M^  for  the  44  M  thick  strata  in  a  50 
M  deep  borehole.  The  allowable  bearing  pressure 
on  weaker  layers  of  coralline  limestone  with 
less  than  70  bar  is  2  to  3  bars,  Sanglerat 
(1972).  Thus  the  improvement  of  overburden 
with  vibro-compact ion  with  stone  columns  has  in 
effect  improved  the  characteristics  of  the 
overburden  to  be  in  conformity  with  the  charac¬ 
teristics  of  the  coralline  limestone  with 
respect  to  bearing  pressure,  settlements  and 
other  mechanical  properties. 

THE  SOLUTION 

The  solution  to  the  foundation  problem  was  to 
grout  the  cavaties  with  a  rich  mixture  of 
cement  and  sand  under  pressure  and  to  compact 
the  overburden  with  vi bro-compact ion  with  stone 
columns.  The  stone  columns  were  6  M  to  8  M  in 
length  (penetrating  one  meter  into  coralline 
limestone)  and  0.9  M  to  1.0  M  in  diameter  cons¬ 
tructed  on  a  triangular  grid  of  1.2  M  center  to 
center.  All  stone  columns  were  constructed 
with  clean  gravel  of  size  10  mm  to  75  mm  using 
at  least  0.75  cubic  meters  (M^  )  of  gravel  per 
meter  length  of  the  column.  The  stone  columns 
..ere  vibrated  and  compacted  with  heavy  machine 
hammers  and  the  resistance  offered  to  the 
hammer  was  electronically  recorded  on  strip 


charts.  Also,  precautions  were  taken  to  limit 
washing  out  of  fines  during  construction  and 
compaction  of  the  stone  columns  and  the  quality 
and  quantity  of  gravel  used  was  closely 
monitored.  On  completion  of  all  the  columns 
for  each  turbine  foundation,  the  top  one  half 
meter  was  scraped  as  the  soil  was  disturbed  and 
the  stone  columns  contained  excessive  fines  in 
the  upper  most  one  half  meter  layer.  A  struc¬ 
tural  fill  of  0.5  M  with  selected  aggregate  was 
constructed  over  tiie  entire  area  and  the 
turbine  foundation  pads  were  placed  on  the 
structural  fill.  An  analysis  with  a  uniform 
pressure  of  1.5  bars  on  100  SOM  foundation  pad 
for  the  turbine  indicated  a  total  settlement  of 
47.30  mm  and  a  differential  settlement  of  5.8 
mm  for  the  elastic  compression  of  the  50  M 
thick  strata. 


CONCLUSIONS 

The  data  from  each  of  the  three  different  types 
of  field  tests,  the  STPs,  the  DCTs  and  the 
Plate  Loc J  Tests  seem  to  correlate  the  results 
well  as  almost  similar  values  were  obtained  for 
the  allowable  bearing  capacity  for  the  silt/ 
overburden  and  the  coralline  limestone.  The 
correlation  factor  ^n)  for  the  SPTs  and  DCT 
appears  to  be  2  for  the  soft,  grey  and  porous 
coralline  limestone  and  n  seem  to  range  between 
3  to  4  for  the  white,  compact  and  hard  coral¬ 
line  limestone. 

The  vibro-compact ion  replacement  method  with 
stone  columns  is  an  effective  and  speedier 
method  to  compact  and  improve  thick  layers  of 
silty  soils  below  the  water  table.  The  compac¬ 
tion  of  the  overburden  with  stone  columns  has 
improved  the  bearing  capacity  and  compressibi¬ 
lity  characteristics  significantly  (ultimate 
bearing  capacity  from  75  KN/M^  to  600  KN/M^  and 
elastic  modulus  from  6700  KN/M^  to  64000  KN/M^. 
The  project  is  on  a  completion  stage  and 
presently  it  is  on  a  trial  run.  The  turbine 
foundations  are  performing  satisfactorily. 
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Special  Tunnelling  Methods  for  Settlement  Control: 
Infilaggi  and  Premilling 
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Thif  paper  provides  an  introduction  to  Wo  tunneling  methods  specially  developed  tooptimiAj  selUenienl 
r  n!r  >l  This  is  particularly  relevant  in  urban  environments 

The  concept  of  neither  method  may  be  regarded  as  novel:  infilaggi  is  a  development  of  the  principles  of 
forepoling.  whilst  the  premilling  idea  has  been  considered  for  some  years.  However,  recent  trends  in  the 
nature  of  the  tunnel  market,  and  major  advances  in  the  equipment  and  systems  involved  have  fostered  a  rapid 
crowih  m  Western  Europe.  description  is  provided  of  the  major  points  of  each  method,  and  case  historv  data 
are  cited  to  illustrate  their  excellent  performance 


I  fXTRnnrrrrov 

'A'hen  tunneling  in  urban  environments  often  at  relatively 
shallow  depths  and  in  variable  ground  conditions,  the 
Je'.'elnpment  of  surface  settlements  is  an  attendant  reality 

r. icpendirg  on  the  local  circumstances,  such  settlements  may  be 
due.med  too  s.mall  to  be  of  significance.  Alternatively  some  form 
,ii  settlement  mitigation  or  correction  may  be  necessary,  for 
■ax-ample  grouting  (Bruce.  l^STi  or  insitu  reinforcement  (Bruce  el 

ai .  I9-S7i.  .Such  methods,  and  others,  will  also  aid  the  progress 
and  safety  of  the  tunneling  contractor  and  his  personnel 
I  Mongilardi  and  Tornaghi.  1986 1, 

f)n  the  other  hand  it  may  be  more  practical  or  economic  to 
attack  the  problem  at  source--to  isolate  the  impact  of  the 
excax'ation  method  from  the  surrounding  ground,  which  would 
thereby  retain  its  virgin  status,  and  not  affect  overlying 
structures. 

This  paper  describes  two  particular  techniques,  infilaggi 
and  promilling,  which  have  been  developed  to  minimize  ground 
movements  above  tunnels  Although  entirely  different  in 
execution,  they  share  many  common  features,  principally 

e  they  are  executed  from  the  face  in  advance  of 
excavation,  thereby  minimizing  subsequent  decompression 

*  they  are  not  new  ideas- -infilaggi  has  been  known  as 
forepoling  or  spiling  in  the  ll.S  for  decades,  whilst  the  premilling 
system  has  taken  some  lime  to  refine  to  its  current  status, 
however, 

e  given  current  trends  of  shallow  tunneling  in  urban  areas 
both  have  a  revived  potential  rapidly  being  realized  in  Western 
Europe  in  particular 

•  recent  developments  in  equipment  technology  have 
broadened  that  potential  with  respect  to  speed,  reliability  and 
-ost  effectiveness 

Each  technique  is  described  below,  illustrated  by  reference 
to  recent  applications  by  Ing  Giovanni  Rodio  k  Co  ,  in  Italy 

The  use  of  forepoling  or  spiling  has  long  been  common  as  a 
supplemental  support  method  in  US  tunneling  practice  For 
example,  Clough  11981)  described  how  the  array  of  steel  rebars 


driven  suprahorizontally  around  the  crown  forms  an  umbrella  of 
reinforced  ground  above  the  subsequent  excavation  However, 
within  the  last  few  years  in  Western  Europe,  the  concept  has 
been  expanded  upon,  to  the  extent  that  horizontal  insitu 
reinforcement  or  retention  of  this  type  (infilaggi)  has  become  a 
primary  tunnelling  method.  This  has  arisen  for  three  main 
reasons: 

•  Demand  -  there  is  a  vibrant  phase  of  tunnel  construction 
in  certain  countries  in  Western  Europe- -especially  Italy,  France, 
Germany  and  Austria--for  new  or  upgraded  transport  networks. 
Much  of  the  construction  is  in  ground  which  can  be  classified  as 
soil  or  rock  of  inferior  mechanical  characteristics. 

•  Equipment  -  recent  advances  in  specialized  drilling 
equipment  (e  g  ,  RODIO  SR500  iPhotograph  ll  and  SR510  diesel 
hydraulic  machines)  can  allow  up  to  2flm  of  protection  to  be 
installed  in  one  pass,  with  very  high  productivities  and  with 
minimal  demands  on  the  facilities  or  assistance  of  the  excavation 
contractor. 

•  Contractu, ll  -  the  contractual  atmosphere  fosters 
innovation  and  the  principles  of  risk  sharing  Thus  individual 
companies,  or  groups  of  companies  are  encouraged  to  evolve 
new  concepts  to  improve  cost  effectiveness  and  productivity 
Equally,  these  ideas  may  allo-a.-  contractors  to  minimize  initial 
capital  expenditure,  by  virtue  of  using  or  modifying  existing 
equipment 

The  length  of  each  pass  of  infilaggi  varies  according  to  the 
ground  conditions  and  the  balance  between  the  various  aspects 
of  the  tunnel  construction  processes  necessary  to  ensure  efficient 
utilization  of  all  resources  by  all  parlies  In  certain  instances, 
the  steel  pipes  forming  the  reinforcement  may  also  be  used  for 
grouting  the  surrounding  ground,  and  the  use  of  sleeved  ports 
for  example  permits  a  range  of  cements  and  chemicals  to  be 
used,  depending  on  ground  conditions  and  the  support 
requirements 

CASEHISTORY.  LIMINA  TUmB..  MAMMOLA.  ITALY 

The  I.imina  motorway  tunnel  is  located  in  the  south  of 
Italy,  near  Mammola,  approximately  20  km  northeast  of  Reggio 
di  Calabria  Typically,  the  12m  diameter  tunnel  has  the  profile  of 
Figure  I.  but  at  250m  intervals  it  opens  out  by  4m  for  a  40m 
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Fit?ure  ^  -  General  layout  of  typical  premilling 

machine  (Hydraulic  arm  for  shotcreting 
not  shown). 


PhoiQgranh  "S  -  Pre milling  machine,  seen  from  the 
front  and  showing  premilling  saw 
(upper  right)  and  hydraulic  arm 
(left)  for  shotcreting  operations. 


-  the  magnitude  of  vibrations  transmitted  upwards 
towards  nearby  surface  structures  is  greatly  attenuated 


Figure  4  -  Round  blasting  concepts  -  classical  (upper) 
and  with  premilled  slot  (lower). 


-  less  explosives  (and  blast  holes)  are  required,  rendering 
the  entire  blasting  operation  safer,  faster  and  environmentally 
more  acceptable 

-  no  fissuring  or  decompression  occurs  in  the  surrounding 
rock  mass,  thus  preserving  its  virgin  properties,  and  so  reducing 
the  demand  for  subsequent  reinforcement,  eg.,  with  bolts 

-  there  is  no  overbreak,  and  therefore  associated  cost 
savings  in  time,  effort  and  materials, 

-  the  smooth  profile  makes  the  placing  and  performance  of 
arches  more  efficient. 

-  less  contact  or  consolidation  grouting  is  needed  behind 
the  final  tunnel  lining. 

-  following  blasting  there  is  a  greatly  reduced  danger  from 
rock  falls  due  to  chimneys  of  fraaured  ground  developing  above 
the  excavation. 


Developments  of  the  technique  continue,  for  example,  in 
special  diamond  tools,  high  pressure  water  jetting,  and  increased 
cutting  power,  to  permit  its  use  in  harder  rock  formations,  faster, 
and  with  increased  safety. 

In  soft  ground,  as  noted  above,  the  major  difference  is  that 
the  cut  slot  is  ruled  with  a  special  concrete  mix  as  early  as 
possible  The  advantages  are  as  identified  above  for  the  rock 
premill,  although  the  prime  target  is  the  elimination  of  surface 
settlements  induced  by  the  tunnelling. 

Each  cover,  up  to  3.5m  long,  depending  on  the  soil,  is 
inclined  slightly  outwards  and  overlaps  the  preceding  one  by 
300  to  500mm  (Photograph  6)  The  cone  is  cut  in  discrete 
segments  so  that  the  concrete  can  be  placed  in  each  segment,  as 
early  as  possible  and  without  having  to  wait  for  the  whole  arch 
profile  to  be  first  completed.  Cutting  times  for  a  typical  3  m  long 
segment  may  be  as  low  as  one  minute. 

The  concrete  may  be  placed  by  dry  or  wet  shotcrete 
methods  A  typical  mix  reported  by  Bougard  et  al  (1979) 
comprises,  per  cubic  meter  of  mix: 


Cement  450fCg 

Sand  560Kg 

Fine  gravel  650Kg 

Coarse  gravel  650Kg 

Accelerator  27Kg 

(Sigunite) 


Water,  as  appropriate, 
typically  w/c  '  0.25-0  30 

This  gives  a  strength  of  up  to  100  bar  at  eight  hours 
Rmiacement  of  the  normal  cement  with  350Kg  of  cement  fondu 
gw  e  the  minimum  target  strength  of  80  bars  in  4-5  hours  In 
addition,  spraying  the  mix  into  the  premilled  slot  ensures  that 
none  of  the  fine  aggregate  is  lost,  as  is  the  case  in  conventional 
NATM  applications  ol  shotcrete  on  open  faces  The  concrete  in 
place  is,  therefore,  of  superior  quality,  further  enhancing  the 
performance  of  the  system 
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Phnincr^nh  -  Tunnel  excavated  under  the  pre¬ 
milled  in  situ  arch,  showing  overlap 
of  each  cut,  and  placement  of  sup¬ 
porting  steel  ribs. 


In  comparison  with  the  N.MM,  there  are  certain 
similarities,  notably  the  overall  concept  of  the  support,  and  the 
common  construction  elements  such  as  shotcrete,  bolts,  and 
arches.  However,  the  major  dissimilarity  is  that  with  premilling 
the  primary  lining  is  placed  up  to  3m  ahead  of  the  face  before 
excavation,  whereas  in  NATM  the  lining  follows  1  or  2m  behind 
ihe  excavated  face.  This  greatly  impacts  the  generation  and 
scale  of  tunnel  deformations,  and  so  the  effect  on  overlying 
structures  (Figure  5).  Goer  (1982)  described  a  monitored  case 
history  of  the  relative  performance  of  the  two  methods  in  the 
same  material-- Argenteuil  marl  (Figure  fi).  Typical  properties  of 
this  material  were  listed  as: 

Density  =  2 
Fffective  o  '  20‘> 

Fffective  cohesion  -  0  5  -  I  Obar 
Undrained  cohesion  =  1.5  bar 
Deformation  modulus  -  500  bar 

Th.ec  times  ICoj  setlicuient  wrs  ^cniev ’d  in  in  tu;,r  ■■ 
protected  by  premilling. 


Figure  5  -  Qualitative  comparison  of  development  of 
tunnel  movements  with  Premill  and 
K.ATM.  (LeGoeV.  1982). 


earlier  by  500mm,  enabling  the  excavation  to  proceed  full 
section  in  3m  drives,  at  an  average  rate  of  one  advance  per  24 
hours,  viz: 

•  Premill  and  shotcrete  8  hours 

•  Shotcrete  stiffening  period  6-8  hours 

•  Excavation  and  placing  ribs  8-10  hours 

The  three  faces  were  advanced  simultaneously  and  laser 
guides  used  to  ensure  precise  tunnel  orientation 

The  special  dry  shotcrete  mix  designed  for  this  contract 
also  incorporated  steel  fiber  (about  30Kg/m3)  to  aid 
performance,  and  the  mix  reached  100  bar  at  8  hours  Segments 
of  2-4 m  length  were  successively  cut  and  filled. 

During  premilling  in  particularly  poor  conditions,  the  face 
(previously  lightly  shotcreted)  was  temporarily  supported  by 
simple  mechanical  props.  Under  these  conditions,  the  spacing  of 
the  steel  arches  was  halved.  The  final  lining  followed  not  more 
than  50m  from  the  face, 

4.  SUMMARY  AND  CONCLUSIONS 


Most  of  the  earlier  applications  have  been  carried  out  with 
the  conservative  divided  section '  profile  However,  excellent 
results  with  the  full  section  profile  (i.e  ,  cutting  a  270°  arc, and 
excavation  in  one  pass)  in  a  shallow  circular  collector  tunnel 
3  50m  diameter  (Departement  de  la  Seine-Saint-Denis,  France), 
in  very  difficult  ground,  encouraged  its  use  in  Lot  7  of  the  Lille 
Metro.  Belgium  As  evident  in  Figure  7  the  performance  of  the 
full  section  profile  was  superior,  with  surface  settlements  no 
more  than  Imm  Prefabricated  base  slabs  were  connected 
structurally  to  the  premill  cover  by  shotcrete,  and  the  steel  ribs 
then  placed,  bearing  on  the  slabs  This  system  also  proved  faster 
than  the  divided  section  approach 


The  potential  for  the  cost-effective  use  of  infilaggi  for  soil 
and  poor  rock  tunnelling  has  been  greatly  expanded  by  recent 
developments  in  drilling  and  grouting  technologies.  It  is  now 
realistic  to  anticipate  single  drives  of  over  15m,  fully  protected 
by  Ihe  insitu  reinforcement,  and  with  or  without  complementary 
ground  injection,  using  the  new  generation  of  purpose  built 
drilling  rigs 

In  cases  where  surface  settlements  must  be  absolutely 
minimized  then  the  premilling  technique  has  been  proved  an 
excellent  method,  markedly  superior  in  performance  to  the 
standard  NATM  It  can  be  carried  out  in  both  rock  and  soil 


CA^E HISTORY.  RAILWAY  TUNNELS.  FROM  MONCRASSANO 
TO SAS  MARCO  ARGENTANO.  NEAR  ROGGIANO  ITALY 

During  1986  and  1987,  three  tunnels  totalling  2000m  in 
length  were  formed  by  premilling  The  soil  was  generally  lightly 
indurated  and  variable  sediments,  typified  by  waterbearing  silty 
claystones  with  fine  sand  lenses  The  profile  of  the  tunnel  is 
shown  in  Figure  8  the  140mm  wide  slot  extending  21m  around 
the  shape  and  3. '^"beyond  the  face  Each  cover  overlapped  the 


The  successful  application  of  each  technique,  however, 
demands  close  and  harmonious  cooperation  between  the  support 
specialist  and  the  excavation/lining  contractor  Once  such  links 
are  forged  in  the  U  S  ,  the  demands  of  the  urban  shallow 
tunnelling  market  will  be  more  efficiently  served 
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Fi-juro  A  -  Comparison  of  setUemenls  generated  with 
time  in  identical  geological  conditions,  by 
Premill  and  NATM  (I.eGoe’r,  1982). 
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Figure  7  -  Comparison  of  settlements  generated  by 
Premilling  in  Divided  Section  and  Full 
Section.  Lille.  Belgium  (LeGoer.  1982) 
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SYNOPSIS;  The  paper  considers  the  causes  of  slips  in  embankments  and  cuttings  and  examines  the 
traditional  methods  of  repair  and  reinstatement.  Reinforced  soil  solutions  are  examined  and 
compared  vjith  the  more  traditional  systems. 

Following  consideration  of  the  structure  and  properties  of  a  polymer  geogrid  for  use  in  reinforced 
soil  applications,  two  case  histories  are  presented.  The  first  involves  the  repair  of  a  cutting 
slip  in  0 y e re  on s 0 1 i d a te d  clay  in  S.E.  England.  Both  the  design  method  and  construction  system  are 
examined  along  with  indications  of  relative  costs.  The  second  example  is  a  slip  in  a  highway 


emoankment  in  Sweden  where  a  reinforced  soil 
standard  solution. 

INTRODUCTION 

In  many  parts  of  the  world  slip  failures 
are  relatively  common  in  embankments  and 
cutting  slopes.  Failures  range  from 
slippage  of  topsoil  due  to  erosion,  shallow 
t ra ns  1  a t i ona 1 / ro ta t i ona 1  slips,  through  to 
deep  seated  rotational  slips  which  are 
often  caused  by  insufficient  bearing 
capacity  of  the  embankment  foundation. 

The  most  common  type  of  failure  is  the 
relatively  shallow  slip  where  the  failure 
surface  is  one  to  three  metres  from  the 
surface.  Reinforced  soil  techniques  have 
proved  to  be  extremely  efficient  and 
cost-effective  in  the  repair  of  such  slips. 


CAUSES  OF  FAILURE 

In  the  South  East  of  England  many  major 
highways  cross  areas  of  o ve r - con  so  1 i da te d 
clays.  Cuttings  constructed  through  these 
stiff  clays  and  embankments  constructed 
from  them  have  a  history  of  failure  several 
years  after  construction.  On  release  of 
overburden  pressure  near  the  face  of  a 
cutting  or  when  taken  from  a  deep  borrow 
pit  and  placed  near  the  face  of  an 
embankment,  the  clay  swells  as  the  negative 
pore  pressures  reduce  and  water  is  drawn 
into  the  soil.  This  process  often 
continues  until  the  once  stiff  clay  becomes 
soft  and  even  on  relatively  flat  slopes  of 
1:3  a  shallow  slip  is  initiated. 

In  other  parts  of  the  world  the  cause  of 
instability  may  be  a  rapid  change  in 
moisture  content  due  to  severe  climatic 
conditions.  In  Northern  Europe  wet  autumn 
weather  followed  by  long  periods  of 
sub-zero  temperatures  and  heavy  snowfall 
creates  a  major  problem  when  spring  arrives 
and  a  rapid  thaw  releases  large  volumes  of 
water  into  surface  layers  of  soil. 


solution  was  adopted  at  a  cost  of  only  25%  of  the 

In  tropical  climates  the  culprit  is  the 
monsoon-type  storm  which  can  produce 
rainfall  intensities  of  around  lOOmm/hour 
and  in  exceptional  cases  daily  rainfall  in 
excess  of  600mm. 


TRADITIONAL  REPAIR  OPTIONS 

The  most  obvious  repair  option  is  to  reduce 
the  gradient  of  the  slope  either  by  placing 
additional  fill  at  the  toe  or  by  removing 
material  from  the  crest.  In  many  cases, 
however,  this  solution  is  not  possible  due 
to  restrictions  on  the  availability  or  cost 
of  additional  land  or  due  to  the  presence 
of  existing  structures. 

In  urban  situations  the  importation  or 
removal  of  large  volumes  of  soil  may  be 
environmentally  unacceptable  even  if 
economically  feasible. 

Other  repair  techniques  include  the 
construction  of  a  gabion  wall,  replacement 
of  the  failed  cohesive  material  with  a  free 
draining  granular  fill,  lime  treatment  of 
the  failed  clay  and  a  reinforced  soil 
repair  using  either  strip  materials 
together  with  a  facing  unit  or  polymer  grid 
reinforcement  which  interlocks  with  the 
fill  and  requires  no  facing. 

A  study  has  been  carried  out  using  these 
five  systems  to  repair  a  section  of  7  metre 
high  embankment  constructed  from  Gault  clay 
i n  Carabr i dgeshire,  England  and  is  reported 
by  Johnson  (  1985  )  . 

In  the  study  the  first  reinforced  soil 
system  used  a  polymer  strip  material  looped 
around  used  car  tyres  to  form  the  facing. 
Other  tyres  used  as  anchor  points  were 
placed  in  trenches  within  the  stable 
portion  of  the  embankment. 
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The  second  system  used  polymer  oe'grid 
reinforcement  (designation  'Tensar'  SSI) 
which  was  wrapped  up  at  the  face  and 
returned  below  succeeding  layers  *0  fully 
encapsulate  the  fill  at  the  face. 


Tensar  grids  are  eminently  suitable  for  use 
in  the  repair  ot  slips  since  they  will 
interlock  efficiently  with  soft  clay 
materials  even  close  to  the  face  where 
overburden  pressures  are  low. 


^able  1  shows  the  associated  costs  and  time 
taken  for  the  repair  of  a  20m  length  of 
embankment  for  each  of  the  five  systems. 


Table  1.  Embankment  treatment  repair  costs. 


Roll  len^ 
(Longitudinal) 


^  1  ^mm 


Reinstatement  Time  Taken  ''otal  Cost 


Technique  (Days)  (£) 


Gaoionwall  18  8,360 
Granular  replacement  5  5,020 
Anchored  tyre  wall  8  4,760 
Lime  stabilisation  7  4,730 
Geogrid  reinforcement  6  3,430 


;(after  Johnson  1  985) 


Of  the  five  repair  systems  the  gabion  wall 
and  anchored  tyre  wall  involved  the 
construction  of  a  3  metre  high  toe  wall 
then  flattening  the  slope  to  1:3,  whilst 
the  other  techniques  retained  the  original 
1:2  slope. 

I'he  lime  stabilisation  and  geognd 
reinforcement  systems  re-used  the  failed 
material  while  the  other  systems  involved 
off  site  disposal  of  soft  clay  and 
importation  of  substitute  granular  fill. 

Of  the  five  systems  ihvestigated  the 
reinforced  soil  repair  using  polymer 
geogrids  was  one  of  the  fastest  solutiohs 
and  was  considerably  less  expensive  than 
all  others . 


STRUCTURE  AND  DURABILITY  OF  POLYMER  GEOGRID 
REINFORCEMENT 


Figure  1  -  Tensar  SR2  geogrid  -  a  typical 
uniaxial  grid. 


Roll  width 
(T  ransverse) 


3-9mm  11mm 


(Longitudinal) 


Figure  2  -  Tensar  SS2  geogrid  -  a  typical 
biaxial  grid. 


The  range  of  'Tensar'  polymer  geogrids  are 
produced  by  punching  a  carefully  spaced 
array  of  holes  in  a  sheet  of  polymer  and 
then  stretching  the  sheet  at  carefully 
controlled  temperature  and  strain  rate. 

The  sheet  is  stretched  in  one  direction  to 
produce  uniaxial  grids  (Fig  1),  and  for 
some  products,  stretched  in  the  orthogonal 
direction  to  produce  biaxially  oriented 
grids  (Fig  2).  The  stretching  process 
takes  place  at  a  relatively  low  temperature 
and  causes  the  long  chain  molecules  of  the 
polymer  to  become  oriented  in  the  direction 
of  stretch;  dramatically  increasing  the 
tensile  strength  and  modulus  of  the  grid. 
This  unique  process  produces  grids  with 
integral  junctions  which  are  extremely 
efficient  in  transferring  stresses  from  the 
soil  into  the  reinforcing  grid.  Products 
with  welded  joints,  as  opposed  to  integral 
junctions,  have  potential  weak  points. 


The  polymers  used  in  the  production  of  the 
grids  are  high  density  polyethylene  and 
polypropylene,  both  of  which  are  known  to 
be  inert  to  the  chemicals  normally  found  in 
soils  and  to  almost  all  chemicals  which 
could  conceivably  drain  into  soils  as  a 
result  of  a  road  accident. 

It  the  repair  involves  construction  of  a 
toe  wall  or  embankment  at  a  slope  in  excess 
of  45^  then  the  higher  strength  uniaxial 
grids  would  be  used  with  wrap-around  face 
containment.  Shelton  and  Wrigley  (1987) 
have  shown  that  these  grids  will  retain  90f 
of  their  tensile  strength  after 
approximately  50  years  exposure  to 
ultra-violet  attack.  Protection  is 
achieved  by  incorporation  of  carefully 
calculated  quantities  of  finely  divided 
carbon  black. 
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t'le  Tiei3  ■'  .ve'.er,  the  normal  cover  of 
e  t  a  t  1  .  n  pr.i.ivjes  p  e '•m  j  n  g  p  t  protection  by 
r  1  0  ■  n  a  t  n  t-  n  >- 1  ct  s  o  n  1  i  g  h  t . 

!  .sly  t  r, e  p  u  r-  i  e  a  sections  of  grid, 

'1  c  a  r  r y  ■;  n  e  -i  a  j  o  r  1  i  a  d  s  ,  do  not  suffer 
de  t  e  ■' i  0  r  a  '  1 ' '  n  since  the>  are  not 
serf  1 0  Son!  i q  h  t . 


Sl  H ! STOR  I  L  S 

'•  /  slips  n  a  .  e  peen  repaired  using  polymer 
id  '-ginr  ,rre,;  S'  ll  due  to  the  simple 
■1  s  t  '■  u  c  t  1  j  n  t  e  c  n  n  i  c,  !i  e  s  and  consistently 
ps'-eci  Cjsts.  Se.eral  projects  have 
rc  repc'-ted  and  wil!  not  be  considered 
•  trie'’  in  tnis  paper  e.g.  Busbridge 
-1  ;  ,  Oliver'  '  1  ■)  3  5  1  ,  3  is  n  a  p  a  r  t  e  and 
r'gas'n  ;  193-1  ,  Bell  et  al  (  1984  )  and  Toh 
a ;  ;  1  935  i  . 

Repair  of  a  Cutting  Slip  on  the  A4QS, 

L  rl  ndon,  England 


'he  A405  f-ai'ins  the  North  Circular  Road 
t’ose  to  the  centre  of  London.  Several 
years  after  its  construction  in  1968, 
slip  failures  began  to  occur  in  a 
tutting  near  Waterworks  Corner  where  the 
A40S  runs  through  Epping  Forest  (Fig  3). 
'he  5  00  metr'e  long  cutting  is  up  to 
■'  t’etres  in  depth  through  London  clay 
rind  was  constructed  with  side  slopes  of 
1:3.  Although  the  cutting  was  stable  for 
the  first  seven  years  after 
construction,  slips  began  to  occur  with 
increasing  regularity  causing  damage  to 
fence  lines  and  spillage  onto  the 
carriageway. 


Figure  3 


Several  remedial  measures  were 
considered,  including  granular 
replacement  and  toe  retention  with  crib 
walling  or  sheet  piling  combined  with 
flatter  slopes.  These  options  were 
prohibitively  expensive.  Lime 
stabilisation  was  ruled  out  mainly  due 
to  doubts  on  the  viability  of  achieving 
uniform  mixing  on  site  and  uncertainty 
about  long  term  performance. 


A  reinforced  soil  solution  was  selected 
on  the  basis  of  cost,  ease  of 
construction  and  confidence  in  the 
design,  which  involved  reinstatement  of 
the  failed  London  clay,  reinforced  with 
norizontal  layers  of  'Tensar'  geogrids. 
Drainage  was  also  provided. 

Investigation  showed  the  slip  to  be  a 
shallow  failure  and  the  reinforced  soil 
repair  was  designed  using  a  method 
developed  by  Murray  (1984).  The  method 
simplifies  the  analysis  by  approximating 
the  failure  surface  to  a  bilineal  slip 
plane  and  good  agreement  has  been  found 
between  the  results  of  the  simplified 
and  the  more  conventional  circular  or 
non-circular  slip  surfaces. 


Design  charts  have  been  developed  to 
select  the  geogrid  reinforcment 
requi rements  for  a  range  of  slope 
conditio.is.  The  reinforcement  is 
designed  to  intersect  potential  failure 
planes.  It  must  possess  proven  long 
terra  tensile  strength  characteristics, 
and  sufficient  interaction  with  the  soil 
to  resist  direct  shearing  of  soil  over 
the  reinforcement  and  also  to  provide 
pull  out  resistance  using  a  relatively 
short  anchorage  length. 

The  design  charts  are  used  to  determine 
a  factor  of  safety  based  on  the 
following  parameters. 


Tperiii 


Sv 


H 


3 

0' 


Permissible  long  term 

tension  which  may  be  applied 
to  the  geogrid  reinforcement 

Vertical  spacing  of  the 
reinforcement  (assumed  to  be 
constant) 

Height  from  lowest  to  the 
highest  point  on  the 
anticipated  slip  surface 
(often  taken  as  slope  height) 

Pore  water  pressure  ratio 

Density  of  soil 

Slope  angl e 

Effective  angle  of  internal 
friction  of  the  remoulded 
soil  { c '  assumed  =  0 ) 


At  Waterworks  Corner  the  soil  parameters 
were  taken  as 


0 '  =20" 
c '  =0 

^  =  20  kN/m' 
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It  was  fuund  frum  t  e  design  c darts  that 
the  required  facter  ot  safety  was 
obtained  when  us  i  rig  to_rizontal  layers  of 
'Tensar'  SRd  qeogrid  re  i  n  f  o  rcenie  n  t  at 
1.5  metres  vertical  spacing. 

Since  t  n  e  slope  angle  was  less  than  h  j  ■  , 
no  face  w  r  a p -  a  r  c u  n d  wav  specified. 
However,  due  to  the  large  vertical 
spacing  of  the  primary  layers  of 
reinforcement,  short  horizontal  layers 
of  lightweight  Tensar  Ssl  biaxial  grid 
were  specified  as  secondary 
reinforcement.  These  were  placed  at  0.5 
metres  vertical  spacing  to  stabilise  the 
slope  surface  against  potential 
sloughing  between  layers  of  the  primary 
reinfo  I' cement. 

The  length  of  eacn  layer  of  primary 
reinforcement  is  determined  by  extending 
the  grid  a  sufficient  distance  behind 
potential  failure  surfaces  to  ensure 
safety  against  pull-out.  Using  a  full 
junction  strength  grid  reduces  this 
length  to  a  minimum.  As  is  normal  in 
such  reoair  systems,  a  layer  of  free 
draining  granular  material  is  laid  at 
the  rear  of  the  excavation  (Fig  4). 


•«cond4ry  r«inforc«m«n( 
atO  5m  ««ft  apacing 


T«nur'SR2  gppgn-J 
primary  fainforcamant 
al  1  .Sm  vartical  apacing 


Propoaad  0 .3m  dapth  of 
pia..t:^:«>paoii. 


Naw 

— tnlarcaptpr 
Baochad 

aicavation  prdfila 


Wallcpmpaetad 

CoPdonCiay 


I  Sm 


Road 


I  /*  Naw  Franeh  Oram 
7.5m 


O.Smdaptn 

TypaB  granular 
dramaga  (ayar 

S.Sm 


Typical  aactlon  of  rairtstatad  atopa  (North  atda), 
A40«  North  Circular  Road.  London. 


Figure  -I 

Work  was  begun  in  September  i985  using  a 
standard  earthworks  team  of  one  Cat  215 
tracked  excavator,  one  Volvo  four  wheel 
drive  dumptruck  and  one  Cat  951  dozer 
with  a  four-in-one  bucket  and  a  towed 
vibrating  roller.  Manual  operations 
were  carried  out  by  two  labourers. 

Use  of  the  reinforced  soil  system 
reduced  traffic  management  measures  to  a 
minimum  since  there  was  minimal  removal 
of  spoil  and  no  importation  of  granular 
fill  which  would  have  involved  large 
numbers  of  trucks  reversing  on  to  and 
off  the  carriageway. 


Main  earthworks  began  with  the 
excavation  and  removal  from  site  of  a 
35m  long  strip  of  slipped  soil. 
Excavation  extended  beyond  the  failure 
plane  with  benched  steps  cut  into  the 
undisturbed  clay  (Fig  5).  The  general 
sequence  then  adopted  was  to  reinstate 
the  first  strip  using  fill  excavated 
from  an  adjacent  second  strip,  to 
minimise  double  handling.  The  second 
strip  was  then  reinstated  using  fill 
excavated  from  a  third  strip  and  so  on. 


Figure  5 


Fin  was  tipped  from  the  Volvo,  placed 
using  the  Cat  951(Fig  6),  and  compacted 
to  a  maximum  layer  depth  of  200mm  using 
the  vibrating  roller  towed  by  the  Cat 
951.  The  2.0m  widths  of  'Tensar'  SSI 
secondary  reinforcement  were  optained  by 
cutting  the  standard  4.0m  wide  rolls  in 
half  on  site  with  a  disc  cutter. 


Figure  6 
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'Tens  a r'  SR  2  foils  were  cut  to  the 
1'  e  c  u  1  ’■  e  d  '■  e  n  o  ■  n  and  'aid  p  e  r  p  e  n  c  i  c  u  :  a  r 

:  ^  the  si  D  e  'ace.  A  d  :  a  c  e  n  t  r  1  1  s 

e  '■  e  h  j  t :  i  i'  '  e  d  ,  t  i  q  .  T  ■) e  s  1  _■  p e 

'  a  c  e  as  V  e  '•  :  i  1  I  e  J  a  n  a  t  r  ai  la  e  d  to  the 

^  ,  e  !i  a  1  n  a  I  "i  a  r  'i  e  r  . 


A  1  i  h  q  part  .  t  the  si  ■  D  e  v.  here  a  d  d  i  t  i  u  n  a  1 
lane  a  s  a  .  a  i  1  a  b  1  e  toe  q  f  a  a  i  e  n  t  w  a  s 
reduced  '  >  >  i :  ;  . 


Figure  7 


Approximate  Quantities 

involved  in 

the 

500  metre  1 o n g  repair 

were: 

Excavation 

23,000 

Refilling 

12,800 

m’ 

Gravel  drainage  1 ayer 

5,400 

m- 

' Tensar '  SR2  primary 
reinforcement 

17,000 

'Tensar'  SSI  secondary 
reinforcement 

8,000 

In  spring  1986  approximately  500  cubic 
metres  of  topsoil  were  placed  on  the 
reconstructed  slope  for  subsequent 
planting. 

In  the  South  East  of  England  the  more 
traditional  repair  involving  removal  of 
the  slipped  material  and  replacement 
with  granular  fill  typically  costs  around 
i25/m’.  The  reinforced  soil  technique 
using  Tensar  geogrids  has  been  shown  to 
cost  between  £7  and  £12/m’  i.e.  savings 
of  between  50A  and  70.4. 


2.  Slj[^'  i^n  _R_oa^  Embankment,  Sweden 

Neai'  the  town  uf  Sundsvall,  t)00km  north 
of  Stockholm,  a  slip  occurred  in  autumn 
1 9 .5 4  on  road  number  331  involving  part 
■■  t  the  road  pavement. 

The  road  was  cut  into  the  side  of  a 
steep  hillside  with  the  outer  edge 
constructed  on  an  embankment  using 
material  rrom  the  cut  section.  The 
downhill  face  slope  was  1:1.7  and  the 
soil  in  the  structure  was  a  silty 
moraine  with  very  little  stone  material. 
During  the  spring  thaw  movement  was 
noted  at  the  edge  of  the  embankment  but 
this  soon  stabilised.  In  autunin  a 
period  of  heavy  rainfall  extending  over 
several  days  caused  saturation  of  the 
moraine  materials  and  the  creation  of 
very  high  pore  water  pressures  in  silt 
layers  near  the  top  of  the  embankment. 
Movement  was  again  detected  with  first 
the  metal  fence  becoming  suspended  in 
mid  air  and  then  a  50  metre  length  of 
carriageway  edge  cracking  and  moving 
downhill.  As  the  road  is  in  a  forested 
area  much  of  the  traffic  consists  of  60 
tonne  timber  loaded  lorr-ies  which  inipose 
high  loading  on  the  road  pavement. 

The  initia'  repair  solution  was  to 
reduce  the  downhill  slope  angle  by 
placing  additional  fill.  Unfortunately 
the  height  of  the  slope  was  15  metres 
and  at  the  base  was  a  thick  deposit  of 
peat. The  proposal  was  to  place  blasted 
rock  into  the  peat  to  form  a  coe  wall 
and  then  build  up  a  new  slope  face  at  a 
gradient  of  1:2.5. 

As  the  estimated  cost  of  this  repair  was 
found  to  be  extremely  high  a  more 
innovative,  lower  cost  solution  was 
sought . 

Using  the  uniaxial  'Tensar'  SR2  grid 
reinforcement  it  was  found  that 
stability  could  be  achieved  by 
incorporating  3  horizontal  layers  of 
reinforcement  in  the  top  3  metres  of  the 
embankment  using  the  original  fill 
material  and  a  single  drainage  layer. 
Each  layer  ot  reinforcement  extended  6 
metres  from  the  face  and  in  this  way  the 
shoulder  was  stiffened  and  the  layers  of 
grid  intercepted  deeper  potential  slip 
surfaces.  At  the  same  time  the 
opportunity  was  taken  to  steepen  the 
face  of  the  slope  over  the  3  metre  high 
repair  to  1:1  using  a  biaxial  grid 
wrap-around  to  contain  the  face.  Thus 
an  additional  2  metres  of  shoulder  width 
was  obtained. 


L  '  n  'j  r.  ;  1  i:  v.  j  s  c  a  i‘  ■'  i  e  d  ,i  ii  t  l;  s  i  n  g 

1  t  a  Pi  u  a  f' d  r  a  I' t !  '  k  s  e  d  P  I  piPt.Mi  L  and 

t  e  p  '1  n  1  g  u  e  i  ^  ’  g  p  ■'  ^  d  in  i  n  i  la  u  ni 

ct  I  <  t-  u  p  t  ;  ij  n  LI  t  r  a  t  T  1  c  and  at  a  c  ■  j  s  t  i  ‘  t 

oniy  g-  t  tpp  -riginal  pi'i:p"5ed 

S  I.,’  I  Li  t  1  0  n  . 


Figure  8 


Figure  9 


C'jfiCLus  lor.s 

'  r,  e  r  e  it  n  n  vi  e  /  t.  e  n  t  i  /  e  e  /  p  e  r  i  e  n  r  e  relating 
tp  tne  use  nf  pulymer  grids  in  reinforced 
s 'I  i  I  repairs  to  slip  failures. 

Such  tecnriinues  ha;e  been  used  in  many 
parts  u  f  tne  world  and  in  many  different 
soil  types  including  clays,  silts,  moraines 
a  I .  d  I  a  t  e  r  i  t  e  s  'j  i  I  s  . 


Tne  use  of  a  grid  reinforcement  with  full 
strength  junctions  is  extremely  important 
as  this  means  that  the  required  pull-out 
resistance  can  be  achieved  with  the  minimum 
■if  excavation  behind  the  failure  plane. 

In  addition,  the  grid  structure  will 
efficiently  transfer  stresses  from  trie  fine 
grained  and  often  wet  fill  material. 

Tensar  grid  reinforced  soil  repair 
techniques  re-use  failed  soils,  minimise 
traffic  disruption  and  delay  and,  most 
importantly  reduce  costs. 
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S'r'NOf’SlS  :  Skirted  lootimts  posses  many  novel  characteristics  which  render  them  eminently  suitable  for  construction  of  structures 
in  situations  involvint;  heavy  loads  and  poor  soil  conditions  with  promise  of  economy.  The  results  of  the  present  investigations 
will  help  considerably  to  understand  a  detailed  picture  of  the  complex  phenomenon  of  contact  pressure  distribution  and  vertical 
stress  distribution  in  soil  under  skirted  footings. 


1\TR0DLCT10\ 

\  skirt  nay  be  constructed  as  an  integral  part  of  the 
footing  along  its  periphery  or  independently  adjacent  to 
It.  These  footings  have  staged  their  entry  into  foundation 
engineering  in  the  early  eighties  by  their  use  in  some 

important  projects  located  in  the  Thar  desert  of  India 
ISingh,  Punmia  and  Ohri,  1981).  They  may  be  found  efficien  t 
for  strengthening  the  buildings  under  distress  due  to 
e.vcessive  total  or  differential  settlement.  A  model  skirted 
footing  provided  with  integral  skirt  at  45°  with  vertical 
and  having  skirt  depth  equal  to  0.5  times  the  top  width 
IS  capable  to  take  30'Th  more  pressure  intensity  than  its 

equivalent  flat  footing  in  dune  sand.  Rao  and  Sharma 
(19801  have  brought  out  the  beneficial  effects  of  non- 
integral  vertical  skirts  around  a  footing  in  increasing  bearing 
capacity  and  reducing  settlement  characteristics.  Skirted 
granular  piles  also  improved  the  load  carrying  capacity 

significantly  IRao  and  Rhandari,  1979). 

for  the  realistic  design  of  a  skirted  footing,  the  nature 
of  pre,ssure  distribution  at  the  footing-soil  interace  and 
also  within  the  soil  mass  should  be  known.  Regardless 
the  hypothesis  by  which  these  may  be  calculated  the 
desirability  of  their  determination  by  actual  measurements 

is  always  keenly  felt.  .Apart  from  the  present  experimental 
studies,  the  attempts  to  measure  contact  pressures  and 
stress  distribution  in  soil  under  skirted  footings  are  non¬ 
existent.  These  were  investigated  under  the  perfect  case 
of  rigidity,  using  cast  iron  skirted  footing  models  which 
settle  uniformly  at  all  points  on  the  footing.  It  ensured 
not  only  perfect  rigidity  but  also  retention  of  shape  at 
all  stages  of  loadings. 

SOIL 

The  uniformly  graded  dune  sand  used  in  the  test  programme 
had  fine  sand  fraction  (425  micron  to  75  micron)=98%, 
coefficient  of  uniformity  =  1.28,  coefficient  of  curvature 
=  0.94,  mean  diameter  =  0.11  mm,  effective  size  =0.084 
mm,  specific  gravity  =  2.66,  maximum  dry  density  =  1.43 
g/cc,  ultimate  friction  angle  is  29°  under  all  conditions 
of  moisture  and  loading.  The  peak  angle  of  internal 
friction  in  drv  state  lies  in  the  range  of  32°  to  35°  at 
the  rate  of  3  per  10"/.,  change  in  voids  ratio. 


DESCRIPTION  OF  MODEL  PROGRAM.V/E 
Footings 

The  model  footings  used  in  the  investigations  were  made 
as  strip  footings  of  80  mm  x  500  mm  provided  with  skirt 
at  0°  ,20°  ,30°  ,  40°  ,45°  ,50*  ,60°  and  90*  with  the  vertical 
(  6).  The  depth  of  the  skirt  was  kept  as  0.7  B  (B=width 
of  footing),  for  contact  pressure  measurements  and  that 
of  0.5  B  for  vertical  stress  measurements  studies.  All  the 
footings  of  each  set  had  the  same  contact  area.  Twenty 
four  grooves  of  20  mm  diameter  and  4  mm  deep  were 
machined  in  the  footings  to  receive  the  boundary  earth 
pressure  cells.  They  were  snug  fitted  and  set  flush  with 

the  base  of  the  footing. 

Placement  of  Sand  and  Test  Equipment 

A  tank  measuring  1.25  m  x  0.50  m  in  plan  and  0.90  m 
in  depth  was  used  in  the  test  programme.  The  sand  was 

allowed  tc  fall  freely  from  a  sieve  having  perforations 
of  2mm  diameter  at  25.4  mm  c/c  from  a  height  of  0.60 
m  in  lifts  of  50  mm  to  achieve  a  density  of  1.60  g/cm^ 

The  sand  was  vibrated  to  achieve  a  density  of  1.65  g/cm^ 

Dead  load  system  with  a  lever  arrangement  was  used  to 
apply  the  load  to  the  footing.  It  ensured  the  constant 
application  and  transfer  of  the  applied  load  from  the  footing 
to  the  soil  in  each  test  observations.  The  dead  load  system 
is  especially  suitable  when  such  sensitive  observations  as 
contact  pressure  and  pressure  distribution  measurements 
are  made.  Density  measurements  were  made  in  each  test 
and  probe  penetrometer  soundings  were  also  performed 
for  density  control. 

Experimental  Procedure 

Correct  positioning  and  placement  of  a  model  skirted  footing 
required  considerable  care  and  effort.  The  method  of  its 
placement  on  dune  sand  was  perfected  after  several  trials. 
The  stainless  steel  pressure  cells  of  20  mm  and  30  mm 
diameter  (D)  with  integral  diaphragm,  designed  and  fabricated 
with  considerable  care  and  effort  were  used  for  contact 
pressure  and  stress  distribution  measurements  respectively. 
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20 
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0.20 
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0.40  +  0.03 
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Embedded  Pressure 

0- 1 00 

20 

30 

0.45 

0.20 

6.0 

0.45  +  0.03 

Cell 


The  characteristics  of  the  cells  are  given  in  Table  1.  I'he 
pressure  cells  were  calibrated  by  using  compressed  air  in 
tnaxial  cell  and  also  by  applying  pressure  from  a  column 
of  mercury  manometer  designed  for  purpose.  Both  the 
methods  gave  parallel  results.  An  integral  skirted  footing 
containing  24  pressure  cells  was  placed  in  its  position  on 
the  sand  bed.  For  the  determination  of  stresses  inside 
the  sand  medium,  twenty  four  pressure  celis  were  embedded 
at  a  time.  To  have  large  number  of  stress  points.the  position 
of  pressure  cells  were  changed  in  the  second  stage  of  the 
test  on  the  same  footing.  Two  dial  gauges  of  0.01  mm 
least  count  were  set  on  the  footing.  A  seating  pressure 
of  100  glcrr\  was  applied  and  released  before  the  start 
of  the  test.  The  wire  leads  of  each  pressure  cell  were 
connected  to  the  multi-channel  input.  1  he  output  terminal 
was  then  connected  to  the  digital  strain  indicator.  By- 
operating  the  multichannel  .selector  switch,  the  desired 
pressure  cell  was  connected  to  the  strain  indicator  and 
its  initial  reading  was  recorded.  The  loads  corresponding 
to  20".i,  33"d  and  SO'ki  of  the  ultimate  load  were  applied 
in  steps  to  the  footing  (soil  deposited  at  1.65  g/cm^  )  for 
contact  pressure  measurements  and  tat  of  30  kN/m^  (soil 
deposited  at  1.60  g/cm^  )  for  stress  distribution  studies. 
The  reading  of  the  strain  indicator  of  each  pressure  cell 
was  recorded  when  the  settlement  of  the  footing  had  ceased. 
The  difference  between  the  initial  and  final  readings  of 
the  strain  indicator  gave  the  magnitude  of  the  strain  that 
each  pressure  cell  had  un-ergone.  Each  test  was  repeated 
atleast  three  times  to  check  the  reproducibility  of  the 
test  results.  The  defective  cells,  if  any,  were  replaced 
in  the  subsequent  observations. 

TEST  RESULTS  AND  DISCUSSIONS 

Contact  Pressure  under  Footings. 

Fig  1(a)  shows  that  the  contact  pressure  distribution  under 
a  flat  footing  w'hich  is  maximum  at  the  centre  and  minimum 
near  the  edges.  The  contact  pressure  increases  with  the 
increase  of  the  applied  pressure.  The  observed  contact 
pressure  for  the  footings  having  skirts  at  20'  ,  30“^  ,4C‘  ,45'' 
50°  and  60  are  plotted  on  the  projected  plan  width  (Bp) 
of  each  footing  and  that  ol  0°  on  the  geometry  of  the 
footing  (Fig  Kb)  to  1  (h)).  The  contact  pres.sure  below  the 
skirt  tends  to  reduce  significantly  when  the  angle  of  skirt 

(  H  li.s  more  than  45*  .  I'he  contact  pre.ssure  distribution 
is  nearly  constant  when  the  angle  of  skirt  is  60°  .  When 
the  skirt  of  a  footing  is  at  0°with  the  vertical,  the  contact 
pressure  is  maximum  at  the  centre  and  relatively  non-existent 
along  the  length  of  the  skirt.  Vv'ith  the  increase  of  angle 
of  skirt  from  0  to  50  ,  there  is  but  a  gradual  decrease 
in  the  cotact  pressure  at  the  centre  of  the  footing  and 
significant  increase  in  it  along  the  depth  of  the  skirt. 
When  the  angle  of  skirt  is  40°  ,  the  contact  pre.ssure  at 
the  centre  of  the  footing  is  very  nearly  the  same  as  that 

of  the  skirted  footing  having  the  same  as  that  of  the  skirted 
footing  having  0=45°  .  However,  the  same  at  the  edge 

of  the  skirt  for  0  =  45°  is  14.5"/(i  more  than  that  of  0=40* 

The  concentration  of  stresses  in  general  is  less  at  centre 
and  more  at  edges  of  the  skirted  footings  when  0  '^30  . 
This  trend  is  reversed  for  footings  having  06  20  .  'I'he 


Kf)  Kg) 


1134 


maximum  amount  of  contact  pressure  at  a  given  pressure 
intensity  at  the  bottom  edge  of  the  skirt  has  been  observed 
when  the  angle  of  skirt  {  9  }  is  45“  with  the  vertical. 


Vertical  Stress  Contours  under  Skirted  Footings. 

Fig.2  (a)  to  2(d)  show  the  vertical  stress  contours  for  skirted 
footings  provided  with  skirt  at  0'  ,20°  ,30°  ,4(f  ,45°  ,50°  ,60* 
and  90°  with  vertical  at  the  pressure  intensity  of  30  kN/m^ 
The  depth  Z/Bp  (Z=  Depth  of  soil.  Bp  =  plan  width  of  footing 
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2(d)  e>9o* 

Fig.2.  Vertical  Pressure  Distribution  under  Skirted 
Frxjtings. 


at  the  centre  of  skirted  footingof  the  stress  contour  of  0.  Iq 
intensity  due  to  the  applied  pressure  on  a  skirted  footing 
having  0  =  o"  ,20'’  ,30*  ,40°  ,45°  ,  50°  ,60°  and  90°  is  3.65, 
3.80,  4.4,  4.5,  4.8,  4.4,  4.25  and  4.25  times  the  plan  width 
of  footing  respectively.  It  may  be  observed  from  the  figures 
that  region  of  distribution  of  a  vertical  stress  of  a  given 
pressure  intensity  increases  laterally  with  increase  of  angle 
of  skirt  from  0*  to  60  .  The  actual  stress  measured  at 
a  given  depth  below  the  flat  strip  footing  (0=90  )  is  lower 

than  that  obtained  by  Boussinesq.  This  may  be  due  to  the 
non-linear  behaviour  of  soil.  The  more  the  confinement 
of  sand  in  the  skirt  zone,  the  higher  is  the  magnitude 
of  vertical  stress  at  a  given  depth.  The  confinement  of 
sand  is  ma.ximum  when  angle  of  skirt  is  4.5°. 


CO,\CLLSIONS 


On  the  basis  of  a  series  of  laboratory  tests  on  rigid  skirted 
footings  bearing  on  dune  sand  the  nature  of  contact  pressure 
distribution  as  well  as  vertical  pressure  distribution  in  soil 
have  been  studied  and  found  to  be  mainly  dependent  on 
the  angle  of  skirt.  .■X  perfect  picture  regarding  the  distribu¬ 
tion  of  contact  pressure  emerges  from  the  tests.  The 
contact  pressure  show  a  definite  tendency  for  edge 
concentration  for  30  ^  9^50  .  The  contact  pressures  also 
exhibit  a  tendency  to  shift  of  concentration  towards  the 
central  regions  of  these  foundations  when  the  applied  load 
IS  at  a  factor  of  safelty  of  2.  The  pressure  bulbs  of 
vertical  pressure  distribution  under  skirted  footings  have 
been  developed  and  presented  which  were  not  so  far 
available  in  literature.  The  reported  study  comprehensively 
attempts  to  present  the  behaviour  of  skirted  footings  on 
dune  sand  and  throws  light  into  the  manner  in  which  the 
loads  are  transferred  from  the  footings  to  the  soil. 
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SYNOPSIS:  The  paper  deals  with  the  monitoring  of  a  geogrid  reinforced  embankment,  5.0  m  high  and  600  m  long,  built  to 
contain  additional  waste  material  in  the  municipal  landfill  in  Modena  (Northern  Italy). 

The  embankment  was  founded  directly  over  the  waste  already  placed  in  the  landfill,  consisting  of  compressible  and 
dishcmogeneus  material,  varying  from  solid  urban  waste  to  muddy  industrial  material.  The  geotechnical  parameters 
assumed  to  characterize  the  fill  soil  and  the  waste  material  of  the  foundation  soil  are  described. 

The  settlements  of  the  embankment  and  the  forces  and  strains  in  the  geogrids  were  monitored  from  the  beginning  of  the 
construction  until  some  months  later.  The  instrumentation  used  in  order  to  perform  this  control  is  described. 

The  actual  results  are  compared  with  those  obtained  from  the  design  model  and  with  other  field  tests  concerning  geogrid 
reinforced  structures. 


FOPEWORD 

The  works  presented  in  this  paper  are  related  to  the 
construction  and  to  the  monitoring  of  an  earth  embankment 
for  the  urban  waste  disposal  facility  in  Modena 
(Northern  Italy). 

In  successive  times,  a  series  of  dikes,  starting  from  the 
filled  level  of  the  existing  landfill,  was  and  will  be 
built,  in  order  to  contain  additional  waste  material  up 
to  a  total  height  of  about  15  m. 

The  embankments,  5  m  high,  have  a  constant  shape  in  their 
longitudinal  development  and  for  the  3  successive  levels: 
until  now,  only  the  first  embankment  was  built. 

This  embankment  was  founded  directly  over  the  urban  waste 
of  the  Ian  .fill,  consisting  of  compressible  and 
dishc nogeneu*  material;  only  a  little  part  of  the 
embankment  was  founded  on  industrial  wastes,  consisting 
of  inert  muddy  materials. 


The  embankment  was  reinforced  with  horizontal  layers  of 
high  density  polyethilene  uniaxially  oriented  geogrids, 
and  was  designed  with  a  sort  of  "foundation  beam", 
constituted  by  a  layer  of  soil  totally  wrapped  in  a 
geogrid.  The  gecgrids  used  were  Tenax  TTl  manufactured  in 
Italy  by  RDB  Plastotecnica . 

The  use  of  geogrids  as  reinforcement  allowed  to  improve 
the  geotechnical  characteristics  of  the  fill:  the  factor 
of  safety  against  rotational  frsilure,  for  a  1:1  slope  as 
the  instrumented  one,  calculated  according  to  the 
Fellenius  modified  method,  was  0,9  without  reinforcement 
and  2.S  with  geogrid  reinforcement  (Pagotto  -  Rimoldi, 
19R7)  . 


DESIGN 

Geotechnical  characteristics 

The  geotechnical  characteristics  of  the  foundation 
material  and  of  the  fill  soil  for  the  embankment  were 
measured  by  means  of  tests,  carried  out  both  on  site  and 
in  laboratory.  The  main  results  obtained  are  as 
following: 

-foundation  material:  the  plate  loading  tests  were 

carried  out  in  a  certain  number  of  points  on  the  waste 
disposal  area.  The  average  of  the  values,  obtained  for 
the  urban  solid  waste,  compared  to  the  results  obtained 
by  Cancelli  and  Cossu  (1985)  on  the  same  type  of 
material,  have  given  results  similar  to  those  typical  of 
organic  soils: 

-  unit  weight  y.-  =  10  kN/mc 

-  cohesion  cj-  =  30  kPa 

-  internal  friction  angle  =  22  degrees 

-  primary  compression  index  C  =0.6 

^  c 

-  secondary  comoression  index  C  =0.1 

a 

-fill  soil  for  the  embankment:  grain  size  analysis, 

Atterberg  limits,  consolidation  tests,  triaxial  tests 
(U.U.  and  C.D.)  and  permeability  tests  (by  oedometer) 
were  carried  out,  obtaining  the  following  results: 

-  unit  weight  y.,  =  18  kN/mc 

-  liquid  limit  =  65% 

-  plastic  limit  W  =  24% 

-  cohesion  =  25  kPa 

-  internal  friction  angle  0*^  =  25  degrees 

-  permeability  coefficient  k  =  3  x  10  E-11  m/s 
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*■'  ^  he  lo-id  distribution  for  the  settie- 

‘'•V  v;:-hout  geo^rici  reinforcement. 


Evaluation  of  the  settlements  without  geogrids 

The  embankment  standard  cross-section  was  divided  into 
sectors  of  unitary  thickness  in  order  to  calculate  the 
settlements:  three  different  loads  have  been  defined,  as 

presented  in  Figure  1. 

The  settlements  were  estimated  using  the  oedometric 
theory  by  means  of  the  formula: 

c  a  *Aa 

^  - -  n) 

( 1+e  j  (j 

o 

The  results  obtained  for  the  section  founded  on  urban 
solid  waste  were  as  follows: 

S.  =  0.32  m  S_  =  0.40  m  =  0.35  m  S  =  0.36  m 

ABC  average 

For  the  section  founded  on  muddy  wastes  the  settlement, 
calculated  according  to  the  same  method,  gave  an  average 
value  of  1,05  m. 

Design  parameters  for  the  reinforced  embankment 

The  design  of  the  embankment  was  carried  out  on  the  base 
of  the  following  parameters: 

-  height  H  =  5m 

-  slope  angle  max  1^-55  degrees 

-  surcharge  q  =  10  kPa 

-  maximum  tensile  strength 

of  geogrid  Cl^=  66  kN/m 


The  factors  of  safety  were  assumed  as  following: 

-  F5  global  =1.1 

(well  known  geotechnical  parameters); 

-  FS  time  =  1.35 

(medium  difficulty  and  duration  of  the  work); 

-  FS  construction  =  1.35 

(soil  used  not  suitable  as  fill  material); 

-  FS  grid  =  FS  global  x  FS  time  x  FS  construction  =  2.00 
The  design  parameters  were  assumed  as  follows: 

-  reduced  friction  angle  /S'*  =  arctg(  tgj^j /FSglobal )  =  23*^ ; 

-  allowable  tensile  strength  a  =  a  /FS  grid  =  33  kN/m. 

a  f 

The  final  configuration  of  the  embankment  cross-section, 
according  to  the  design  method  presented  by  Jewell  et  al. 
(1984)  and  revised  by  Rimoldi  (1987),  is  shown  in 

Fig.  2a. 

Design  model 

Since  the  reinforced  embankment  was  built  on  a 

compressible  foundation,  acttlcmcr+’s  in  the  waste 
disposal  area  were  important,  so  that  the  geogrid  placed 
at  the  base  of  the  embankment  was  expected  to  be  bent  and 
tensioned. 

In  order  to  calculate  the  embankment  settlements  and  the 

distribution  of  tensile  forces  in  the  base  geogrid  a 

model  based  on  a  Winkler  scheme  was  developed.  In  fact 

the  lower  layer  of  soil,  totally  wrapped  in  the  base 

geogrid,  acts  as  a  beam  on  a  Winkler  soil  characterized 

by  the  modulus  of  subgrade  reaction  k  ,  as  shown  in 

s 

Figure  2b. 

Therefore  the  beam  length  is  assumed  equal  to  the 
embankment  width  and  the  beam  width  equal  to  1  m 
corresponding  to  the  geogrid  transversal  dimension:  a 
possible  plate  structural  behaviour  was  not  considered, 
in  favour  of  safety.  The  beam  has  an  height  of  0.9  m  and 
is  loaded  with  a  trapezoidal  surcharge  given  by  the  shape 
of  the  embankment  cross-section. 

The  modulus  of  subgrade  reaction  k  is  a  parameter  which 

s 

takes  into  account  the  average  compressibility  of  the 
waste  layer  which  forms  the  embankment  base. 
Consequently,  the  modulus  was  calculated  as  follows: 


Fig.  2  :  a)  Cross-section  of  the  embankment  reinforced 
with  geogrids. 

b)  Scheme  adopted  for  : he  Winkler  model. 
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q 


(2) 


where:  q* 
S 

P 


3 

k  =  —  .p  =  O.l-fO.3  N/cm 
s  a 

s 


riaximi:rn  pressure  on  the  waste  disposal 
average  settlement  ;see  Eq.  1) 
factor  which  takes  into  account  the  presence 
of  the  base  geogrid. 


The  value  of  ?  ,  equal  to  l,C3fl.l3,  was  determined  with 

g 

loading  tests  'on  plates  to  evaluate  the  elastic  response 
of  the  soil  formed  by  the  actual  compacted  waste  under 
the  load. 

The  minirum  value  of  k  (G,l  N/cmc)  was  obtained  in 

s 

presence  of  the  muddy  material,  while  the  highest  value 

of  k  (0,3  N'cmc)  was  recorded  for  solid  urban  waste, 
s 

normal 1 y  compacted . 

Assuming  the  values  presented  in  Figure  2b,  and  taking 
into  account  an  elastic  modulus  £  of  the  clay  equal  to  80 
MPa,  the  settlements  and  the  moments  along  the  beam  axle 
were  calculated,  using  a  standard  computer  program  for 
beams  cn  Winkler  soil. 

The  tensile  stress  O  in  correspondence  of  the  base 
geogrid  was  given  by: 

M(x)  X  0.9h 

0^{x)  - -  (3) 

J 

and  the  tensile  force  in  the  geogrid  was  obtained  by  the 
equation : 


0  (x)  *  a  (x)  X  T  (4) 

r-  a  g 

where:  T  =  average  thickness  of  the  geogrid  (2  mm) 


F 1  a . 


3  :  Dis’rlbu* ; on  of  the  forces  in  the  base  geogrid 
ir/\  of  th<='  embankment  sett,  1  ements  resulting 
from  the  calculations  based  on  the  Winklf=>r 
node  I . 


The  above  formulas  allowed  to  obtain  the  values  of  the 
forces  F  (x)  and  the  settlements  S(x)  in  two  situationsof 

g 

foundation,  as  plotted  in  Figure  3.  Site  1  is  referred  to 
the  urban  solid  waste  foundation  material,  while  Site  2 
is  related  to  the  muddy  foundation  material. 

Until  now  no  evidence  of  significative  deformations  of 
the  embankment  body  has  occurred,  so  it  seems  that  the 
"foundation  beam"  and  the  geogrid  reinforcement  allow  the 
embankment  to  withstand  also  important  settlements. 


INSTRUMENTATION 

The  parameters  directly  measured  with  instruments  placed 
in  the  body  of  the  embankment  were  the  settlements  of  the 
base,  the  tensile  forces  and  the  strains  in  the  geogrids. 

The  settlements  of  the  base  of  the  embankment  were 
measured  in  4  points  by  means  of  the  most  simple 
instrument:  a  steel  plate,  having  a  diameter  of  60  cm, 
directly  laid  on  the  base  geogrid;  the  plate  presented  a 
steel  tube  welded  on  it  in  vertical  position,  which  was 
incremented  with  elements,  1.0  m  long,  as  the  embankment 
construction  went  on.  The  steel  tube  was  inserted  in  a 
plastic  tube,  to  avoid  lateral  friction.  The  tubes  came 
out  of  the  embankment  just  on  the  inner  edge  of  the 
crest,  in  order  to  avoid  any  disturbance  due  to  the 
passage  of  trucks. 


After  the  end  of  construction  the  vertical  position  of 
the  portion  of  steel  tube  over  the  crest  was  measured 
periodically  with  topographic  methods. 

Both  tensile  forces  and  strains  were  measured  in  the 
geogrids,  also  in  order  to  control  if  significant  creep 
phenonema  occur. 

The  tensile  forces  in  the  geogrids  were  measured  by  load 
cells:  the  geogrid  was  cut  transversally  and  the  two 
edges  were  fixed  in  steel  clamps  specially  manufactured 
and  firmly  connected  to  the  load  cells,  as  shown 
schematically  in  Figure  4. 

The  forces  in  the  load  cells  were  read  with  a  small 
digital  dynamometer,  instantly  connected  to  the  signal 
wires  with  a  jack,  giving  directly  the  values  of  tensile 
forces. 

The  strains  were  measured  on  single  longitudinal  ribs  in 
the  center  of  the  geogrids,  by  means  of  two  extensometers 
for  each  position,  one  on  and  one  under  the  strand  in 
order  to  have  a  'compensation  for  flexure  {Bathurst  et 
al,,  1987),  The  extensometers  used  were  SHOWA 
( Yll-FA-5-120) ,  which  can  support  a  maximum  deformation 
of  about  20%.  The  signal  wires  wc^e  collected  into  a 
concrete  box  together  with  the  load  cells  ones.  The 
strain  values  were  measured  periodically,  connecting  each 
signal  wire  to  the  appropriate  reading  unit. 
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Fie.  4  :  Schene  of  the  device  ased  for  the  measurenent 
of  the  tensile  forces  in  the  geogrid. 


All  the  load  cells  and  the  extensometers  were 
concentrated  in  a  length  of  3  meters  along  the 
embankment,  in  order  to  have  all  measurements  related  to 
the  same  effective  situation. 

The  selected  measuring  section  was  placed  on  a  zone  of 
highly  compacted  waste,  in  order  to  have  only  small 
settlements,  which  actually  were  about  5  cm:  in  this  way 
the  measured  values  are  directly  comparable  to  other 
field  tests  having  a  solid  base  under  the  geogrids 
reinforced  block. 


^  IWSrffUMENT 

A 

B 

C 

D 
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F 

G 
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stope  cmj 

0.80 
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_ 
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_ 

2.50 

1.00 

Figure  5  shows  the  measuring  cross-section  with  the 
position  of  instruments. 

Due  to  the  presence  of  waste  material,  it  was  not 
possible  to  place  instruments  in  the  internal  part  of  the 
embankment,  that  is  near  the  steepest  slope  (55  degrees  = 
1,4:1).  Anyway,  the  external  slope  of  1:1  allows  to 
achieve  some  interesting  information  on  the  behaviour  of 
a  steep  reinforced  slope  made  with  a  cohesive  soil. 

RESULTS  OF  MEASUREMENTS 

Due  to  the  particular  situation  of  the  test  site,  there 
were  some  problems  during  the  period  of  stress-strain 
measurements.  The  main  one  was  vandalism:  two  weeks  after 
the  installation  of  instruments,  during  the  night,  some 
vandals  destroyed  the  offices  of  the  waste  disposal 
facility  and  cut  the  signal  wires  in  the  concrete  box.  It 
was  possible  to  repair  only  few  instruments,  so  some 
measures  are  incomplete.  Anyway  the  behaviour  exhibited 
in  the  first  two  weeks  seems  to  be  very  important, 
because  at  the  moment  of  vandalism  the  situation  was 
about  asymptotic.  After  this  vandalism  act,  only 
settlements  were  measured  without  problems,  thanks  to  the 
simplicity  of  the  device. 

The  results  of  these  measurements,  shown  in  Figure  6, 
range  from  an  average  settlement  of  about  30  cm,  in  Site 
1,  to  an  average  settlement  of  about  85  cm,  in  Site  2. 
Sites  3  and  4  are  composed  of  mixed  wastes. 

The  values  of  the  settlements  calculated  in  the  two 
different  foundation  situations  were  similar  to  the 
actual  settlements  occurred  after  the  embankment 
construction.  The  points,  for  the  actual  measurement  of 
settlements,  were  placed  in  correspondence  to  4  different 
waste  material; 

-  Site  1:  urban  solid  wastes  (k  =  9.3  N/cmc) 

-  Site  2:  muddy  material  (k  =  8.1  N/cmc) 

s 

-  Sites  3  and  4:  mixed  waste  (with  k  varying  between  the 

s 

above  values). 

The  results  of  measurements  with  load  cells  and 
extensometers  are  shown  in  Fig.  7,  Fig.  8  and  Fig.  9. 
It's  interesting  to  note  that  the  maximum  tensile  forces 
in  the  geogrids  occur  during  the  compaction  of  the  layer 
of  soil  directly  placed  on  the  geogrid  (first  layer).  The 
soil  was  in  fact  compacted  in  a  single  layer,  45  cm 
thick. 

Figure  10  shows  an  extrapolation  of  force  and  strain 
measured  values,  in  order  to  obtain  the  diagram  of 
tensile  forces  along  geogrids:  the  qualitative  behaviour 
was  in  good  agreement  with  the  theory  presented  by  Jewell 

et  al.  (1984)  and  with  other  field  tests  carried  out  in 
similar  conditions  (Yamanouchi  et  al.,  1986).  Like  in 
other  tests,  the  values  of  tensile  forces  are  very  small, 
far  from  the  peak  tensile  strength  of  geogrids. 

Taking  into  account  the  greater  settlements  obtained  from 
the  design  model,  it  seems  that  the  Winkler  model  has 
given  good  predictions  of  the  forces  in  the  base 
geogrids . 


Fig.  5  ;  Instrumented  cross-section. 
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Table  1  shows  a  comparison  of  the  actual  results  obtained 
in  Modena  with  other  field  tests  concerning  geogrid 
reinforced  structures . 

Three  different  conditions  were  considered: 


-  resign  condition  (D^:  design  values  of  the  parameters 
were  used  to  evaluate  stresses  and  strains  in  the 
geogrids ; 

-  Calculation  condition  (C):  values  of  the  parameters 
were  used  to  obtain  calculated  effective  values  of 
stresses  and  strains  in  geogrids; 

-  Measured  condition  (M) :  the  actual  situation. 


Indicating  with  H  the  height  of  the  slope,  with  N  the 
total  number  of  reinforcing  geogrid  layers,  and  with  the 
subscripts  C,D,M  the  conditions  above  mentioned,  the 
formulas  used  to  obtain  the  values  described  in  Table  1 
are  the  following: 


-  Pore  pressure  parameter:  P 

u 


■4H 


-  Fictitious  height  :  H*  =  H  +  q/y^ 


-  Soil  pressure  parameter:  k* - 
measured  from  design  charts 

-  Required  total  tensile  force 


f(0;.  d  ,  R  ) 

.  -  '  U 

i^Jewell  et  al.,  1984) 


T,  =  1/2- k’- 
C  ,  C  C2 

T^  =  l/2-k*.  y 
D  D  b 


-  Average  tensile  force  per  unit  width  in  the  geogrids: 


T^/N 

Tp/N 


TOT 

TOT 


-  Average  strain  in  the  geogrids: 

measured  from  the  stress-strain  curve  of  the  geogrids 


M 


measured 


measured  or  from  the  geogrid  stress-strain  curve 


The  following  factors  of  safety  were  introduced: 

RFS  =  :  Real  factor  of  safety 

DFS  =  a^/ a  ^  :  Design  factor  of  safety 

TFS  =  a^/ a  ^  :  Total  factor  of  safety 
Pf'S  =  n^/ n  ^  :  Peak  tensile  strength  factor  of  safety 
AFS  =  a,^  /a  ^  :  Allowable  tensile  strength  factor  of 
safety 

From  the  values  contained  in  Table  1  the  following 

considerations  can  be  drawn: 

-  the  tensile  forces  measured  in  the  geogrids  are  smaller 
than  that  ones  calculated  according  to  design 
conditions,  allowing  very  high  factors  of  safety  both 
on  the  peak  (PFS  =  ll-^SO)  and  the  allowable  tensile 
strength  {AFS  =  4-fl3); 

-  the  calculation  condition  gives  results  in  substantial 
agreement  with  the  actual  values  of  forces  and  strains, 
if  the  fill  soil  has  a  negligible  cohesion; 

-  the  high  cohesion  of  the  fill  soil  used  in  Modena 
embankment  is  probably  responsible  of  the  difference 
between  calculation  and  measured  conditions,  regarding 
the  evaluation  of  forces  and  strains  in  geogrids; 

-  a  research  is  needed  to  have  a  better  understanding  of 
the  mechanism  of  reinforcement  for  high  cohesion  soils. 


TABLE  1;  Comparison  of  different  field  tests  for  geogrid  reinforced  structures 


REFERENCE 

I  PAGOTTO-RIMOLDI 

(1987) 

YAMANOUCHI  ET  AL. 

(1986) 

BATHURST 

ET  AL. 

(1987) 

CARROLL 

-RICHARDSON 

(1986) 

TEST  SITE 

MODENA  (ITALY) 

KAGOSHIMA  (JAPAN) 

KINGSTON  (ONTARIO) 

TUCSON  (ARIZONA) 

GEOGRID  USED 

TENAX  TTl 

TENSAR  SR2 

TENSAR  SR2 

TENSAR  SR2 

D 

M 

D 

M 

C 

D 

M 

C 

D 

M 

H  (m) 

5.00 

6.60 

4.00 

4.65 

4.65 

4.65 

^  (degrees) 

45 

45 

45 

78 

78 

78 

90 

90 

90 

90 

90 

90 

q  (kN/m^) 

0 

10 

0 

10 

10 

10 

12 

12 

12 

12 

12 

12 

(kN/m  ) 

17.2 

20.0 

17.2 

14.6 

17.7 

14.6 

17.6 

17.6 

17.6 

19.6 

19.6 

19.6 

FS  global  (-) 

0 

1.10 

- 

0 

1.70 

- 

0 

0 

- 

0 

1.12 

- 

8^'  ( degrees ) 

25 

23 

25 

45 

30 

45 

43 

7 

43 

37 

34 

37 

cj  (kN/m  ) 

0 

0 

25.0 

0 

0 

2.45 

0 

0 

0 

0 

0 

0 

Ru  (-) 

(kN/m) 

0.0 

0.25 

0.0 

0.0 

c.o 

0.0 

0.0 

0.0 

0.0 

0.0 

0.0 

0.0 

- 

60.0 

- 

78,5 

- 

- 

80.0 

- 

- 

80.0 

- 

a  (kN/m) 

- 

30.0 

1 

- 

31,4 

- 

- 

29.0 

- 

_ 

29.0 

- 

k»  (-) 

0.15 

0.38 

- 

0.11 

0.27 

0.18 

') 

- 

0.24 

0.28 

- 

f  (%) 

1.2 

3.7 

0.2  ! 

--0.3 

~2.0 

-0.3 

-0.5 

0.4 

-0.3 

-0.4  -0 

.2t0.6 

(kN/m) 

6.4 

23.0 

2.2 

6.6 

17.5  2 

.  9-r6 . 9 

8.7 

7 

-6.0 

6.5 

7.6  ~  2 

.5t7.0 

RFS  (-) 

2.9 

0.9r2.3 

1.4 

0.9f3.2 

DFS  (-) 

3.6 

2.7 

1.2 

TFS  (-) 

10.9 

2 . 5-r6 . 1 

'? 

1.2 

PFS  (-) 

27.2 

11 .3*.27.0 

13.3 

11 .5t32.0 

AFS  (-) 

13.6 

4.5+10.8 

4.8 

4.2t11 .6 
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LABORATORY  TESTS 

A  series  of  tensile  tests  was  carried  out  at  the 
ENEL-CRIS  Special  Materials  Laboratory  in  Milano,  in 
order  to  control  the  behaviour  during  the  time  of  the 
geogrid  reinforcements. 

A  geogrid  sample,  placed  in  the  embankment,  was  extracted 
after  more  than  one  year  of  soil  burial;  another  saimple 
of  brand  new  geogrid,  manufactured  by  the  same  company, 
was  used  for  comparative  test. 

The  tensile  tests  were  conducted  on  a  tensile  testing 
machine,  under  controlled  laboratory  conditions  of  20®C 
and  65%  Relative  timidity,  with  a  constant  rate  of 
extension  of  50  mm/minute. 

Test  specimens  were  cut  from  the  samples  three  ribs  wide 
and  two  ribs  long  and  they  were  prepared  for  testing  by 
cutting  the  outer  longitudinal  ribs,  in  order  to  test 
actually  only  one  integral  longitudinal  rib  (Fig.  11). 
The  obtained  results,  summarized  in  Table  2,  are  reported 
to  the  unit  width  of  the  geogrid  'Fig.  12). 


TABLE  2:  Results  obtained  from  tensile  tests  on  geogrids 
(average  values  on  5  specimens) 


Peak  tensile  strength 

Strain  at  yield 

(kN/m) 

(%) 

New  geogrid 

44.70 

15,7 

Buried  geogrid 

43.96 

17,7 

Fie,  12;  Tensile  test  results  or.  Tenax  TTl  grecnd: 

-  new  sample 

- buried 


The  loss  of  strength  after  one  year  of  exposure  to 
environment  seems  to  be  very  negligible;  on  the  contrary, 
there  are  some  signs  of  relaxation,  in  terms  of  strain  at 
yield. 


CONCLUSIONS 


r 


I _ COSTANT 

I  RATE  OF 

“  EXTENSION 

Fi;'.  1  ■■  of  fho  grogrid  t^nsilo  fosf  adopted 

a”  F.rlEI.-CBIS  Laboratory. 


Considering  the  results  obtained  from  the  measurements  of 
forces  and  strains  in  the  geogrids  placed  in  the  Modena 
embankment,  it  seems  that  creep  phenomena  in  geogrid 
materials  are  negligible,  principally  due  to  the  very  low 
tensile  forces  which  actually  occur  in  the  reinforcement 
elements. 

The  settlements  of  the  embankment  and  the  tensile  forces 
in  the  base  geogrid,  calculated  according  to  a  Winkler 
model,  are  in  good  agreement  with  the  measured  ones:  the 
model  seems  to  be  satisfactory  for  design  needs. 

The  "foundation  beam"  and  the  geogrid  reinforcement 
allows  the  increasing  of  embankment  stability,  also  in 
presence  of  remarkable  settlements  of  the  foundation 
material . 

The  design  method  actually  used  for  geogrid  reinforcement 
of  steep  slopes,  as  presented  by  Jewell  et  al .  (1984)  and 
revised  by  Rimoldi  (1987),  seems  to  be  conservative 
according  to  the  results  of  measures  in  different  field 
tests;  therefore  with  this  method  it's  possible  to  design 
"with  confidence". 

Mechanical  tensile  properties  of  geogrids  seem  to  be 
little  affected  by  a  one-year  period  of  soil  burial. 


1143 


REFERENCES 


Bassett,  R.A.  (1986),  "The  instrumentation  of  the  trial 
embankment",  Proc.  Reinforced  Embankment  Prediction 
Symposium,  London,  U.K. 

Bathurst,  R.J.,  Wawrychuk,  W.F.,  Jarret,  P.M.  (1987), 
"Laboratory  investigation  of  two  large  scale  geogrid 
reinforced  earth  wall",  Proc.  NATO  Advanced  Research 
Workshop  on  Application  of  Polymeric  Reinforcement  in 
Soil  Retaining  Structures,  Royal  Military  College  of 
Canada,  Kingston,  Ontario,  Canada. 

Berg,  R.R.,  Bonaparte,  R.,  Anderson,  R.P.,  Chouey,  V.E. 
(1986),  "Design,  construction  and  performance  of  two 
geogrid  reinforced  soil  retaining  walls",  Proc.  Third 
International  Conference  on  Geotextile  Vienna,  Austria. 

Cancelli,  A.,  Cossu,  R.  (1985),  "Problemi  di  stabilita 
degli  scarichi  controllati:  aspetti  geotecnici  e 

degradazioni  biochimiche" ,  Atti  del  XXX  Corso  di 
Aggiornamento  in  Ingegneria  Sanitaria,  Politecnico  di 
Milano,  Italy. 

Carroll,  R.G.,  Richardson,  G.N.  (1986),  "Geosynthetic 
reinforced  retaining  walls",  Proc.  Third  International 
Conference  on  Geotextiles,  Vienna,  Austria. 

Jewell,  R.O.,  Paine,  N.,  Woods,  R.I.  (1984),  "Design 
methods  for  steep  reinforced  embankments",  Proc.  Symp. 
Polymer  Grid  Reinforcement  in  Civil  Engineering, 
London,  U.K. 

Pagotto,  A,,  Rinoldi,  P.  (1987),  "Design  and  construction 
of  a  geogrid  reinforced  embankment  over  waste 
material",  Proc.  Geosynthetic  '87  Conference,  New 
Orleans,  USA. 

Rimoldi,  P.  (1987),  "The  design  of  steep  reinforced 
slopes",  RDB  Technical  Menorandum-l ,  RDB  Plastotecnica, 
Vigand,  Italy. 

Yamanouchi,  T.,  Fukuda,  N.  Ikegami,  M.  (1986),  "Design 
and  techniques  of  steep  reinforced  embankments  without 
edge  supporting",  Proc. Third  International  Conference 
on  Geotextiles,  Vienna,  Austria. 


Li:-:?  OF  SYMBOLS 

Tr.^  followirig  rT/'^tols  ar*-'  used  in  the  pap-^-r: 

Yf  unit  weight  of  foundation  natnrial 

'KPai  ''oh'=*siur,  of  foundation  material 

^df-'g)  •-ff'^ctive  angie  of  internal  friction  of 

r  ur'.da-ion  material 

C,.  f.'imary  ''ompr^su  i --.n  index  of  foundation 

'•  a  ^er  i  a  1 

'-1  •.••rr,ndar7  rompr‘-*ss  i  on  ind'^x  of  foundation 

•'  1  e  r  1  a  1 


f:. 


y.i  a 


S  ! deg ' 
a  'kPal 
GLr  'kN/n' 
-:degi 
d,  'kh/ni 

a 

ky  'M/cm-': 

P  ...  i 

'  C 

q*  kPa  I 
£  'kF^a) 

O 'kPa'' 

M  fkN.m/m) 
h  /m) 
j 

L  'rj 
B  !r.) 


Otg  (kN/m; 


u  'kpal 
R  f-  I 

II 

k*  I-'. 

T  (kN/m) 
tt(  kN/m ) 


.ni-  A-:gnt  ::f  fill 
1  i  i  -1  1  ;  'v :  '  i'  1'  i  1  1  se  i  i 


€  (%) 


nesi  --n  of  fill  •  :  i  . 


per-’eabili^y  er.f  f .  -  :  .-n  *  uf  til.  un 
e'-tankne:’. *  so*  * 

'^mbarik'^’*''ri^  f--.- ^ • 

‘=>r’.bar.knee*:  slope 
sure harge 

peak  ten-'.le  strength  of  . 

re<1ucec-  anGl''  of  in^er^nal  fri  "  i  .t,  '■ 

'illov;abi  •  t,.nsil‘-  s^reng^'h  'f 

~odulus  o'  subgrade  rear  .ion 

factor  which  '  .ir.trc.  into  acc'’'.rr' 
the  base  geogri  i 

max : mum  surcharge 

dcforriation  modulus  ■•jf  fill  'il 

tonsil"  stress  in  ^t'.e  bus"  g^'k.ri:: 

moment  in  t  h.>  "  founda  -  i  •)n  Per-im" 

height  of  "foundation  t^am" 

moment  of  inertia  of  "  fourtiat  i  b--?- 

length  of  "foundation  b"am," 

width  of  "foundation  beam" 

tonsil"  forc"  in  the  base  geogrid 

average  thickness  of  geogrid 

embankment  elevation  abov"  bas"  lev- 

diste-'.ce  of  instruments  fro~  slope 

total  number  of  geogrids 

pore  pressure  in  fill  sful 

pore  pressure  param"*-er 

pmhankm'^nt.  firtMious  heign* 

soil  pr*-ssur"  paramropr  ■.f  f:ll  ;  1 

r"quir«-i  to*ai.  f-  rro  in  fill 

average  tonsil"  f'  rr-r*  p*’?-  in;’  *:  !*• 

gong- id 

av^'rag"  ir  gengrid 


1144 


Proceedings:  Second  International  Conierence  on  Case  Histories  in  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  5.56 

Performance  of  LPG  Storage  Tanks  on  Ground 
Improved  by  Stone  Columns 

T.  O'Donovan 

Dublin,  Ireland  E.G.  Pettit  &  Co.,  Dublin,  Ireland 

Dublin,  Ireland 


.tiis  p:^pr--T  les'-r  1  L'ei^  t  rte  -  i nnn  t*t  tnur  tankK  on  poor  soil  condition*; 

tivi  rm  i  I  I  '  Mil  Ply'll  Oil  .:ver  csT.uanrie  Kilt,  in  bubiin  port.  The  limited  differential 
c-i'  I  1  {-'€  i  •;»  J  F-rar  eri  ny  the  tankr;  required  that  they  could  not  be  placed  on  the 
r--v:\s^  .  drri.rid  Ine  r-pt  imurti  S'.iution  was  tound  tet  he  ground  treatment  lising  v  i  hro- rep  1  t^cement  with 
Ml*-  1 '■'[!  '‘1  si  irif*  1  i^mns  ari'l  cc‘mpaciic>n  oi  the  f  i  1  1  .  The  paper  rlewCrihes  the  design  method 

'-.sei  a.id  1  ne  ■'intr;'!  tfsts  Tne  predud.ed  sp*r.t.  1  ement.s  are  compared  with  settlement  readings  ot  the 
'  'iriKs  1  !  ‘'Wifig  -onst  r -I'-'  imp.  These  stiow  i.hat  ♦’he  chosen  solution  has  periormed  well  and  satisfied 

'  rir*  'fsiSti  I  '  rem»^  ro  s 


E.R.  Farrell 

Trinity  College, 

T.L.L.  Orr 

Trinity  College, 


:.YN'.i|-:-.  i : 

ir.s  !  r; i  rit? 

r  t.  1  ';mfrri  r 


■  '  ■  '-'I  t  .  r  t  .If  ,'i  ;  .  i  U'l  1  .  I  ^  f  t  (■  .  1  ,  .lini  Ifif.f 

' '  '  >  '  I  t;iii  If  i;ii  III  ill.'  ,  I  I  I  V  .■•..iil.r-fi  1 .1 

"‘i  I  1  ''-i.ii,';  WHS  'll  i...  •.>:f.i;u,^lri.|  n' ■s-i  t.f-i  1 ' -S' 

'll'  '  'iitis;..  -siiiifis  pr."  ■  I  Hilfi  the  u;;o  .il 

''  I'S'i.''  •i-itiKs'  titiirsta'i-  iii,^t  tii  .iis 

.  i;i,i;i!-l  itiG  h-np  'ih.ts-r-Uff mn.i 
’  '■  '  Y’  s'  I  I  I  WHS  I  in  Uitiit  fi-i  ■  I  n  I  ineil  its. in 

^  ^  j .  l  I  .  I  I  '  Mil-  h  ;  '.s  ;  f  I  I  l  I  I  r "/  f-ltn  I  (tf.M  'fitliso  III 

''  '  ■  i:  '  'i  llil  I  I.  I  I  ms  W,'TI'  nr  I  HI.  I  VI' I  l.'l.lll' 

'■  '  H r ,  I  I  s'  I  '.I  ‘it  t  t  ii-  Vi'i  f  1 1  us  s  I  '  I t'fiGi-'  ‘  'p 1. 1  <  ins 

iiiiuin  ;ji,i  lui,  1 , 1,1  l',"■'l|lp^■  1  SH.'iJ 
"  iris'  I  u'  I  iiii  it  I  .V  J  1  rid  r  1  fH  I  sit.edi  i.HtiKs 
tsit'lHi'u  III  i.hr-  ifxislu.u  tfriMiiiil 

’''‘'  ir'  i  I  itiG  ;  t  ud  1  riH  1  fixes  In  ir  i  x.i  irit.n  i  Hud 
'  '''*'r'‘'d  'wi'i,  (•■Hfitj  I'hi''  ifiatiu  r  ai?  r  1.1  t'(f  I'ti  ..ii  tfre 
rr'iriKs  iHid  ii.wii  v.-'t",'  ftf.t'i.d  t  ,  1 1  r ;  r-fim 't's  |,.,r  rh.- 
' '  '  ‘  'WH h  I  I'  d  I  :  1 1- ri's It,  I  H  J  t: I'r t  r.  I  f'riiCTii  1 1 1  t'.iii'-fte. 

v.'ir'ifiiis  itf^t  ts'idf;  ,-i  r  suppciri  lur 

'.Hr.k;-;  diji-ti  hs  i- i  !  fs  hihI  p  re- 1  r  ih.  i  i  nti  wffe  oun- 

sslur-.iri  IS'!  I,.',.  decidf.d  ttifii.  gruuhd 

'  ns-n.in'.'ti'.  h','  vitifu  rf'p  tH.,'em''-rrit  ortf-rfid  t.hft 

■  'i.  T  1  fill  irii  ;h  1 1  u  1 . 1 1  If  I . 


fXisMng  gniurnl  wit.h  thd  r.dhKs  full  nt  LHu  '  s 
1 1 1  )1<N  Ilf,' . 


irie  tanks  v<^rr-  rlesignf-i  t.':i  withst.-niid  a  .tiunim 
d  1 1  f  i^reiil  1  a  1  del  lect  mn  uver  haJr  their  iengt.h 
'■phni.'  ana  were  t.o  De  viat.er  t  i'’Gt.C'cl  pricr  t.o 
rilling  with  LfO . 


SCALE  1  :  500 


hid  dHp^.r  sets  lUi  I  III:  fur'll, I.ds  used  I..-. 

dii'Ti  Hiid  luriG  t..".r'rM  nm  1. 1  ,.„„,;ni  s 
■t>  '  '''nfr.ii  lest.u  ..'fuT  i  .'d  uul  during 

'W'  l'l'.  iiii'Sf  .-si  iiriHli-'f-:  fin-  I  'jinpafed  'w  i  l.n 
li'i  ‘ir-t  I  1  ( 'iiif-n  I  rea'lings  lakr-n  i  m  I  he  t  finks 
I  II'  '■  '  h"  ;  r  I  I  fiS'  r'U'  '  i  m, 


CK'f  /'■ 


I  I 


-'I  -Tllht*. 


o  n  •  p  r- 

1  i  *- 
^rti  M 
r'lrii :  '  r  , 

'  '  '  vt  ■  r 

’  '  t  r  I  R  : 

»  t"  M  r 
I  '  1  r 

’  h*-::r. 

•  jvr- rr'tg 


d"  'dud  s  !  I  1 1  I  '  in  ■  I  -I  Iiripr  i  s.'d  I  i  ni r  l.Fh 

s'l.rru','  I  auks  Ihisf'  wt-ri-  .'luro  )  urig 
T'lHi'i-'l  riij  f,  1  rri  ttiisk  granular 


1  Hit'i '  n- 

vr'n"i  wi  1  h  grati'iiar  Mil  t.i  ,  g  ,  vf,  u. 

'  '  'hr'  '-Ifiks  I  he  a  n-si  I'fivurfrl  hv  t.tiR 

111'  was  HI,,  ml,  nv  hum.  het.a  i  1  s  r 

f  Hrig''n,‘'r,i  ar*'  dli,,wn  ir,  f*  igure  1  /\ 

r  luur  I  HIIK',  ina-/  hu  ari  ,a, 'eri  T.  t.u 

tanks  at  a  lan-r  dai.e  Ihe  apprux  i  mat.e 
>  rir-ariug  pressure  uri  t.he  fiurtar-F'  oi  the 


FIG  1  TANK  ARRANGEMENT  AND  STRATIFICATION 


uFf.uIlMlj  aiNIilTItjN.-', 

The  subsoil  comprised  about,  bm  of  liydrau  1  ically 
placed  fill  over  3m  of  loose  estuarine  silt  over 
3m  ol  gravel,  over  5m  of  stiff  laminated  clay 
over  dense  glacial  gravels.  This  str at i f i cat i on 
IS  indicated  in  Figure  The  hydraulic  fill 

nriil  l.he  soft,  estuarine  silts  had  tlie  greatest- 
potential  for  settlement  and  are  discussed  in 
further  detai  1  t,e  1  ow  . 


The  hydraulic  till  was  essentially  a  loose 
silly  sand  wit.h  pocket.s  of  very  silty  material 
ot  t.he  lower  levels,  fi,  pi,  t  of  the  M  value., 
versus  deptli  are  shown  in  Figure  k  and  t.-  ical 
graiiing  curves  are  given  in  figure  3,  It  can 
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1  Oround  treatment  bv  v i brocompaction- 

replacement  wi' n  the  tormation  or  stone  coivimns 
and  compactinn  of  the  fill  was  used  success¬ 
fully  to  improve  the  ground  to  enable  t.he 
construction  of  long  bullet'  LFO  storage  tanKs 
cen'-tructed  on  loose  hyd'-ai.ilio  fill  over  soft, 
estuarine  silt. 

\L  The  total  and  differential  settlements  are 
cons  iderab  l.v  less  than  those  estimated  from 
field  and  laboratory  t.ests.  There  is  a  small 
tut  r.n-going  settlement,  of  the  tanKs  which  is 
possitily  due  to  secondary  consolidation 
however  this  further  movement  is  cicc'irring 
uniformly  along  the  length  of  the  tanks  and  is 
not  giving  rise  r.o  increased  differential 
sett  1  ement.s  . 
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SYNOPSIS 


liner  materials,  their  properties  and  applications  to 
groundwater.  Following  this,  two  cases  have  been 


Th:s  paper  briefly  reviews  the  various 
prevent  contaminate  spread  into  the 

described  that  cite  the  use  of  two  liner  types  f  jr  this  purpose.  One  case 
details  of  designing  the  reinforced  CPE  liner  and  its  unde r -drainage  system 
fluids  at  a  new  petrochemical  plant.  The  second  case  provides  the  details  of 
constructing  a  soi 1 -bentonite  liner  for  aerated  lagoon  facilities. 


provides 
to  store 
designing 


the 

the 

and 


INTRODUCTION 


Liners  to  control  liquid  seepage  have  been 
used  for  a  long  time  e.g.  bitumen-lined 
sewer  drains  were  used  in  Mesopotamia  over 
3000  years  ago.  In  recent  years  concrete, 
asphalt,  soil-cement,  clay  and  other  types 
of  liners  have  widely  been  used  for  canals, 
reservoirs  and  waste  disposal  ponds  and 
lagoons.  The  use  of  liners  for  pollution 
control  to  impound  different  types  of 


wastes  has,  recently,  been  increasing  to 
meet  various  pollution  control  regulations. 


Pollution  control  liners  are  mainly 
required  to  prevent  contaminate  migration 
to  the  surrounding  environment  due  to 


excessive  leakage, 
liner  materials. 


Table  1  lists  various 


TABLE  1  -  LINER  MATERIALS  (FOLKES,  1982) 


CLASS 

TYPICAL  MATERIALS 

REMARXS 

Compacted  f lne-?;ralned 

Local  clayey  soil 

Porous,  discontinuous  liner, 
economical,  typically  0.3-1, 2a 
thick. 

Mmixes 

Bentonite 

Soil  cement 

Hyraullc  asphalt  concrete  (HAC) 

low  permeability  binder  mixed 

In  with  native  soil  typically 
5-lOcm  thick  layer 

Polyraerlc  meobranes 

Theroopiastica 

Vulcanized  elastomers 

Crystalline 

thermoplastics 

Polyvinyl  chloride  (PVC) 

Chlorinated  polyethylene  (CPE) 
Chiorosulfonated  polyethylene  (CSPE) 
(  Hypalon)* 

Elasticized  polyolefin  (ELPO) 

Butyl  rubber 

Neoprene  (CR) 

Ethylene  propylene  diene 
monomer  (EEDK) 

Low  dettblLy  polyethylene  (LDPE) 

High  density  polyehtyiene  (HDPE) 

Continuous  liner,  discontinuous 
where  damaged,  relatively 
expensive,  typically  0.5-2. baa 
thick,  may  be  reinforced  with 
polyester  scrim 

Spra\r-r>ns 

Catalvtically  blown  asphalt 

FiDulslfled  asphalt 

Continuous  liner,  discontinuous 
at  pinholes,  cracks,  typically 
6-8ma  chick 

Sealants 

Qiemi.iorpt  Ivea 

Polyacryiamlde 

Liquid  vlny  polymer 

Sprayed,  dusted  or  ponded,  may 
result  la  nonuniform  coverage 

Function  la  to  absorb 
contaalnancs,  experiments 

♦  Hyplon  is  DuPont’s  Registered  Trademark  for  its  Synthetic  Rubber 
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The  two  main  properties  that  should  be 
considered  in  liner  design  are  that  (i)  the 
liner  permeability  and  (ii)  the  liner  and 
stored  fluid  compatibility.  Figure  1 
summarizes  typical  ranges  of  laboratory  and 
field  hydraulic  conductivity  (permeability) 
of  various  liner  materials. 
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LINER  AND  STORED  FLUID  COMPATIBILITY 


The  liner  material  may  be  chemically 
affected  by  the  contained  fluid.  This  may 
either  result  in  a  liner  breakdown  and/or 
cause  increased  liner  permeability.  Table 
3  provides  some  data  on  the  effects  of 
industrial  wastes  on  soil  and  admix  liners 
while  Table  4  summarizes  information  on 
liner -inaust r lal  wastes  compatibilities. 
There  is  a  lack  of  information  on  the  long 
term  liner  and  the  stored  fluid 
compatibility  data.  Such  work  should 
therefore  be  carried  out  on  specific 
projects . 
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This  paper  presents  cases  for  two  liner 
types.  In  one  case  a  reinforced 
chlorinated  polyethlene  (CPE)  liner  was 
used  to  protect  groundwater  at  a 
petrochemical  plant  and  in  the  second  case, 
a  soi 1 -bentonite  underseal  was  used  as  a 
seepage  control  barrier  for  aerated  lagoc,, 
facilities. 

CASE  1  -  REINFORCED  CPE  FLEXIBLE  LINER  TO 
PROTECT  GROUNDWATER  AT  A 
_ PETROCHEMICAL  PROJECT  SITE _ 


FIGURE  1  -  Tyoical  Ranges  of  Laboratory 
and  Field  Hydraulic 
Conductivity  of  Various  Liner 
Materials  (Folkes,  1982) 


Folkes  (1982)  indicates  that  for  a 
meaningful  comparison  of  liner  materials 
seepage  velocities  should  be  considered 
along  with  liner  thicknesses.  This  is 
shown  in  Table  2  where  seepage  velocities 
for  Im  total  head  on  usual  liner 
thicknesses  is  summarized. 

TABLE  2  -  SEEPAGE  RATES  FOR  TYPICAL 
LINER  THICKNESS 


At  Union  Carbide’s  ethylene  glycol  plant 
site  in  Central  Alberta,  Canada,  the  land 
form  is  that  of  a  c>-ound  moraine,  with 
glacial  deposits  generally  overlain  by  a 
thin  veneer  of  clays,  silts  and  sands.  The 
bedrock  underlying  the  till  stratum 
consists  mainly  of  soft  weathered 
sandstones  ana  siltstones  interbedded  with 
clay  shales.  The  groundwater  movement 
takes  place  through  pervious  members  of  the 
till  and  bedrock  formation.  The  water  is 
confined  by  the  till  resulting  in  artesian 
condition.  The  surficial  soil  thickness 
varies  from  4m  to  12m.  Site  specific 
details  are  further  provided  by  Sharma 
(1983)  and  Pritchard  et  al  (1983). 


rrSER  “ATFSUL  FIELD  SEEPAGE  RATE  FOR  W  TOTAL 

CrrpICAL  THIOLVESS,  HEAD  DIFFERENTIAL,  m/s 


Compacted  Clays 
(600mi£i  -  1206mffl) 

3 

X  10-8 

to 

8  X  10-tl 

Bentonite  “  Sand 
{50ma  -  L50mo) 

2 

k  10-^ 

to 

7  X  lO-W 

Soil  Cement 
(lOOmo  -  LSOmo; 

1C 

I-/ 

to 

8  X  10-8 

Hydraulic  Asphalt  Concrete 
(SOrno  -  lOOnm; 

2 

X  10-^ 

to 

9  X  10-10 

Spray-On  Asphalt 
(  4qjd  ~  Sno ) 

2 

X  10"8 

to 

3  X  10-8 

ftolymerlc  Membranes 

9 

X  10-’ 

to 

6  X  lu-II 

( 0 . 3can  -  1 .  Cota ) 


The  near  surface  artesian  groundwater  is  a 
source  of  water  for  cattle  in  the  area.  It 
therefore,  became  essential  to  protect  this 
water  from  any  undesirable  seepage  from  the 
stored  fluid  within  the  plant  boundary. 
Among  many  liquid  storage  ponas,  the  waste 
water  pond  was  of  concern  for  the 
groundwater  protection.  The  chemical 
composition  of  the  fluids  stored  in  the 
pond  was  diluted  sulphuric  acid  about  10%, 
caustic  chemicals  about  5%,  glycol  about  8% 
and  small  amounts  of  diluted  ethy)ene 
oxide.  The  environmental  requirements  set 
for  these  ponds  was  that  no  flu'i  was 
allowed  to  seep  into  the  groundwater.  It 
was  therefore  decided  to  provide  a  liner  in 
the  pond  and  to  establish  a  long-terr., 
groundwater  monitoring  system  at  the  site. 


11.50 


*Suimnarized  by  Folkes  (1982)  from  data  originally  presented  by  Kaxo  (1981) 
TABLE  4  -  LINER  -  INDUSTRIAL  WASTES  COMPATIBILITIES* 


Caustic 

Acidic 

Electro¬ 

Toxic 

Oily 

Toxic 

pharma¬ 

Rubber 

petroleum 

steel-pickling 

plating 

pesticide 

refinery 

ceutical 

and 

Liner  Material  sludge 

waste 

sludge 

formulations 

sludge 

waste 

plastic 

Polyvinyl  Chloride 
(oil  resistant) 

G 

F 

P 

G 

G 

G 

G 

Polyetheylene 

G 

r 

F 

G 

F 

G 

G 

Polypropylene 

G 

C 

G 

C 

C 

G 

G 

Butyl  Rubber 

G 

G 

G 

F 

P 

F 

C 

Chlorinated 

Polyethylene 

C 

F 

F 

F 

P 

F 

G 

Ethylene  propy¬ 
lene  rubber 

C 

G 

G 

F 

P 

F 

G 

Hypalon+ 

G 

G 

G 

F 

P 

F 

C 

Asphalt  concrete 

F 

F 

F 

F 

P 

F 

G 

Soil  cement 

F 

P 

P 

G 

G 

G 

G 

Soil  asphalt 

F 

P 

P 

F 

P 

F 

G 

Asphalt  membranes 

F 

F 

F 

F 

P 

F 

G 

Soil  bentonite 
(saline  seal) 

P 

P 

P 

G 

C 

C 

G 

Compacted  clays 

P 

P 

P 

C 

G 

G 

G 

■►P  ■  poor,  F  ■  fair,  G  ■  good 
-H^eglatered  trademark  of  DuPont 
Registered  trademark  of  American  Colloid  Company 


♦Stewart  (1978)  as  Cited  by  Penttinen  (1984) 

+  Hypalon  is  DuPont's  Registered  Trademark  for  its  Synthetic  Rubber 
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POND  LINER 


The  select. on  ot  i;ner  xaterial  was  hased 
on  -he  reqo;remer.t  that  (i)  the  liner 
shccT;:  have  low  pe  r  tte  a  t  .  1 ;  t  y  and  (it) 

shoold  he  resistant  to  chemica!  attack  from 
.stared  f  1  a  :  d  and  (  .  :  :  )  should  i.  e  resistant 
to  ultraviolet  radiation  over  20  years 
des.un  1 1  .-e  .  .L  leview  or  Figure  1,  Tables 
2,  3  and  4  i  nd'  Cated  that  based  on 
pe r f 0 rnance  and  economics  chlorinated 
polyethelene  wc  found  to  De  the  most 
suitacle  line.  or  the  ponds.  Furthermore, 
there  existed  a  p  ‘'intial  for  uplift 
p  r  e  s  .s  u  r  e  at  t  'n  e  case  of  liner  due  to  the 
hydrostatic  pressure.  Therefore,  at  was 
decided  to  use  reinforced  feature  in  the 
liner.  Thus,  the  reinforced  chlorinated 
p  :■  Iv  0 1  h  y  1  e  n  c  liner  was  selected  for  the 
p  r  o  i  e  c  t  . 


Fioure  2  .snows  the  details  of  the  liner 
installation  syster.  Below  this  liner  a 
jClTr  sand  redding  was  placed  both  on  the 
sides  and  at  the  bottom  of  the  pond.  A 
a r a ve  1 -f  1  i  1  ed  trench,  was  also  placed  at  the 
pond  c~ttom  along  its  centerline.  A  150ram 
pe.’'for3ted  drai.t  pipe  wrapped  in  woven 
filter  f ah’ 1C  was  placed  at  the  bottom  of 
the  trench.  Tn.s  pe r f o r a t ed -d r a ;  n  pipe  was 
sloped  towards  the  pond  center  and 
connectec  to  .i  20Cmm  sump  through  a  pipe. 
Thi.s  u nde r -d ra  1  nags  system  was  installed  to 
serve  two  purposes:  The  first  purpose  was 
to  relieve  about  4m  of  groundwater  pressure 
at  t.he  po.nd  base  below  the  liner.  This 
became  importa.nt  because  the  pond  was 
required  ‘lo  be  operated  often  at  low 
levels.  Thus  the  groundwater  pressures 
could  he  relieved  by  pumping  from  the  sump 
before  lowering  the  water  level  in  the 
pond.  The  second  purpose  of  this 

unde r -dra 1 nage  system  was  to  periodically 
collect  water  samples  for  laboratory 
testing  to  detect  any  contaminant  leakage 
from  the  process  wa.sce  water  pond. 


GROUNDWATER  MONITORING 


Groundwater  monitoring  station.s  were 
installed  across  the  site.  These  stations 
were  located  on  four  sides  of  the  pond  and 
at  some  distances  away  from  the  pond  to 
me.a.sure  the  upgradie.nt  and  downgradient 
underground  water  quality  due  to  the 
presence  of  the  pond.  Figure  3  shows  the 
typical  details  of  the  groundwater 
monitoring  station.  This  consisted  of  two 
or  three  piezometers  located  at  different 
groundwater  sources.  These  groundwater 
monitoring  station.s  were  installed 
approximately  o.ne  year  prior  to  plant 
sta’^Lup.  Groundwater  levels  and  water 
samples  have  .since  been  taken  and  analyzed 
periodically.  The  overall  system  has  been 
operating  successfully  for  approximately 
the  past  five  year.c. 


(a)  Plan  of  Process  Waste  Holding  Pond 


coAAuCAffo  rrtCi.  (xiosunc 
miN  vOC«  Oft  A/fftOvCO 
(QuJVAit*>r 


Nc  r  TO  sc*i.{ 


(b)  Section  AA  to  Represent  Unde r -Dr a i nage 
System 

FIGURE  2  -  Deta.ls  of  Pond  Liner  and 
Unde r -Dr a  1 nage  System 
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FIGURE  3  -  T'/pioal  Groundwat.r  Moniinring 
Station  Design 


above  the  proposed  cell  base.  The 
groundwater  table  was  permanently  lowered 
about  1  metre  below  the  bottom  elevation  of 
the  sewage  lagoons  by  constructing  a 
perimeter  drainage  ditch  along  the  eas*-  and 
north  sides. 


LABORATORY  TESTING 


Gram  size  analysis  tests  indicated  that 
the  coarse  sand  and  gravel  contained  about 
50  percent  gravel  up  to  75mm  diameter,  45 
percent  sand,  and  less  than  5  percent  clay 
and  Silt  size  particles.  The  stripping 
material  contained  30  percent  gravel  up  to 
30mm  oiameter,  43  percent  sand  and  27 
percent  silt  and  clay  size  particles.  The 
stripping  material  also  contained  organic 
material.  However,  the  amount  of  organics 
in  the  sample  was  not  considered  a  problem 
insofar  as  imparing  the  performance  of  the 
soil  bentonite  liner. 


Two  (2)  laboratory  permeability 
conducted  on  blended  mixtures  of 


tests  were 
gravel  and 


(4)  and  six  (6)  percent 
Soi 1 -bentonite  mixtures 
the  desired  moisture 
compacted  in  a  lOOmm 
volume  permeameter  at 
Standard  Proctor  effort.  The  mixtures  were 

then  saturated  and  permeability  tests 

conducted  using  the  constant  head  method. 


stripping  with  four 
sodium  bentonite, 
were  brought  to 
content  and  then 
diameter  constant 


CASE  2  -  SOIL-BENTONITE  LINER  FOR  AN 

AERATED  SEWAGE  LAGOOt;  FACILITY 


The  ■■  case  history  is  that  of  a  soil 
bentonite  underseal  seepage  control  barrier 
installed  in  aerated  lagoon  facilities 
constructed  at  Wawa,  Ontario.  The 
predominant  soils  a;  the  site  of  the  'agoon 
facilities  consist  of  highly  permeable 
coarse  sands  and  gravels.  The  insitu 
permeability  of  the  natural  sands  and 
gravels  was  estimated  to  be  in  the  range  of 
iO'i  cm/sec  and  therefore  can  be 
considered  permeable.  The  existing 
adjacent  lagoon  system  has  had  reported 
leakage  problems  and  it  was  proposed  to 
construct  the  new  ceils  with  a  high  density 
polyethylene  liner.  However,  a 
soil-benton: te  liner  was  selected  on  the 
basis  of  economics. 


gPOUND'WATEP  TABLE 

The  r-oil  and  groundwater  conditions  at  the 
site  of  the  aerated  sewage  lagoons  were 
repor'ied  by  Trow  Inc.  in  a  report  dated  May 
1,  1986.  The  water  table  at  the  time  of 
the  geotechnical  investigation  was 
approxiTiateiy  1.0  metres  below  natural 
ground  surface  and  approximately  1.0  metres 


Since  the  pH  of  the  storea  fluia  in  sewage 
lagoons  ranges  from  6.0  to  8.0,  a 
SOI  1 -bentonite  liner  will  not  be  chemically 
affected  by  the  stored  fluids.  In  this 
case,  laboratory  testing  was  not  considered 
necessary  to  confirm  liner  and  stored  fluid 
compat lb  1 1 1 1 y  . 


DESIGN  OF  SOIL-BENTONITE  LINER 


The  design  of  the  soi 1 -ben toni te  liner  was 
based  on  the  results  of  permeability  tests 
performed  on  different  soil  mixtures.  The 
permeability  testing  .summarized  in  Table  5 
indicated  that  a  low  laboratory  hydraulic 
conductivity  could  be  attained  by  admixing 
bentonite  and  stripping  material  with  the 
coarse  sand  ana  gravel.  However,  for  this 
to  translate  into  an  effective 
SOI  1 -oentoni te  Ijnet  with  a  low  field 
permeability,  attention  had  to  be  given  to 
design  and  construction  methods.  The 
design  had  to  consider  the  thickness  of  the 
liner  and  cover  materials,  while 
construction  had  to  consider  such  factors 
as  spreading  of  bentonite,  degree  of 
mixing,  amount  and  type  of  compaction  and 
molding  moisture  content. 


The  design  thickness  of  the  soi 1 -bentonite 


iir>3 


TABLE  5 


SUMMARY  OF  PERMEABILITY  TESTING 


Permeability 

Test 

Sample  Description 

Saturated  laboratory 
Hydraulic  Conductivity 
(cm/sec) 

A 

Gravel : 

70.5% 

2.5x10~9 

Stripping: 

Sodium  Bentonite: 

23.5% 

6.0% 

B 

Gravel: 

72.0% 

3x10-9 

Stripping: 

Sodium  Bentonite: 

24.0% 

4.0% 

NOTE:  Cobblestones  greater  than  38mm  diameter  were  removed  prior  to 


proportioning 


TABLE  6  -  CALCULATED  SEEPAGE  RATES 


MIXTURE 

ANTICIPATED 

LINER  THICKNESS 

SEEPAGE  RATE* 

FIELD  PERMEABILITY 

(mm) 

(m  /yr/square  metre) 

(cm/sec  ) 

A 

1.3xl0‘® 

200 

0.13 

200 

0.09 

B 

1.5xl0‘® 

200 

0.15 

300 

0.10 

liner  was  generally  based  upon  the 

predicted  seepage  rates  thr'  h  the  liner 
and  the  comparison  of  thi  rate  to  the 
allowable.  The  seepage  rate  through  the 

liner  is  a  function  of  liner  thickness, 
permeability  and  the  head  of  water 

contained.  The  seepage  rates  shown  in 
Table  6  have  been  calculated  based  upon 
anticipated  field  permeabilities,  liner 

thicknesses  between  200  and  300mm  and  an 
assumed  height  of  water  in  the  lagoon  above 
the  top  of  liner  of  6  metres.  The  field 
permeability  of  the  two  (2)  mixtures  have 
been  anticipated  to  be  one  half  of  an  order 
of  magnitude  higher  than  that  shown  in 
Table  5.  Table  6  indicates  that  for  a 
seepage  rate  as  high  as  0.15m^/yr/m2  to 
be  acceptable,  then  the  soil  liner  could  be 
designed  to  be  200mm  thick  and  containing 
four  (4)  percent  bentonite.  The  required 
maximum  hydraulic  comductivity  for  the 


liner  was  specified  at  5x10“®  cm/sec. 


The  selected  liner  thickness  for  the 
aerated  lagoon  facilities  at  Wawa  was  200mm 
and  the  bentonite  application  rate  of  5 
percent  by  weight  of  soil.  A  200mm  thick 
surface  covej  consisting  of  locally 
available  granular  material  was  placed  on 
top  of  the  soil-bentonite  liner.  Figure  4 
shows  the  Plan  and  Section  View  of  the 
Final  Liner  Design. 


QUALITY  CONTROL 


Construction  of  a  soi 1 -bentoni te  liner  is 
not  a  routine  construction  operation.  It 
requires  a  good  knowledge  of 

characteristics  of  the  material  and  an 
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in  Figures  5  to  9. 


T 


PLAN  VIEW 


section_'a-_a; 


BENTONtTE  UNDERSEAL 
—  SLOPE  UNOERSEAL  (PLACED 

PRIOR  TO  BOTTOM  UNOERSEALi 

DETAIL  A 

.-ZG’JP.t  4  -  FLAN  AND  SECTION  VIEW  OF 
FINAL  LINER  DESIGN 

u  nee  r  s  t  and  .r.g  of  the  ..mportance  of  careful 
adherence  to  the  specifications. 


From  a  theoretical  view  point,  the 
hydraulic  conductivity  of  a  compacted 
soi 1 -bentoni te  (at  the  moisture  contents 
and  densities  considered  here)  should 
decrease  when  either  the  moisture  content 
or  dry  density  increase.  Therefore,  any 
compaction  test  result  shown  in  Figures  5 
to  9  with  a  higher  dry  density  or  higher 
moisture  content  than  any  permeability 
test,  should  have  the  same  or  lower 
hydraulic  conductivity.  It  was  because  of 
this  theory  that  all  permeability  tests 
were  conducted  at  the  lowest  densities 
and/or  moisture  contents  typically  achieved 
in  the  field. 


All  permeability  tests  conducted  on  soil 
samples  from  the  actual  soi 1 -ben t on 1 1 e 
liner  met  or  exceeded  the  maximum  hydraulic 

FIGURE  -  5 


SI  MM  A  I!  V  OF  DFNslTY  TKSTISO 

CEU.  --  1  ((ATT 


Regular  compaction  testing  of  completed 
sections  of  the  liner  was  performed  using  a 
nuclear  test  gauge  on  oack scat  ter  mode  f- 
determine  the  compacted  dry  densities  and 
molding  moisture  contents.  The  results  of 
this  testing  is  summarized  in  Figure  5  to 
9,  ..".elusive.  The  greatest  variability  m 
the  compaction  of  the  liner  was  for  the 
east  term  of  Cell  ft  1  ,  which  was  the  first 
section  of  liner  completed.  This  section 
of  liner  was  completed  with  densities  as 
low  as  85  percent  of  Modified  Proctor 


Max  imumi 

Dry- 

Density  and  molding 

moi cture 

conten  ts 

well 

dry  of  optimum.  Even  with 

* 

these  i 

ower 

dry  densities  and 

molding 

moisture 

cent 

ents,  the  liner  on 

the  east 

'  ' 

berm  of 

Cell 

#1  still  met  the 

sped  fled 

permeab 1 

ii  ty 

requirements  of 

5x10-8 

cm/sec . 

The 

construction  control 

on  all 

other  sections  of  liner  was  considerably 

1 

C  i 

improved  with  densities  generally  along  the 
Line  of  Optimums. 


FIGURE  -  6 
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A  ser.es  of  laboratory  permeability  tests 
were  conducted  on  soil  samples  from  the 
Site.  The  sampies  were  remixed  in  the 
laboratory  and  then  compacted  into  the 
permeameter  at  moisture  contents  and 
densities  simulating  construction  values. 
The  results  of  this  testing  is  also  shown 


H  C  rm 


V.M.'T' 


rrsTVVT  " 
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FIGURE  -  7 

SUMMARY  OF  DENSITY  TESTING 
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FIGURE  -  9 

SUMMARY  OF  DENSITY  TESTING 
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MOISTURE  OOVTERT 


conductivity  for  the  liner  of  5  x  10"® 
cm/sec.  As  well/  most  field  compaction 
test  results  were  at  moisture  contents  or 
densities  greater  than  those  used  for  the 
permeability  tests.  Therefore,  it  is 
considered  that  all  portions  of  the 
soil-bentonite  liner  along  the  berms  and 
base  of  the  sewage  lagoons  met  or  exceeded 
the  specified  permeability  requirements. 


CONCLUSIONS  AND  RECOMMENDATIONS 


Based  on  the  two  case  studies  cited  here 

the  following  can  be  concluded: 

.1)  A  reinforced  synthetic  (CPE)  liner 

complete  with  an  under -drainage 
system  to  solve  uplift  pres.sures 
was  successfully  installed  at  a 
new  petrochemical  site  to  protect 
the  surrounding  drinking  water. 

.2)  Field  monitoring  of  the 

piezometers,  for  about  5  years 
indicates  that  the  liner  and  the 
unde r -dra inage  system  has  been 
performing  effectively  and  have 
contained  the  stored  fluid. 

.3)  A  soil-bentoni.te  type  liner  iS  an 

effective  alternate  method  of 
constructing  an  economical  liner 
to  prevent  contaminate  spread  into 
groundwater.  This  technique 

provides  an  economical  solution  to 
prevent  contaminate  spread  into 
the  groundwater. 

.4)  A  soil-bentonite  type  of  liner 

should  not  be  constructed  without 
adequate  resting.  This  testing 
should  include  permeability 
testing  with  equipment  capable  of 
accurately  measuring  both  flow  in 
and  out  of  the  sample,  and  to 
determine  liner  and  stored  fluid 
comparability 

.5)  In  addition  to  adequate  testing, 

special  care  is  also  required  in 
the  construction  of  this  type  of 
liner.  Thus,  it  is  recommended 
that,  where  possible,  contractors 
with  experience  in  liner 
construction  be  employed  to 
construct  or  assist  in  the 
construction  of  these  liners. 
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SYNOPSIS 

Several  foundation  designs  and  stabilization  methods  are  used  with  varying  degrees  of  success  to 
cope  with  the  problem  of  expansive  clays.  Many  of  these  methods  are  very  expensive,  therefore 
alternate  technology  that  is  both  cost  and  performance  effective  has  been  developed.  This  paper 
presents  a  case  history  with  pre-  and  post-  stabilization  test  data  for  a  4-building  project  where 
pressure  injection  of  lime  and  water  was  used  to  preswell  weathered  clay-shale  to  a  depth  of  10 
feet.  Use  of  pressure  injection  technology  economiially  reduced  post  construction  movements  to  0.5 
inches  to  1.8  inches  over  a  7  year  monitoring  period.  Movements  observed  have  been  upward,  with  no 
settlement  or  shrinkage  related  movements  related  over  the  observed  period. 


INTRODUCTION 


Numerous  methods  are  employed  for  design  and 
construction  of  buildings  over  expansive  soils. 
Within  the  Dallas-Fort  Worth  (D/FW)  area, 
methods  include;  suspension  of  the  structure 
over  the  soils,  with  foundations  placed  below 
the  active  zone;  composite  buildings  where  the 
structural  elements  are  founded  within  stable 
materials,  and  the  floor  is  "independent"  of  the 
structure  i.e.  "floating";  and  shallow,  ground 
supported  reinforced  foundations.  Movement  of  a 
ground  supported  floor  slab  must  be  within 
acceptable  limits,  or  a  non-functional  building 
results.  Likewise,  movement  of  a  shallow 
foundation  must  be  limited  or  distress  within 
the  superstructure  becomes  unacceptable. 
Acceptable  movement  is  owner  and  user  defined, 
but  in  the  D/FW  area  it  is  generally  taken  to  be 
less  than  1  inch  for  "floating"  floor  slabs  and 
2  to  3  inches  for  shallow  foundations. 
Reduction  of  potential  soil  movements  to  within 
"acceptable"  limits  requires  modification  of  the 
supporting  soil.  Some  of  the  more  common 
methods  used  in  the  D/FW  area  are  listed  in 
Table  I.  Costs  associated  with  the  techniques 
are  also  shown. 

This  paper  addresses  the  procedures  used,  and 
results  obtained  on  one,  four-building  complex 
within  the  Eagle  Ford  Formation.  The  method 
used  consisted  of  preswelling  the  soils  using  a 
combination  ot  lime  slurry  and  water  injection. 


Initial  site  preparation  occured  in  early  1981, 
with  completion  of  the  structures  in  the  fall  of 
the  same  year.  Measured  movements  of  the  site 
during  preswelling  as  well  as  periodic  post 
construction  floor  movements  are  provided. 


PROJECT  DESCRIPTION 


The  project  consists  of  a  four  building 
office/warehouse  complex  located  in  Irving, 
Texas,  a  suburb  to  the  west  of  Dallas.  The 
complex  was  speculative,  i.e.  user  undefined. 

Design  constraints  imposed  by  the  developer 
included;  tilt-wall  construction;  low  rental 
fees;  and  a  ground  supported  floor  with  maximum 
allowable  movements  of  the  floor  in  office  areas 
of  1  inch,  and  in  warehouse  areas  of  2  inches. 
Warehouse  and  offices  in  the  immediate  area  had 
experienced  floor  movements  in  excess  of  10 
inches.  (Reed,  1985)  The  method  used  for 
stabilization  typically  consisted  of 
over-excavation  and  replacement  with  inert  fill. 
Modifications  to  this  method  included  providing 
a  lime  stabilized  6  to  12  inch  layer  below  the 
inert  f ill . 

Initial  site  topography  required  cut  and  fill 
earthwork  to  achieve  desired  finished  grades. 


table  I 

Summary  of  Techniques  used  for  'etablllzlng*  neor  surface  soils 


T  echnlques 


Excavate  existing  soils,  mix  with 
lime  and  recompoct 

Overexcovote  and  replace  with  Inert, 
non-expansive  soil 


Applicable  Depth  Coet/ft^ 

(feet) 

3  to  5  $1.60  -  $1.90  (  3') 

$2.50  -  $2.90  (  S') 

3  to  7  $1.25  -  $1.40  (  3') 

$2.90  -  $3.20  (  7  ) 


Comments 


IF  Inert  materials  ore  permeaL>te.  can  result 
In  pended  conditions  below  grade. 


Preesure  Injection 


10  to  15  $0.72 

(  2  Lime  A  2  Water) 
$0.45 

C  1  Lime.  3  Water) 


Requires  roro  rigid  engineering  control 
during  earthwork.  Greater  depth#  ore 
poselble.  Slower  then  overeKCovating 
and  replocement. 


11.59 


GEOLOGY 


associated  with  stress  reduction,  cut  within 
building  areas  was  limited  to  one  of  the  four 
structures.  Initial  site  contou's  and  finished 
floor  elevations  are  shown  in  Figure  1. 

The  initial  design  for  the  project  encorporated 
the  use  of  3-1/2  feet  of  inert  fill  over  six 
inches  of  lime  stabilized  clay.  This  technique 
was  rejected  by  the  owner  because  of  poor 
performance  related  to  excessive  floor  movement 
on  projects  in  the  general  vicinity. 


The  site  is  underlain  by  soils  and  shale  of  the 
Eagle  Ford  Group,  a  marine,  montmorillonitic 
clay  shale  of  Upper  Cretaceo'-s  age.  The  shale 
is  thinly  laminated,  gray  to  bluish-gray  in 
color  and  weathers  to  tan  to  olive  tan  and  gray 
with  ironstaining  along  joints  and  fissures. 
. epth  of  weathering  across  the  site  varies  from 
29  to  40  feet.  Ground  water  was  not  encountered 
during  the  initial  geotechnical  i.nvestigation, 
although  intermittent  perched  water  is 
anticipated  to  be  occasionally  present  along  the 
weathered/unweathered  interface  during  rainy 
seasons . 


FIGURE  2. 


Typical  Stratigraphy  &  Soil 
Moisture  Profile 


The  use  of  pressure  injection  was  considered  as 
an  alternative,  however  it's  use  was  initially 
rejected  because  of  a  "feeling"  by  various 
consultants  that  the  soils  were  too  hard  and  dry 
to  effectively  inject.  Due  to  the  historical 
performance  of  other  proposed  modification 
techniques,  however,  the  owner  elected  to  pursue 
injection.  A  monitoring  program  to  evaluate  the 
effectiveness  of  both  the  injection  operations 
and  post-construction  floor  performance  was 
therefore  established. 

In  order  to  reduce  the  risk  of  movement  at 
entrances  to  the  office  areas,  a  suspended  floor 
system  was  used.  Other  design  modifications 
included  use  of  one  site  clays  for  backfilling 
trenches  and  utilities  in  place  of  sandier,  mote 
permeable  soils. 


Weathering  of  the  clay-shale  results  in  a  tan  to 
olive-tan  and  gray  residual  clay.  The  clay 
retains  the  shales'  laminated  fabric,  and  is 
jointed  and  fissured  on  spacings  of  2  to  8 
inches.  The  joints  and  fissures  are  commonly 
ironstained  and  occasioriv.  ly  silt  lined. 

The  upper  3  to  9  feet  of  clay  soil  is  subjected 
to  variations  in  seasonal  soil  moisture,  but 
these  values  are  less  than  the  average  for  the 
Dallas  roetroplex  which  is  generally  estimated  to 
be  on  the  order  of  12  to  15  feet.  The  reduced 
seasonal'/  active  zone  is  considered  to  be 
primar  ly  a  result  of  the  sloping  site 
topography,  the  relative  low  permeability  of  the 
clay  soils,  and  the  jointed  structure. 


TABLE  2 
SUMMARY  OF  SOIL  PROPERTIES 


PROPERTY 

UNITS 

POPULATION 

RANGE 

MEAN 

DEVIATION 

Liquid  Limit,  w  ^ 

— 

16 

4p  -  06 

69.8 

9.51 

Plattic  Limit, 

-- 

16 

22  -  36 

32.2 

4.b’ 

Plomtlclty  Index, 

-- 

16 

26  -  56 

37.6 

7.43 

Dry  Unit  Weight,  d 

pcf 

27 

04  -  lOB 

99.6 

6.03 

Wet  Unit  Weight,  y 

pc  f 

27 

110  -  133 

124.2 

5.92 

Specific  Gravity, 

3 

2.79  -  2.93 

2,85 

0.03 

SwCoratlon,  S 

X 

12 

07  -  97 

92.0 

0.03 
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The  natural  moisture  content  of  the  clays  below 
the  Seasonal  influence  is  4  to  7  percentage 
points  below  their  plastic  limit.  The  moisture 
content  generally  decreases  with  depth,  as  is 
common  in  weathered  shales.  An  example  of  a 
typical  Log  of  Boring  is  shown  in  Figure  2. 
This  figure  illustrates  moistures  above  the 
plastic  limit  to  a  depth  of  about  5  feet,  and 
soil  moisture  below  the  plastic  limit  below  this 
depth.  Also  shown  in  figure  is  the  maximum 
pressure  (Ps)  and  the  percent  swell  at 
overburden,  (Sp) ,  from  the  result  of  two 
Constant  Volume  Swell  tests. 

The  weathered  shale  classifies  as  a  CH  soil,  in 
accordance  with  the  Unified  Soil  Classification 
System.  The  consistency  varies  in  the  zone  of 
seasonal  moisture,  becoming  hard  below  this 
zone.  A  summary  of  some  of  the  pertinent  soil 
properties  is  provided  in  Table  2. 


CONSTRUCTION  SEQUENCE 


of  ten  feet  after  each  water  injection.  Heave 
monitoring  pins  were  surveyed  after  each 
injection . 

Upon  completion  of  the  injection  operations,  the 
near  surface  soil  were  blended  with  the 
surficial  lime,  compacted,  and  brought  to  grade. 
Utilities  were  then  installed.  .Construction 
then  proceeded  in  a  normal  manner. 


RESULTS 


Injection  procedures  progressed  normally 
throughout  the  project.  Adequate  dispersal  of 
lime  was  observed.  Some  of  the  exposed  seams  of 
lime  are  shown  in  Figure  3. 

The  change  in  measured  soil  moisture  and  the 
measured  heave  during  injection  on  two  of  the 
four  buildings  are  presented  in  Figures  4  and  5, 
and  6  and  7,  respectively.  Test  results  are 
typical  for  all  four  buildings. 


Finished  floor  subgrade  elevations,  minus  5 
inches,  were  initially  established  in  January 
1981  utilizing  on-site  clays  as  fill.  The 
subgrade  was  left  5  inches  below  desired 
subgrade  to  account  for  the  desired  pre-swelling 
of  the  upper  soils. 

Materials  were  compacted  in  approximate  10-inch 
lifts  to  a  density  of  between  90  and  95  percent 
of  ASTM  D-698,  at  a  moisture  wet  of  optimum. 
Four  heave  pins  were  then  installed  on  each 
building  pad  with  the  base  of  the  pin  18  to  22 
inches  below  grade.  Heave  monitoring  pin 
locations  ate  shown  in  Figure  1.  Pin  elevations 
were  obtained  and  tied  to  a  bench  mark  founded 
at  a  depth  of  25  feet  below  grade.  The  bench 
mark  was  sleeved  throughout  the  upper  soils  to 
reduce  uplift. 

Pads  were  then  double  lime  slurry-pressure 
injected,  followed  by  2  water  injections,  to  a 
depth  of  10  feet  on  building  pads  A  thru  C,  and 
3  water  injections  on  building  pad  D. 
Continuous  undisturbed  Shelby  tube  samples  for 
moisture  content  tests  were  obtained  to  a  depth 


FIGURE  3.  Exposed  lime  seams  in  face  of 
excavation . 


Measured  heave  below  the  survey  pins  varied  from 
approximately  0.75  inches  to  3.50  inches. 
Actual  heave  is  anticipated  to  be  on  the  order 
of  5  to  6  inches  because  approximately  1  to  2 
inches  of  soil  had  to  be  cut  from  the  pads  at 
the  completion  of  injection  operations  to 
achieve  desired  subgrade.  As  previously 


MOISTURE  CONTENT 


FIGURE  4.  Rise  in  moisture  after  2  lime  and 
2  water  injections.  Building  A 


FIGURE  5.  Rise  in  moisture  after  2  lime  and 
3  water  injections.  Building  C. 
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figure  6.  Measured  rise  in  elevation  of  Pad 
Survey  Pins  during  construction. 
Building  A. 
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FIGURE  7.  Measured  rise  in  elevations  of  Pad 
Survey  Pins  during  construction. 
Building  D. 


mentioned,  subgrade  before  injection  was  left  5 
inches  below  desired  finished  grade  to  account 
for  heave. 

Post  construction  floor  movements  have  been 
within  acceptable  limits,  with  measured  heave 
through  September  of  1983  varying  from  about  0.5 
inches  to  1.8  inches.  Measured  heave  in 
building  A  is  shown  in  Figure  8.  Based  on 
visual  observations,  much  of  the  measured  heave 
is  attributed  to  survey  error,  and/or  movement 
of  the  bench  mark. 

To  confirm  the  visual  results,  21  profiles  of 
the  floor  in  buildings  A  and  B  perpendicular  to 
the  walls  were  monitored  from  June  1982  through 
September  1983.  Typical  results  for  one  station 
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FIGURE  8.  Measured  post  construction  floor 
movement.  Building  A. 


are  plotted  in  Figure  9.  The  profiles  indicate 
equal  differential  movements  across  the  flooV. 
Since  it  is  extremely  unlikely  that  movements 
would  be  uniform,  the  difference  in  elevation 
over  the  period  surveyed  was  attributed  to 
survey  error.  Corrected  movements  for  building 
"A"  ate  shown  in  Figure  10.  The  monitoring 
through  1983  indicated  no  appreciable  movement, 
and  was  therefore  discontinued. 

Periodic  site  visits  have  been  performed  since 
completion  of  the  monitoring  program.  No 
distress  or  differential  floor  movement  has  been 
detected  or  reported. 


T - 1 - 1 - i - 1 - r“ 
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DISTANCE  PERPENDICULAR  to  BEAM 


FIGURE  9.  Measured  movements  perpendicular  to 
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location  4. 


wall , 


Building  A  at 
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SURVEY  DATE 


FIGURE  10.  Floor  movement.  Building  A, 
Corrected  for  survey  error 
between  7/82  and  9/83. 


CONCLUSIONS 


1.  Effective  reduction  of  the  potential 
vertical  movement  of  the  upper  soils  of  the 
Eagle  Ford  formation  was  obtained  by  using  a 
combination  of  lime-slurry  and  water 
pressure  injection. 

2.  Construction  monitoring  of  the  subgrade 
indicated  heave  as  a  result  of  injection 
operations  on  the  order  of  2  to  4  inches. 

3.  Post  construction  monitoring  of  the  floor 
slabs  over  a  seven  year  period  indicates 
movements  of  0.5  to  1.8  inches,  which  are 
within  design  tolerances.  No  post 
construction  settlement  or  shrinkage  has 
been  experienced. 
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4.  Costs  for  the  injection  modification  were 
approximately  one-half  compared  to  costs 
associated  with  other  techniques  used  in 
the  D/FW  area.  Performance  of  the  injected 
project  has  been  superior  to  that 
experienced  on  projects  in  the  immediate 
area . 
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SYNOPSIS:  Use  of  chemicals  for  foundation  treatment  and  sealing  of  crack  is  of  recent  origin.  The 
aim  of  this  paper  is  to  find  time-viscosity  and  time-strength  relationships  of  epoxy  grout  system 
for  proper  flow  mechanism  and  strength  interaction  with  rock  collected  from  dam  sites  of  India.  The 
bonding  mechanism  of  gel  in  the  injected  mass  is  explained  with  the  help  of  Scanning  electron 
microscopy  and  Infra-red  spectroscopy.  After  trial  field  grouting  the  stratascopy  has  revealed  better 
bonds  of  moist  surface  with  flexibility  to  accomodate  movement  before  bond  or  shear  failure  occurred 
and  had  lower  volumetric  shrinkage  during  curing. 


INTRODUCTION 

Cement  grouting  is  well  recognised  method 
available  to  the  Civil  engineering  practice. 
Epoxy  resin  have  often  used  for  various  problems 
in  civil  engineering  works  in  India,  during 
the  last  decades.  The  sealing  of  cracks  (Koyna, 
1968;  Konar,  1971;  Hirakund,  1976)  in  concrete 
structures,  plugging  of  leaks  in  hydraulic 
structures  and  bonding  of  fresh  concrete  to 
hardened  concrete  are  the  main  applications 
which  are  quite  wide  spread.  The  main 
traditional  Geotechnical  problem  for  foundations 
in  jointed  and  fractured  rocks  is  the  low 
bearing  power  against  the  structural  stresses. 
The  recently  Innovated  application  of  epoxy 
grouting  of  jointed  and  fractured  rock  for 
reducing  mass  permeability  and  Increasing 
compressive  and  tensile  strength  of  bed  rock 
(Norad  dam,  1968).  For  the  last  application, 
the  corelation  of  initial  rheology  of  epoxy 
grout  and  the  Interacted  strength  of  set  grout 
at  joints  are  very  essential. 

This  paper  developes  epoxy  gel  by  interacting 
chemical  compound  derived  from  bis-phenol  A 
with  epi ch 1 orohydr i n  and  catalyst  or  hardener 
consisting  of  amines  and  polyamides  by 
conceptual  approach  along  with  conventional 
frame  work  approach.  The  aim  Is  to  find  a 
sullcf’.°  time-viscosity  relationship  of  an 
injection  mix  whic;>  facilitates  proper  flow 
mechanism  into  rock  joints  or  fissures  or  cracks 
of  the  fractured  rocks.  The  microscopic 
examination  helps  putfor'.h  the  interaction  and 
bonding  mechanism  of  grout  In  an  Injected  mass. 
Rock  strengthening  of  samples  collected  from 
the  site  near  to  Panam  dam  and  Karjan  dam  site 
and  one  construction  site  near  Chhnrhapura  of 
Gujarat,  India,  were  accompiisned  by  laboratory 
Injection  of  epoxy  grout  which  has  provided 
greater  strength  and  better  penetration  than 
could  have  been  obtained  with  the  use  of 
Portland  cement  grout.  This  advantage  Justifies 
the  use  of  epoxy  grout  .is  against  the  use  of 
cement  grout . 


GEL  FORMATION  AND  ITS  MECHANISM 

When  catalyst  or  hardener  is  mixed  with  base 
resin,  the  formation  of  gel  occures  in  three 
sequential  steps:  (1)  Formation  of  primary  micro 
gel,  (2)  Formation  of  secondary  micro  gel,  and 
(3)  Formation  of  macro  gel. 

The  reactivities  of  primary  and  secondary  amine 
groups  of  hardener  give  q  linear  structure  In 
the  alkaline  media  due  to  a  combination  of 
exothermic  heat  of  reaction,  the  temperature 
will  rise  in  the  vicinity  of  the  resin 
molecules,  resulting  into  reaction  of  secondary 
amine  group,  causing  the  Increase  of  vacant 
places  between  the  molecules  reflecting  increase 
of  fluidity.  The  growth  of  nuclei  continue  until 
the  reactive  polymer  molecules  can  diffuse  to 
the  reactive  sites  of  the  nuclei.  During  this 
process  several  new  nuclei  are  also  developed 
resembling  the  crystallization  process. 

The  primary  micro  gel  and  growing  nuclei  begine 
to  interact  each  other  and  give  rise  to  new 
nuclei  for  the  secondary  micro  gel  increasing 
viscosity  of  the  system. 

At  a  critical  solid  concentration  the  secondary 
micro  gel  pack  together  very  suddenly  and  the 
experimental  gel  point  is  observed  (Fig.l). 


Fig.l  Micrograph 
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The  higher  cross  linked  density  reflects  In 
better  coherence  by  bonding  uitti  dry  and  wet 
surfaces  of  mass  to  bo  interacted. 

Inira-red  spectroscopy  ot  a  unit  cell  of  set 
mass  gives  chrac t er i s t i cs  bonds  of  rnethyle  or 
mejhylene,  and  phenyl  groups  at  1441)  and  l.alt.T 
cm  ^  bends . 

DEVlll.OPMEN  T  1)1-  CROL'T  MIX 

As  per  the  requirement  of  resultant  gellified 
mass,  either  rigid,  elastic  or  e 1  as t opl as t i c , 
the  unit  cell  is  cultivated  employing  conceptual 
trame  work  approach  by  proportionating  resin, 
hardener  and  water  components,  f-'rom  the  unit 
cell  a  repeatahl.’  unit  in  the  polymer  structurf! 
is  developed. 

Gel  time  increases  upto  resin:  hardener  ratio 
of  two,  thereafter  it  drops.  The  addition  of 
water  effectively  reducer,  the  gel  time  (Fig.i) 


12  3  4  5 

RESIN :  hardener  ratio 


Fig. 2  Variation  of  pot  life 

Streiigth  of  raw  gel  is  controlled  by  resin  to 
hardener  ratio,  while  trace  amount  of  water 
optimizes  the  viscosity  of  the  grout  system 
in  addition  to  lowering  the  heat  of  reaction. 
While  Interacting  with  rock,  it  acts  as  a 
wetting.  lubricating  and  spreading  agent  of 
grout  . 

RHEOLOGICAL  ASPECTS 


Rheological  analysis  of 
are  carried  out  by  t ime- vl scos i t y 
employing  Brookfield  synchro  1 e t r i c 
L'.S.A.,  and  newly  developed  Orifice 
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Fig. 3  Time  -  Viscosity  Relationship 


T 1  me 


that  initial  vKscositv  drops  to  30  per  cent 
upto  12  minutes,  thoreuftcr  increases  to  semi- 
viscous  limiting  injection  stage  transforming 
suddenly  to  gel  stage  at  about  35  minutes.  The 
t ime- vi scos i t y  plot  suggest  the  proper  injection 
time  of  12  minutes  and  limiting  injection  time 
ot  24  minutes  after  mixing.  Shear  modulus  data 
as  obtained  from  the  wave  velocity  pattern  of 
pulse  transmission  through  gellified  mass 
interprets  that  gel  mass  which  was  visco-elastic 
before  gel  time  transforms  to  elastic  at  gel 
time. 

STRENGTH  ASi’ECTS 

Tria-xial,  unconfined  compressive  strength  and 
tensile  strength  at  1  hour,  14  days  and  21  days 
are  increased  upto  resin:  hardener  ratio  two, 
which  tends  to  decrease  thereafter.  L'nconfined 
compress  i  v'e  strength  as  measured  on  200  T 
capacity  '  VEB-lVeks  t  o  f  f  oru  f  maschinen',  for 
resin:  hardener  ratio  ot  two,  gives  Ht)2.H 
kg  cm^ .  77.5. 36  kg/cm^,  800.12  kg  cm-*  at  1  hour , 

14  days  and  21  days  curing  time  (Fig. 4). 


REStN'.  HARDENER  RATIO 


^'*8-  4  Compressive  and  Tensile  strength. 


Fig. 5  S t ress -s t ra i n  -  Time  relation  of  raw  gel 


S I  rpss -s  t  ra  1  n  curve  (Fig. 5)  lndic,.tes  tiiat  peak 
stress  increases  with  increase  ol  curing  time 
reverting  s t rang th- t ime  relationship  of  epoxy 
set  mass  as  strongly  time  dependent.  Two  catego¬ 
ries  basically  Identified,  mainly  time  dependent 
linear  elastic  and  time  dependent  non-linear 
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e  1  es  t  0 -p  1  ds  t  i  i:  loaiiina  to  brittle  failure. 

Incrodsi!  of  resin:  h.u'dener  ratio  increases 

the  brittlenes.s  in  the  sy.stem.  As  resin; 
hardener  ratio  increases  to  two,  initini  tangent 
modulus  drops,  for  cent  failure  strain  decreases 
initially  with  increase  of  curing  period  upto 
14  days  ami  tends  to  remain  constant  thereafter. 
Trace  amount  of  water  in  resin-hardener  system 
makes  the  set  mass  c  1  es  t  n-p  1  as  t  i  c  rather  than 
brittle  plastic  exhibiting  bulging  at  failures. 
S t ress -s t ra 1 n  curve  of  raw  grout  portrayed 
during  tensile  test  conforms  to  set  mass 
siraillar  to  St.l'enant  material.  Initial  tangent 
modulus,  idilure  strain  and  creep  strain  of 
tensile  stress-strain  curves  are  optimum  at 
resin:  hardener  ratio  of  two.  High  pressure 

tridxidl  test  give  cohesion  value  of  4o0  kg  cm^. 

dKOi’THn  ROC.k  \t-\oS 

Considering  the  above  time  viscosity  and 
strength  behaviour  the  grout  is  selected  for 
injection  purpose  consists  of  optimum  ratio 
of  resin:  hardener  two,  along  with  five  per 
cent  dilution. 

The  rocks  c:ollected  from  various  sites  as 
mentioned  earlier  possess  the  following 
magascoplc  and  microscopic  characters: 

(A)  li)  Porphyretlc  Basalt  (collected  from 

the  site  near  Panam  dam)  -  Minute  fra¬ 
ctures  in  horizontal  direction  and 
moderate  weathering. 

lii)  Agglomerate  Igneous  (collected  from  the 
site  near  to  Karjan  dam)  -  trap,  rock 
pieces  are  se;en  enclosed  in  the  ground 
mass  which  is  hetrogenous.  Hetrogeni ty 
is  more  in  horizontal  direction,  promi¬ 
nent  fracturing,  moderate  weathering. 

(B)  (i)  Metamorphic,  Criss-cross  ion  veinlots 

bearing  (collected  from  construction 
site  nearer  to  Chhuchapura )  -  bends  are 
observed  in  horizontal  direction,  vein- 
lets  are  noticed  in  horizontal  dire¬ 
ction.  common  fracturing  and  moderate 
weathering. 

(ii)  Sorpontile  bearing  metamorphic  (colle¬ 
cted  from  construction  site  nearer  to 
Chhuchapura)  -  Greenish  white  bends 
observed  in  horizontal  direction,  while 
minute  fracture  seen  in  vertical  dire¬ 
ction,  prominent  fracturing  and  modera¬ 
te  weathering. 

Samples  of  1  (IcmXl OcmXl 0cm  with  cut  configuration 
at  var'ius  orientation  are  produced  and  are 
placed  in  a  square  grouting  box.  ’iwo  drill  holes 
from  top  surface  of  the  above  specimen  are  made 
upto  the  location  cut  to  Intersect  maximum  dis¬ 
con  t  i  nue  t  ies  .  A  suitable  injection  gun  is  deve¬ 
loped  for  grouting  (Fig.b). 

A  grouting  operation  is  normally  carried  out  to 
the  lowest  point  to  the  highest.  After  filling 
the  gun  with  epoxy  grout,  it  is  connected  with 
tubing  to  an  air  compressor.  A  pressure  of  4  to 
i  kg/cm^  Iz  used  for  the  injection.  A  polyethy¬ 
lene  nozzle  of  the  gui:  inserted  into  the 

drill  hole  oi  the  rock  specimen.  Injection  is 
continued  till  the  resin  begins  to  ozzes  from 
the  another  drill  hole.  The  proces.s  is  continued 
until  the  cracks  are  completely  sealed. 


1. Brass  top  cover  fixed  with  c  1  amp.s  . 

inlet  for  compressed  air 
t . Ou  t 1 o  t 

4. Compressed  air 
T  .  I'c  I  ye  thy  1  one  piston 
6 . R  e  s i n  mix 
'.Brass  casing 

H.High  density  polyethylene  syrings 
9  .  F'o  1  ye  t  hy  1  one  nozzle. 


Fig.  6  Injection  Gun . 


STRENGTH  OF  GROUTED  MASS 


For  these  two  groups  of  rock,  adhesion  over 
d i scon t i nu t ies  and  cracks  by  epoxy  grout  always 
exceed  the  strength  of  the  rock  (Fig. 7). 


Fig. 7  Rock  specimen  after  failure. 

Rupture  always  occures  through  rock  and  never 
through  the  bonded  crack  surface.  The  strength 
of  grouted  rock  specimens  either  in  horizontal 
or  vertical  direction  keeping  the  plane  of  cut 
perpendicular  to  the  d i scon t i nue t y ,  veinlets 
and  structural  hetrogenei ty  give  compressive 
strength  higher  than  intact  rock.  The  test  resu¬ 
lts  on  wet  surfaces  also  show  that  significant 
strength  could  be  developed  across  the  disconti- 
nueties  by  bonding  them  with  this  epoxy  resin 
grout  ( Fi g . 8  and  9  )  . 

After  this  laboratory  grouting  test,  a  trial 
injection  was  made  with  the  above  resin  grout 
mix  at  the  above  mentioned  sites.  It  is  found 
that.  it  provides  better  bonds  to  moist  rock 
and  had  more  flexibility  than  other  chemical 
grouts  to  accomodate  movement  before  bond  or 
shear  failure  occured,  and  had  shown  lower  volu¬ 
metric  shrinkage  during  curing.  The  strascopic 
inspection  at  the  site  have  indicated  that  larg¬ 
er  cracks  and  smaller  cracks  are  appeared  to 
be  filled  up  and  interacted  properly  with  epoxy 
grou l . 
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I  800  • 


|J(a)  intact  rock  WITH  NATURAL  FRACTURES 
J(b)  GROUTED  ROCK  WITH  VERTICAL  GROUTED  CUT! 
3(c)  GROUTED  ROCK  WITH  HORIZONTAL  GROUTED  CUlj 
11(d)  GROUTED  ROCK  WITH  INCLINO  GROUTED  CUT 


(0)  (b)  (Q)  (c)  (a)  (b)  (a) 

PORPHlRlTIC  BASALT  AIXiLOMERATE 


(d) 

AP 


Pig. 8  Compressive  strength  :  Igneous  rock. 


ve i n 1 e  t  s 
directions. 


hor i zon  t  a  I 


a 

0. 
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Fi 


g.9  Compressive  strength  intact  6  grouted 
metamorphic  rock. 


CONCLUSIONS 

(!)  Epoxy  grout  system  has  controlled  gelli- 

fication  time,  insoluble  gel  in  water, 
high  gel  strength,  and  high  long  term 

compressive  and  tensile  strength, 

(il)  This  grout  system  identifies  following 

rheological  changes  during  sol  to  gel 
decrease  of  viscosity  from  original  visco¬ 
sity  due  to  inherent  temperature,  increas¬ 
ing  further  to  semi  viscous,  non-Newtonian 
converting  suddenly  to  e 1  as t o-vi scous 
gelllfied  orange  mass, 

(iii)  Strength  time  relationship  of  set  mass 

is  strongly  time  dependent.  For  evalua¬ 
tion  of  deformation  two  categories  basic¬ 
ally  identified  :  mainly  time  dependent 

linear  elastic  and  time  dependent  non¬ 
linear  e 1  as t o-pl as t i c  leading  to  brittle 
failure.  Trace  amount  of  water  and  resin 
hardener  system  makes  the  set  mass  elasto- 
plastic  rather  than  brittle  plastic  exhi¬ 
biting  bulging  at  failure.  During  tensile 
strength  stress  strain  behaviour  conforms 
to  St,  Venant  material. 

(iv)  For  igneous  and  metamorphic  group  of  rocks, 
adhesion  over  d i scon t I nu t les  and  cracks 
by  epoxy  grout  always  exceed  the  strength 
of  the  rock.  Rupture  always  occures  throu¬ 
gh  rock  and  never  through  bonded  crack. 

(V)  After  trial  field  grouting,  the  stratasco- 
plc  study  has  revealed  better  bonds  of 


moist  surface  with  flexibility  to  accomodate 

movement  before  bond  or  shear  failure  occurred 

alongwith  lower  volumetric  shrinkage, 
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SYNOPSIS:  Partial  underpinning  is  often  not  accepted  because  of  dangerous  damage  that  may  be  caused  by  the  redistribu¬ 
tion  of  stresses  in  the  superstructure.  A  five-storey  building  was  partially  underpinned  successfully.  To  give  stabil¬ 
ity  to  the  building  only  a  small  number  of  piles,  about  70%  fewer  than  with  the  conventional  method,  were  used.  The  re¬ 
sults  observed  have  proved  the  success  of  the  partial  underpinning. 


INTRODUCTION 

Underpinning  is  an  increasing  need  in  the  construction 
field.  Underpinning  with  piles  must  be  performed  if  a  ma¬ 
jor  part  of  the  settlements  of  a  building  is  due  to  consoli¬ 
dation  of  soft  soil,  a  frequent  cause  of  damage  to  buila- 
ings.  In  Vietnam,  the  thickness  of  the  soft  soil  layer 
underlying  the  dry  crust  is  commonly  15-20  m  in  Hanoi ,  and 
up  to  30-40  m  in  Hai  Phong  and  Ho  Chi  Minh  City.  The  con¬ 
ventional  underpinning  method  aims  at  I-Ctal  ly  avoiding  any 
further  settlement.  Therefore,  not  only  the  damaged  part 
but  also  the  rest  of  the  building  is  often  underpinned, 
a  safe  but  expensive  solution.  It  should  then  be  discussed 
whether  it  might  be  possible  to  underpin  only  a  part  of 
the  bui Iding  to  reduce  the  rate  of  settlement  to  an  accept¬ 
able  level  and  to  prevent  further  damage  due  to  differen¬ 
tial  settlements.  In  many  cases,  especially  when  there  is 
a  certain  non-homogeneity  of  either  the  soil  or  the  super¬ 
structure,  this  method  may  be  successful .  The  partial  under¬ 
pinning  method  would  be  much  cheaper  than  the  conventional 
method,  possibly  30  to  50%.  However,  it  is  evident  that 
partial  underpinning  is  very  dangerous.  Partial  underpin¬ 
ning  with  piles  means  introducing  more  rigid  supports  under 
a  part  of  the  existing  shallow  foundation.  By  redistribu¬ 
ting  stresses  in  the  superstructure,  further  damage  may 
’e  caused,  e.g.  by  shear  stresses,  especially  between  the 
underpinned  p^.r,  and  the  rest.  Partial  underpinning  needs 
more  careful  soil  investigation  and  design,  taking  into 
account  the  ihteraction  between  the  soil  and  the  building 
structure. 

In  this  paper,  the  partial  underpinning  of  a  five-storey 
brick  masonry  building.  La  Thanh  Hotel  in  Hanoi,  which  has 
seriously  settled  and  tilted  at  a  rather  high  rate,  will 
be  presented.  A  simplified  design  method  will  also  be  in¬ 
troduced.  The  method  has  proved  to  be  successful  since  the 
settlement,  distortion  and  tilting  of  the  building  so  far 
have  been  stopped  with  no  further  damage. 


DESCRIPTION  OF  BUILDING  AND  SOIL  CONDITIONS 

Building.  La  Thanh  Hotel  is  located  six  kilometres  west 
of  the  centre  of  Hanoi.  The  building  that  required  under¬ 
pinning  is  a  five-storey  building  of  8.4  m  width  and  50 
m  length  in  two  sections  separated  by  a  gap.  Construction 
of  the  building  started  at  the  end  of  1977  and  was  comple¬ 
ted  in  October  1978.  The  bui Iding  i s  a  brick  masonry  build¬ 
ing  wi  th  cross-wal  Is ,  assembled  panel  floors  and  reinforced 
concrete  frames  along  the  corridors.  The  foundation  con¬ 
sists  of  strip  footings  beneath  the  walls  and  isolated 
footings  beneath  the  columns  of  the  corridor  frames.  The 
strip  footings  are  generally  1.20  m  below  the  zero  level 
of  the  building. 


Settlement  observations 

Just  after  the  building  was  completed,  serious  settlements 
were  discovered,  especial ly  in  the  west  section.  Settlement 
observations  at  25  points  started  just  after  the  completion 
of  construction  and  the  result  is  shown  in  Fig.  1.  The  val¬ 
ues  of  the  maximum  settlement  and  the  maximum  differential 
settlement  are  both  much  larger  than  the  allowable  values 
according  to  the  Vietnamese  Building  Code.  In  July  1985, 
Just  before  underpinning  was  started,  the  maximum  settle¬ 
ment  was  about  500  mm  (point  H15,  see  Fig.  la),  while  the 
maximum  differential  settlement  of  the  west  sectioh  was 
about  350  mm.  The  maximum  rate  of  settlement,  also  at  point 
H15,  was  still  rather  high,  about  6  mm  or  even  more  per 
month. 

In  view  of  the  existing  soi  1  condi tions ,  the  use  of  shallow 
foundations  for  the  five-storey  brick  building  was  incon¬ 
venient.  The  large  settlements  are  due  to  relatively  large 
shear  stresses  and  to  consolidation  of  the  weak  soil  layer, 
the  organic  soil  and  the  mud.  The  two  upper  layers,  the 
dry  crust  and  the  upper  clay,  can  be  considered  to  be  rela¬ 
tively  stiff.  Between  axes  14  and  15,  where  the  total  thick¬ 
ness  of  the  two  layers  is  smal lest  and  the  foundation  depth 
is  lowest,  the  soil  may  locally  yield.  This  is  the  main 
reason  for  the  large  differential  settlement  of  the  build¬ 
ing, 

_  Eos!  section  _  West  section 


Time  (months)  Underpinning  time 

Oct  Dec  Dec  Dec  Dec  Dec  Dec  Dec 


Fig.  la  Settlement  curves  (Dec.  1985). 
lb  Time-settlement  curve. 
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boil  conditions 


PARTIAL  UNDLRP INNING 


In  Mdfcn  HGj,  in  order  to  find  out  the  causes  of  the  large 
settlements,  jn  dtiditional  soil  investigation  was  made, 

1  no  1  udi  ng  o  pent- 1  r-a  1 1  on  tests  and  soil  sampling  in  two  bore- 
noles.  The  soil  la>ers  can  be  described  schematically  as 
f ol 1 ows : 

1/  dry  crust:  t  he  t  h  i ,  tries  s  caries  fror^  1 . 5  to  ?.  5,  sandy 
clay  with  large  qi.antities  of  ^.uken  bricV.,  point 
penetration  resistance  ();■  -  1.0  MPa,  void  ratio  e  = 

-  0.71,  angle  of  inter'nal  friction  B  =  22'’,  cohesion 
c  “  10  K  r’  a  . 

2)  Upper  clay:  medium  stiff.  The  thictness  varies  from 
i.o  to  2.6  ri,  '  1. 6-2.0  MPa,  e  1,30,  d  ^  10°, 
c  50  kPa . 

2,1  Organic  soil:  plastic  with  a  high  organic  content, 
l^e  thickness  varies  iron  2.0  to  3.5  in,  total  pen¬ 
etration  r-esistance  is  about  2.0  to  4. 0-5.0  MPa,  pc 
^  i.G  MPa,  e  =  1.13,  e  =  10'',  c  =  30  kPa.  In  this 
layer  there  is  c  thin  layer  of  peat  of  about  half 
a  metre.  The  peat  is  very  wet  and  porous  end  contains 
rotting  ti'ee  leaves. 

4}  Mud:  underlies  the  organic  soil  layers,  reaching  to 
a  depth  of  13  to  17  m.  The  mud  contains  much  organic 
matter,  q^.  _  1.0  MPa,  e  ■  1 . 66 ,  0  =  8” ,  c  =  25  kPa. 

6)  Lower  clay:  below  a  depth  of  13  to  17  m,  stiff  clay. 
The  total  penetration  resistance  is  more  than  10.0 
MPa,  while  the  point  resistance  is  about  o.O  MPa. 

The  water  table  is  found  at  a  deoth  of  0.5  to  1.0  iii.  In 
Fig.  .'  cwo  so’l  cross-sections  are  snown. 


soil  -re  ,e-,:  nr  II  - 11  cl 

P4  P6  P5 


Fig.  2  Soil  conditions. 


Jacked  concrete  piles  were  chosen  in  order  to  give  stabil¬ 
ity  to  the  building.  It  was  decided  that  only  the  west  sec¬ 
tion  of  the  building  and  i  urthermore  onl  y  the  most  seri  ous- 
ly  settled  part  of  the  section  should  be  underpinned.  In 
this  way,  the  expansion  of  the d  i  fferential  sett’ement could 
at  least  be  reduced.  It  is  evident  that  partial  underpin¬ 
ning  is  very  dangerous.  By  redistributing  stresses  in  the 
supe' structure ,  further  damage  may  be  caused  by  shear  stres¬ 
ses,  especially  between  the  underpinned  part  and  the  rest. 
However,  the  rigidity  of  the  superstructure  foundation  sys¬ 
tem  is  fairly  high,  which  may  be  the  main  reason  why  there 
are  only  a  few  small  cracks.  For  safety  purposes,  strength¬ 
ening  beams  were  installed  along  the  building. 

In  order  to  avoid  any  danger,  the  following  underpinning 
steps  were  suggested,  see  Fig.  3, 

o  Underpinning  with  Mega  piles  only  in  the  part  between 
axes  13  and  15; 

o  observing  regularly  the  development  of  settlements  and 
cracks; 

o  jacking  down  additional  piles  if  further  da-iage  is  found 
in  the  superstructure.  In  this  case,  the  partia.  unaei - 
pinning  becomes  a  complete  underpinning  with  a  vaiving 
density  of  pi les. 


Fig.  3  Partial  underpinning 

a.  Test  piles 

b.  Piles  already  jacked 

c.  Piles  will  be  jacked  if  necessary 


METHOD  OF  DESIGN 

Partial  underpinning  is  reliable  if  the  soi 1-structure  in¬ 
teraction  is  taken  into  account  in  design.  Although  many 
advances  have  been  made  in  soi  1  structure  i  nteracti  on  ana  ly¬ 
sis,  e.g.  Poulos  (1981),  it  is  rather  difficult  to  apply 
them  to  underpinning  design.  This  is  because  partial  under¬ 
pinning  is  a  time-dependent  problem.  Moreover,  causes  of 
damage  to  buildings  are  often  very  complicated.  In  many 
cases,  damage  may  be  caused  by  creep  settl ements  or  settl e- 
ments  due  to  local  yielding  that  have  not  been  very  well 
understood  so  far.  For  these  reasons,  a  simplified  method 
of  design  was  suggested  and  appl led  in  thi  s  case.  The  build¬ 
ing  foundation  system  is  considered  as  a  beam  on  a  deformed 
foundation.  When  rigid  supports,  i.e.  underpinning  piles, 
are  placed  only  partially  under  the  beam,  it  must  be  strong 
enough  to  withstand  the  redistributed  stresses,  especially 
the  shear  stress  Q,  at  the  cross-section  between  the  under¬ 
pinned  part  and  the  rest  of  the  beam.  Q  can  be  determined 
by  the  following  expression: 

0  =  P-G  (1) 

where  P  =  the  load  transferred  to  all  piles. 

G  =  the  weight  of  the  underpinned  part,  see 
Fig.  4 
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U  Qt^'pi'Tiec: 


tq^vcient  beL;rr 


G 


laking  the  same  shear  strength  of  concrete  and  steel  as 
above,  IJg  ^  o.bSO  ki.  ■  The  design  would  have  a  high 

enough  safet>'  factor  even  in  the  must  dangercnrs  case. 

The  above  ra 1 cul a t i ons  would  overestimate  the  naximum  shear 
stress,  but  they  help  to  create  a  realistic  altitude  to 
partial  underpinning  work.  Simitar  analysis  can  be  performed 
for  bending  behaviour.  For  masonry  wa  1  1  s  ,  the  overall  stiff¬ 
ness  along  the  length  of  the  walls  may  be  obtained  from 
Thorburn  et  al  (  1977  ) . 


Firm  layer 


■  ■  >.-e  ,  sjit'i.y  ..uses  alter  I'le  partial  urjpr- 

'I  a  -  .n-ie'  C  ■ '"'..id  cai  t  has  no  more  settlement. 

1  ,:is-;  •  .1,  th,.s  c  -  0,  ho  slrengthPiT'-'q 

■  he  hrrce  .i  . 

■i  r- ■  c ' nr’cd  car’’  has  further  settlement. 

•  .1,  .jno  .  ■  '  ,  strengthening  ’iia/  be  needed. 

'..nc.e>y  1  nr  .el  ya’'^  ■.ontiiiues  to  settle  con- 
■c!h'..  :■  ••'e  ■■•t'e-e  ase 


,hde  r;, '  rn  i  ng  pi  1 
hearing  lapacit,.  ot  each  pi'e 


■-a.  ■  "I  *  ^  ' 

To  be  sa  e  ,  f'e  egu  i  va  1  en  t  snea  •' res  i  stance  of  the  buildmg- 
f Ounda t ; on- 5 1 rengthen  1  nrj  hea"  s.vstem,  !Jg,  must  be  larger 
than  the  srear  stress 


de  _  ana, 

For  a  '.ross-wall  struct  jre  ,  tne  shear  resi  sfance  at  a  cross- 
section  may  be  taxen  as  the  aqgrega te  resi s tance  of  all  the 
elements  of  the  section,  including  brick  walls,  reinforced 
concrete  beams  or  s labs ,  tovnda t ion  beams  and  strengthening 
beans.  The  latter  need  to  be  designed.  Because  the  shear 
strength  'jf  a  bric«  is  very  small,  it  can  be  neglected  in 
the  ana  1 /s 1 s . 


For  the  given  case,  the  total  area  of  concrete  at  the  sec¬ 
tion  beiween  tne  underpinned  part  and  the  rest  is  about 
7,F00  cm‘^  witn  a  total  steel  area  of  102  cm^.  It  the  shear 
strength  of  the  concrete  is  about  0.3  k.N/cm^  and  the  shear 
strength  of  the  Steel  is  17  kN/cm^,  the  equivalent  shear 
resistance  of  tne  team,  (,'0  will  be; 

Op  ^  0.3  X  70,400  *  17  X  102  =  4,000  kN 


At  the  site,  23  piles  were  used  with  an  average  ultimate 
capacity  of  each  pile  of  about  450  kN ,  see  the  s^’tic  load 
test  results.  The  estimated  weight  of  the  underpinned  part 
IS  about  4,000  kN.  Thus  Omax  ^  23  x  450-4,000  =  6,350  kN. 
Because  0p,ax  '  Oe •  4  strengthening  beam  is  needed. 


it  was  dec i ded  to  p lace  four  s t rengthen ing  beams ,  each  having 
a  cross-section  of  65  cm  x  50  cm  with  a  steel  reinforcement 
area  of  11  cm?,  along  the  axes  B  and  H  of  the  building, 
on  both  sides  of  the  walls.  These  beams  will  also  be  used 
as  load  transfer  beams,  if  additional  piles  are  needed. 


SITE  EXPERIENCE 

4t  the  conscruction  site,  witn  some  exceptions,  piles  are 
lacked  down  in  pairs  on  both  sides  of  the  walls,  outside 
the  old  foundation  and  from  the  ground  surt.ce,  see  Fig.  5. 
Compared  with  jacking  piles  from  the  bottom  of  the  existing 
foundation,  this  method  has  the  following  advantages: 

0  the  working  space  for  handling  the  rather  heavy  pile 
segments  is  large  and  makes  the  work  easier, 

0  installation  is  not  affected  by  gro„nd  water  whose  level 
is  rather  high  at  the  s’te,  and  it  can  t  lerefure  be  per¬ 
formed  even  during  the  rainy  season, 

0  the  necessary  excavation  is  red..ced  to  a  nniirur. 


ct.r*  ft'i'V'  **  Ti 

•i  A-  -f-Jf 

‘  'r  ’*ck 

4  »w>f»  c 
•  •  0''-K"*r  '-r:- 1  :v  ■ 

K  I'T  :  •* 


r^ntt  ■fW'V'V 


Fig,  5  Installation  of  jacked  concrete  piles. 


Pile  segments  with  a  cross-section  of  200  nm  x  cOO  mm  and 
a  length  of  600  mm,  which  are  easy  to  handle  and  quick  to 
join,  were  chosen.  The  segments  ere  joined  by  a  30  mm  dia¬ 
meter  steel  rod  in  the  centre  and  two  12  mm  diameter  steel 
locks  at  each  joint.  The  central  rods  are  600  mm  long,  see 
Fig.  6. 


Fig.  6  Pile  segment  and  pile  .joint. 
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Tr,3  hydraulic  jacks  used  for  the  underpinning  work  origin¬ 
ally  belonged  to  equipment  for  installing  buildings  of  the 
lift  slab  type.  The  1  oad- transfer  system  consi sts  of  ladder¬ 
shaped  reinforced  concrete  beams  which  stretch  along  both 
sides  of  the  walls  and  lie  across  the  walls  where  piles 
are  located.  Fig.  3. 

At  the  site,  the  load  transfer  system  was  first  concreted 
section  by  section.  The  jack  system  was  rpen  installed  by 
joining  the  anchor  rods  with  the  embedded  tiebacks  in  the 
load  transfer  beams,  see  Fig.  5.  Piles  were  jacked  down 
into  the  soil  segment  by  segment  through  the  prefabricated 
holes  in  the  beams  until  the  jacking  force  reached  a  pre¬ 
dicted  value.  An  average  of  four  piles  were  jacked  do.vn 
at  the  same  time.  After  all  piles  had  been  jacked  down, 
they  were  simultaneously  fixed  to  the  load  t''ansfer  system 
without  any  prestressing. 

In  June  i984,  the  first  two  piles  were  installed  as  test 
pi  Ics.  After  construction  of  the  load  transfer  syt ‘em,  f ror, 
October  to  December  1985,  the  next  21  piles  with  a  total 
length  of  about  400  m  were  installed.  The  length  of  the 
oiles  ranges  from  13.2  to  15  m.  '''he  jacki ng  force  used  dur¬ 
ing  the  installation  varied  from  560  to  410  kN.  The  time 
for  jacking  each  pile  was  about  24  hours  on  average,  in¬ 
cluding  breaks.  The  rate  of  settlement  had  not  decreased 
by  the  time  the  piles  were  fixed.  So  far,  the  settlement 
and  tilting  of  the  building  have  been  stopped  and  no  more 
cracks  have  appeared.  No  additional  piles  were  needed  and 
the  partial  underpinning  has  proved  to  be  successful. 


STATIC  LOAD  TESTING 

Static  load  tests  were  carried  out  on  two  piles  using  the 
quick  maintained  load  test,  the  ML  method.  In  this  method 
of  testing,  the  load  is  increased  every  fifteen  minutes 
by  a  constant  amount,  approx.  5%  of  the  estimated  ultimate 
load.  Dial  gauges  are  read  3,  6,  9,  12  and  15  mins,  after 
application  of  a  new  load  increment.  In  F’g.  7  the  test 
results  are  shown  for  piles  Nos.  1  and  2.  For  pile  No.  1, 
failure  was  reached  at  a  load  of  480  kN.  The  creep  load 
evaluated  by  the  creep  load  curves  with  reading  between 
9-15  mins,  is  about  450  kN.  For  pile  No.  2,  the  ultimate 
load  is  420  kN,  while  the  creep  load  is  about  390  kN. 


Discuss. on 

0  The  ul  timate  bearing  capaci  ty  of  a  pile  predicted  from 
CPT-tests  is  in  good  agreement  wi th  the  value  received 
from  a  static  load  test.  Based  on  CPT  tests,  the  length 
of  the  pile  can  be  predicted  with  fairly  high  accuracy. 

0  Using  the  jacking  force-depth  curves  plotted  during 
installation,  the  base  resistance  of  the  pile  can  be 
evaluated  as  tfie  difference  between  the  maximum  jari.mg 
force  and  the  force  just  before  reaching  the  hard  clay 
layer. 

0  There  is  a  certain  relation  between  the  ultimate  load 
and  the  inaximum  jacking  force  used  during  instal  lation. 
Using  a  number  of  typical  load  tests,  this  ratiu  can 
be  dete'iTnined  reasonably  exactly  and  the  ultimate  load 
can  therefore  be  predicted  for  each  pile  with  good 
accuracy. 

o  The  ratio  between  the  creep  load  and  the  ultimate  load 
is  slightly  more  than  0.9.  According  to  the  Swedish 
Building  Code,  this  ratio  is  normally  about  0.9. 


CONCLUSIONS 

1.  Partial  underpinning  is  a  method  that  allows  a  cost 
saving  of  30  to  50%  in  comparison  with  the  convention¬ 
al  method,  in  the  given  case,  about  50%.  To  avoid  any 
danger  due  to  the  redistribution  of  stresses,  especi¬ 
ally  shear  stresses  in  the  superstructure,  strengthe¬ 
ning  beams  'hould  be  used. 

2.  Partial  underpinning  would  be  successful  in  buildings 
damaged  by  local  subsidence  that  may  be  caused  by  dif¬ 
ferential  clay  shrinkage,  removal  of  lateral  support 
from  the  ground  beneath  the  foundation,  or  differen¬ 
tial  consolidation  where  the  basements  provide  deep 
foundations  under  part  of  a  building.  This  method  can 
also  be  applied  to  preventive  work. 

3.  The  simplified  calculation  method  suggested  above  can 
be  used  if  design  is  to  be  on  the  safe  side.  The  par¬ 
tial  underpinning  method  is  reliable  if  the  soil-struc¬ 
ture  interaction  is  taken  into  account  in  the  design. 
Furthermore,  piles  should  be  designed  as  "settlement 
reducers" .  Thi s  wi  1 1  further  reduce  the  number  of  piles. 
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\!SlivV  il'.c  WM'k  c.imeii  out  ir.  the  19S3-SI  period  for  the  Ixiilding  of  a  setrer  line  .at  a  shallow  depth  in  the  histo- 

t  i.  ^c.'.ter  o:  \ro;;  i  loscajiv  -  Italv)  o.aii.seJ  serious  damage  to  jmuiy  of  the  masonry  structures. 

•or  a  dept:-,  o:'  e-"  i-,.  ,  the  lound.it  ion  underground  is  made  of  a  thick  deposit  of  etcrogeneous  soils,  mainly  cla>'ey  silt 

of  rev.  M,"!  '1  soft  cons  i.stonc>',  incluiiing  element.s  of  gravel,  Ixjuldcr.s  and  organic  .sediment. 

ii.e  t..i.ncl  ii.is  a  circular  section,  its  e.'ctcnial  diameter  being  I.IK)  m,  cover  .i. 40-5.21',  m,  and  the  work  was  carried  out 
isir.-c  .1  sl.ield.  iiie  riethov!  of  e.ccavat  ion  and  the  subsequent  operation  of  the  tunnel  brought  aliout  a  prolonged  distur- 
■auicv  and  resettling  of  tiie  groiiiv!  in  contact  with  the  casing  and  this,  where  fairly  large  Iwulder.s  came  into  contact 
v,!ti.  tile  c.tsiJe  e,’ge,  g.aps  foniicd  which  were  not  injected  with  plastic  concrete. 

dn  ti'.e  i-a.'is  0'.'  the  gi'Otecluucal  vlata  available,  the  surface  subsidence  has  subsequently  been  calculated  and  ha.s  been 
comi'aievi  Wit:;  wiiat  is  allowable  witliout  vk'uiiaging  the  overhead  stnicturos. 


Introduction 

Arezzo  is  .s  zourx  in  Tusoaiiy  ebout  60  Km  south-east  of 
Florence . 

Tfie  original  layrjiit  is  frotri  the  Etruscan-Portan  period 
I  4th  century  3.C. ),  and  the  present  urban  configuration 
IS  the  result  of  an  uriinterriapted  and  millenary  building 
arid  larbanistic  trari.sforrratlon ,  The  historic  center  is 
enclosed  uitliin  the  pentagonal  ring  of  the  Medicean  city 
walls,  and  Is  citossed  in  a  SE-NW  direction  by  the  Castro 
creek.  In  Poman  tiroes,  once  it  had  reached  the  city,  the 
Castro  trost  probably  pursued  its  straight  and  artificial 
crjurse,  uich  it  already  had,  for  a  kilometer  and  a  half 
:Fatucchi,  1969).  It  made  its  way  frora  east  to  west, 
P3.ssing  to  tlie  south  of  tlie  amphitheatre  and,  immediately 
afterwards,  bending  towards  the  northwest  (Figure  1). 

The  creek  was  covered  over  in  different  times  for  its 
entire  city  lenght:  already  in  tiie  13th.  century,  the  bed 
was  covered  in  the  section  included  between  the  present 
O'.Tso  Italia  and  Via  Madonna  del  Prato,  in  corrispondence 
witli  the  aricient  'Ospedale  di  S.  Maria  del  Ponte";  around 
1870 ,  the  stretch  included  between  Via  Madonna  de’  l>ato 
arid  Via  Guido  Monaco;  in  the  second  post-war  perifjd,  the 
rerraining  urban  sections  were  covered  over. 

The  most  iraportarit  building  operation  which  involved 
the  historic  center  of  Arezzo  was  consequent  on  the 
buildirig  of  the  Florence-Arezzo-Perugia-Roma  railway 
line,  inaijgiurated  in  1866, 

In  tlie  irmediate  subsequent  years,  within  the  spliere  of 
a  vast  program  of  expansion  and  re-ordering  of  the  old 
binding  plari,  were  realized  tlie  large  circular  Piazza 
Giidr.  Monaco,  tl-*e  widening  of  streets  and  squares  (with 
tte  derrnlltion  of  numerous  buildings,  among  which  in  part 
tlie  15th-century  Convento  del  Minoritl"),  the  openirig  of 
new  passages  in  tl»e  city  walls,  and  the  covering  over  of 
tlie  bed  of  the  Castro  creek  uitli  a  large  barrel  vault, 
for  a  distance  of  about  80  m. 

In  tiie  years  1963-84  at  Arezzo,  the  fourth  section  of  a 
large  .sewer  line  was  built  wMch,  at  shiallow  depth  of  few 
meters  for  several  hundreds  ^f  meters,  brushes  the  histo¬ 
ric  center  of  the  city  (figure  2),  travelling  along  Via 
Garibaldi  in  tlui  vicinity  of  the  covered  over  bed  of  the 


Actual  Castro  creak  course 
— •  Ancient  Castro  creak  course 
. .  Sewer  tunnel 


Fig.  1  Plan  of  historic  center  of  Arezzo 


Castro. 

During  the  excavation  of  the  tunnel,  several  buildings 
in  the  historic  center  suffered  damages  of  vsuying  ex¬ 
tents. 

The  walled  city  is  divided  into  two  clearly  distinct 
zones,  from  Via  Sacra,  now  Via  Garibaldi,  which  has  semi¬ 
circular  layout  (figure  1).  The  Castro,  whose  course  in 
the  city  segment  seems  to  coincide  with  a  bedding  fault, 
is  very  close  to  Via  Garibaldi  in  the  section  Included 
between  Via  Madonna  del  Prato  and  Corso  Italia. 
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-  NVv  'lUi-i  .il  t!;'-  N'xddirii?  fault.  Via  'larihi-jldi 

enclose.'-  the-  : !  ie.-T  r.u-tJeu.s  jf  the  hi.stor'.-c  -i-ent/er. 
-vthei'-j:  -  e  .'ief  .rirti  :  y  trt-  Me-|;ce.ar.  cit>  -vails.  The  t-'o- 
graphic  . ''.-rif  crrtat  i  j;.  -f  tru.s  cone  -cf  the  city  is  on  -a 
steep  alcpe  wit:,  ao-'l ivi*:y  included  betweer:  5%  arid  llhlo. 
ITie  ge'-l'igi -al  r'y-.t  indic.ate.-i  .s'.jny  recks  of  the  Tusc-an 
Serie.^  (  llH-'ignc  -.lei  ^  rriade  up  of  saridstone.s 

■literriav- ;  with  ::er'.  -  'ir.i  'tiles:  ‘.-ver  this  rock  forma- 
ti  n  .ar-  present ,  f  r  kre.-^.s  varyir-g  tetueen  4  and 

i'  •reters.  ne'er  igene  .  is  .:'f  a  silty-oiayey  ciiarac— 

ter  .' ■re.air.iicg  eierrj^rd.s  .:  oi-avel .  pebbles  and  org-anic 
.-edi::er.'  ne.avi.y  ■st'lovf-ii'.ed .  fill  rtoiteriahs  -arid  re¬ 
tains  f  -:.  ;':  ent  p-re  -exi ' 'e:u:-:ss . 

-  .ih'  1  'ire  ■.■-—>•.  an  1  ‘  h^  r.e<1.!.i;ig  fault  .and  rrcire  iri 

genera.  :  V-.--  lainhaiii  iV.e  *op.-.graphic  o'jnf ortrat ior. 
‘.f  tr.e  c’y  a'.:-,;-;'  f.a*  The  geological  map.  indi- 
:at.e.t  =-,  is  .  -f:  nvel  iep.asity,  .jf  .li.ay,  sand  and  peb- 
foe.^  i'.-  to  -ne  :•>  re  re.-en*  b.iiiding  developimerit  C'f 
•he  s.  rs-.  the  f  ".L'.-lnt  c  -r;  .n-nils  art:  less  .anthrepised. 


1.  THE  UYOOT  AND  EXCAVATION  TECHNIQUES 

The  ia,v.n'.  t.ne  .sewer  :irie  tn  ti-i^  right  of  the  Castro- 
i.s  ir,.;lic.av.--l  .:  ;■*  is  -level, sped  in  line  with 

Via  'larib’-l'::-.  ,  ar.i  I'-es  r.'  t  pa.~,s  'jr.der  -any  b.uldirig 
■tlthjugh.  i'.;e  srriall  -vering  and  tne  narrowries.s 

arid  cur'.'ing  tf  *r.e  .str'aet.  in  several  points,  it  is 
dargeroiisly  v:,:-se  ‘-v  'he  f-’.-indati-ins  of  the  biildings 

lo-icato'd  -.r.  the  .sHe,-  In  fact.  Via  Garib-aldi  lias  a  varia- 
Dl'i  width,  average  d  ti,  b.it  in  s-tme  sections  it  narrows 
t-o  4 .  f  m . 

TTie  sewer  iine  w.a.s  design>rd  with  the  thought  In  ndnd  of 
rtakirg  .an  :.'per.--cast  excavatior. ,  by  previoius  -construction 
■if  reinf-ircel  -.■-•'jn-ci-ete  retainirig  diapliragms ;  but  for  the 
riistc-rlc  c'-r.ter,  the  solution  of  the  mini  turgiel,  to  be 
made  with  the  f'.-l lowing  ex-cavation  technique,  was  after¬ 
ward.?  preferr^ti: 

i;  Co-n.str'.ictic'n  of  a  main  tlirust  pit  in  Piazza  del 
Popol-:  :  m  -leep,  the  si  Ape  -of  wiiich  would  permit  the 


Fig.  Z'  Close-up  to  damaged  area 


lKx;.“irg  cf  the  tliTist  rriar-hinery  in  two  -1  i rer-t i 'v- s  Tf-e 
.str.i-;'ti  .'e  was  rrgide  with  bi-reri  con-crete  p-ile.s.  -iiairetyar.-i 
41'  ana  40  cm.  -o'jnne.cted  bv  a  slab  .at  the  ba.se  of  the 
ex-cav.atiori  arid  by  reinfs-rced  concrete  wall.s  in  the  upper 
part . 

1:1  Oonstruction  --f  intermediate  ja-ckirg  stations  for  the 
recovery  of  the  tlir.tst  by  rreans  -of  a  series  of  hydraulic 
,i.ack.s  .set  along  the  r-erirneter  -if  the  linirg. 

.1 !  riaking  -'--f  -a  circular  hole,  diaveter  I  90  m.  by  means 
-if  the  sinking  -of  a  shield  and  .sub.seq.'.ent  removal  and 
carryirg  -away  of  the  soil  from  the  cavity  As  the  shield 
ady.anced,  the  -cavity  was  lined  with  precast  reinforced 
■concrete  -cylindrical  pipe.s.  22  cm  thick  and  3  ra  long, 
■cince  the  thrust  was  exerted  by  means  of  hydi’aulic  jackg. 
which  operated  in  the  thrust  pits  (.main  and  intermfc- 
diate'.  the  secti-i-n  of  tunnel  linirg  already  realized, 
w.a.s  made  t-;-  .slLift  ahead,  as  the  excavati-on  pro-cceded. 

TTie  excavati-on  was  carried  out  by  irean.?  of  rnillirg 
■cutter  mounted  'j.n  a  trolley  and  manoeuvere-d  by  a  workctan 
-on  the  face  of  excavation.  ITie  material  liiosened  by  the 
bits  w.a.s  remjvej  on  a  'Co-r-vey-.r  belt,  depo-sited  in  a 
c-.entainer  at  the  main  pit  then  ricked  up  .arid  carried  aw.-y 
■■':«p4.erp-ly  froirn  the  workyard. 

ITie  excavation  technique  .arid  inst-all.ation  -of  the  ti.innel 
involved  a  reiroldirg  and  prodonged  ir-  time  te- arr.aige.-rerg 
of  the  i  in  co.-ntact  with  the  linirg,  a.s  well  ,as  the 
-ci'eation  of  vo,ids  where  rxiky  elerrents  of  cori.sider.able 
■dimensions  were  enco'intered  alorg  the  contciirs. 

After  the  first  disorders  were  manifested  in  the  ma.s-','ri- 
ly  bjilding.s  -inderpassed  by  tunnel .  the  excavation  te- 
clmique  was  perfected:  a  mixture  of  fine  s-and,  bentonite 
and  cement  was  systemati-cally  arid  radially  injected,  to- 
fili  up  the  void  left  by  the  -ixjtting  edge.  This  device, 
at  time  -combined  with  proteictive  or  imderpinnirg  works 
for  the  buildings  underpiassed  or  located  very  clo.sely  to- 
the  turmel,  avoided  turther  oarreges  tou  the  masonry 
structures . 


2.  GEOTECHNICAL  ISSCRIFTION 

Tlie  stratigraphy  of  the  soil  involved  in  the  sewer  line 
in  the  historic  center  of  Arezzo  can  be  briefly  described 
■a.s  follows: 

-  from  street  level  to  a  depth  of  4.0  e  6.0  m: 

s-andy  and  silty  clays,  from  soft  to-  mediium  consistency, 
at  times  with  pebbles  and  fragments  of  bricks,  often 
with  organic  sediments ; 

-  below  a  depth  of  4.0  a  6.0  m: 

marls  alterated  and/or  silty  shales,  sometimes  in  the 
high  part,  in  the  form  of  layer  portions  in  a  silty  and 
clayey  matrix. 

The  bottom  of  the  tunnel  is  located  at  a  level  of  4.2  t 
5.5  m  from  street  level.  Since  the  finished  work  has  an 
'■jutside  diareter  of  1.9  ra  and  thickness  of  22  cm,  a  large 
part  of  the  excavation  took  place  in  the  silty  and  sandy 
clay  surface  formation  C  figure  3 ) . 

The  origin  of  the  surface  layer  must  be  related  to 
three  distinct  and  partly  connected  phenomena: 

-  the  deposit  of  Castro  creek; 

-  the  accumulation  of  surface  erosion  debris  of  mate¬ 
rials  constituting  the  hill  on  which  the  historic 
center  of  Arezzo  rises;  and 

-  the  backfill  due  to  organization. 

At  present  the  Castro  flows  in  a  contact  foot  hill  zone 
between  the  fluvial  deposits  of  the  plain  and  stony  rocks 
which  constitute  the  principal  relief  of  Aretine  urban 
territory.  This  location  does  seem,  moreover,  to  be  the 
original  one  (Fatucchi,  1969),  and  it  can  be  hypothesized 
that  the  Castro,  canalized  into  new  foot  hill  bed,  has 
eroded  not  yet  completely  consolidated  materials. 
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Sandy  and  silty  clay 


-  —  -]  Marly  and  silty  clay 


Marls  alterated  and/or  silty  shales 


jSewver  tunnel 


j  Buldings 


ir.  the  at'=-e 


rr- parties 


the  S’trface  layer  vary 


.i'  .'bsequer.t ly  ra'j.'ririg  the  '.-avirig  iri  tif  the  surface  rubble 
t  verhead , 

7r.e  ce-'.te.T'-iri 
eradually,  p-a? 

.f.r.e  tf  the  vi’: 
represerit-at  i  ve 
tote.  :'.arll-h 


from  the  f:ot  hill  zone  tx.  the  hill 
Ir.  the  plasticity  chart  'figure  4),  the 
ir;*-!-:  r^f  the  surface  soils  in  the  hill 
-•..flgln,  fall  witldn  the  Idghest  part  of 


the  t.'iart.  •-■r.ile  the  representative  pcdnts  of  the  surface 
s'.ils  in  the  foot  hill  cone,  fluvial  in  origin  fall 
u-.thin  the  lower  part  '..i  -ne  chart-  they  have  a  larger 
silt/sar.d  corafr.nent  and.  thierefore,  lesser  pla.sticity. 

If;  the  to.'.e  invrdved  with  the  sewer  turmei  con¬ 
striction.  where  the  :frj.st  serious  d-ainage.s  to  the  bdl- 
dir.gs  or;  trie  .side.-  oocurred .  the  gec'techirdcal  properties 
of  Che  oirf'-io^-  layer,  tahen  from  the  dc'C'ojrentary  material 


whi-'.'h  it  r.a.s  teer,  possible  to 

gather  from  geotechinical 

s'lrveys  made  at  diff'-rent  time 
the  f'"ilowi.^;g: 

and  with  different  .airrj. 

-  Lioui-d  li.mdt 

W1  :  2(9^37% 

-  ll.T,it 

Wp  r  17^19^, 

-  Plasticity  index 

Ip  :  IZoiBX 

-  Activity 

A  -  0..3^0.6 

-  'l.Z  7-0.  classification 

CL 

Or; it  weight 

T  r  1.92+1.95  gr/cmc 

Moi.sture  content 

W  :  24+26% 

Degree  of  saturation 

Sr  =  88+93% 

Relative  consi-stency 

Ic  =  0.3+0. 6 

Specific  gravity 

Gs  c  2.68+2.72  gr/cinc 

Void  ratio 

e  =  0.73+0.76 

-  Compression  index 

Co  :  0.15+0,20 

-  Confined  compression  modulus 

E'  :  30+60  Kg/cra* 

( in  tlie  pres.siire  interval .  p 

=  1 .5-3.0  Kg/cnf  ) 

Cc'he.si.jn 

-  A.ngle  of  internal  friction 


Ccu  :  0.0  Kg/cnf 
$cu  =  26*e29* 


M.  of  blows  in  S.P.T. 


Nspt  -  7 e9 


The  granulometric  zone  of  the  upper  soil  in  the  section 
considered  is  represented  in  figure  5. 

i.Jnfortunately ,  it  must  be  reported  that  an  adequate 
number  of  laboratory  tests  does  not  correspond  to  the 
number  of  verticals  examined  (30  stratigraphic  colunns  of 
depths  of  between  6 . 0  m  and  23 . 0  ra  from  street  level ;  6 
static  penetrometric  tests;  6  dynamic  penetroroetric 
tests ) . 

A  typical  CFT  profile,  in  which  the  general 
stratigraphic  outline  is  rocognizable ,  is  represented  in 
figijre  6. 

The  more  .superficial  water  table  has  been  measured  at 
depths  varying  between  4.l>t5.0  ra  from  street  level. 

curing  the  excavation  of  the  tunnel ,  rocky  blocks  of 
even  considerable  dimensions  were  encountered,  a.s  well  as 
the  rerrains  of  ancient  rriasonry,  walls  with  4.0  ra  inter¬ 
axis,  on  which  perhaps  in  part  the  foundations  of  exis¬ 
ting  bindings  rested. 


3.  MMAGSfiS  TO  B0ILDIM3S 

n-ie  bindings  damaged  in  consequence  of  the  excavation 
of  tlie  .sewer  tunnel  in  the  historic  center  of  Arezzo  rise 
on  both  sides  of  Via  Garibaldi,  in  a  section  of  about  250 
m.  between  Via  Guido  Monaco  and  Via  Margaritone  (figure 
2). 

The  supporting  structures  are  of  brick  and/or  stones 
masonry;  the  floors  cu:e  of  wood  or  of  iron  and  shelves  of 
brickwork;  the  foundations  are  supierflcial  and  conti- 
nuois.  The  pierlod  of  construction  differ  greatly.  Seiveral 
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Fig,  4:  Plasticity  chart. 


Fig.  5:  Granulomstric  zone  of  the  upper  soil 


buildings  have  suffered  in  time  successive  raxlifications 
and  even  structural  remakes:  some  recent  and  documented; 
others,  older  and  difficult  to  identify.  The  design  dra¬ 
wings  of  the  structures  in  elevation  and  in  foundation 


were  not  available.  In  particular,  the  depth  of  founda¬ 
tion  pl.an  was  not  known. 

It  was  not  possible  to  establish  exactly  the  evolution 
in  tirne  of  the  disturbance  phenorasna  and  their  correla¬ 
tion  with  the  progress  of  the  excavation  front,  since  the 
instrumentation  of  the  buildings  was  planned  only  after 
evident  and  serious  cracks  on  the  masonries  appeared 
togheter  with  the  impossibility  of  opening  and  closing 
doors  and  windows.  Nevertheless,  ttere  is  reason  to  be¬ 
lieve  that  such  damages  nanifested  themselves,  for  every 
building,  during  and  inmediately  after  the  passing  of  the 
excavation  front. 

In  fact,  for  example,  from  the  workyard  daybook  contai¬ 
ning  the  description  and  chronology  of  the  work  carried 
■out,  it  can  be  gathered  that  on  22rid  November  1983  the 
excavation  front  was  at  the  crossroad  with  Corso  Italia. 

notification  of  serious  damages  to  one  of  the  buil¬ 
dings  on  the  comer  between  Via  Garibaldi  and  Corso 
Italia  is  dated  4  December  1983. 

Since  the  measurement  instrumsnts .  installed  on  14th 
March  1984,  and  consisting  of  extensometers  and  inclino¬ 
meters  only  reported  very  small  and  not  rnonotonic  move- 
ments,  it  nust  be  considered  that  the  phenomenon  lasted 
for  a  brief  period  and  wore  itself  out  in  a  .short,  time. 


4.  Stability  of  the  excavation  front  and  calculation  of 
the  settlements. 

Tlie  stability  condition.?  of  the  excavation  front  of  a 
circular  tunnel  in  cohesive  .soil  can  be  evaluated  tlirough 
the  stability  ratio,  defined  in  the  following  manner; 

N  :  [(cts  -  at  +  T*(C  +  D/2)]/Cu 

where: 

C  is  the  cover 

D  is  the  diameter  of  the  tunnel 

Cu  is  the  undrained  shear  strength  of  soil,  constant 
with  depth 

at  is  the  fluid  pressure  in  the  tunnel 
as  is  the  uniform  pressure  applied  to  the  ground 

surface 

T  is  the  soil  unit  weigth 

In  the  case  in  point,  approximately,  taking  into  ac¬ 
count  the  uncertainty  of  several  data,  N  results  between 

4  3,  to  which  corresponds  the  safety  factor  SF  =  0.55  t 

0.75  (Davis  etal.,  1980).  The  excavation  front  was 

therefore  stable,  although  with  a  not  very  hi^  safety 
margin. 

The  building  of  a  tunnel  always  produces  strains  in  the 
surrounding  soil,  which  fact  is  reflected  in  settlement 
of  the  ground  level.  As  is  well  known  (Peck,  1969),  the 
surface  .subsidence  has  a  normal  or  Gaussian  error  curve 
profile : 

S  =  Smax  exp(-X/2i) 

where 

X  is  the  current  abscissa  measured  by  the  center-line 
of  error  curve  profile:  that  is,  the  distance 
from  the  tunnel's  vertical  axis; 

Smax  is  the  maximum  ground  settlement  over  the  tunnel 
center- line; 

5  is  the  ground  settlement  in  correspondence  with 

the  current  abscissa  X; 

i  is  the  X  abscissa  of  the  inversion  point  of  the 
curve. 

Because  of  iiovements  of  the  ground,  both  radial  and 
normal  at  the  excavation  front,  as  well  as  subsidences  In 
the  lining,  the  volume  of  soil  removed  is  always  larger 
than  the  final  volume  occupied  by  the  tunnel:  the  diffe- 
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rence  between  these  two  volumes  is  called  ground  loss  per 
'onit  length  of  tunnel ,  Vs .  In  undrained  conditions  the 
co-tesive  saturated  soils  strain  in  costant  volume,  and 
therefore  the  grourid  loss  per  unit  length  of  tunriel  is 
equal  to  the  area  of  the  settlement  trough. 

If  the  latter  is  described  by  an  error  curve  profile, 
we  have 

Vs  -  2.5*i*Smax 

Althoi.igh  there  is  uncertainty  and  variability  in  seve¬ 
ral  data,  in  the  case  in  point  we  can  reasonably  estimate 
i  :  C.f  m  (Peck,  196S)  and  Vs  =  6.5%  (Mair  et  al.  19811. 
With  reference  to  the  more  critical  geometric  conditions, 
trie  maxiiTj.m  settlement  of  the  street  level  can  be  com¬ 
puted  as  follows' 

Smax  =  1.04  cm 

At  the  depth  of  the  foundation  level,  which  for  several 
damaged  buildings  has  been  ascertained  between  1.5  ra  and 
2.7  m  from  street  level,  i  =  1.10  e  1.70  m  and  Smax  =  1.5 
t  2.4  ^orn. 

Tlie  angular  dis-tc'rsion  is,  tlierefore: 

[.Smax  -  3(i)]/i  -  0.009  a  0.008 

values  not  allowable  with  the  structural  in'tegrity  of 
m.>iti  storey  buildirigs  of  rriasonry.  By  way  of  orientation, 
the  U.S.S.F.  building  code  adjudges  (Mlkhejev  &  al. , 
1961:  .and  Po.slhin  &  Tokar.  1957)  as  acceptable  for  multi 
s'torey  buildings  of  masonry  and  settlemen'ts  which  wear 
theffiselves  out  rapidly  in  time,  distortion  values  of 
0 . 00.3 .  tViree  tirtfts  lower  tlian  tViose  which  were  presumably 
verified  for  the  buildings  on  the  sides  of  Via  Garibaldi 
in  the  most  critical  section.  Bjerrum  (1963)  considers 
that,  for  angiular  distorsion  greater  than  1/150  =  0.007, 
considerable  cracks  are  foreseeable  in  courtaln  and  bea- 
ririg  walls  of  brickwork,  as  well  as  structural  dartages  bo 
the  buildings. 


5.  measohks  adopted  in  order  to  avoid  fdrtoer  damases 

Because  of  the  damage  .suffered  by  the  buildings  in  the 
vicinity  of  the  .sewer  tunnel  in  the  period  November  1983 
Janiuary  1934,  excavation  work  of  'tunnel  was  suspended 
luntil  March  1986. 

For  completion  of  tlie  tunnel,  the  following  measures, 
wliich  have  avoided,  or  at  least  greatly  limi'ted,  'the 
damages  to  tlie  struc'tures,  were  adop'ted: 

-  behind  the  cutting  edge  of  the  shield  and  to  fill  in 
the  void  left  by  it,  injections  of  plastic  mixture  of 
ben'tonite,  fine  sand  and  cement  were  made 

-  the  fo'undations  of  the  buildings  nearest  'to  the  'tunnel 
were  protec'ted  by  a  discontinuous  bulkhead  of  drilled 
micropiles  8eio  m  long,  reinforced  with  a  s'teel  pipie 
and  comec'ted  at  the  top  by  a  reinforced  concrete  beam. 
In  order  'to  realise  a  struc'ture  of  considerable  stif¬ 
fness,  the  micropiles  were  bored  fan-shaped  with  diffe¬ 
rent  inclinations',  and  to  avoid  the  creation  of  grout 
curtains  (watertight  diaphragms),  they  were  sherted 
with  a  geotextile  braiding  (figure  7). 


OONCLOSIONS 

In  tlie  planning  of  civil  engineering  works,  we  often 
resort  bo  structiural  and  geo'bechnical  idealizations  which 
do  not  always  correspond  adequately  'bo  actual  local  con¬ 
ditions.  This  is  especially  true  when  one  is  operating  In 
an  environment  which,  for  his'borical  as  well  as  natural 
reasons,  is  very  cori?)lex  and  difficult  to  become  acquain¬ 
ted  In  ^idvance.  At  times  tlie  consequences  can  be  very 


"unplea-sant" :  the  realization  of  the  sewer  tunnel  in  tlie 
his'borical  center  of  Arezzo  is  an  example  of  this . 

The  objective  and  "uribiased"  arialysis  of  the  causes  of 
unsuccess  and  of  the  efficacy  of  the  remedies  adop'ted  can 
furnish  very  useful  infomations  for  future  design.  Un¬ 
fortunately,  and  this  is  unders'tandable ,  only  very  rarely 
the  failures  are  made  public.  In  planning  geotechnical 
investigations  for  'the  realization  of  a  civil  engineering 
work,  one  must  'take  in'to  consideration  both  a  costs 
benefit  analysis  and  an  evaluation  of  'the  po-tential  (not 
only  economic)  damage  in  the  case  of  failure. 

It  is  essential  to  provide  controls  in  the  course  of 
the  work  in  order  to  verify  the  suitability  of  the  design 
Viypothesis  for  tlie  actual  local  conditions,  and  to  use 
realization  techniques  which  can,  in  part  and  without 
excessive  burdens,  be  possibly  modified  during  tte  work 
so  as  to  adapt  themselves  'to  local  conditions  which  are 
different  from  the  ones  considered  roost  probable  during 
tlie  priifiary  plaririing  S'tage. 

In  tlie  case  of  sewer  line  in  Arezzo,  wliere  the  geo'te- 
chnical  conditions  were  psirticularly  difficult  and  not 
comple'tely  foreseeable  on  'the  basis  of  the  investigations 
made  before  starting  the  work  (in  others  not  very  dis'tant 
zones  in  the  city,  the  foundation  soils  in  fact  were 
found  to  be  more  consistent),  tlte  danage  would  have  beerj 
more  limi'ted  if  an  efficient  control  sys'tem  both  of  the 
soils  encoun'tered  during  excavation  and  of  surface  move¬ 
ment,  had  beeri  planried  iri  advance.  Furthermore,  these 
same  measures  for  avoiding  or  limiting  damages,  which 
were  adop'ted  with  success  after  more  than  two  years  of 
interrupted  work,  could  liave  been  adop'ted  iirmediately 
af-ter  the  manifestation  of  the  first  serious  dis'turban- 
ces. 
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Structural  Damage  Arrested  by  Stabilization  of  Landfill 
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SYNOPSIS:  This  paper  presents  a  case  of  landfill  movement  and  the  stabilization  methods  employed,  including:  a 
description  of  the  causes  of  the  landfill  instability;  the  soil  displacement  monitoring  methods  used  and  their 
results;  the  damage  to  the  structure  caused  by  ground  settlement  and  displacement;  the  slope  stability  and  pile 
distress  analysis  made  to  evaluate  the  extent  of  the  problem;  the  remedial  work  undertaken  to  correct  the  landfill 
instability;  the  settlement  problems  which  still  exist,  along  with  the  current  maintenance  requirements. 


INTRODUCTION 

’"he  project  involved  converting  3.5  acres  of  creek  bed 
into  usable  land.  Oyster  shell,  a  locally  available 
lightweight  fill,  was  selected  to  cover  a  55  ft  depth  of 
soft  organic  clay  in  order  to  minimize  settlement.  In 
some  areas  the  fill  had  to  be  placed  as  high  as  30 
feet.  Before  placing  the  fill,  vertical  sand  drains 
were  installed  in  the  clay  soil.  Then  a  waiting  period 
was  established  to  allow  for  the  anticipated  initial 
large  settlement.  However,  a  faster  and  much  greater 
settlement  occured  than  that  which  consolidation  theory 
predicted. 

The  library,  constructed  on  piles  in  the  landfill  area, 
suffered  structural  damage.  Lateral  soil  movement  had 
resulted  in  excess  earth  pressure  on  the  piles,  causing 
cracking  in  the  pile  caps.  The  slope  in  the  fill  had 
become  unstable  due  to  uneven  settlement,  presenting  the 
possibility  of  a  large  general  slide,  which  would  cause 
extensive  damage  to  the  multinillion  dollar  library  and 
adjacent  facilities. 

To  address  this  danger,  landfill  stabilization  was 
implemented  in  1977,  employing  careful  design  techniques 
and  a  well  controlled  construction  sequence  and 
monitoring  system.  As  a  result,  the  progressive  lateral 
movement  of  the  fill  toward  the  creek  has  been 
minimized.  Still,  even  today,  land  settlement  is 
occurring  at  a  rate  larger  than  anticipated.  Therefore, 
periodic  additions  of  fill  in  some  areas  are  necessary 
if  traffic  and  parking  are  not  to  be  impeded. 

SITE  CONDITIONS  ANu  INITIAL  CONSTRUCTION 

In  1970,  the  U.S.  Naval  Academy  in  Annapolis,  Md, 
created  about  3.5  acres  of  land  in  the  Dorsey  Creek  to 
provide  a  site  for  the  Nimitz  Library  and  parking 
facilities  for  Rickover  Hall.  The  original  ground 
elevation  ranged  from  El.  -3  to  El.  -20.  The  soil 
consists  of  a  soft  organic  clay  layer  averaging  about  55 
ft  in  depth  followed  by  a  compact  sand  stratum.  The 
soft  clay  has  an  average  natural  water  content  of  110 
percent,  an  average  liquid  limit  of  75  percent,  and  an 
average  plastic  limit  of  42  percent,  which  indicates 
that  the  clay  is  highly  plastic  and  sensitive  to 
remolding,  and  is  highly  compressible. 


The  undrained  shear  strength  of  the  soft  clay  ranges 
from  150  psf  to  350  psf.  The  in  situ  vane  shear  tests 
shows  that  the  undisturbed  shear  strength  ranges  from 
400  psf  to  1350  psf,  and  the  remolded  strength  ranges 
from  120  psf  to  600  psf. 

By  filling  an  on  site  creek  and  adjacent  areas  with 
lightweight  oyster  shell,  the  buildings  were  supported 
and  parking  areas  provided.  The  natural  density  of  the 
oyster  shell  was  about  88  pcf  saturated  and  66  pcf  dry. 
The  effective  angle  of  internal  friction  of  the  oyster 
shell,  determined  by  using  the  direct  shear  test, 
averaged  about  38  degrees.  The  density  of  the  compact 
sand  stratum  was  approximately  125  pcf.  The  effective 
angle  of  internal  friction  of  the  compact  sand  was 
evaluated  at  36  degrees. 

To  accelerate  consolidation  of  the  soft  clay  deposit, 
vertical  sand  drains  were  installed.  The  construction 
of  the  3.5  acre  landfill,  begun  in  the  summer  of  1970, 
was  completed  in  September  1971.  The  Nimitz  Library  was 
partially  constructed  in  the  landfill  in  1972  and  1973, 
and  was  founded  on  cast-in-place  concrete  piles.  The 
piles  were  cased  in  steel  pipes  of  16  inch  outside 
diameter  and  15-1/4  inches  inside  diameter.  The  length 
of  the  piles  varied  between  90  ft  and  105  ft,  extending 
from  the  top  of  the  oyster  shell  fill  to  a  depth  of  20 
to  25  ft  into  the  compact  sand  stratum.  Rickover  Hall, 
which  is  adjacent  to  the  landfill  area,  was  constructed 
during  the  years  1973  to  1975. 

PROBLEMS  DEVELOPED 

Upon  completion  of  the  Nimitz  Library,  the  ground 
surface  in  the  landfill  area  showed  large  subsidence. 
Additional  soil  borings  made  in  the  landfill  revealed 
that  some  of  the  vertical  sand  drains  installed 
previously  were  not  made  deep  enough  to  expedite  the 
consolidation  of  the  soft  clay.  Subsequent 
investigations  further  revealed  that  the  excessive  fill 
movements  were  aggravated  by  overloading  of  the  upland 
area  during  construction  of  Nimitz  Library  and  Rickover 
Hall.  It  was  discovered  that  large  quantities  of 
construction  material,  stockpiled  on  the  landfill,  had 
caused  an  increase  in  the  speed  of  settlement.  The 
settled  area  was  filled  with  gravel  to  raise  the  ground 
surface.  The  new  heavy  fill  eventually  triggered  a 
slide  of  the  entire  filled  area  toward  the  adjacent 
creek . 
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The  lateral  soil  novenent  of  the  landfill  resulted  in 
additional  earth  pressure  on  the  piles,  thus  inducing 
structural  danage  to  the  library  building.  A  close 
inspection  of  the  building  structure  revealed  that 
cracks  had  developed  in  some  of  the  pile  caps  and 
girders.  Emergency  removal  of  3  to  5  ft  fill  was  made 
to  prevent  further  structural  damage  and  landfill 
instability.  This  urgent  measure  slowed  the  subsidence, 
but  measureable  lateral  movement  continued.  And  now  a 
new  problem  presented  itself:  because  of  the  lowered 
fill  grade,  the  area  became  flooded  whenever  a  high  tide 
in  the  creek  occurred,  and  vehicle  access  was  lost. 

It  was  obvious  that  unless  stopped,  the  lateral 
movements  and  subsidence  of  the  fill  would  cause 
potentially  serious  structural  damage  to  the  existing 
building  and  make  future  development  of  the  landfill 
area  impossible. 

Remedial  measures  were  immediately  undertaken  to  arrest 
the  lateral  soil  movement  and  prevent  further  subsiding 
of  the  ground  surface. 

FIELD  INSTRUMENTATION  AND  SLOPE  STABILITY  ANALYSIS 

In  1973,  to  monitor  the  rate  of  landfill  settlement  and 
lateral  displacement,  15  settlement  platforms  and  9 
inclinometers  were  installed  in  the  fill  area  as  shown 
in  Fig.  1.  Settlement  was  found  to  be  occuring  at  the 
rate  of  approximately  1.2  inch  per  month,  about  three 
times  greater  than  predicted  by  theoretical  analysis. 
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Fig.  2  Inclinometer  Readings 

Rfabilitv  was  determined  by  total  stress  analysis,  using 
ttfiow  vaTuI  of  an  undrained  shear  strength  of  150  psf 
for  the  soft  clay.  Using  a  computer  program  based  upon 
^^e  Bishop  Lthod  of  analysis,  the  factors  of  safety  for 
various  possible  sliding  circles  shown  in  Fig.  3  were 
computed.  Results  of  the  analysis  give  factors  of 
safetv  of  1.10.  1.04.  and  0.99  for  sliding  circles  A,  B. 
and  C  respectively.  These  findings  indicate  that  the 
^ost  critlc^r^odeV  possible  failure  is  the  one 
involving  sliding  of  the  soft  clay  toward  the  deepest 
part  of  Dorsey  Creek  some  100  ft  to  200  ft  away  from  the 
water  edge  of  the  fill,  i.e.,  sliding  circle  C. 
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Fig.  1  Inclinometers  and  Settlement  Platform  Locations 


The  inclinometer  data  indicated  that  the  zone  of 
movement  extended  throught  the  entire  clay  stratum,  in 
the  general  direction  of  Dorsey  Creek.  Fig.  1  also 
shows  the  direction  of  movement  of  the  top  of  each 
inclinometer  as  designated  by  arrows.  The  lateral 
deformation  profiles  determined  from  inclinometers  Nos. 

6  through  8  during  a  7  month  period  are  given  in  Fig.  2. 

A  cross  section  of  the  soil  in  front  of  Nimitz  Library 
was  used  for  analysis  of, the  stability  of  the  entire 
soil  mass,  including  the  landfill  and  the  soft  clay. 
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Fig.  3  Typical  Landfill  Section  Potentiality  of  Instability 


STRESS  AND  DEFURMATION  IN  PILES 

The  deformation  and  stress  distribution  for  a  single 
pile,  due  to  lateral  movement  of  the  surrounding  soil, 
was  analyzed.  Cracking  of  this  pile's  cap  was  first 
noticed  in  January  1975,  the  average  value  of  lateral 
soil  movement  being  computed  from  inclnometers  Nos.  6, 

7,  and  8.  The  soil  pressures  required  to  cause  this 
lateral  soil  movement  were  estimated.  It  is  generally 
accepted  that,  for  soils  having  increasing  shear 
strength  with  depth,  the  soil  modulus  values  increase 
linearly  with  increasing  depth.  Using  the  determined 
values  of  moduli  of  subgrade  reaction  and  the  average 
lateral  soil  momvements  measured  from  inclinomiters  Nos. 
6.  7,  and  8,  the  lateral  soil  pressures  were  computed. 
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The  moduli  of  subgrade  reaction  are  given  below,  and  the 
computed  lateral  soil  pressure  is  shown  in  Fig.  4, 
lateral  soil  pressure  diagram. 

Oyster  Shell  K=4.4  Z 

Soft  Clay  K=0.6 

Compacted  Sand  K=1.5  Z 


Fig.  4  Lateral  Soil  Pressure  Diagram 

where  K  is  the  modulus  of  subgrade  reaction  in  kip/ft3 
and  Z  in  feet  is  the  depth  measured  from  the  top  of  the 
landfill.  Under  the  action  of  the  lateral  soil 
pressure,  the  behavior  of  the  single  pile  was  analyzed 
using  the  finite  elemenmt  computer  program. 

Results  of  the  finite  elei.ient  analysis  give  pile 
deformation,  shear,  and  moment  diagrams  as  shown  in  Fig. 
s,  pile  deformation,  shear,  and  moment  diagram.  The 
horizontal  reaction  and  resisting  moment  at  the  top  of 
the  pile  were  then  used  to  check  the  structural 
integrity  of  the  pile  cap. 


Fig.  5  Pile  Deformation,  Shear,  and  Moment  Diagram 


REMEDIAL  CONSTRUCTION 

The  basic  object  of  the  design  was  to  provide  for  a 
three  to  four  foot  settlement  of  the  fill  area  on  which 
the  new  facilities  (seawall,  utility  services, 
pavements,  landscaping,  etc.)  were  to  be  built,  while 
maintaining  their  structural  and  functional  adequacy. 
Field  investigations  and  design  analyses  resulted  in  the 
adoption  of  rededial  measures  involving  a  combination  of 
steps. 


In  February,  1976,  remedial  construction  on  the  landfill 
took  place.  The  stabilization  methoos  included 
application  of  several  techniques: 

(1)  A  counterweight  was  placed  at  the  toe  of  the 
fill  slope  and  the  slope  flattened  to  confine  the  entire 
fill  area.  Also  a  stone  berm  was  constructed  in  the 
creek,  restoring  the  slope  to  1  verticle  to  10 
horizontal.  It  was  estimated  that  stability  of  landfill 
increased  about  70%  against  sliding. 

(2)  A  pile-supported  seawall  at  the  perimeter  of  the 
landfill  was  constructed.  Stability  of  the  landfill  was 
estimated  to  have  been  increased  by  about  120%  as  a 
result  of  carrying  the  embankment  weight  to  a  compact 
sand  layer  at  a  deep  elevation. 

(3)  The  wieght  on  the  upland  was  reduced  by  removing 
the  heavyweight  fill  from  the  area  and  replacing  it  with 
lightweight  slag  fill.  Stability  of  the  landfill  was 
estimated  to  have  been  increased  by  about  110%  as  a 
result. 

Other  features  of  remedial  construction  included 
application  of  a  controlled  construction  sequence  and 
monitoring  system  to  minimize  disturbance  of  the 
landfill  and  to  observe  any  fill  movements  during 
construction.  The  following  sequences  of  construction 
were  specified  and  implemented: 

(a)  Install  tell-tale  tripods  in  Dorsey  Creek  for 
monitoring  to  avoid  a  mud  wave  during  stone  berm  filling. 

(b)  Place  stone  berm  at  the  toe  and  on  the  slope  of 
the  embankment  evenly. 

(c)  Drive  steel  bearing  piles  for  seawall  support 
according  to  a  specified  order  and  avoid  excessive 
vibration  to  the  adjacent  Nimitz  Library. 

(d)  Construct  pile  caps  and  place  precast  concrete 
panels  to  form  seawall. 

(e)  Replace  heavyweight  fill  on  the  upland  area  with 
lightweight  slag. 

(f)  Place  flexible  pavers  and  dry  wells  for  drainage 
on  the  parking  areas. 

Fig.  6  shows  the  remedial  construction  used  to  stabilize 
the  landfill  movement.  These  measures  stopped  the 
lateral  movements,  but  there  was  no  economically 
feasible  way  to  prevent  further  subsidence.  Drainage 
was  controlled  by  construction  of  a  grid  of  independent 
dry-well  catch  basins.  Adjacent  to  the  library 
building,  tilt  slabs  were  placed  between  the  pile 
supported  beams  and  on  grade  to  provide  a  transition 
zone  and  allow  for  future  settlement.  Provision  was 
made  for  future  releveling  of  the  tilt  slabs  by 
nudjacking. 


Fig.  6  Section  of  Remedial  Construction 


MAINTENANCE  REQUIREMENTS 


The  use  of  flexible  designs  and  details  provided  the 
basis  for  a  successful  design.  For  example,  a  pile 
supported  seawall,  jointed  at  short  invervals  to 
accommodate  predicatable  future  settlements,  enclosed 
the  settling  area,  thus  maintaining  a  level  bulkhead 
line.  Unit  block  pavers,  used  in  lieu  of  standard 
pavement,  will  allow  for  differential  settlement.  As 
settled  areas  are  regraded,  pavers  can  be  removed  and 
replaced. 

These  remedial  construction  procedures  aided  in  the 
restoration  of  areas  disturbed  during  construction  of 
the  buildings,  and  provided  stable  landfill. 

STABILITY  OF  SEAWALLS  AND  SETTLEMENT  PROBLEMS 

Initial  design  considered  the  use  of  either  a  floatinu 
concrete  box  seawall  or  a  pile-supported  precast 
concrete  seawall  to  retain  an  oyster  shell  landfill. 
Floating  concrete  box  seawalls  sitting  on  an  oyster 
shell  fill  would  ultimately  settle  and  then  tilt, 
resulting  in  misalignment.  Pile-supported  precast 
concrete  seawalls  would  be  more  expensive,  and 
pile-driving  through  the  oyster  shell  fill  and  thick 
soft  clay  to  the  dense  sand  layer  might  involve  pile 
instollaLlon  difficulties. 

A  detailed  soil  engineering  analysis,  along  with  the 
available  landfill  settlement  records,  indicated  that 
the  area  would  continue  to  settle  at  a  rate  greater  than 
had  been  previously  predicted.  While  the  concrete  box 
seawall  could  prevent  erosion  of  the  backfill,  it  would 
be  very  costly  to  correct  its  misalignment  once  it 
started  to  settle  and  tilt.  A  pile-supported  precast 
concrete  seawall  would  provide  a  stable  seawall,  but  it 
could  not  prevent  backfill  erosion,  and  the  initial 
construction  cost  would  be  higher. 

The  pile- supported  precast  concrete  seawall  was  finally 
chosen,  with  steel  bearing  piles  being  used  to  overcome 
driving  difficulties.  After  completion  of  the  project, 
a  large  soil  settlement  was  observed  behind  the 
seawall.  An  investigation  revealed  that  the  fill  behind 
the  seawall  was  being  undermined  by  the  erosion  caused 
by  wave  action  acting  under  the  seawall.  Erosion  under 
the  seawall  was  causing  rapid  settlement  of  the  grade,  a 
condition  requiring  constant  maintenance.  An  end  to  the 
erosion  was  eventually  achieved  by  installing  timber 
sheeting  against  the  backface  of  the  seawalls. 

Fig.  7  show  the  design  of  seawall  systems  and  the  timber 
sheeting  installed  to  prevent  erosion  of  the  landfill. 


Today,  10  years  after  completion  of  the  remedial 
construction,  there  is  still  noticeable  settlement  in 
the  parking  area.  Even  greater  settlement  is  occurring 
in  the  drive  way  where  trafic  is  more  frequent.  Along 
the  old  bulkhead  line  there  has  been  continuous 
differential!  settlement  between  the  old  fill  and  the 
new  landfill.  Frequent  leveling  is  required  if  the 
parking  area  is  to  be  used  without  interruption. 
Settlement  has  been  paticularly  severe  in  the  areas 
where  tilt  slabs  were  constructed.  The  tilt  slabs  were 
lifted  and  mudjacked  5  years  after  completion  of 
redemical  construction,  hut  relevel  of  the  fill  surface 
will  still  be  needed  in  the  near  future.  All  of  these 
settlement  problems  impose  the  requirement  of  regular 
maintenance. 

SUMMARY  AND  CONCLUSIONS 

A  case  history  of  structural  damage  caused  by  lateral 
movement  of  the  soil  and  the  landfill  stabilization 
methods  used  to  arrest  the  damage  were  presented. 
Landfill  created  on  a  soft  clay  soil  can  not  avoid  large 
settlement  but  lateral  movement  can  be  lessened  if 
landfill  stability  is  assured.  In  this  case  lateral 
soil  movement  was  induced  by  an  unexpected  overloading 
of  the  landfill  causing  a  shear  failure  in  the  soft  clay 
soil.  Landfill  stability  can  be  greatly  increased 
during  and  after  construction  through  careful  monitoring 
and  the  use  of  proper  design  methods. 

The  foundation  piles  embedded  in  the  landfill  were 
stressed  by  the  lateral  movement  of  soil,  thus 
developing  cracks  in  the  pile  caps  and  girders.  The 
behavior  of  piles  subjected  to  lateral  soil  movement  can 
be  predicted  by  employing  the  finite  element  computer 
program,  in  which  appropriate  properties  of  the 
surrounding  soil  and  the  pile  material,  and  the  proper 
magnitude  of  lateral  soil  movement  are  used.  For  any 
possibility  of  lateral  movement  of  the  surrounding  soil, 
the  stress  and  deformation  of  the  piles  induced  by  the 
lateral  earth  pressures  can  be  analyzed. 

The  landfill  stabilization  method  employed  in  the 
project  has  proved  to  be  successful.  However, 
settlef.ient  still  can  not  be  avoided,  and  a  regular 
maintenance  programn  is  needed  in  order  to  use  the  area 
as  intended. 
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SYNOPSIS:  Compaction  of  backfill  produces  soil  stresses  and  earth  pressures  which  are  not  amenable 

to  analysis  by  conventional  methods.  These  compaction-induced  earth  pressures  can  produce  stresses 
a.nd  deformations  in  fle.xible  buried  culvert  structures  which  may  significantly  affect  the  stability 
and  performance  of  these  structures.  This  paper  presents  the  results  of  a  study  in  which  deforma¬ 
tions  of  a  loiig-span  flexible  metal  culvert  were  measured  during  carefully  monitored  backfill  opera¬ 
tions.  Those  field  measurements  were  then  compared  with  the  results  of  finite  element  analyses  in 
order  to  investigate  (a)  the  influence  of  compaction  effects  on  culvert  stresses  and  deformations, 
and  (b)  the  ability  of  recently  developed  finite  element  analysis  procedures  to  accurately  model 
these  compaction  effects.  The  structure  being  monitored  suffered  excessive  and  unacceptable  defor¬ 
mations  whic::  were  shown  to  bo  primarily  the  result  of  compaction  effects;  these  were  well  modelled 
by  the  analyses  performed. 


INTRODUCTION 

This  paper  presents  the  results  of  a  study  in 
which  deformations  of  a  large-span  flexible 
metal  culvert  structure  were  measured  during 
backfill  operations.  Detailed  records  were 
.maintainod  of  backfill  placement  procedures  and 
deflections  wore  monitored  at  various  stages  of 
backfill  placement.  This  case  study  was  similar 
to  an  earlier  study  of  a  similar  long-span  cul¬ 
vert  overpass  structure  (Seed  &  Ou,  1987)  ex¬ 
cept  that  compaction  procedures  for  the  earlier 
study  were  carefully  controlled  in  order  to 
minimize  the  influence  of  compaction  on  struc¬ 
tural  deformations,  whereas  in  this  current 
study  compaction  procedures  were  not  strictly 
controlled  and  poor  backfill  placement  proce¬ 
dures  led  to  large  and  unacceptable  structural 
deformations . 

Two  types  of  finite  element  analyses  were  per¬ 
formed  to  model  field  conditions:  (a)  conven¬ 
tional  analyses  which  are  well  able  to  model 
incremental  placement  of  backfill  in  layers  but 
which  cannot  model  compaction-induced  stresses 
and  deformations,  and  (b)  analyses  incorporating 
recentiy  developed  models  and  analytical  pro¬ 
cedures  which  do  permit  modelling  of  compaction 
effects  (Seed  &  Duncan,  1986) .  Comparison  of 
the  results  of  these  two  types  of  analyses  with 
each  other,  as  well  as  with  the  field  measure¬ 
ments,  provides  a  basis  for  assessing:  (a)  the 
potential  importance  of  considering  compaction 
effects  in  analyzing  culvert  stresses  and  de¬ 
formations,  and  (b)  the  accuracy  and  usefulness 
of  the  new  analytical  methods  for  modelling 
compaction  effects. 


THE  VISTA  CULVERT  STRUCTURE 

The  Vista  culvert  structure  is  located  in  Vista 
City,  California,  and  is  designed  to  perform  as 
a  two  lane  bridge  over  a  small  river.  Figure  1(a) 


shows  a  cross-section  through  the  structure. 

The  culvert  is  a  low-profile  arch  with  a  span  of 
38  feet  5  inches,  a  rise  of  15  feet  9  inches  and 
a  length  of  approximately  90  feet,  founded  on  3- 
foot  high  reinforced  concrete  stem  walls  with  a 
reinforced  concrete  base  slab.  The  culvert  con¬ 
sists  of  9  X  2-1/2-inch  corrugated  aluminum 
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FIELD  MEASUREMENTS  OF  DEFORMATIONS  DURING 
BACKFILLING 


Fig.  2  Measurement  of  Culvert  Deformations 


structural  plate  0.2  inches  thick,  and  the  crown 
section  is  reinforced  with  Type  IV  aluminum  bulb 
angle  stiffener  ribs  which  occur  at  a  spacing  of 
18  inches.  The  culvert  haunches  are  grouted 
into  a  slot  at  the  top  of  the  stem  walls,  pro¬ 
viding  a  rigid  connection  for  moment  transfer  at 
this  point. 

The  existing  foundation  soil  at  the  site  was  a 
non-plastic  silty  sand  (SM) .  The  existing  silty 
sand  was  used  as  backfill  and  was  compacted  to  a 
minimum  of  95%  of  the  maximum  dry  density  deter¬ 
mined  by  a  Standard  Proctor  Compaction  Test 
(ASTM  698-D) .  Backfill  placement  and  compaction 
procedures  will  be  discussed  later  in  detail. 

The  final  depth  of  soil  cover  over  the  crown  of 
the  structure  was  approximately  2  feet. 


Culvert  deformations  were  monitored  at  two  cul¬ 
vert  sections  during  backfill  placement  and  com¬ 
paction.  As  shown  in  Figure  2(a),  these  sections 
(A-A  and  B-B)  were  separated  by  approximately  20 
feet  and  were  both  located  approximately  40  feet 
from  the  ends  of  the  culvert  to  avoid  any  in¬ 
fluence  of  restraint  provided  by  the  two  rein¬ 
forced  concrete  endwalls.  At  both  cross  sec¬ 
tions,  the  displacements  of  13  measurement 
points  were  monitored  relative  to  a  pair  of 
reference  points  at  the  base  of  the  culvert 
haunches,  as  illustrated  in  Figure  2(b) .  The 
change  in  span  between  the  two  reference  points 
was  also  measured,  and  all  relative  displace¬ 
ments  were  corrected  accordingly.  Monitoring 
the  relative  displacements  of  these  fifteen 
points  permitted  determination  of  the  deformed 
shape  of  each  of  the  full  cross  sections  at  any 
given  stage  of  backfill  operations. 

The  distances  between  the  measuring  points  and 
each  of  the  two  reference  points  at  each  section 
were  measured  using  lightweight  steel  tapes. 

The  measuring  points  were  permanently  establish¬ 
ed  by  means  of  marker  bolts,  and  the  ends  of  the 
steel  tapes  were  held  to  the  ends  of  these  bolts 
by  means  of  a  fixture  at  the  end  of  a  pole  which 
was  designed  to  mate  consistently  with  the  mea¬ 
suring  points.  Tape  tension  was  kept  constant, 
and  no  correction  was  made  for  thermal  expansion 
or  contraction  of  the  tape  because  the  estima¬ 
ted  maximum  correction  was  less  than  1/16  inch 
under  the  least  favorable  conditions  encountered. 
Numerous  practice  measurements  were  taken  before 
backfill  operations  began  until  it  was  demon¬ 
strated  that  all  measurements  could  be  repeated 
consistently  within  +  3/32-in.  At  the  end  of 
each  day  of  construction  operations  a  number  of 
the  most  recent  measurements  were  repeated  at 
random  to  verify  that  this  level  of  measurement 
accuracy  was  maintained. 

No  special  steps  were  taken  to  control  backfill 
operations,  but  it  was  found  that  measured  de¬ 
formations  of  Sections  A-A  and  B-B  were  very 
similar  at  all  backfill  stages,  as  illustrated 
by  Figure  3  which  shows  the  final  deformed  cul¬ 
vert  shapes  at  both  measured  sections  upon  com¬ 
pletion  of  backfill  placement  and  compaction. 
Throughout  the  remainder  of  this  paper,  all  "mea¬ 
sured"  deformations  reported  will  represent  aver¬ 
aged  deformations  for  the  two  measured  sections. 


Fig.  3  Final  Deformations  of  the  Vista  Culvert  at  Measurement  Sections  A-A  and  B-B 
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The  Lai' -JO  ir.warj  raoial  deflections  at  the  upper 
;;art-or  :  o  i  r.  t  rocjioo.s  shown  in  Figure  3  Wi-re 
consi.ierid  exo<.‘S  s  i  and  unaccep'table  ,  as  they 
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-ie;  th  of  1.1  feet.  In  F’lgure  4,  deformations  are- 
■■xa agerat-.  .1  by  a  factor  of  5  for  clarity.  T.he 
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Fig.  4  Measured  Deformation  at  Throe  Stages 


both  side’s  of  the  culvert  were  largely  sym¬ 
metric  as  Shawn  in  Figure  4.  Maximum  peaking  of 
t.he  crowns  of  both  measured  culvert  sections  was 
approximately  12.5  inches,  and  the  .naximum  in¬ 
ward  ’■adial  deflection  at  tlie  upper  haunches  was 
approximately  9  inches. 

The  measured  culvert  deformations  can  be  well 
characterized  by  monitoring  the  vertical  deflec¬ 
tion  of  the  crown  point  and  the  radial  defor¬ 
mation  of  the  quarter  point,  as  shown  in  Figures 
4  and  5.  In  Figure  5,  which  shows  crown  and 
quarter  point  deflections  as  a  function  of  back¬ 
fill  le”el,  it  can  be  seen  that  as  backfill  was 
placed  above  the  crown  of  the  structure,  peaking 
reversed  and  the  crown  began  to  descend  slightly 
under  the  weirjht  of  the  new  crown  cover  fill. 


O3SE.RV.ATI0.NS  DUPI.'IG  BACKFILL  PLACE.MENT 

The  most  important  factors  affecting  the  magni¬ 
tude  of  compact i on- 1 nduced  earth  pressures  a- 
round  the  p'erimeter  of  the  culvert  are  the  con¬ 
tact  pressure,  footprint  geo.metry  and  closest 
proximity  to  the  point  of  interest  achieved  by 
any  given  compaction  (or  other  construction) 
vehicle  at  any  stage  of  backfill  placement  (Seed 
■s  Duncan,  198'’')  .  In  order  to  vroporly  model 
comp-act  ion-induced  earth  pressures  acting  a- 
.lainst  tlie  culvert,  it  was  thus  necessary  to 
continuously  monitor  the  closest  proximity  to 
the  culvert  achieved  by  each  construction  vehi¬ 
cle  at  each  stage  of  backfill  placement  and  com¬ 
paction,  and  field  observers  maintained  a  de¬ 
tailed  and  continuous  record  of  this. 

Six  types  of  construction  equipment  were  used 
during  backfill  operations:  (a)  a  C.AT  D8H 

tracked  dozer,  (b)  a  C.^T  824B  rubber-tired  dozer, 
(c)  a  CK780  backhO'. /blade  with  four  rubber 
wheels,  (d)  a  4,500-gallon  water  truck,  (e)  a 
two-drum  vibratory  hand  roller,  and  (f)  a  single¬ 
drum  vibratory  roller  pulled  by  a  small  Bobcat 
tractor.  Fill  was  brought  to  the  site  in  dump 
trucks,  but  these  trucks  never  passed  near  to 
the  structure. 

Long-span  "flexible"  culverts  are  known  to  be 
susceptible  to  compaction  induced  deformations. 
Accordingly,  it  is  common  practice  to  require 
that  only  light  hand  compaction  cquioment  operate 
in  close  proximity  to  the  structure,  while  larger 
vehicles  operate  at  some  larger  distance  from 
the  structure.  Unfortunately,  these  requiroments 
are  sometimes  poorly  enforced  and/or  poorly  un¬ 
derstood  by  the  contractor  placing  the  fill. 

This  was  the  case  for  this  project. 

Initially,  as  fill  was  placed  at  the  lower 
haunches,  only  the  small  hand  compactor  operated 
within  four  feet  of  the  structure,  and  the  dump 
trucks  and  large  water  truck  were  kept  at  least 
8  feet  from  the  structure,  even  when  operating 
as  compactors.  The  zone  3  to  8  feet  from  the 
structure  was  compacted  with  the  medium-sized 
rubber-tired  vehicles. 

At  later  backfill  stages,  however,  as  the  fill 
reached  the  upper  quarter  point  region,  the  con¬ 
tractor  began  to  increasin  gly  encroach  on  the 
structure  with  larger  vehicles.  This,  in  turn, 
led  to  a  significant  increase  in  compaction-in¬ 
duced  earth  pressures  against  the  culvert  and 
compaction-induced  culvert  deformations.  At  a 
fill  stage  of  approximately  2  feet  below  the 
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crown,  the  lame  water  trace  irassed  to  within 
vrry  clca-.:  rr'xirrr  ■/  c:‘  thi-  cn.lvert  (about  3- 
Icct  Si.  .  .ir a t  :  on '  aicnc  both  stJes  ct  the  struc- 
■  ,rv .  This  rroaacel  roaaiiy  not-ceable  plastic 
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a.  Tho  ..wnt  ra  liter  was  eronrriy  w'arnea  at  this 
,--wnt,  ana  no  rarthiOr  instances  of  extremely 
(ar  m  :cLi  loads  passina  in  close  proximity 

t  ■  tiM  stractar^  occurred.  Hojatively  larae 
■Cihiclea,  Lncludina  the  CAT  324  t  and  the  CK730 
vita,  atw  t r  ,  cor.t  .nae  vO  be  asec.  to.  compact  rn- 
aatas-.  a  b,  close  to  the  structu’';  'to  within  2 
to  ’  ;  . •  c:  the  structural  unite)  ;n  this  upper 

.  ina  ;•  ea  the  magn  i  t  ah-c  .)f  soil  slr'tsses 

;  1.  1  .c.  a  ny  ;.:c:.  action  bat  has  a  siartrl  leant  in- 
tl.ieno-.  1.  •*;ie  stiffness  v.f  the  bao-'fii:.  For 
tr.  .n  r  asm  it  wtis  also  necessary  to  closely 
~  nm  ■"  tne  hearoo  oi  compaction  ichievovi  at  al! 

:  .nta  .n  order  to  properly  raothvl  iiackfill 
s  t  r  vv  s -do  forma  t  ion  beh.avicr  in  the  finite  ele- 
“■■n*  -.r.  a  ly -es  performed.  based  'on  cor.sta.nt  ob- 

s-.r-Mtia  o:  field  operations,  as  well  as  14 
-i--a:i  .  aer.s ty  tests,  it  was  "ad  :ed  th.at  the 
CO  ;  i  :o  aensity  uont.eved  was  at  prox  .ma  t  o  ly  Ob- 


■tin  dor:  I'rootor  maximt;-  liry  density  at 
11  m  water  Content  o:  no  r-ox  i  tni  tely  7  m 


depth  of  cover  over  crown:  Hc(ft) 


Fig.  7  Measured  Deformations  vs.  Fill  Height 


FINITE  EhEMENT  ANALYSES  PERFORMED  WITHOUT 
MODELLING  COMPACTION-  INDUCED  .cTRE.SSFS 

Two  types  cf  finite  elc.ment  cmalyses  were  tior- 
lormed  in  order  to  evaluate  the  significance  of 
compaction  ef‘-ects  oi,  cul'.'ert  deformations  ami 
stresses:  (a)  conventional  analyses  without  any 

capacity  Cor  consideration  of  compact i on- induced 
stresses,  and  ,b)  analyses  incorporating  recently 
developed  finite  element  m.odels  and  algorithms 
allowing  consideration  of  compac t ion- i nduced 
soil  stresses  and  associated  deformations. 

Both  types  of  a.nalysis  used  the  hyperbolic  forr.- 
'ulation,  proposed  by  Dur.can  et  al.  (1930)  as  ..  id- 
ified  by  Deed  and  Du.ncan  (1  98  3)  to  model  non- 
Idnear  stress-strain  and  voium.etric  st’-ain  be- 
iiavior  of  the  soils  involved,  varying  the  valuts 
of  Younvj's  .modulu;  and  bulk  modulus  in  each  sci  ; 
element  as  a  f'anction  on  the  stro.ss  state  wi'nin 
t.hat  eie.ment  .it  any  given  staae  of  the  analysis. 

Tile  conventional  analyses,  without  compaction 
effects,  consisted  of  .modelling  placet  ent  of 
fill  in  successive  layers  or  Increments.  A  tw;- 
iteration  solution  proc'ss  was  used  icr  -each 
increment  to  establish  appropriate  soil  mcdul: 
in  each  cler.ont  in  order  to  model  no:.  1  i  r:.?.a  r  so:' 
behavior.  These  analyses  were  per:  >:,rmev;  usin: 
the  computer  program  SSCO.M.R  (Seed  i.  D'ur.can,  1984  , 
a  two-dimensional  plane  .strain  finite  olenent 
code. 

Figure  1(b)  shows  the  finite  element  rr,e.sh  used 
for  these  analyses.  Only  one-half  the  cuLv''rt 
and  backfill  was  modelled  because  of  tho  syr.nve- 
tric  nature  of  both  tho  backfill  operations  and 
the  measured  deformations.  Soil  elements  ..ere 
modelled  with  four-node  isoparametric  elements 
and  the  culvert  structure  and  underlying  con¬ 
crete  members  were  modelled  with  piecewise- 
1  inear  beam  elements.  Nodal  points  at  the  right- 
and  left-hand  boundaries  of  the  mesh  were  free 
to  translate  vertically,  but  were  rigidly  fi.xed 
against  rotation  or  lateral  translation  pro- 
vGc’ing  full  moment  transfer  at  the  culvOvt  crown 
aid  the  centerline  of  the  concrete  base  slab. 

Tiic  program  SSCOMP  models  all  structural  elements 
a.s  deforming  in  linear  clastic  fashion,  and  this 
was  appropraitc  as  calculated  structural  stresses 
remained  within  the  linear  elastic  range.  Struc¬ 
tural  jiroperties  used  to  model  the  various  com¬ 
ponents  of  the  culvert  structure  were  based  on 
large-scale  flexural  tost  data,  and  are  listed 
in  T.ible  1. 


TABi.F  1.  Structural  Properties  Modelled 


Structural  E  l  (xIO'"'  Area 
Component  (kips/ft-')  (ff^/ft)  (ft2,'ft 

Concrete  Sections  4 E 4, 000  0.75  352.0 
Haunches  (No  Ribsl  1,468,000  0.0194  0.774 
Crown  (Rib)  1,468,000  0.0282  3.98 


A  scries  of  i  so  t  rop  i  Cvi  1  1  y  consol  ida  ted  ,  drained 
triaxial  tests  with  volume  change  mca.surcmcnts 
were  perfermod  on  samples  of  tho  backfill  soil. 
S.imples  were  compacted  to  approximately  9'^'  of 
the  .Standi.rd  Proctor  maximum  dry  density,  taken 
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VOLUMETRIC  STRAIN  {%)  DEVIATORIC  STRESS,  Oi-Ojlpsi) 


as  r -a;  :  -sa:'.  t  a  t  i  vo  a:  iioUi  conJitLons,  and  were 
t'. a-  a- f :  oa  aar.rir.in.;  strossa's  of  bo- 

L'.s"-:.  ar.J.  Jl.s  :  l;  ;  .  l'';a’ara>  u  ahO'WS  the 

r. 'sa'ts  L  fasts,  as  wall  as  the  atodelleaf 

s  il  i.ahaviar  basa'  :  :a  f:U'  :  al  lowina  hypa-rbolic 

3  b  .  a  ,  3  -  ^  ,  K  3  3  0,  fi  ^  0  .  3  ,  R  ^  =  0.85, 

s,  --  JO  },  r.  -0.  1  ,  ii'.d  r,  a  1100.  Moda'iled 

f  a  r 

s  f  :‘ass  -  s  t  :‘a  1  n  bah  if  :  or  ts  in  excellent  aareo- 
:■>  >as*  rasalfs.  Moaiollad  voluitetric 

s-ra.:'.  bah.af or'  a:ra-as  Wall  with  the'  test  data 
at  :  w  stra-ss  lava'.s,  bat  d,iveif;as  at  hiather 
stress  l  -fa’.s  baoiuse  tbae  hyoerbaslic  soil  model 


bae  rr  r  s  saares  i  Ihaaro  7  illustrate  the  re- 
sai's  1  r.a  r  arao'.  t  a  3  1  y  rroiellir.a  fill  placement 
witnafa  Sa':t:  Ua' t ;  ■  a- !  as;  uced  stresses  usinq  the 
11  a;  s  ^yo-,f  ^  shawi  ;  r.  this  fi.juro,  cal- 

c.lati.i  salvirt  d  i  si,  1  ace.tar.  ts  at  the  crown  point 
a;  fily  arproxib.a'ely  40  percent  of  the  mea- 
sar-fi  falai'S  at  all  fill  staqes,  and  the  maximum 
c.ilr  ..  It  a  radial  dof..ection  of  the  quarter 

'171  :  ,s  ss  tnan  anc-firth  of  that  measured  in 

t.-rr  ::ola.  1'  is  .inlikely  that  tins  maqnitudc 
•  a  IS o fa  '  an 01  botwocn  deformations  calculated 
wit:-.  oons  idera  1 1  on  of  ooppaction  effects  and 
to.  ■  i.:t'a.!l  field  rreasar.  :r,ents  is  due  to  poor 

rr.,  ;■  1 1  i  n  ;  si  soil  or  structural  st  i  f  fne.sses  ,  as 
tn.fSf  ari  all  baso.i  on  reliable  test  data,  and 
.1  tn.is  .i;  ; '..airs  likely  that  compaction- induced 
esirt:.  pressures  si  an  i  f  icantly  influenced  the 
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Fig.  7  Measured  Culvert  Deformations  vs.  Values 
Calculated  With  and  Without  Compaction 

FINITE  ELE.MENT  ANALYSES  WITH  MODELLING  OF 
COMF.YCTION  EFFECTS 

A  second  set  of  finite  eleme"t  analyses  were 
performed,  this  time  using  the  programi  SSCO.MPN 
(Ou,  1987) ,  to  model  the  effects  of  compaction- 
induced  earth  pressures.  These  analyses  again 
incrementally  modelled  the  placement  of  backfill 
in  layers,  but  after  each  backfill  placement  in¬ 
crement  an  additional  two-iteration  solution  in¬ 
crement  was  used  to  model  the  effects  of  compac¬ 
tion  operations  at  the  surface  of  the  new  back¬ 
fill  layer.  Themodels  and  analytical  procedures 
used  to  simulate  compaction  effects  are  des- 
scribed  in  detail  by  Seed  and  Duncan  (  1987)  ,  and 
a  slightly  modified  hysteretic  stress-path  model 
developed  by  Ou  (1987)  was  incorporated  in  these 
analyses.  As  these  are  unfortunately  rather  com¬ 
plex,  only  a  brief  general  description  follows. 

Two  soil  behavior  models  are  employed  in  these 
analyses.  Nonlinear  stress-strain  and  volume¬ 
tric  strain  behavior  is  ag.iin  modelled  with  the 
hyperbolic  formulation  used  for  the  conventional 
analyses  without  compaction.  The  second  soil 
behavior  model  is  a  model  for  stresses  oenerated 
by  hysteretic  loading  and  unloading  of  soil. 

This  hysteretic  model  perform.s  tv;o  roles  during 
analyses:  (a)  it  provides  a  basis  for  the  con¬ 

trolled  introduction  of  compact  ion- induced  soil 
stresses  at  the  beqinnini)  of  each  compaction  in¬ 
crement,  and  (b)  it  acts  as  a  "filter,"  con¬ 
trolling  and  modifyinq  the  compac t i on- i nduced 


1187 


fraction  of  soil  stresses  during  all  stages  of 
analysis . 

Horizontal  stresses  within  a  given  soil  element 
are  considered  to  consist  of  two  types  of  frac¬ 
tions  defined  as;  (a)  geostatic  lateral  stresses 
(  ■  )  ,  which  include  all  stresses  arising  due 

to  increased  overburden  loads  and  deformations 
which  results  in  lateral  stress  increases,  and 

(b)  compaction- induced  lateral  stresses  (o  ), 

X ,  c 

which  are  the  additional  lateral  stresses  aris¬ 
ing  at  the  beginning  of  each  compaction  incre¬ 
ment  as  a  result  of  transient  compaction  loading. 
The  overall  lateral  soil  stress  at  any 

point  is  then  the  sum  of  the  geostatic  and  com¬ 
paction-induced  stresses. 

Compaction-induced  lateral  stresses  are  intro¬ 
duced  into  an  analysis  during  "compaction"  in¬ 
crements.  Both  the  peak  and  residual  compaction- 
induced  lateral  stresses  at  any  point  are  model¬ 
led  based  on  the  peak,  virgin  compaction-induced 
horizontal  stress  increase  (Ac  )  which  is 

X , VC , p 

defined  as  the  maximum  (temporary)  increase  in 
horizontal  stress  which  would  occur  at  any  given 
point  as  a  result  of  the  most  critical  position¬ 
ing  of  any  surficial  compaction  plant  loading 
actually  occurring  if  the  soil  mass  was  previous¬ 
ly  uncompacted  (virgin  soil) .  This  use  of 
I'J  allows  consideration  of  compaction  ve- 

X , VC  I p 

hide  loading  as  a  set  of  transient  surficial 
loads  of  finite  lateral  extent  which  pass  one  or 
more  times  over  specified  portions  of  the  fill 
surface,  properly  modelling  the  three-dimensional 
nature  of  this  transient  concentrated  surface 
loading  within  the  framework  of  the  two-dimen¬ 
sional  anlayses  performed.  The  need  to  model 
the  most  critical  positioning  actually  achieved 
by  each  compaction  vehicle  relative  to  each  soil 
element  at  each  backfill  stage  necessitated  the 
constant  moni toring  of  vehicle  movements  during 
backfill  operations. 

vc  p'  independent  of  previous  hys- 

teretic  stress  history  effects,  can  be  evaluated 
using  3-D  linear  elastic  analyses,  and  is  direc¬ 
tly  input  for  each  soil  element  at  the  beginning 
of  each  compaction  increment.  The  hysteretic 
soil  behavior  model  then  accounts  for  previous 
hysteretic  loading/unloading  cycles  (e.g.,  pre¬ 
vious  compaction  increments)  and  calculates  both 
the  actual  peak  and  residual  lateral  stress  in¬ 
creases  on  planes  of  all  orientations  within  a 
soil  element  (residual  vertical  stress  remains 
constant)  based  on  Aa  ’  and  the  previous 

hysteretic  stress  history  of  the  soil  element. 

In  addition  to  establishing  the  magnitudes  of 
residual  compaction-induced  lateral  stresses  in¬ 
troduced  at  the  beginning  of  each  compaction  in¬ 
crement  (prior  to  nodal  displacements  and  asso¬ 
ciated  stress  redistribution) ,  the  hysteretic 
soil  behavior  model  also  acts  as  a  "filter," 
controlling  and  modifying  the  compaction-induced 
component  of  stress  in  soil  elements  at  all 
stages  of  analysis.  All  calculated  increases  in 
at  any  stage  during  an  analysis  are  considered 

to  represent  an  increase  in  geostatic  lateral 
stress  and  represent  hysteretic  "reloading"  if  a 
compaction-induced  stress  component  is  present. 
Subsequent  to  the  solution  of  the  global  stiff¬ 
ness  and  displacement  equations  for  any  incre¬ 


ment,  therefore,  the  resulting  calculated  in¬ 
creases  in  are  used  as  a  basis  for  calculating 

an  associated  decrease  in  the  compaction-induced 

fraction  of  lateral  stress  (a  ) .  This  pro- 

X ,  c 

gressive  erasure  or  "overwriting"  of  compaction- 
induced  lateral  stresses  by  increased  geostatic 
lateral  stresses  results  in  an  overall  increase 

of  o  less  than  the  calculated  increase  in  o 

X  x,o 

for  soil  with  some  previously  "locked-in" 
compaction-induced  lateral  stress  component,  and 
corresponds  to  hysteretic  "reloading."  When  so¬ 
lution  of  the  global  stiffness  and  displacement 
equations  results  in  a  calculated  decrease  in 

it  is  assumed  that  this  decrease  is  borne  by 

both  the  geostatic  and  compaction-induced  frac¬ 
tions  of  the  pre-existing  lateral  stress  in 
direct  proportion  to  their  contributions  to  the 
overall  lateral  effective  stress. 

Compaction-induced  lateral  stress  increases  in  a 
soil  mass  can  exert  increased  pressure  against 
adjacent  structures,  resulting  in  structural 
deflections  which  may  in  turn  partially  alle¬ 
viate  the  increased  lateral  stresses.  Multiple 
passes  of  a  surficial  compaction  plant,  however, 
continually  re-introduce  the  lateral  stresses  re¬ 
laxed  by  deflections  and  result  in  progressvie 
rearrangement  of  soil  particles  at  shallow 
depths.  In  order  to  approximate  this  process 
with  a  single  solution  increment, both  compaction- 
induced  lateral  stresses  and  the  corresponding 
nodal  point  forces  for  a  given  compaction  incre¬ 
ment  are  assumed  to  represent  "following"  load¬ 
ing  from  the  current  ground  surface  down  to  the 

depth  at  which  o  exceeds  a  .  All  soil  ele- 
X  ,  C  X  ,  o 

ments  above  this  depth  are  assigned  neglible 
moduli,  resulting  in  calculations  of  displace¬ 
ments  at  all  locations  as  a  result  of  compac¬ 
tion-induced  lateral  forces,  but  (a)  no  changes 
in  soil  stresses  result  from  displacements  in 
soil  elements  above  the  specified  depth  of 
"following"  compaction  loading,  and  (b)  compac¬ 
tion-induced  nodal  forces  in  this  upper  region 
are  also  undiminished  by  deflections. 

Four  additional  soil  parameters  are  needed  for 
the  hysteretic  model  controlling  compaction- 
induced  soil  stresses, and  these  may  be  evaluated 
by  correlation  with  the  soil  strength  parameters 
c  and  (Seed  &  Duncan,  1986;  Ou,  1987).  The 
model  parameters  used  for  this  analysis  were: 

K  =  0.38,  c„  =  0.0,  K.  .  „  =  4.32  and  a  =  0.57. 
o  a  1.  f  (p  f  o 

Calculation  of  the  peak,  virgin  compaction- 
induced  lateral  stress  (Aa  )  to  be  input 

into  each  soil  element  at  the  beginning  of  each 
compaction  increment  is  a  time-consuming  process. 
In  the  "free  field"  away  from  the  culvert, three- 
dimensional  linear  elastic  analyses  were  perfor¬ 
med  using  Boussinesq  closed-form  solutions  to 
calculate  the  peak  lateral  stresses  induced  at 
any  given  depth  by  each  piece  of  construction 
equipment.  These  vlaues  were  then  enveloped  to 

produce  a  single  profile  of  Ao  vs.  depth 

X , vc , p  ' 

which  was  used  for  all  soil  elements  occurring 
at  a  distance  of  more  than  6  or  7  feet  from  the 
culvert  at  all  fill  stages. 

For  soil  elements  near  the  culvert  it  was  neces¬ 
sary  to  carefully  review  the  recorded  field  ob¬ 
servations  in  order  to  model  peak  stresses  aris¬ 
ing  as  a  result  of  the  most  critical  positioning 
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(closest  proximity)  achieved  by  each  piece  of 
compaction  equipment  at  each  fill  level.  Ini¬ 
tially,  at  fill  levels  up  to  the  top  of  the 
haunches,  the  small  hand  compactor  controlled  peak 

compaction-induced  stresses  (Aa  )  adiacent 

x,vc,p 

to  the  culvert.  At  fill  levels  above  the 
haunches,  however,  larger  vehicles  began  to 
exert  increasing  influence  on  values  of  Ao 

x,vc,p 

for  soil  elements  in  the  region  of  the  quarter 
point  midway  between  the  haunch  and  crown. 

The  analyses  performed  with  SSCOMPN  used  a  non¬ 
linear  structural  behavioral  model  which  modelled 
the  same  behavior  in  the  elastic  range  as  was 
used  for  the  previous  analyses  without  compac¬ 
tion  modelling,  but  which  modelled  nonlinear 
deformation  behavior  in  the  inelastic  stress 
ranges.  Parameters  were  again  based  on  larg- 
scale  flexural  test  data. 

The  open  circles  in  Figure  7  show  the  results  of 
incrementally  modelling  both  backfill  placement 
and  compaction.  Modelling  of  compaction  effects 
has  resulted  in  significantly  improved  agreement 
between  calculated  and  measured  culvert  deflec¬ 
tions  at  all  backfill  stages,  as  compared  to  the 
earlier  analyses  without  compaction.  The  calcu¬ 
lated  maximum  crown  rise  (peaking)  of  10  inches 
represents  an  increase  of  150%  over  the  maximum 
peaking  of  4  inches  calculated  by  conventional 
analyses  without  consideration  of  compaction 
effects,  and  is  only  about  20%  less  than  the 
value  actually  measured.  Modelling  compaction 
effects  also  more  than  doubled  the  maximum  cal¬ 
culated  radial  displacement  of  the  quarter  point 
to  more  than  5  inches.  This  new  value  is  still 
considerably  less  than  the  value  actually  mea¬ 
sured,  but  this  is  due  in  large  part  to  the 
large  inelastic  inward  radial  deflections  caused 
by  the  close  approach  of  the  large  water  truck 
to  the  structure  at  a  fill  stage  of  approxi¬ 
mately  2  feet  below  the  crown,  as  discussed  pre¬ 
viously.  Until  this  point,  agreement  between 
calculated  and  measured  deflections  was  nearly 
perfect . 

Figure  8  shows  culvert  bending  moments  and  axial 
thrust  around  the  culvert  perimeter  following 
completion  of  backfill  operations  as  calculated 
in  both  sets  of  finite  element  analyses  per¬ 
formed  (with  and  without  compaction) .  In  Figure 
8(a)  It  can  be  seen  that  modelling  compaction 
effects  resulted  in  increased  bending  moments  in 
both  the  crown  and  haunch  regions.  The  increas¬ 
ed  positive  crown  moment  results  in  a  factor  of 
safety  of  only  1.45,  which  is  less  than  that 
allowed  for  design.  This  is  not  of  serious  con¬ 
cern  for  design  purposes,  however,  as  it  is 
st’ll  below  the  level  required  for  the  onset  of 
plastic  yield  and  represents  an  increase  in  the 
ability  of  the  crown  section  to  withstand  subse¬ 
quent  negative  moments  which  will  arise  due  to 
live  traffic  loads. 

The  increased  bending  moments  at  the  top  and 
base  of  the  unreinforced  haunch  region  are  con¬ 
siderably  more  serious.  Without  compaction 
effects  the  calculated  minimum  factor  of  safety 
with  regard  to  exceeding  the  plastic  moment  cap¬ 
acity  in  the  haunch  region  was  more  than  2.5, 
apparently  representing  conservative  design. 
Modelling  compaction  effects  reduced  this  factor 
of  safety  to  slightly  less  than  1.0  (FS  =  0.93) 
at  the  top  of  the  haunch  region  and  FS  =  1.8  at 


8.8k-ft/ft 


Fig.  8  Calculated  Culvert  Bending  Moments  and 
Thrusts  With  and  Without  Compaction 


the  base,  and  both  of  these  moments  correspond 
to  flexure  in  directions  representing  potential 
failure  modes.  These  moments ,  together  with  the 
resulting  unacceptable  deformed  shapes  of  the 
upper  haunch  and  quarter  point  regions,  led  to 
the  decision  to  excavate  the  last  five  feet  of 
fill.  This  permitted  the  structure  to  rebound, 
and  the  backfill  was  then  replaced  using  only 
light  hand  compaction  equipment  to  minimize 
compaction-induced  stresses  and  deformations. 
This  resulted  in  an  acceptable  final  structural 
configuration . 

In  Figure  8(b)  it  can  be  seen  that  modelling 
compaction-induced  earth  pressures  resulted  in 
calculation  of  only  minor  increases  in  thrust 
around  the  perimeter  of  the  culvert.  These  in¬ 
creases,  which  were  between  zero  and  15%  around 
the  culvert  perimeter,  were  much  less  pronounced 
than  was  the  effect  of  modelling  compaction  on 
calculated  culvert  bending  moments. 
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SUMMARY  AND  CONCLUSIONS 


Ou,  C.Y.  (1987).  "Finite  Element  Analysis  of 
Compaction-Induced  Stresses  and  Deformations 
Ph.D.  Thesis,  Stanford  University,  November. 


Two  types  of  finite  element  analyses  were  per¬ 
formed  as  part  of  these  studies:  (a)  conven¬ 
tional  analyses  which  were  well  able  to  model 
incremental  placement  of  bacltfill  in  layers, 
but  which  cannot  model  compaction-induced 
stresses  and  deformations,  and  (b)  analyses  in¬ 
corporating  recently  developed  behavioral  models 
and  analytical  procedures  which  do  permit  mo¬ 
delling  of  compaction  effects.  The  results  of 
these  analyses  were  compared  with  the  field  mea¬ 
surements  of  culvert  behavior,  and  these  com¬ 
parisons  showed  that  compaction-induced  earth 
pressures  resulting  from  poor  backfill  compac¬ 
tion  procedures  were  the  principal  cuase  of  the 
unsatisfactory  structural  behavior  observed. 

This  conclusion  was  well-supported  by  the  satis¬ 
factory  culvert  performance  following  excavation 
(and  rebound)  and  careful  recompaction  of  the 
upper  backfill  zone.  In  addition,  these  studies 
provided  good  support  for  the  accuracy  and 
effectiveness  of  the  new  behavioral  models  and 
finite  element  analysis  procedures  used  to  model 
the  effects  of  soil  compactio'~ . 
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SYNOPSIS:  The  performance  of  three  recently  constructed  retaining  walls  are  compared.  The  first 

case  involves  a  precast  concrete  panel  element  wall  for  the  ventilation  building  of  the  9-mile-long 
Rogers  Pass  railroad  tunnel  in  British  Columbia.  In  the  second  case,  the  widening  of  Interstate 
75  near  the  Georgia  Institute  of  Technology  campus  required  widening  of  the  Fifth  Street  bridge 
and  high  adjacent  retaining  walls.  Tieback  construction  with  soldier  piles  and  wood  lagging  was 
used  for  temporary  excavation  support  and  then  combined  with  a  cast-in-place  concrete  facing  for 
the  permanent  retaining  wall  structure.  The  third  case  involves  slope  cuts  for  access  to  the  portal 
of  the  pilot  tunnel  for  the  Cumberland  Gap  highway  tunnel  project.  The  use  of  soil  nails  and 
shotcrete  minimized  the  cut  and  allowed  a  fairly  steep  slope  in  soil  which  best  conformed  to  the 
look  of  the  natural  countryside.  Load  measurement  and  wall  deflection  monitoring  were  performed 
for  all  three  projects  and  are  compared  herein.  The  cases  highlight  the  ability  of  reinforcement 
to  knit  the  soil  together,  the  validity  of  Terzaghi  and  Peck's  apparent  earth  pressure  diagrams 
for  design,  load  transfer  characteristics  of  soil  reinforcement,  the  effect  of  wall  system  stiffness 
on  horizontal  deflections,  and  the  importance  of  adequate  drainage  behind  the  walls. 


INTRODUCTION 

The  past  decade  has  brought  with  it  several 
new  and  innovative  methods  for  retaining  the 
sides  of  cuts  and  excavations.  Top-down  support 
and  incorporation  of  temporary  support 
structures  with  permanent  ones  are  two  important 
changes  in  the  way  design  and  construction 
are  now  approached.  Cost  effectiveness  and 
effects  on  adjacent  structures  are  more 
important  than  ever.  The  purpose  of  this 
paper  is  to  discuss  three  case  histories  that 
exemplify  some  of  the  new  excavation  retaining 
methods  being  used  today.  Performance  of 
these  walls  is  assessed  and  compared  to  other 
published  case  histories. 

ROGERS  PASS  VENTILATION  BUILDING  ELEMENT  WALL 

The  Rogers  Pass  Tunnel  is  a  9-mile-long  railroad 
tunnel  in  British  Columbia,  Canada.  Because 
of  its  unusually  long  length  (longest  rail 
tunnel  in  North  America),  a  special  system 
for  ventilation  was  used.  Part  of  this  system 
consists  of  a  mid-tunnel  1000-ft-deep  shaft 
connecting  the  tunnel  to  the  ground  surface 
where  most  of  the  ventilation  equipment  is 
located.  A  25.5-ft-deep  excavation  for  the 
building  housing  this  equipment  above  the 
shaft  had  to  be  made  at  a  remote  and  rugged 
hillside  location.  (Figure  1). 

Thick  overburden  at  the  site  consists  of 
bouldery  colluvium  making  constructibility 
of  a  typical  soldier  pile  and  wood  lagging 
wall  questionable.  After  considering  various 
alternative  solutions,  a  precast  concrete 
panel  "element  wall"  was  selected.  The  element 
wall  relies  on  permanent  soil  tiebacks  for 
lateral  stability  and  the  concrete  panels, 
or  "elements"  provide  support  between  the 
tiebacks.  An  early  use  of  this  method  is 
shown  in  Ground  Engineering  (1976).  A  savings 


was  derived  by  using  this  particular  method 
because  the  element  wall  became  part  of  the 
permanent  building  structure  acting  as  the 
back  wall. 


TO  EAST  PORTAL 


\ 


FIGURE  I.  ELEMENT  WALL  GENERAL  SITE  PLAN, 
ROGERS  PASS 


Element  Wall  Design 

Parsons  Brinckerhoff  designed  the  element 
wall  for  the  owner,  CP  Rail.  The  soil  was 
generally  described  as  dense,  poorly  graded, 
gravelly  sand  with  some  cobbles  and  boulders. 
The  angle  of  internal  friction  was  estimated 
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to  vary  between  35  and  40  degrees.  No  cohesion 
was  considered.  Short-term  lateral  earth 
pressures  assumed  for  the  wall  design  were 
calculated  based  on  Terzaghi  and  Peck  (1967) 
apparent  earth  pressure  envelope  for  braced 
cuts  in  sand.  This  short-term  pressure  envelope 
is  equivalent  to  65  percent  of  the  active 
earth  pressure  at  the  wall  base  but  is 
distributed  uniformly  along  the  height  of 
tho  wall.  The  resultant  total  force  is  1.3 
times  the  theoretical  active  force.  Because 
the  wall  also  became  part  of  the  final 
structure,  a  long-term  earth  pressure  loading 
was  used  (Schnabel,  1978).  The  long-term 
envelope  is  more  conservatively  based  on  the 
average  of  the  active  and  at-rest  earth 
pressures  and  was  about  1.6  times  the 
theoretical  active  case. 


Tiebacks  were  spaced  and  sized  based  on  the 
more  conservative  long-term  loadings.  The 
wall  was  not  designed  for  water  pressure  because 
the  permanent  water  table  is  far  below  wall 
level  and  drainage  was  provided  behind  the 
wall.  However,  the  site  is  annually  covered 
by  snow  during  the  winter  and  a  surcharge 
snow  load  of  340  pounds  per  square  foot  was 
assumed . 


Three  rows  of  corrosion  protected  Dywidag 
bars,  Ds-inch  diameter,  were  specified  with 
horizontal  and  vertical  spacing  of  10  and 
8  feet,  respectively.  A  typical  elevation 
and  cross-section  are  shown  in  Figures  2  and 
3.  Tieback  design  loads  were  76.5  kips  for 
the  top  two  rows  and  112.5  kips  for  the  bottom 
row.  The  upper  cantilever  wall  and  concrete 
element  panels  were  designed  for  the  combined 
earth  pressure  and  tieback  loading,  as  well 
as  handling  stresses  for  the  precast  units. 
Both  panels  and  tiebacks  were  sized  taking 
into  consideration  that  the  tiebacks  would 
be  proof  tested  to  133  percent  of  design  load 
and  locked  off  at  80  percent  of  design  load. 
Tieback  free  lengths  ranged  from  16  to  36 
feet  and  design  bond  lengths  were  8  and  12 
feet  for  the  76.5  and  112.5  kip  design  loads, 
respectively . 


FIGURE  2. TYPICAL  ELEMENT  WALL  SECTION. 
ROGERS  PASS 


FIGURE  3.  ELEMENT  WALL  CROSS  SECTION, 
ROGERS  PASS 


Element  Wall  Construction 

The  top  cantilever  wall  was  constructed  in 
the  sequence  of  excavating,  placing  the 
cast-in-place  concrete  wall,  installing,  the 
tieback,  backfilling,  and  finally  tensioning 
the  tieback.  Ti,e  rest  of  the  wall  used  precast 
panels  installed  in  the  sequence  of  excavating, 
shotcreting  the  soil  face,  placing  the  panels, 
installing  and  tensioning  the  tieback.  A 
2-ft-wide  vertical  space  was  left  between 
panels  and  was  later  filled  with  cast-in-place 
concrete  after  installation  of  behind-the-wall 
drains . 

On  the  whole,  construction  proceeded  roughly 
in  the  manner  specified  and  the  structure 
was  successfully  built.  However,  design  changes 
are  frequently  made  in  the  field  with  structures 
such  as  these  and  was  the  case  on  this  project. 
The  soils  were  siltier  than  predicted  on  the 
basis  of  a  few  borings  and  several  tiebacks 
failed  proof  testing.  Bond  lengths  were 
consequently  increased  to  18  feet  and  from 
28  to  33  feet  for  the  76.5  and  112.5  kip  design 
loads.  Failed  tiebacks  were  replaced  with 
longer  ones. 

Additionally,  installing  panels  in  the  sequence 
specified  was  difficult  for  t!ie  contractor 
and  was  modified  to  suit  his  concept  and 
equipment.  Aliva  drains  proved  to  be  difficult 
to  install  under  these  conditions  and  short 
PVC  pipes  pushed  into  the  ground  were 
substituted.  Lastly,  ground  temperatures 
were  lower  than  anticipated  by  the  contractor 
and  special  methods  were  required  to  get  proper 
tieback  grout  set-up  and  strength. 
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Element  iVall  Performance 

Wall  performance  was  assessed  by  means  of 

lift-off  tests,  inclinometer  readings,  water 
seepage  measurement,  and  visual  observation. 
Lift-off  tests  were  performed  at  7,  15,  19, 

and  30  months.  Schedule  and  completeness 
of  lift-off  testing  varied  with  the  on-going 
shaft  excavation  and  lining  schedule.  Also, 
tieback  loads  were  apparently  affected  by 

spring  run-off  and  winter  freczi.'.g  cf  trapped 
water  behind  the  wall. 

Twenty-four-hour  lift-off  tests  were  performed 
on  all  tiebacks.  A  5-percent  load  gain  or 

loss  in  24  hours  (95  to  105  percent  lock-off 
load)  IS  commonly  considered  to  be  normal 
for  tieback  wall  systems.  The  24-hour  readings 
indicated  that  nearly  60  percent  of  the  tiebacks 
were  within  this  range  while  about  35  percent 
of  the  tiebacks  were  holding  less  than  95 

percent  of  the  lock-off  load,  and  about  5 
percent  were  holding  more  than  105  percent 
of  lock-off  (Figure  4). 

TIME,  MONTHS 


FIGURE  4.  ELEMENT  WALL  ANCHOR  LOAD 
VARIATION, ROGERS  PASS 


Usually  tieback  loads  would  be  expected  to 
stabilize  within  a  few  months  of  construction, 
but  this  was  not  the  case  at  Rogers  Pass.  At 

30  months,  about  15  percent  of  the  tiebacks 
held  less  than  95  percent  lock-off,  40  percent 
held  between  95  and  105  percent  lock-off, 
and  45  percent  held  more  than  105  percent 
lock-off.  There  appeared  to  be  a  tendency, 
particularly  during  springtime,  for  the  tiebacks 
to  gam  load.  However,  by  and  large  the 

tiebacks  were  stable  in  that  most  tiebacks 
above  lock-off  at  24  hours  were  above  lock-off 
at  30  months.  Likewise,  tiebacks  at  95  to 

105  percent  lock-off  and  ones  less  than  lock-off 
tended  to  remain  in  the  same  categories  over 
time.  Continuous  monitoring  over  a  period 

of  least  a  year  of  a  statistically 

significant  population  of  tiebacks  would  have 
been  required  for  a  better  understanding  of 
the  relationship  of  tieback  load  variation 
to  changing  environmental  conditions. 


Three  inclinometers  were  installed  10  feet 
behind  the  wall.  Inclinometer  readings  were 
taken  at  similar  intervals  as  lift-off  tests. 
At  30  months,  maximum  wall  deflections  ranged 
between  1/16  and  1/4  inches  or,  expressed 
another  way,  between  0.02  and  0.07  percent 
of  the  wall  height  (0.0002H  to  0.0007H). 
According  to  Goldberg,  Jaworski  and  Gordon 
(1976),  soldier  pile  and  lagging  walls  with 
tiebacks  in  similar  soils  usually  do  not  deflect 
more  than  0.25  percent  of  the  wall  helgiit 
(0.0025H) . 

In  spring  of  1985,  the  first  spring  after 
construction,  the  wall  became  noticeably  wet 
during  snow  melt.  Water  seeped  between  concrete 
panels  and  out  of  tieback  bearing  plates. 
The  presence  of  water  was  first  noticed  at 
the  low  portions  of  the  wall  and  rose  higher 
presumably  as  water  built  up  behind  the  wall. 
As  the  snow  melt  subsided,  so  did  the  signs 
of  water  behind  the  wall.  Seepage  was 
immediately  perceived  as  a  potential  problem 
which  indicated  that  the  drainage  system  behind 
the  wall  was  not  functioning  satisfactorily. 
Water  flow  around  the  tiebacks  also  posed 
a  potentially  serious  long-term  corrosion 
problem.  Water  seepage  from  the  tieback  heads 
was  subsequently  monitored  during  the  following 
two  snow  melt  (spring)  seasons  of  1986  and 
1987.  About  two-thirds  of  the  tiebacks  were 
observed  to  have  water  seepage.  Several 
tiebacks  had  relatively  high  seepage  rates 
and  seepage  water  carrying  soil  fines.  As 
in  1985,  seepage  tended  to  increase  with  depth 
and  occurred  predominantly  along  the  bottom 
row  of  tiebacks.  Total  seepage  through  the 
wall  averaged  between  3  and  8  gallons  per 
minute  during  the  spring  of  1986  and  was  fairly 
constant  during  spring  of  1987  at  5  gallons 
per  minute. 

In  conclusion  regarding  the  element  wall  at 
Rogers  Pass,  there  was  consensus  among  project 
personnel  that  the  wall  structurally  was 
performing  satisfactorily.  Water  seepage 
was  not  an  imminent  threat  to  stability,  can 
probably  be  eventually  reduced  or  eliminated, 
and  in  the  interim  can  be  accommodated  by 
drainage  from  within  the  future  building. 
Tieback  loads  exhibited  variation  with  time, 
but  trends  of  excessive  loss  or  gain  in  load 
were  not  indicated.  The  horizontal  movements 
were  small  in  comparison  to  other  experience. 
Braced  cuts  might  be  expected  to  have  a  maximum 
movement  of  0.0025H  or  about  3/4  inch  for 
H  of  24.5  ft  (Goldberg  et  al.,  1976).  This 
wall  moved  a  maximum  of  0.0007H  (1/4  inch). 

Low  lateral  movements  are  attributed  to  the 
stiff  soils  and  the  construction  procedure. 
By  shotcreting  the  soil  face  immediately  upon 
exposure  and  placing  the  concrete  panels  in 
a  timely  manner,  a  minimum  amount  of  time 
was  allowed  for  the  soil  to  ravel  and  deform. 
Tieback  prestress  forces  were  sufficiently 
high  to  minimize  further  movement  as  excavation 
for  lower  rows  of  tiebacks  took  place. 

INTERSTATE  75  PERMANENT  TIEBACK  WALL 

At  the  time  of  this  project  (1983),  earth 
anchored  tieback  walls  had  previously  been 
used  in  Georgia  for  temporary  earth  retaining 
systems  but  had  never  been  used  as  permanent 
retaining  walls.  Widening  the  1-75  highway 
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required  the  construction  ot  a  retaining  wall 
(Figure  5).  The  right-of-way  limitations 
and  potential  effects  of  construction  on  the 
adjacent  structures  limited  the  type  of 

retaining  wall  that  could  be  built  at  this 

location.  The  t  r...  Ji  t  lonal  approach  would 

be  to  construct  a  temporary  earth  anchored 

tieback.  wall  and  then  to  construct  a  permanent 
cantilevered  retaining  wall  in  front  of  the 
temporary  system.  However,  with  the  approval 
fro.m  the  FeJoial  Hi, away  Administration,  the 
Georgia  Department  of  Transportation  chose 
to  construct  one  of  Georgia's  first  permanent 

earth  anchored  tieback  walls  at  this  location. 
This  wall  combined  the  temporary  tieback  wall 
and  the  permanent  retaining  wall  and  resulted 
in  significant  cost  savings.  Since  the  use 

of  the  permanent  tiebacks  was  relatively  new, 

the  FHWA  chose  the  wall  as  a  demonstration 

project.  The  wall  was  instrumented  to  determine 
the  long-term,  performance  of  such  a  system. 


FIGURE  5.  PERMANENT  TIEBACK  WALL 
CROSS  SECTION, I- 75 

(MODIFIED  FROM  LAW/GE0C0NSULT,I985) 


Tieback  Wall  Design 


The  soils  immediately  affecting  the  wall  at 
this  site  are  medium  dense  to  very  dense 
micaceous  sandy  silts  and  silty  sands  typical 
of  Piedmont  Province  residual  soils.  Standard 
Penetration  Test  resistances  range  from  11 
blows  per  foot  to  refusal  (60  blows  with  no 
penetration).  Soil  density  generally  increases 
with  depth  but  hard  and  soft  layers  occur 
frequently.  Large  slickensided  surfaces  were 
observed  in  the  field.  Groundwater  was 
encountered  approximately  40  feet  below  the 
ground  surface.  The  depth  to  hard  rock  varies 
from  45  to  65  feet. 


Design  Loading  on  the  wall  included  active 
earth  pressure,  and  impact  and  surcharge  loads, 
which  were  included  due  to  the  close  proximity 
of  traffic  on  the  adjacent  Williams  Street. 
These  loads  were  te  oe  resisted  by  pile 
embedment  ipassive  earth  pressure)  and  tieback 
loads.  Active  earth  pressure  loading  was 
assumed  to  be  a  uniform  distribution  acting 
on  the  soldier  piles  and  wood  lagging  above 
excavation  level.  This  distribution  was  assumed 
to  be  65  percent  of  the  computed  active  earth 
pressure  load  at  the  excavation  level,  as 
described  by  Terzaghi  and  Peck  (1967).  Full 
active  earth  pressure  was  assumed  to  act  on 
the  soldier  piles  below  excavation  levels. 
Passive  earth  pressure  resistance  was  assumed 
in  front  of  the  piles  below  excavation  levels. 
No  water  pressure  loading  was  assumed  to  act 
on  the  retaining  wall  since  groundwater  levels 
were  deeper  than  excavation  levels.  Also, 
drainage  fabric  was  installed  behind  the 
concrete  facing  to  carry  away  any  groundwater 
that  might  collect  behind  the  wall. 

Tieback  loads  were  calculated  using  a  structural 
computer  program  and  were  checked  by  hand 
calculations.  Both  methods  consisted  of  summing 
forces  and  momients  and  checking  for  equilibrium,. 
One  level  of  tiebacks  was  included  in  a  lower 
height  portion  of  the  v.’all,  while-  the  reniaining 
portion  of  the  wall  included  two  levels.  Design 
tieback  loads  ranged  from  57  kips  (in  the 
lowest  portion  of  the  wall)  to  136  kips.  In 
cases  where  the  design  load  in  a  tieback  was 
not  achieved  during  field  proof  testing,  the 
requirement  for  an  additional  tieback  was 
also  calculated  by  sunuting  moments  and  forces. 

Tieback  Wall  Construction 

Tieback  wall  construction  involved  several 
steps.  First,  the  soldier  piles  were  placed 
in  augered  holes  extending  from  the  top  of 
the  wall  to  a  designated  point  below  the  bottom 
of  the  wail.  Soldier  piles  ranged  from  1-Wi8 
X  50  steel  beam  at  the  lowest  portion  of  the 
wall  to  2-W18  X  46  at  the  highest  portion. 
Concrete  was  poured  in  place  around  the  piles 
from  the  bottom  of  the  hole  to  the  future 
ground  line.  Timber  lagging  was  installed 
between  the  piling  as  the  earth  in  front  of 
the  wall  was  excavated.  At  designated  levels, 
holes  were  drilled  through  the  piling  into 
the  earth  behind  the  wall,  at  calculated  lengths 
and  angles.  The  7  wire  -  5  strand  (0.6  inch 
diameter)  tendons  were  then  installed  and 
grout  was  pressure  injected  at  2  pounds  per 
square  inch  per  foot  of  overburden. 

After  curing,  the  tiebacks  were  load  tested 
and  post  tensioned  to  a  predetermined  load. 
The  process  of  lagging  installation  and  tieback 
installation  was  repeated  until  the  excavation 
in  front  of  the  wall  was  complete.  The  final 
step  was  to  install  strips  of  drainage  fabric 
over  the  lagging  and  to  pour  a  cast-in-place 
concrete  facing  over  the  entire  wall.  The 
concrete  was  attached  to  the  soldier  piles 
by  a  series  of  studs  embedded  in  the  concrete. 

The  predetermined  lock-off  load  for  the  tiebacks 
was  normally  80  percent  of  the  "design  load". 
Occasionally  conditions  in  the  field  were 
different  from  that  assumed  in  design  and 
the  tieback  would  not  hold  the  design  load. 
When  this  happened,  the  "design  load"  was 


1194 


reduced  to  ret  loot  actual  capacity  of  the 
tendon  and  the  designers  assessed  what  effect 
the  change  ri;  tioback  load  might  have  on  the 
whole  retaining  system.  With  a  redistribution 
of  load,  other  tiebacks  and  toe  embedmertt 
were  found  to  be  sufficient. 

Tieback  Wall  Instrumentation 

The  instrumentation  program  was  undertaken 
by  Law/Geoconsult  International  for  Georgia 
DOT  and  was  intended  to  measure  deflection 
of  the  wall  face  and  soil  behind  the  wall 
and  to  measure  load  variations  in  the  tiebacks 
within  the  unbonded  and  bonded  zones.  Results 
of  the  instrumentation  program  are  summarized 
below  and  in  the  report  titled  "Report  of 
Field  Performance  -  Permanent  Tieback  Wall" 
by  Law/Geoconsult  (1985). 

Instrumentation  consisted  of  many  different 
monitoring  devices.  The  performance  of  the 
wall  was  monitored  with  ten  tiebacks  that 
were  instrumented  with  some  combination  of 
rod  telltales,  wire  telltales,  and  permanent 
load  cells.  Conventional  strain  gages  could 
not  be  used  with  the  7  wire  -  5  strand  tiebacks 
because  of  the  inherent  difficulty  of  mounting 
the  gages  to  the  tendons.  Telltales  were 
chosen  as  an  alternative  with  a  custom  fitted 
fixation  to  the  strand.  The  external  movement 
of  the  wall  system  and  adjacent  structures 
was  monitored  with  slope  inclinometers  and 
optical  survey  points. 

Two  monitoring  stations,  spaced  approximately 
135  feet  apart,  were  used  to  monitor  the  wall 
performance  at  the  highest  portions  of  the 
wall.  At  each  monitoring  station,  primary 
instrumentation  was  on  both  tiebacks  on  a 
soldier  pile.  Secondarily  instrumented  tiebacks 
were  on  adjacent  soldier  piles. 

Instrumentation  for  the  primary  instrumented 
tiebacks  (Figure  6)  consisted  of  one  rod 

telltale  fixed  to  one  of  the  strands  of  the 
5-strand  tieback  at  the  interface  of  the 

unbonded  and  bonded  zones.  Also  to  this  strand, 
five  wire  telltales  were  fixed  within  the 
bonded  zone.  It  was  assumed  that  all  5  strands 
in  the  tiebacks  behaved  the  same  and 

instrumentation  of  one  strand  would  predict 
the  behavior  of  the  entire  tieback.  A  second 
rod  telltale  was  fixed  to  one  of  the  remaining 
four  strands  at  the  end  of  the  bonded  zone. 
When  the  tieback  was  installed,  a  permanent 

load  cell  was  mounted  at  the  tieback  lock-off 
point.  The  secondary  instrumented  tiebacks 
had  only  one  rod  telltale  fixed  to  one  of 

the  5  strands  at  the  unbonded/bonded  zone 

interface.  No  permanent  load  cell  was  used. 

Tieback  Wall  Performance 

Maximum  horizontal  wall  deflection  measured 
with  inclinometers  was  0.8  inches  or  0.2  percent 
of  the  wall  height  (0.002H).  Visual  survey 
markers  indicated  somewhat  higher  deflections 
but  less  than  1.2  inches  or  0.3  percent  of 

the  wall  height  (0.003H). 

Goldberg,  Jaworski  and  Gordon  (1976)  reported 

a  range  of  horizontal  movements  of  0.1  percent 
and  0.6  percent  of  wall  height  (O.OOlH  to 
0.006H)  for  tieback  walls  in  sand  and  gravel. 
Experience  in  the  Atlanta  area  indicates  that 


development  of  the  active  earth  pressure  case 
requires  a  horizontal  wall  movement  of 
approximately  u.3  to  0.6  percent  of  wall  height 
(0.003H  to  0.006H).  Movements  of  the  permanent 
tieback  wall  are  in  the  range  of  those  generally 
associated  with  the  active  earth  pressure 
condition  for  soils  in  the  Atlanta  area. 


FIGURE  6.  SCHEMATIC  OF  PRIMARY  INSTRUMENTED 
TIEBACK,  1-75 

(  LAW/GEOCONSULT,  1985) 


Of  most  importance  regarding  tieback  load 
variation  are:  tieback  load  loss  or  gain  with 
time,  and  load  transfer  characteristics  of 
the  bonded  zone.  Of  the  ten  tiebacks  monitored, 
seven  were  holding  between  95  and  105  percent 
of  lock-off  after  8  months.  One  tieback  held 
less  than  95  percent  lock-off  at  8  months 
and  two  held  more  than  105  percent.  Readings 
since  1985  have  indicated  that  the  tieback 
loads  remained  relatively  stable  after  8  months 
with  similar  percent  lock-off  variations.  The 
inherent  flexibility  of  the  retaining  system 
(soldier  piles,  lagging,  tiebacks,  and  concrete 
facade)  allows  for  some  variation  in  tieback 
loads  and  load  readjustment  to  take  place. 
Therefore,  variation  from  lock-off  is  usually 
observed  and  should  be  expected  within  nominal 
bounds  of  ±5  percent  of  initial  lock-off. 

Because  of  the  necessity  to  use  telltales 
on  the  strands  to  measure  load,  accuracy  was 
not  expected  to  be  as  high  as,  say,  electrical 
resistance  or  vibrating  wire  strain  gages 
on  steel  bars  (historically  the  more  common 
way  to  instrument  tiebacks).  A  comparison 
of  load  measurement  accuracy  for  different 
types  of  instrumentation  is  given  in  Abramson 
and  Greene  (1985).  Load  in  the  strand  can 
theoretically  be  calculated  by  taking  the 
difference  of  displacement  between  two  telltales 
(assuming  uniform  strain)  and  applying  Hooke's 
Law  to  convert  elongation  to  load.  Although 
the  goals  of  load  transfer  measurement  were 
more  or  less  realized,  slippage  of  some  of 
the  telltales  relative  to  the  strand  may  have 
occurred  adding  to  the  uncertainty  and 
inaccuracy  of  measurements. 
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The  dependency  of  load  transfer  on  bond  zone 

elongation  is  shown  in  Figure  7  for  three 

of  the  tiebacks  at  maximum  loading  (150  kips). 
With  the  stated  caveats  above,  test  data 

indicated  that  at  low  tieback  loads,  only 

a  small  portion  of  the  bonded  zone  became 
loaded.  As  the  tieback  load  was  increased, 
the  length  of  stressed  bonded  zone  also 

increased.  This  increase  apparently  took 

place  when  the  load  transfer  (slope  of  load 
distribution  line)  reached  some  limiting  level 

which  most  likely  was  related  to  the  shear 

strength  characteristics  of  the  soil.  As 
the  tieback  load  was  increased,  load  transfer 
between  the  first  and  second  wire  telltales 
generally  increased  to  some  peak  level  and 

then  decreased  to  a  residual  level.  When 
this  peak  level  between  wire  telltales  1  and 

2  was  react. ad,  load  transfer  between  wire 
telltales  2  and  3  began  to  increase  at  a  faster 
rate.  If  tieback  loading  had  continued,  load 
transfer  between  wire  telltales  2  and  3  probably 
would  have  peaked  and  a  greater  load  transfer 
would  have  occurred  between  wire  telltales 

3  and  4.  This  apparent  behavior  was  first 
reported  by  Abramson  (1983)  at  the  34th  Annual 
Highway  Geology  Symposium  in  Atlanta. 

LEGEND- 

O  anchor  a- I 
A  anchor  a -2 
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FIGURE  7.  LOAD  TRANSFER  VERSUS  BOND  ZONE 
ELONGATION,  1-75 


Average  load  transfer  distribution  based  on 
measurements  from  the  four  primary  instrumented 
tiebacks  is  shown  in  Fig  ire  8  for  the  maximum 
load  condition  of  150  kips.  The  average  load 
transfer  over  the  entire  6-inch  diameter  bonded 
zones  (between  32  and  35  feet  long)  ranged 
between  about  4  and  5  kips  per  foot  of  bond 
length.  This  is  the  range  of  values  one  would 
expect  for  SM-classif ied  soils  in  Atlanta 
recognizing  the  fact  that  the  relatively  high 
mica  contents  tend  to  reduce  shear  strength 
somewhat.  Load  transfer  between  telltales 


exceeded  the  average  of  4  to  5  kips  per  foot 
and  reached  a  maximum  of  as  much  as  about 
8  kips  per  foot. 


FIGURE  8.  LOAD  TRANSFER  ALONG  BONDED  ZONE, 
1-75 


The  measurements  described  above  are  based 
on  tieback  loads  measured  with  load  cells. 
Tieback  proof  testing  is  commonly  conducted 
using  a  jack  pressure  gage  for  the  load 
indicator.  It  is  commonly  thought  that  the 
pressure  gage  is  not  a  reliable  indicator 
of  tieback  load  in  the  unloading  mode.  A 
load  cell  was  used  to  proof  test  every 
instrumented  anchor.  A  comparison  of  jack 
pressure  gage  load  to  load  cell  reading  was 
made.  The  results  indicated  that  the  jack 
gage  overestimated  load  during  loading  and 
underestimated  load  during  unloading.  Load 
as  measured  by  the  jack  had  an  apparent  accuracy 
of  ±5  to  10  percent. 

CUMBERLAND  GAP  SOIL  NAIL  WALL 

Twin  highway  tunnels  will  be  constructed  south 
of  Cumberland  Gap  National  Park  along  U.S. 
25E  to  replace  the  3-mile  long,  two-lane 
bottle-neck  which  presently  exists.  The  Federal 
Highway  Administration  is  managing  the  project 
for  the  National  Park  Service.  Most  of  the 
route  is  four  lanes  wide  and  connects  Interstate 
81  at  Morristown,  Tennessee  with  Interstate 
75  at  Corbin,  Kentucky. 

A  pilot  tunnel  was  built  during  1984  and  1985 
to  explore  the  complex  geology  at  the  site. 
Slope  cuts  were  made  at  the  Kentucky  portal 
where  pilot  tunneling  began.  Most  of  the 
slope  cut  was  within  bedrock.  However,  the 
rock  was  overlain  in  places  by  as  much  as 
40  to  45  feet  of  soil  overburden  and  weathered 
rock.  The  site  is  within  a  national  park 
and  minimum  disturbance  to  the  environment 
is  a  high  priority.  To  avoid  damage  to  the 
natural  slope  and  vegetation  above  the  cut 
and  to  minimize  the  extent  or  flatness  of 
the  slope,  soil  nailing  was  chosen  to  reinforce 
the  rather  steep  overburden  cut.  FHWA  funded 
this  work  since  future  economics  were  foreseen 
from  the  use  of  this  new  technology.  This 
project  has  been  described  by  Nicholson  (1986) 
and  Juran  and  Elias  (1987)  previously  and 
is  only  reviewed  here  for  comparison  to  the 
other  two  case  histories. 
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Soil  Nailing  Design 

The  wall  was  designed  and  built  by  Nicholson 
Construction.  Peter  Nicholson  (1986)  states 
that  the  general  theory  of  soil  nailing  is 
"to  build  a  gravity  mass  that  is  tied  together 
and  will  act  as  a  unit  or  coherent  mass.  As 
such,  the  structure  must  be  analyzed  for  both 
external  and  internal  stability."  External 
stability  includes  sufficient  safety  factors 
against  sliding,  overturning,  bearing  capacity, 
and  external  slip  circles.  These  factors 
are  common  to  all  gravity  retaining  structures 
and  are  not  unique  to  soil  nailing.  No  further 
explanation  is  warranted  herein. 

Internal  stability  relates  to  the  length  and 
spacing  of  nails  necessary  to  insure  that 
the  soil  acts  as  a  mass.  Nail  spacing  must 
be  close  enough  so  that  the  zones  of  influence 
overlap,  generally  between  5  and  15  times 
the  nail  diameter  for  fine  and  coarse  grained 
soils,  respectively.  Each  zone  of  influence 
is  governed  by  the  nail  diameter  and  type 
of  soil.  Cumberland  Gap  overburden  consists 
mainly  of  colluvial  and  residual  soils  that 
have  resulted  from  the  differential  weathering 
of  the  underlying  sandstone,  siltstone,  shale, 
and  coal  interbeds.  The  length  of  the  nail 
is  determined  by  the  size  of  the  active  zone, 
generally  0.3H,  and  the  load  transfer  capacity 
of  the  nail  beyond  the  active  zone. 

For  Cumberland  Gap  Project,  Shen ' s  (1981) 

method  of  design  was  used  resulting  in  a 
triangular  pressure  distribution  with  the 
highest  nail  loads  near  the  bottom  of  the 
wall.  For  the  40-foot  high  section  of  the 

wall,  20  to  30-foot-long  nails  were  used  on 
a  5-foot  square  grid  pattern.  The  upper  3 
or  4  rows  of  nails  consisted  of  #8  Grade  60 
reinforcing  bars  and  #11  bars  were  used  for 

lower  rows. 

Soil  Nail  Construction 

The  excavation  through  overburden  was  made 
at  a  slope  of  1H:4V  in  5  to  6-foot  lifts. 
As  the  soil  was  exposed,  drainage  fabric  strips 
were  placed  against  the  soil  in  15-foot 
horizontal  intervals  and  covered  with  a  3-inch 
thick  layer  of  wet-mix  shotcrete.  Holes  for 
the  nails  were  then  drilled  perpendicular 
to  the  slope  (about  15  degrees  below  horizontal) 
and  between  4  and  4^  inches  in  diameter.  The 
reinfor^  ing  bars  were  placed  in  the  hole  and 

tremie  grouted  into  place  with  neat  cement. 

Wire  mesh,  walers,  and  bearing  plates  were 

installed  on  each  nail  and  t(ie  nails  were 

stressed  to  5  and  10  kips  for  the  #8  and  #11 
bars,  respectively,  in  order  to  insure  intimate 
contact  with  the  initial  layer  of  shotcrete. 
After  the  bars  were  prestressed  and  cut  off, 

a  second  3-inch-thick  layer  of  shotcrete  was 
applied.  As  each  row  of  nails  was  completed, 
excavation  of  the  next  lift  commenced  until 
sound  bedrock  was  encountered.  A  drainage 

ditch  was  provided  at  the  top  of  the  wall 

and  weeps  were  connected  to  the  drainage  fabric 
behind  the  shotcrete  at  the  base  of  the  wail. 

The  completed  cross  section  of  the  wall  is 

shown  in  Figure  9. 

Soil  Nail  Performance 

Testing  of  the  nails  consisted  of  pull-out 
tests  as  well  as  production  testing  of  bars 


during  construction  to  90  percent  of  bar  yield. 
These  tests  yielded  pullout  strengths  between 
5  and  10  kips  per  foot  for  embedment  lengths 
varying  between  11  and  25  feet.  This  fit 
with  predicted  values  assuming  average 
overburden,  an  internal  friction  angle  of 
38  degrees,  but  a  7-inch-diameter  drill  hole. 


SHOTCRETE  LINED 
DITCH 


WALL  DRAIN 


SHOTCRETE  FACING 
WITH  WIRE  MESH 


WEEP  HOLE 


BENCH  EL. 
VARIES 


SOIL  NAIL 

REINFORCING 
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FIGURE  9.  SOIL  NAIL  WALL  SECTION, 
CUMBERLAND  GAP 

(NICHOLSON,  198$) 


Inclinometers  and  survey  markers  were  used 
to  measure  outward  wall  movement  which  was 
between  1/4  and  3/8  inches,  or  less  than  0.2 
to  0.3  percent  of  the  wall  height  (0.002H 
to  0.003H) . 

Strain  gages  were  installed  on  16  of  about 
300  soil  nails.  Analysis  of  this  data  led 
Juran  and  Elias  (1987)  to  the  conclusion  that 
"the  measured  variations  of  maximum  tension 
forces  with  depth  observed  in  the  soil  nailed 
structures  are  similar  to  empirical  diagrams 

of  earth  pressure  distribution . for  the 

design  of  braced  open  cut  supports."  This 
is  not  consistent  with  the  triangular  pressure 
distribution  used  for  design.  Furthermore, 
water  apparently  did  not  drain  freely  from 
behind  the  shotcrete  leading  to  freezing  during 
the  winter  and  additional  tensile  load  on 
the  nails  (Figure  10).  Nicholson  (1986) 
recommended  more  frequent  drain  fabric  strips 
to  improve  drainage  on  future  projects. 

COMPARISON  OF  THE  THREE  CASE  HISTORIES 

The  three  case  histories  presented  were 
constructed  in  similar  SM-SC  soils.  Despite 
different  geologic  origins,  engineering 
properties  of  the  soils  were  somewhat  similar. 
The  cuts  were  of  similar  heights  between  about 
25  and  40  feet  (Table  1).  Tiebacks  or  "active" 
soil  reinforcement  were  used  on  two  of  the 
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wails,  Rogers  Pass  and  1-75,  and  had  relatively 
high  prestress  loads.  The  other  wall, 
Cumberland  Gap,  used  soil  nails  or  "passive" 
reinforcement  with  nominal  prestressing  to 
insure  good  contact  with  the  surface 
reinforcement.  Tieback  and  nail  dimensions 
(diameter  and  length)  were  similar  for  all 
three  cases. 


FIGURE  10.  POST  CONSTRUCTION  MEASUREMENT 
OF  NAIL  FORCES  AND  FREEZE 
EFFECTS -CUMBERLAND  GAP 

(MODIFIED  FROM  JURflN  AND  ELIAS,  1987) 


Design  Approach 

Three  different  critical  factors  related  to 
design  and  function  of  the  respective  structures 
were  exhibited  by  these  three  case  histories. 
In  the  first  case,  the  designers  were  strongly 
motivated  to  produce  a  conservative  design 
for  the  wall  of  the  ventilation  building  at 
Rogers  Pass.  Repair  of  the  wall  would  be 
difficult  once  the  ventilation  equipment  was 
installed.  Failure  of  the  wall  would  also 
result  in  costly  interruption  of  rail  service 
through  the  long  tunnel.  The  design  lateral 
loading  was  therefore  selected  to  be 
significantly  above  active  (1.6  times 
theoretical  active),  with  the  intent  of  avoiding 
long-term  problem.s  with  the  wall.  The  design 
earth  pressure  envelopes  and  the  actual  capacity 
of  the  anchors  are  shown  in  Figure  11a. 


In  the  second  case  at  1-75  in  Atlanta,  an 
adjacent  street  and  buildings  were  of  high 
concern  to  the  designers.  However,  this  case 
is  not  considered  to  be  as  critical  as  the 
first  one  where  the  wall  was  a  specific  element 
of  the  building  structure.  Use  of  total  lateral 
earth  pressure  of  1.3  times  theoretical  active 
was  considered  appropriate  for  the  1-75  case 
( Figure  lib )  . 

In  the  third  case  at  Cumberland  Gap,  no  adjacent 
permanent  structures  were  involved,  and  some 
movements  could  be  tolerated.  Using  an 
enlightened  approach  for  the  time,  soil  nails 


TABLE  1 

COMPARISON  OF  WALL  PERFORMANCE 


Case 

Type 

Maximum 

Wall 

Height 

Vert ’ Cai 
Tieiiack 
Spacing 

Wall 

Facade 

Stiffness 

Estimated 
Wall 
System 
Stiff  ness 

Maximum 
Horizontal 
Def lection 

Estimated 

Soil 

Stiffness 

(H) 

ft. 

(L) 

ft. 

(El ) 

kip-f t .  2 

(EI/L'I ) 
ksf 

in . 

(  %H) 

tz  ( l-sin0 ) 
c  cos  0 

Rogers 

Pass 

Vent . 
Building 

Precast 
concrete 
panels  and 
tiebacks 

25.5 

8 

28,000* 

7.2 

1/4 

(0.1) 

1 . 5 

1-75  and 
Fifth  St. , 
Atlanta 

Soldier 
piles  and 
lagging , 
tiebacks , 
and  con¬ 
crete  face 

34 

8  to  9 

32,000 

5.6 

1-1/4 

(0.3) 

2.5 

Cumberland 
Gap  Pilot 
Tunnel 

Shotcrete 
and  soil 
nails 

42 

5 

4,500  to 
6,000 

8.6 

3/8 

(0.1) 

1 . 5 

Portal 


*for  monolithic  section 
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1. 


wore  ust-o.  Ir.  i  coarse  way,  the  design  capacity 
was  or.  the  order  id*  i.U  times  theoretical 
active,  the  Lowest  ot  all  throe  case  histories 
iFigure  Lie).  in  a.idition,  the  soil  nails 
were  only  lightly  pre-tensicned ,  which  was 
considerably  ditferent  f n om  the  high  proof 
loading  and  lock-oil  to  HO  percent  of  design 
capacity  that  the  tiebacks  in  the  other  two 
cases  underwent.  however,  as  stated  below, 
the  soil  nailed  wall  performed  as  well,  or 
better  than,  the  other  two  cases. 


Soil  reinforcement  tends  to  knit  the  soil 
together  so  that  the  reinforced  soil  acts 
as  a  gravity  mass.  This  was  so  whether 
tiebacks  (active  reinforcement)  or  nails 
(passive  reinforcement)  were  used.  This 
concept  of  getting  the  soil  to  support 
Itself  rather  than  building  a  structure 
to  resist  maximum  possible  earth  loads 
is  analogous  to  current  tunneling  practice 
where  rock  bolts  and  shotcrete  are  used 
to  create  a  reinforced  rock  arch. 


EARTH  PRESSURE, PSF  EARTH  PRESSURE,  PSF  EARTH  PRESSURE,PSF 


(a  )  ROGERS  PASS  VENTILATION 
BUILDING 


(b)I-75  PERMANENT  TIEBACK  (c  )  CUMBERLAND  GAP 
WALL  PORTAL 


FIGURE  II.  COMPARISION  OF  TYPICAL  EARTH  PRESSURES  AND  REINFORCEMENT 
PRESSURES 


Performance 

The  most  outstanding  feature  of  all  three 
cases  was  the  performance  of  the  wall  built 
with  soil  nailing  at  Cumberland  Gap.  The 
conventional  thinking  in  much  of  the  world 
until  the  1980 's  was  that  ground  reinforcement 
for  excavations  in  soils  had  to  be 
pro-tensionod .  The  first  two  case  histories, 
at  Rogers  Pass  and  I-VC,  exemplify  such 
thinking.  With  numerically  more  elements 
of  ground  reinforcing,  the  soil  nailed  wall 
performed  as  well  as  the  other  two  cases  which 
were  much  more  highly  engineered  and  had  high 
prestress  forces. 

All  three  walls  performed  satisfactorily  for 
their  purposes.  Small  ground  movement  in 
the  range  of  O.OOIH  to  0.003H  were  observed. 
The  largest  movements  were  associated  with 
the  least  stiff  wall  which  was  constructed 
in  the  weakest  soil  relative  to  wall  height. 
Table  1  shows  the  stiffness  of  the  1-75  wall 
to  be  about  2/3  that  of  the  others,  and  the 
relative  soil  stiffness  (stability  ratio) 
to  be  over  1.5  times  greater. 

General  Observations 

The  following  observations  have  been  made 
from  these  case  histories: 


2.  The  use  of  apparent  earth  pressure  diagrams 
for  braced  cuts  by  Terzaghi  and  Peck  (1S67) 
remains  an  acceptable  approach  for  the 
design  ot  retaining  structures  which  use 
tiebacks.  On  the  basis  of  limited  field 
evidence,  it  also  appears  to  be  acceptable 
for  design  of  soil  nail  reinforcement. 

3.  The  precise  characteristics  of  anchor 
load  transfer  are  still  not  known.  However, 
the  load  transfer  values  commonly  used 
in  design  are  averages  which  automatically 
account  for  the  variation  in  load  transfer 
rates  along  the  bonded  zone.  In  places, 
peak  load  transfer  may  be  two  or  three 
times  the  average  value. 

4.  Horizontal  wall  deflections  ar-  a  function 
of  soil  and  wa^l  stiffness.  T\e  strength 
of  the  soil  certainly  is  an  important 
factor.  However,  once  that  is  known, 
the  designer  has  significant  lattitude 
in  developing  a  wall  system  that  will 
limit  horizontal  deflections  when  properly 
constructed  (Figure  12).  The  cross 
sectional  stiffness  of  the  wal'  facing 
can  be  balanced  with  the  vertical  spacing 
of  tiebacks  or  nails  to  obtain  a  compatible 
system  which  gets  the  soil  to  support 
itself . 
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FIGURE  12.  EFFECT  OF  WALL  STIFFNESS  AND 
SOIL  STRENGTH  ON  LATERAL  WALL 
DEFLECTIONS 

(MODIFIED  FROM  GOLDBERG  ETAL,I976) 


5.  Walls  which  utilize  tiebacks  or  soil  nails 
are  just  as  sensitive  to  water  as  any 
structure  built  with  or  with  earthen 
materials.  Flowing  water  (seepage)  can 
cause  accelerated  corrosion  of  steel  members 
as  well  as  hydrostatic  loadings  for  which 
the  structure  was  not  designed.  If  the 
water  can  be  trapped  behind  the  wall  due 
to  the  absence  of  or  faulty  drainage  and 
this  water  can  be  subjected  to  freezing 
temperatures,  high  ice  jacking  loads  will 
result  and  can  occur  cyclically  season 
after  season.  With  the  addition  of  a 
variety  of  very  useful  geotextile  fabrics 
to  the  geotechnical  industry,  it  has  never 
been  easier  to  design  more  than  adequate 
yet  economic  drainage  systems  for  retaining 
walls . 
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SYNOPSIS:  A  1500-m  long  anchored  bulkhead  with  a  height  of  20  n  exhibited  a  localized  failure  in 
the  form  of  broken  and  overstressed  anchors  several  months  after  construction.  The  wall  had  not  yet 
been  subjected  to  its  full  design  loadings.  The  soil  conditions  in  the  failure  area  differ  from 
those  occurring  along  the  rest  of  the  quay  wall  by  the  presence  of  a  very  soft  silt/clay  layer,  and 
during  construction  the  wall  had  been  strengthened  in  this  area.  Post-failure  analysis  of  the 
anchored  bulkhead  indicated  that  the  primary  cause  of  the  failure  was  overly  optimistic  design 
assumptions  for  the  strength  of  the  silt/clay  layer  and  mobilization  of  passive  pressure.  The 
effects  of  certain  construction  methods  employed  and  the  settlement  of  the  silt/clay  were 
contributing  factors  in  the  failure.  A  relieving  platform  constructed  one  year  after  the  failure 
was  designed  for  the  original  undrained  strength  of  the  silt/clay,  without  taking  into  account  the 
effects  of  soil  consolidation  and  strength  gains  which  had  occurred. 

INTRODUCTION  SITE  STRATIGRAPHY  AND  SOIL  PROPERTIES 


A  large  quay  wa  I  I  was  planned  as  the  central 
part  of  a  new  harbor  and  marine  development  in 
the  northern  Arabian  Gulf.  Three  separate 
geotechnical  investigations  of  the  harbor  area 
were  conducted  in  the  early  1980's,  two  of 
which  concentrated  on  the  planned  quay  wall. 
Taken  collectively,  these  investigations 
provided  sufficient  data  for  the  design  of  the 
wall;  however,  certain  des i gn /cons t rue t  i  on 
techniques  (i.e.,  staged  construction)  would 
have  required  additional  data.  The  soils 
occurring  over  most  of  the  1500-m  length  of  the 
wall  were  competent  sands  and  stiff  clays,  but 
a  thick  layer  of  very  soft  silt/clay  existed 
over  the  last  250  m  of  the  wall. 

The  original  design  of  the  wall  consisted  of 
circular  sheetpile  cells  (cofferdam),  a  conser¬ 
vative  (and  expensive)  approach  to  the  problem 
of  weak  soils.  However,  the  contract  for 
construction  of  the  wall  was  awarded  based  on 
an  anchored  sheetpile  bulkhead  alternate  design 
submitted  by  the  successful  bidder.  During 
installation  of  the  sheetpiles,  it  became 
apparent  that  the  final  115  m  of  the  wall 
required  strengthening  and  a  fourth  geotechni¬ 
cal  investigation  was  conducted.  The  design 
was  then  modified  in  this  area  by  adding 
H-piies  driven  on  the  inside  of  the  sheetpiles 
and  eniarging  the  anchor  wall. 

Approximately  three  months  after  achieving 
final  fill  elevation,  but  before  the  bulkhead 
was  subjected  to  the  design  surcharge  and 
berthing  forces,  a  localized  failure  occurred 
approximately  75  m  from  the  end  of  the  wall  as 
indicated  on  Figure  1.  Upon  investigation, 
five  tie  rods,  including  three  in  a  row,  were 
found  broken.  Following  an  additionai  geo¬ 
technical  investigation  and  load  tests  of  the 
anchor  system,  the  wall  was  repaired  by  con¬ 
structing  a  pile-supported  relieving  platform 
over  the  final  184  m  one  year  after  failure. 


Ttvree  geotechnical  investigations  conducted  in 
the  harbor  area  from  June,  1981  to  June,  1982 
included  six  borings  in  the  final  350  m  of  the 
planned  quay  wall:  four  borings  spaced  at 
100-m  intervals  along  the  face  of  the  quay 
wall  and  two  borings  75  and  110  m  behind  the 
wall  face.  A  fourth  investigation  was  conduc¬ 
ted  in  September,  1983,  immediately  following 
driving  of  the  sheetpile*-,  and  consisted  of 
three  borings  and  five  Dutch  cone  penetrometer 
tests.  The  borings  were  drilled  from  jack-up 
barges  to  depths  of  15  to  30  m  below  the 
seafloor  (elevation  -6  t).  The  investigations 
revealed  a  very  soft  silt/clay  layer  along  the 
final  250  m  of  the  quay  wall,  extending  from 
the  seafloor  to  elevation  -11.9  to  -12.4  m 
ISLV/,  trending  slightly  deeper  towards  the  end 
of  the  wall,  as  shown  in  Figure  2.  This  layer 


Figure  1.  Plan  View  of  Quay  Wall 
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Figure  2.  Soil  Profile  of  Final  350  n 

is  of  particular  importance  to  the  stability  of 
the  'va  I  I  . 

The  soil  layer  was  described  in  the  four 
geotechnical  reports  as  both  a  silt  and  a  clay 
with  sand  pockets  and  shells.  Based  on  Liquid 
and  Plastic  Limits,  the  soi  I  appears  to  be  a 
borderline  soil,  classified  as  either  a  silt  or 
lean  clay  (ML  or  CL)  in  the  Unified  Soil 
Classification  System.  The  soil  exhibited 
carbonate  contents  of  25  to  65%  and  water 
contents  well  in  excess  of  the  Liquid  Limit 
fLiquidity  index  of  2  to  4.8),  suggesting  that 
the  soil  may  be  sensitive  (VVu,  1  976). 

Results  of  the  laboratory  miniature  vane  and 
Torvane  strength  tests  and  laboratory 
unconso I  Ida ted-undra i ned  triaxial  compression 
tests  for  the  silt/clay  layer  are  plotted  as  a 
function  of  depth  on  Figure  3.  The  undrained 
strength  increases  from  4  to  5  kPa  at  the  top 
of  the  of  the  layer  to  16  kPa  at  elevation  -12 
m.  These  low  shear  strengths  are  consistent 
with  field  observations  that  the  boreholes  were 
advanced  the  first  1  to  3  m  by  the  weight  of 
the  drill  rods,  and  that  during  the  1983 
investigation  the  legs  of  the  jack-up  barge 
were  pushed  into  the  seabed  rather  than  lifting 
the  barge's  deck  out  of  the  water.  The 
shear  strength  is  4  kPa  at  the  surface, 
increasing  with  depth  corresponding  to  a  c/p 
ratio  of  about  0.30,  indicating  slight, 
constant  preconsolidation. 

The  soil  layers  underlying  the  silt/clay  layer 
are  sand  and  silty  sand  of  increasing  density 
from  elevation  -12  to  -18.6  m;  hard  (over¬ 
consolidated)  clay  to  elevation  -21.5  m;  and 
very  dense  silty  sand  to  the  maximum  depths 
exp  I ored . 

BULKHEAD  DESIGN 

The  quay  wall  was  designed  as  an  anchored 
bulkhead  with  a  coping  beam  and  facia  panel. 
Two  methods'”  for  analyzing  anchored  bulkheads 


WAIfHCONItNl  .%i  UNOflAiNfO  SH£AR  SfHlNGTM  c,.  ikfaj 

JO  30  «  Su  9  5  10  15  2D  <5 


■“igure  3.  Silt/Clay  Properties 

(After  Ladd,  et  al,  1985) 

are  commonly  employed,  with  the  difference 
being  the  assumption  of  the  support  of 
the  bottom  of  the  sheetpile.  The  free  earth 
support  metnod  assumes  that  the  bottom  is 
simply  supported,  free  to  rotate  but  not 
translate.  The  fixed  earth  support  method 
assumes  a  fixed  support,  with  no  rotation  nor 
translation  (Terzaghi,  1943;  Tschebo t a r i o f f , 
1973).  Anchored  bulkhead  failure  usually 
falls  into  one  or  more  of  four  types:  anchor 
or  tie  rod  failure,  flexural  failure  of  the 
sheetpiles,  toe  failure,  or  a  general  (slope) 
failure  (Daniel  and  Olson,  1982). 

The  design  documents  indicate  that  the  analy¬ 
sis  of  the  sheetpile  wall  was  conducted  using 
the  fixed-earth  support  method  and  generally 
concurring  to  European  industry  recommenda¬ 
tions  (EAU,  1980).  The  type  and  depth  of 
sheetpile  varied  along  the  length  of  the  wall, 
governed  by  the  soil  conditions.  The  design 
loadings  included  a  surcharge  of  10  kN/m’;  a 
mooring  load  (bollard  pull)  of  200  kN  at  ±30'^ 
every  16  m;  and  berthing  forces  of  a  1000  DWT 
vessel  at  a  speed  of  0.3  m/s.  Parameters  used 
in  the  analysis  included  the  harbor  bottom  at 
elevation  -6.2  m  with  no  consideration  for 
scour  or  overdredge;  low  tide  at  elevation 
-0.12  m;  and  the  water  level  behind  the  wall 
at  elevation  +0.84  m.  The  allowable  stress  in 
the  steel  was  60  percent  of  the  yield  strength 
for  both  the  anchor  rods  and  the  sheetpiles. 

The  design  soil  profiles  for  most  of  the 
1500-m  bulkhead  were  in  good  agreement  with 
the  stratigraphy  evident  from  the  geotechnical 
investigations,  and  the  properties  chosen  for 
the  sands  and  stiff  to  hard  clay  layers  were 
conservative.  The  performance  of  the  bulkhead 
was  satisfactory  except  for  the  final  200  m. 
The  remainder  of  this  paper  will  concentrate 
on  anchor  failure  and  flexural  failure  of  this 
port  ion  of  the  wall. 

Original  Design 

The  design  soii  profile  and  soil  properties 
for  the  last  250  m  of  the  bulkhead  is  shown  in 
Figure  4.  The  analyses  yielded  a  required 
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sheetpile  penetration  to  elevation  -16.26  n  to 
achieve  the  fixed  earth  condition,  an  anchor 
force  of  238  kN/n  of  wall,  and  a  maximum 
bending  moment  of  688  kN-m/n  of  wall.  For 
anchor  rod  spacing  of  2.55  m,  the  computed 
force  per  anchor  rod  was  62.9  tons  and  the 
Factor  of  Safety  against  tie  rod  failure  was 
1.82.  The  FacLOr  oi  agai.e  ..t  f.exurai 

failure  was  1.80. 

Mod  i  f  i  ed  Des_i_gn 

Following  installation  of  the  sheetpiles  and 
the  1983  geotechnical  investigation,  the  design 
soil  profile  was  changed  by  extending  the  depth 
of  the  si It/clay  layer  for  the  last  75  n  of  the 
wall.  Reanalysis  yielded  required  tip 
penetration  to  elevation  -17  to  -18  n, 
indicating  that  tiie  installed  sheetpiles  had 
insufficient  penetration  to  achieve  the  fixed 
earth  support  a  s  Si.inp  t  i  on  .  The  Factor  of  Safety 
against  flexural  failure  was  reduced  to  1.52, 
less  than  the  required  1.67  safety  factory  for 
steel  members.  The  Factor  of  Safety  against 
tie  rod  failure  of  1.70  was  considered 
adequa  t  e . 

The  design  was  modified  over  the  final  75  m  to 
include  M-p'les  driven  on  the  insiae  of  the 
sheetpiles  to  elevation  -20.0  n.  It  was 
assumed  in  design  that  the  H-piles  would  extend 
the  effective  length  of  the  sheetpiles, 
providing  the  required  fixation,  and  would 
carry  21  percent  of  the  bending  moment.  The 
Factor  of  Safety  against  flexural  failure  for 
the  sheetpiles  was  recomputed  as  1.82.  The 
Factor  of  Safety  for  the  H-piles  was  1  .  WO  ,  but 
was  recorded  as  greater  than  2.5  due  to  a 
ca I cu I  a  t i on  error. 
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Figure  4.  Original  Design  Soil  Profile 


QUAY  WALL  CONSTRUCTION 

The  harbor  had  been  dredged  to  elevation  -6.2 
m,  and  20.25-m  long  British  Frodingham  FR-5-DR 
sheetpiles,  BS4360  Modified  Grade  50B,  were 
vibrated  and  driven  to  a  tip  elevation  of 
-16.25  m.  Concurrent  with  tho  sheetpile 
installation,  a  sand  fill  (Stage  1)  was  placed 
to  elevation  +1.0  m  some  20  m  behind  the  wall, 
sloping  to  within  1  m  of  the  dredged  bottom  as 
it  neared  the  sheetpi le,  as  shown  in  Figure  5. 
A  sheetpile  anchor  wall  was  installed  in  this 
Stage  1  fill,  and  the  anchor  rods  placed. 
H-piles  were  driven  between  the  sheetpiles  and 
the  wale  beam  (on  the  inside  of  the 
sheetpiles)  to  elevations  -19.0  and  -20.0  m. 
Due  to  material  availability  constraints,  two 
types  of  H-piles  were  used;  254x254x71  piles 
installed  on  0.85-m  centers  for  the  first  25  m 
and  W  10x89  piles  installed  on  1 . 7 0 -m  centers 
for  the  remaining  50  m.  Additional  hydraulic 
fill  (Stage  2)  was  then  placed  to  elevation 
+  2.25  m,  with  the  remaining  sand  fill  (Stage 
3)  to  elevation  +3.8  m  compacted  by  vibratory 
rollers.  Precast  concrete  mats  to  elevation 
+4.0  m  provided  the  final  working  surface  of 
the  quay  wall. 

The  63-mm  diameter  steel  anchor  rods  (yield 
strength  of  38.3  kN/m^ )  were  installed  at 
elevation  +1.5  m  at  every  third  sheetpile,  a 
spacing  of  2.55  m.  The  anchor  wall,  34  m 
behind  the  main  sheetpile  wall,  consisted  of 
3 . 1 5 -m  long  FR-2N-DR  sheetpiles  of  Grade  43A 
steel  driven  to  alternating  tip  elevations  of 
fO.1  m  and  -0.9.  Because  the  Stage  1  fill 
sloped  downward,  the  anchor  rods  had  a  free 
suspension  of  15  to  20  m  and  were  allowed  to 
sag.  The  built-in  sag  varied  from  anchor  to 
anchor,  but  was  of  the  magnitude  of  about  0,5 
m. 

At  the  end  of  the  quay,  a  return  wa  I  I  was 
constructed  perpendicular  to  the  main  sheet- 
pile  wall.  This  return  wall  was  tied  back  to 
an  anchor  wall  34  m  away.  Thus,  the  34-m  by 
34-m  corner  of  the  quay  wall  was  crisscrossed 
by  two  anchor  systems  (walls  and  rods).  The 
main  wall  sheetpiles  were  installed  in  August , 
’9P3,  followed  by  Stage  1  filling  in  Sept., 
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1  983  .  The  anchor  wall  and  anchor  rods  were 
installed  October  1  to  12.  1983.  Stage  2 
hydraulic  fill  was  placed  October  12  to  16, 
1983,  and  some  Stage  3  fill  was  placed  October 
28  to  31,  1983.  The  H-piles  were  driven 
November  23  to  29,  1983,  and  placement  of  fill 
and  concrete  mats  was  completed  in  late 
December ,  1983. 

FAILURE  AND  INVESTIGATION 

On  March  3,  1989,  before  the  wall  had  been 
subjected  to  surcharge  or  berthing  forces,  a 
localized  failure  occurred  75  m  from  the  end  of 
the  wall.  The  concrete  pads  behind  the  sheet- 
pile  wall  dropped  approximately  10  cm,  and  the 
top  of  the  bulkhead  moved  outward  50  to  70  mn 
along  a  25-m  length  of  the  wall.  Project 
records  are  incomplete  regarding  the  extent  and 
timing  of  the  settlement  of  the  concrete  mats, 
but  it  appears  that  the  settlement  was  confined 
to  the  area  of  failure  and  coincided  with  the 
outward  movement  of  the  wall. 

Excavation  to  the  anchor  rod  level  revealed 
that  three  anchors  in  a  row  had  failed  at  the 
connection  to  the  main  sheetpile  wall,  a  result 
of  one  of  the  connection  ring  plates  fracturing 
in  each  instance.  Ring  plate  connections  of 
other  anchors  nearby  appeared  to  be  rotated  and 
eccentrically  loaded  [Wiltsie,  1985).  Further 
investigation  revealed  that  two  other  anchors 
had  failed  at  the  ring  plate  connection. 

Fu j_[ -Scale  Laboratory  Tests 

To  test  the  overall  anchor  capacity,  the  tie 
rod/ring  plate  connection  system  was  duplicated 
in  the  laboratory  using  the  same  type  of 
materials  used  in  the  field.  The  tested  plates 
came  from  three  sources:  new  plates,  new 
plates  from  the  site  stock,  and  used  plates 
obtained  from  the  quay  wall.  The  anchor  rods 
were  loaded  in  tension  to  failure.  Four 
different  loading  conditions  were  used  on  the 
ring  plates  such  that  the  anchor  rods  were 
either  aligned,  eccentric,  rotated,  or  caten¬ 
ary.  The  results  of  the  tests  are  shown  in 
Table  1  and  indicate  that  the  loading  con- 
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In-Si tu  Measurements  of  Anchor  Rod  Forces 

Two  months  after  failure,  the  forces  in  the 
anchor  rods  were  measured  by  means  of  hydrau¬ 
lic  jacking  behind  the  anchor  wall.  Forces  in 
the  800  to  1  000  kN  range  were  recorded  at 
several  locations  in  the  final  100  m  of  the 
wall,  well  in  excess  of  the  design  anchor 
force.  However,  as  these  measurements 
occurred  after  system  relief  (outward  wall 
movement,  excavations  and  tie  rod  replace¬ 
ments)  occurred,  the  authors  believe  that  the 
anchor  rod  forces  at  failure  were  probably 
higher  than  the  measured  forces,  and  that 
these  tests  are  significnat  only  in  that 
forces  much  higher  than  the  design  level  were 
measured . 

Further  Geotechnical  Investigation 

A  fifth  geotechnical  investigation  was  con¬ 
ducted  in  August,  1  989  consisting  of  5  bor¬ 
ings,  12  Dutch  cone  penetration  tests,  and  11 
Piezocone  penetration  tests.  The  results  show 
generally  increased  strength  (maximum  of  38 
kPa)  and  decreased  water  contents  in  the 
silt/clay  layer.  Laboratory  consolidation  and 
pe rmeab i I i ty^  tests  indicated  a  permeability 
(k)  of  3x10  cm/sec  and  a  coefficient  of  con¬ 
solidation  (Cv)  of  3  X  10  to  8  X  10  * 
cm^ / sec . 

FAILURE  ANALYSIS 

Although  the  Factors  of  Safety  for  the  wall 
appeared  to  be  adequate,  the  design  of  the 
wall  was  based  on  optimistic  assumptions 
regarding  the  properties  of  the  silt/clay 
layer,  the  development  of  passive  pressures, 
and  the  effectiveness  of  the  H-piles. 

Properties  of  the  Silt/Clay 

The  initial  strength  parameters  selected  for 
the  silt/clay  during  design  were  cohesion  (c) 
of  15  kPa  and  an  angle  of  internal  friction 
(if)  of  10°.  Settlement  or  compression  of  this 
layer  was  apparently  not  considered  in  design. 

The  soil  properties  in  Figure  3  indicate  that 
the  soil  is  cohesive,  with  k  =  10”  to  10~® 
cm/sec  (Abbs,  1985)  or  Cv  =  approximately 
9x10  cm^/sec  (Ladd,  et  al,  1985).  The  layer 
would  be  expected  to  exhibit  an  undrained  (i  = 
0)  response  to  loading  with  initial  shear 
strength  (cohesion)  of  7  to  10  kPa .  The 
inclusion  of  a  frictional  component  over¬ 
estimated  the  intial  strength  of  the  layer  by 
a  factor  of  5. 

Passive  Pressures 

Earth  pressures  appear  to  have  been  calculated 
using  the  Coulomb  equations,  and  included  wall 
friction  on  both  the  active  and  passive  sides 
of  the  sheetpile.  (The  inclusion  of  wall 
friction  increases  the  passive  pressures  and 
decreases  the  active  pressures.)  If  the  angle 
of  wall  friction  («)  is  greater  than  ♦/3, 
Coulomb's  equations  may  significantly  over¬ 
estimate  the  passive  pressures  (Terzaghi  and 
Peck,  1967).  The  values  for  6  used  in  design 
ranged  from  90  to  62  percent  of 


1204 


Development  of  passive  pressure  requires 
outward  movement  of  the  wall.  To  develop  full 
passive  pressure  in  the  dense  sands  near  the 
toe  of  the  wall  would  require  outward  movements 
of  20  to  25  cm,  2  percent  of  the  embedment 
length  fU.S.  Navy,  1982;  Lambe  and  Whitman, 
1969).  However,  the  fixed  earth  support  method 
used  in  design  assumes  toe  fixation  with 
virtually  no  outward  movement.  Thus,  a  factor 
of  safety  is  comonly  applied  to  the  passive 
forces.  The  design  computations  used  full 
passive  pressures  throughout  the  effective 
embedment  length.  Combined  with  the  inclusion 
of  wall  friction,  the  design  used  an  uncon¬ 
servative  estimate  for  passive  pressures 
(Luscher,  et  al,  19851. 

H- P i I e  Effect! veness 

The  modified  design  assumed  the  addition  of 
H-piles  would  extend  the  effective  length  of 
the  sheetpiles  and  resist  some  of  the  bending 
moment.  The  H-piles  were  driven  on  the  inside 
of  the  sheetpile  and  had  a  greater  section 
modulus  and  penetration  depth.  Because  the 
H-pile  is  stiffen  than  the  sheetpile  it 
provides  fixation  only  if  on  the  outside  of  the 
sheetpile;  otherwise  (as  in  this  case),  the 
sheetpile  will  move  away  from  the  H-pile  and 
the  fixed  earth  support  assumption  will  not  be 
achieved  (Ladd,  et  al,  1985). 

The  H-piles  are  effective  in  resisting  bending 
moment  by  reducing  the  soil  forces  acting  on 
the  sheetpile  at  the  location  of  the  H-pile. 
Thus  the  amount  of  bending  moment  reduction  is 
a  function  of  the  H-pilc  spacing  and  width 
rather  than  a  ratio  of  section  lof’uli  as 
assured  in  design. 


Figure  6.  Strength  of  Silt/Clay  Layer 
versus  Time 


Table  2.  Effect  of  Strength  and  Passive 
Pressure  Assumptions 
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Design  Evaluat i on 

The  original  and  modified  designs  were  re¬ 
analyzed  by  the  authors  using  an  IBM-PC 
version  of  BMCOL  (A  Program  for  Finite-Element 
Solution  of  Beam  Columns  with  Nonlinear 
Supports)  (Matlock  and  Haliburton,  1964).  The 
H-pile  and  the  sheetpile  were  modeled  as 
separate  entities  whose  deflections  had  to 
match  at  certain  points. 

The  designs  were  analyzed  using  the  original 
design  assumptions  and  yielded  results  similar 
to  those  in  the  design  calculations.  The 
effects  of  the  strength  of  the  silt/clay  and 
passive  pressure / f ixed  earth  support  as¬ 
sumptions  were  also  analyzed.  The  mobi¬ 
lization  of  passive  pressure  was  modeled  by 
iterative  so i I -s t rue t ure  interation  using  Q-lv 
n  oad-c'ef  I  ec  t  i  on)  curves.  The  results,  shown 
in  Table  2,  indicate  that  the  wall  was  under¬ 
designed  and  would  be  expected  to  fail. 

Fa  I  lure  Mode  I 

Fill  was  placed  behind  the  quay  wall  from 
September  to  December,  1982,  and  the  strength 
of  the  silt/clay  layer  increased  with  con¬ 
solidation,  as  illustrated  in  Figure  6.  This 
period  is  the  most  critical  in  determining  the 
anchor  rod  forces:  although  the  silt/clay 
continued  to  increase  in  strength  after 
filling  was  complete,  the  wall  deflections 
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Figure  7.  Computed  Anchor  P.od  Forces 
versus  Time 
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(and  thus  the  anchor  rod  extensions  and  forces) 
could  not  be  reduced  due  to  the  sand  fill. 
Figure  7  illustrates  the  increase  in  anchor 
forces  as  a  function  of  tine,  taking  into 
account  filling  levels  and  strength  gains. 

The  initial  tension  in  the  tie  rods  varied  due 
to  construction  techniques.  The  driving  of  the 
H-piles  which  forced  the  sheetpile  wall  outward 
and  the  initial  sag  of  the  tie  rods  prior  to 
fill  placement  introduced  the  greatest  degree 
of  variabiiity.  Subsequent  tightening  of  rods 
190  to  210  after  fill  placement  introduced 
additional  stresses  on  those  rods  (the  failed 
rods  were  201,  206,  207,  208,  213). 

Misalignment  of  the  anchor  rod  connections 
resulted  in  variability  of  the  ulti na  t e  force 
each  rod  could  withstand.  As  opposed  to  design 
assumptions,  soil  properties  are  not  uniform, 
and  therefore  pressures  on  the  wa I  I  varied  as 
well.  As  settlement  occurred  with  time,  the 
downward  force  added  additional  stress  on  the 
rods  which  were  already  near  their  failure 
threshold,  and  five  broke. 

As  the  wall  moved  forward,  additional  passive 
pressures  were  mobi  I  ized,  and  pressures  acting 
on  the  active  side  of  the  wall  were  reduced. 
The  H-piles  contributed  to  stabilizing  the  wall 
as  they  were  attached  to  the  sheetpile  by  the 
wale  beam.  However,  it  was  extremely  fortunate 
that  a  progressive  fai lure  did  not  occur. 

RELIEVING  PLATFORM 

A  relieving  platformwas  selected  for  repair  of 
the  wall,  with  design  beginning  in  January, 
1985,  and  construction  ‘from  March  to  August, 

1  985.  Tl’ie  original  (dilure  was  believed  to 
primarily  due  to  ove res t i na t i on  of  the  strength 
of  the  silt/clay  layer,  and  therefore,  conser¬ 
vative  estimates  of  the  initial  undrained 
strength  of  the  clay  (c  =  7.2  kPa ,  ♦  =  0°)  were 
used  for  the  relieving  platform.  The  resulting 
design  called  for  a  189-m  long  pile-supported 
structural  deck,  15  to  18  m  in  width,  as  shown 
in  Figure  8 . 

This  approach  failed  to  recognize  the  strength 
increases  in  the  silt/clay  due  to  consolidation 
under  the  fill.  The  shear  strength  of  this 
layer  is  estimated  to  be  c  =  95  to  50  kPa ,  i(i  = 
0°  one  year  after  the  fill  had  been  in  place. 
The  overall  relieving  platformwas  thus  overde¬ 
signed,  but  the  structural  deck,  designed  for 
normal  working  loads,  precluded  using  this 
portion  of  the  quay  wall  for  heavier  than 
normal  loads. 

CONCLUSION 

A  1500-m  long  anchored  bulkhead  experienced 
localized  anchor  rod  failures  several  months 
after  construction.  The  failure  was  due  to 
overly  optimistic  design  assumptions  regarding 
the  strength  of  a  thick  very  soft  silt/clay 
layer  and  the  mobilization  of  passive  pres¬ 
sures.  Other  factors,  such  as  sheetpile  toe 
fixation,  driving  of  H-piles  to  strengthen 
wall,  and  settlement  of  clay  layers  were 
contributing  factors.  The  wall  was  repaired  by 
constructing  a  relieving  platform  one  year 
after  failure.  The  platform  was  designed  for 
the  original  undrained  strength  of  the  clay 
layer  without  taking  into  account  the  effects 


of  soil  consolidation  and  strength  gains  which 
had  occurred. 
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SYNOPSIS 

This  case  study  presents  the  methods  that  were  used  successfully  to  redesign  and  monitor  the 
performance  of  a  flexible  cantilever  retaining  wall,  incorporating  an  in  situ  support  berm,  at  a 
site  where  thin,  weak  clay  layers  were  detected  in  the  foundation  during  construction.  A  potential 
mode  of  failure  termed  "berm-block  sliding",  whci.e  the  retaining  wall  pushes  out  the  entire  support 
berm  as  a  block  along  the  clay  layers,  governed  the  design  analysis.  Evidence  of  presheared  planes 
within  the  clay  layers  required  that  the  design  shear  strength  parameters  be  based  on  residual 
values.  The  clay  had  a  significant  cohesion  component  which  was  utilized  in  the  design  along  with 
an  observational  method  towards  construction  and  post-construction  behavior.  The  observational 
approach  included  a  comprehensive  instrumentation  and  monitoring  program  and  the  development  of  a 
remedial  stabilization  contingency  plan  to  be  implemented  if  necessary.  This  design  methodology 
resulted  in  significant  cost  savings. 


INTRODUCTION 

This  paper  presents  a  case  history  of  the 
design  and  performance  of  a  flexible 
cantilever  retaining  wall  constructed  at  the 
Syncrude  Canada  Limited  open  pit  oilsand  mine 
near  Fort  McMurray,  Alberta,  Canada.  In 
particular  the  influence  of  thin  clay  layers 
is  discussed. 

Syncrude  Canada  Ltd.  operates  a  mine  and 
processing  plant  in  which  bitumen  is  extracted 
from  the  mined  oilsand  and  upgraded  to  produce 
approximately  130,000  barrels  of  synthetic 
crude  oil  daily.  The  synthetic  crude  oil  is 
pumped  to  Canadian  refineries  for  further 
processing  through  a  pipeline  which  passes 
close  to  the  crest  of  the  overburden  slope 
along  the  northern  edge  of  the  mine. 
Overburden,  in  the  context  of  this  paper,  is 
the  material  overlying  feed-grade  oilsand. 
Another  pipeline,  which  supplies  natural  gas 
to  the  plant,  is  located  within  the  same 
pipeline  corridor. 

In  the  northwest  quadrant  of  the  mine  limited 
space  between  the  pipeline  corridor  and  the 
planned  location  of  the  in-pit  mine  conveyor 
system  made  excavation  of  a  stable  unsupported 
overburden  slope  impossible  and  necessitated 
the  construction  of  a  retaining  wall  which  is 
the  subject  of  this  paper.  It  was  very 
important  that  the  wall  provide  sufficient 
support  to  the  retained  soil  and  ensure  that 
differential  movement  of  the  piplines  would  be 
maintained  within  tolerable  limits  for  a 
scheduled  service  life  of  12  to  18  months.  A 
cantilever-type  retaining  wall  comprising 
soldier  piles  with  precast  concrete  lagging 
and  incorporating  an  in  situ  support  berm  was 
selected . 


Thin  clay  layers  were  discovered  in  the 
foundation  immediately  below  the  proposed 
support  berm  during  the  retaining  wall 
construction.  This  required  that  the 
retaining  wall  be  redesigned.  The  methods 
used  to  analyze  a  potential  "berm-block 
sliding"  mode  of  failure  for  this  situation 
and  the  selection  of  the  clay  shear  strength 
parameters  is  outlined.  Details  of  the 
original  and  final  retaining  wall  designs  are 
discussed.  Construction  costs  could  have  more 
than  doubled  if  it  had  not  been  possible  to 
construct  the  retaining  wall  with  a  wider 
support  berm  and  implement  an  observational 
method  towards  construction  and  post¬ 
construction  behavior.  This  included  an 
instrumentation  program  and  the  development  of 
a  contingency  plan  for  remedial  stabilization. 

Performance  of  the  wall  has  been  monitored 
during  and  after  construction  bi- 
instrumentation  which  includes  slope 
inclinometers,  survey  prisms  and  piezometers. 
The  instrumentation  results  were  analyzed  to 
ensure  the  reliability  of  the  retaining  wall 
structure.  The  information  from  the 
instrumentation  monitoring  provides  valuable 
details  on  horizontal  deformation  of  the 
retaining  wall  and  ground  deformation  behind 
and  in  front  of  the  wall  over  a  period  of  more 
than  twelve  months  since  construction.  An 
indication  of  existing  and  allowable  pile 
bending  stresses  was  obtained  by  computer 
modelling  in  which  pile  deformation  -was 
provided  by  an  attached  slope  inclinometer. 

The  discussion  in  this  paper  is  confined  to 
the  eastern  portion  of  the  retaining  wall 
which  incorporates  the  final  design  support 
berm.  Along  the  western  portion  of  the 
retaining  wall  the  support  berm  was  fully 
supported  by  unexcavated  overburden  material. 
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Fig.  1  Site  Plan  and  Instrunent  Locations 


SITE  DESCRIPTION 

The  general  topography  of  the  project  area 
prior  to  overburden  removal  and  retaining  wall 
construction  consisted  of  gently  undulating 
terrain  with  muskeg  and  tree  cover  crossed  by 
several  small  creeks  and  tributaries. 

Surface  details  of  the  site,  after  wall  con¬ 
struction  and  subsequent  overburden  removal, 
are  shown  on  the  site  plan  in  Figure  1.  The 
retaining  wall  was  constructed  along  the 
northern  mine  boundary,  within  the  overburden 
slope,  and  is  138  m  in  length  with  a  short 
wing  wall  at  the  western  end.  A  typical 
cross-section  through  the  wall  and  overburden 
slope  is  shown  in  Figure  2.  Overburden 
comprises  all  the  material  above  the  mine 
bench  elevation.  In  front  of  the  wall  is  a 
support  berm  approximately  5  m  in  height  with 
a  bench  width  of  9  to  12  m.  The  mine  conveyor 
system  is  located  to  the  south  of  the  support 
berm.  The  retaining  wall  supports  the 
overburden  soils  to  the  north  by  means  of  a 
3  m  high  cantilever  section  comprising 
reinforced  concrete  lagging  panels  and  steel 
I-section  soldier  piles  placed  at  3  m  centres. 
The  ground  slopes  upward  to  the  north  to  a 
maximum  height  of  about  4.5  m  above  the 
concrete  lagging  panels,  where  it  reaches  the 
southern  edge  of  a  10  m  wide  pipeline 
corridor.  Two  pipelines  are  located  within 
the  corridor  at  a  depth  of  about  3  m  below 
ground  surface;  a  0.51  m  diameter  pipeline 
which  carries  synthetic  crude  oil  from  the 
plantsite  to  Edmonton  and  a  0.41  m  diameter 
pipeline  which  supplies  the  plant  with  natural 
gas . 


To  the  east  of  the  retaining  wall  the 
overburden  height  decreases  considerably  and 
is  sloped  at  about  2.5(H) :1(V)  to  a  toe  ditch 
north  of  the  conveyor  access  road.  Approxi¬ 
mately  35  m  of  the  western  portion  of  the 
retaining  wall  is  partially  buttressed  by  a 
stable  composite  slope  of  6(H) :1(V)  reducing 
to  3(H) :1(V)  towards  a  toe  ditch  on  the  mine 
bench. 


^IIE  &  LAGGING 
{I  JO»  5m  — 

STAGE  I  tXCAWlON^^ES  INSIAUED 


stage  ?  EXCAVATION  •  LAOG»<G  INSTAIIEP 


STAGE  I  EXCAVATION  MAKH  tE.I9«6 
PILES  INSUuiD  AP«ll8-20.m6 

STAGE  2  EXCAVATION  A  LAGGING  INSTALLED  APRl  2S  -  MAT  20  1986 
STAGE  3  EXCAVATION  MAT  22. 1916 


Typical  Cross-Section  Through  the 
Retaining  Wall  and  Overburden  Slope 


SITE  INVESTIGATION 


The  geological  conditions  at  the  site  were 
interpreted  from  boreholes  and  test  pits. 
Details  of  the  geology  are  shown  on  the 
longitudinal  section  in  Figure  3  . 
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Fig.  3  Geology  Longitudinal  Section  L-L' 


The  initial  information  on  the  subsurface 
ground  conditions  was  provided  by  four 
auger-drilled  boreholes  with  Standard 
Penetration  Testing  and  sampling.  Based  on 
this  information  the  stratigraphy  was  found  to 
comprise  very  dense  oilsand  which  is  a 
bituminous  silty  sand,  the  upper  part  of  which 
has  a  bitumen  content  of  less  than  8%.  The 
oilsand  is  overlain  unconformably  by  2.8  to 
3.5  m  of  dense  glauconitic  sandy  silt  and 
clay,  including  a  300  mm  thick  siltstone 
layer.  Glaciation  has  eroded  the  original 
bedrock  surface  and  deposited  2  to  5  m  of 
stiff  clay  till  and  medium  dense  to  dense 
gravelly  sand  till  which  are  covered  in  places 
by  recent  fill  consisting  of  a  mixture  of 
loose  to  medium  dense  silty  sand  with  rock 
fragments . 

After  installation  of  the  piles  had  been 
completed  additional  information  was  obtained 
from  a  further  subsurface  investigation  in  the 
retaining  wall  area.  This  investigation  was 
carried  out  after  site  investigation  results 
from  another  part  of  the  mine  indicated  that 
thin  weak  clay  layers  may  be  present  within 
the  upper  part  of  the  relatively  high  strength 
oilsand.  The  drilling  of  four  coreholes, 
excavation  of  two  test  pits  and  detailed 
geological  logging,  followed  by  laboratory 
testing  of  samples,  confirmed  that  thin  silty 
clay  layers  were  present  within  a  relatively 
thin  zone  of  less  than  1  m  thickness,  that 
could  influence  the  stability  of  the  proposed 
retaining  wall.  Individual  clay  layers  were 
found  to  be  generally  less  than  100  mm  thick, 
soft  to  firm  and  characteristically 
bioturbated  with  silt  and  sand  inclusions. 
Evidence  of  pre-sheared  planes  within  the  clay 
layers  was  observed  in  one  test  pit  and  was 
confirmed  by  direct  shear  testing  performed 
along  these  planes.  Laboratory  tests  indicate 
the  clay  has  a  representative  natural  moisture 
content  of  22%,  a  liquid  limit  of  50%  and  a 
plastic  limit  of  25%.  Particle  size 
distribution  is  varied  with  a  representative 
gradation  of  63%  silt  and  37%  clay. 

The  groundwater  conditions  at  the  site  were 
monitored  by  several  pneumatic  piezometers 
installed  at  various  depths.  Piezometer  data 
indicated  piezometric  levels  about  4  to  5  m 
below  the  original  ground  surface. 


ORIGINAL  WALL  DESIGN 

The  basic  wall  design  considered  in  both  the 
original  and  final  design  consists  of 
reinforced  concrete  lagging  panels  installed 
down  to  elevation  30o.0  m.  The  lagging  panels 
fit  between  steel  I-section  soldier  piles 
concreted  up  to  elevation  305.0  m  in  0.9  m 
diameter  prebored  auger  holes  which  are  spaced 
at  3  m  centres.  The  I-section  used  for  the 
piles  was  a  W610  x  179  which  has  a  depth  of 
0.61  m  and  a  width  of  0.3  m.  The  retaining 
wall  design  details  are  shown  on  the 
cross-section  in  Figure  2  with  the  original 
berm  design  shown  by  a  dashed  line. 

Soil  Pressure  Distribution 

The  soil  and  net  water  pressure  distributions 
associated  with  the  original  design  are 
provided  in  Figure  4.  The  net  water  pressure 
is  the  water  pressure  remaining  after 
cancellation  of  equivalent  water  pressures 
acting  on  each  side  of  the  wall.  For  ease  of 
presentation  the  active  soil  pressure 
distribution  has  been  corrected  by  cosine  21° 
corresponding  to  the  slope  of  the  ground 
behind  the  retaining  wall  to  align  forces  in 
the  horizontal  direction  and  the  passive  soil 
pressure  distribution  has  also  been  corrected 
by  cosine  20°  corresponding  to  the  Coulomb 
friction  assumed.  Lateral  pressures  which 
include  active  and  passive  soil  pressures  and 
water  pressures  acting  from  308.5  m  down  to 
305.0  m  were  considered  to  act  over  a  3.0  m 
width  per  soldier  pile  except  for  the  passive 
resistance  of  the  soil  from  elevation  305.5  m 
to  305.0  m.  Lateral  pressures  and  water 
pressures  below  alevation  305.0  m  were 
considered  to  act  over  a  1.17  m  width  per 
soldier  pile,  which  is  0.9  m  times  1.3,  an 
empirical  factor  modified  from  that 
recommended  by  Colder  and  Seychuk  (1967).  The 
passive  soil  resistance  between  elevations 
305.5  and  305.0  m  was  considered  to  act  over  a 
1.17  m  width  per  soldier  pile.  The  assumed 
area  of  influence  for  the  lateral  pressures 
acting  on  the  piles,  as  given  in  Figure  5  case 
(a),  is  included  in  pressure  distributions 
shown  in  Figure  4. 


Fig.  4  Soil  and  Net  Water  Pressure 

Distribution  for  the  Original 
Retaining  Wall  Design 


Design  Parameters  and  Analysis 

The  original  design  parameters  used  for  the 
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Fig.  5  Assumed  Area  of  Influence  for  Lateral 
Pressures  Acting  on  Piles  for  Modes 
of  Failure  Considered 


various  soil  types  are  provided  in  Table  1. 

The  at-rest  earth  pressure  coefficient  (Ko) 
prior  to  wall  construction  for  the  glauconitic 
sandy  silt  and  clay  and  the  oilsand  is  in  the 
order  of  2.0  to  5.0  as  indicated  by  previous 
studies  at  the  mine  site.  Active  earth 
pressure  conditions  are,  however,  expected  to 
be  mobilized  for  a  cantilevered  retaining 
wall.  It  was  considered  that  the  oilsand 
immediately  behind  the  retaining  wall  would 
stress  relieve  resulting  in  an  effective 
friction  angle  (,^')  of  44°  which,  with  a  slope 
surcharge  (B)  of  21°,  gives  an  active  earth 
pressure  coefficient  (Ka)  of  0.21,  for  Rankine 
assumptions.  For  design  purposes  a  Ka  value 
of  0.3  was  adopted  for  oilsand.  The  passive 
earth  pressure  coef f icient (Kp)  of  oilsand  was 
not  required  as  the  Culmann  Graphical  Method, 
as  it  applies  to  support  berms,  was  used  to 
determine  the  passive  resistance.  (Navfac 
Manual,  1982)  This  method  was  used  due  to  the 
difficulty  of  determining  a  passive  earth 
pressure  coefficient  for  a  berm  geometry. 

The  calculated  factors  of  safety  are  provided 
in  Table  2  for  the  failure  conditions 
considered.  The  factors  of  safety  against 
overturning  are  based  on  net  water  pressures. 

A  guideline  for  the  maximum  allowable  pipeline 
movement  was  established  by  Lamb  McManus 


Associates  Ltd.  Based  on  a  formula  provided 
by  them  differential  movement  along  the  length 
of  the  pipeline  was  to  be  less  than  175  mm  for 
a  10  m  section. 


Table  1:  Design  Parameters  Used  in 
Original  Design 


Soil  Type 

Effective 

Shear 

Strength 

0' 

Bulk 

Density 

(kN/m3) 

Ka 

(B  =  21°) 

Fill 

32° 

19 . 7 

Till 

32° 

21.2 

0.38 

Sandy  Silt  and 

25° 

19 . 7 

0.57 

Clay 

Oi Isand 

a)  in  situ 

50° 

21.2 

0.30 

b)  in  situ  but 

stress  relieved 

44° 

21.2 

0 .30 

Table  2:  Factors  of  Safety  Against  Failure 
for  Original  Design 


Failure  Condition 

Required 
Factor  of 
Safety 

Minimum 
Calculated 
Factor  of 
Safety 

Retaining  wall 
overturning 

1.5 

1.62 

Overall  slope 
stability 
(under  soldier 
piles) 

1.5 

2.35 

Upper  slope 
stability  for 
failure  involving 
the  pipelines 

1.5 

2.01 

Upper  slope 
stability  for 
failure  not 
involving  the 
pipelines 

1.3 

1.39 

Lower  slope 
stabi lity( support 
berm  slope) 

1.5 

1.48 

FINAL  WALL  DESIGN 
Design  Changes 

The  detection  of  thin  clay  layers  of  low 
strength,  within  and  directly  under  the 
proposed  in  situ  oilsand  berm,  substantially 
reduced  the  lateral  support  the  berm  would 
have  provided  to  the  retaining  wall.  A 
redesign  of  the  retaining  wall  was  therefore 
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required  to  ensure  an  adequate  factor  of 
safety  aqainst  overturning.  The  clay  layers, 
which  occur  in  a  thin  zone  of  about  1  m 
thickness,  also  extended  behind  the  retaining 
wall  structure  so  all  modes  of  failure 
previously  considered  in  the  original  design 
had  to  be  rechecked.  Since  excavation  of  the 
in  situ  support  berm  had  not  started  enlarging 
the  proposed  support  berm  was  an  economical 
and  quick  solution  which  would  allow  mining 
activities  to  continue  on  schedule  but  with 
reduced  access  for  conveyor  maintenance  and 
cleaning . 

A  typical  cross-section  of  the  cantilever 
retaining  wall  that  was  constructed  based  on 
the  design  changes  is  shown  in  Figure  2.  The 
only  changes  from  the  original  design  is  the 
width  of  the  support  berm. 

Methods  of  Analysis 

With  the  discovery  of  the  clay  layers  a  new 
mode  of  failure  involving  overturning  had  to 
be  considered.  The  failure  mode  can  best  be 
described  as  berm-block  sliding  in  which  the 
retaining  wall  pushes  on  the  support  berm, 
causing  it  to  move  out  as  an  entire  block 
sliding  on  the  clay.  This  means  that  all  the 
water  pressure  and  the  active  soil  pressures 
behind  the  soldier  piles  down  to  the  clay 
layer  elevation  had  to  be  included  in  the 
driving  forces  as  shown  in  Figure  5  case  (b) . 
It  has  been  assumed  that  the  very  dense  and 
high  strength  oilsand  would  arch  between  the 
piles . 

The  forces  resisting  overturning  consist  of 
the  shear  resistance  mobilized  along  the  clay 
layer,  any  passive  resistance  developed  in  the 
oilsand  at  the  toe  of  the  sliding  block  where 
clay  layers  are  below  the  final  ground 
elevation,  the  passive  soil  resistance  in 
front  of  the  soldier  piles  for  the  portion  of 
the  pile  embedded  below  the  ciay  layer  zone 
and  the  partially  balancing  water  forces.  The 
actual  support  provided  is  dependent  on  the 
elevation  of  the  clay  layer  zone  in  relation 
to  the  elevations  of  the  toe  of  the  berm  and 
the  base  of  the  soldier  piles. 

Selection  of  Clay  Laver  Shear  Strength 
Parameters 

The  selection  of  the  clay  shear  strength 
parameters  used  in  the  analyses  of  overturning 
and  stability  were  based  on  the  results  of 
direct  shear  tests.  Evidence  of  pre-shearing 
in  some  clay  samples  required  that  residual 
shear  strength  parameters  be  used  in  the 
analyses.  The  residual  strength  as  shown  in 
Figure  6  demonstrated  a  significant  (apparent) 
effective  cohesion  component  (Cj-')  of 
lOkPa.  Lupini  (1981)  refers  to  it  as  an 
apparent  cohesion  intercept  and  uses  a  secant 
angle  of  shearing  resistance  (  /^rs')  equal 
to  tan“^  (shear  resistance  divided  by  normal 
stress),  which  is  normal  stress  dependent,  for 
the  shear  strength  in  his  work.  Williams 
(1980)  suggests  there  is  some  doubt  as  to 
whether  the  cohesion  intercept  can  be  viewed 
as  true  cohesion  but  postulates  that  the 
ploughing  effect  of  a  sand  fraction  on  the 
shear  planes  displaces  softer  clay  and  it  is 
this  carving  of  the  sand  grain  into  the  clay 


that  produces  the  cohesion  intercept. 

Skempton  (1985)  gives  the  residual  strength 
versus  the  normal  effective  pressure  for  most 
clays  as  a  non-linear  relationship  and 
expresses  the  residual  strength  as  the  secant 
angle  of  shearing  resistance.  He  also 
suggests  that  for  design  purposes  it  is  often 
useful  to  take  a  "best-fit"  linear  envelope 
over  the  range  of  pressures  involved,  using 
both  the  effective  cohesion  and  effective 
angle  of  shearing  resistance. 


Fig.  6  Clay  Layer  Shear  Strength  Parameters 


By  establishing  an  instrumentation  program  and 
remedial  stabilization  plan  the  selection  of  a 
less  conservative  design  was  implemented  in 
which  full  cohesion  is  used  from  the  measured 
residual  shear  strength  parameters  for  the 
clay  of  Cr’  =  10  kPa,  0^'  =  9°.  This 
represents  the  lower  bound  linear  envelope  for 
the  residual  shear  strength  of  the  clay.  The 
use  of  all  the  cohesion  for  the  clay  layers  in 
front  of  the  retaining  wall  for  long  term 
design  was  a  concern  due  to  the  sensitivity  of 
the  design  to  the  cohesion  value  used  and  the 
possibility  of  further  reductions  in  cohesion 
in  low  stress  areas,  which  is  difficult  to 
test  in  the  laboratory.  Significant  stress 
relief  of  the  oilsand  and  clay  layers  in  front 
of  the  wall  is  expected  due  to  excavation  and 
for  long  term  design  a  reduction  in  effective 
cohesion  to  Cj-'=0  was  considered. 

No  loss  of  cohesion  is  assumed  behind  the 
retaining  due  to  the  dowelling  effect  of  the 
soldier  piles  through  the  clay  layers  and 
minimal  stress  relief  due  to  the  minor 
excavation  of  the  supported  slope.  Hubbard, 
et  al  (1984)  also  used  both  effective  cohesion 
and  the  effective  angle  of  shearing  resistance 
for  short  term  retaining  wall  design 
considerations . 

Low  calculated  factors  of  safety  for  the  short 
term  and  factors  of  safety  below  1.0  for  long 
term  analyses  made  it  imperative  to  have  a 
contingency  plan  for  remedial  stabilization 
ready  to  implement  if  required.  Since  any 
loss  of  cohesion  due  to  stress  relief  of  the 
clay  layers  in  front  of  the  retaining  wall  was 
expected  to  occur  over  a  period  of  time,  and 


1213 


would  not  be  instantaneous,  proper  evaluation 
and  interpretation  of  the  monitoring  results 
would  provide  adequate  time  to  implement  the 
contingency  plan.  The  contingency  plan 
consisted  of  a  semi -cont i nuous  cast-in-place 
reinforced  concrete  pile  shear  wall  to  be 
installed  through  the  support  berm  in  front  of 
the  retaining  wall,  if  required. 

Soil  Pressure  Distribution 

The  soil  and  net  water  pressure  distributions, 
for  a  clay  layer  at  an  elevation  of  299.5  m, 
are  provided  in  Figure  7.  For  the  block  of 
soil  above  the  clay  layer  in  front  of  the  wall 
no  Coulomb  friction  was  used  on  the  back  of 
the  block.  The  passive  soil  resistance 
developed  in  the  oilsand  at  the  toe  of  the 
sliding  block  from  elevation  300.5  to  299.5  m 
is  included  in  the  block  resistance  since  its 
action  is  to  support  the  block  which  in  turn 
supports  the  retaining  wall.  From  elevation 
308.5  m  down  to  the  clay  layer  at  299.5  m  all 
lateral  pressures  are  considered  to  act  over  a 
3.0  m  width  per  soldier  pile.  Below  the  clay 
layer  the  lateral  pressures  are  considered  to 
act  over  a  1.17  m  width  per  soldier  pile. 


Fig.  7  Soil  and  Net  Water  Pressure 

Distribution  for  the  Final  Retaining 
Wall  Design  for  the  Clay  Layer  at 
299.5  m 


Design  Parameters  and  Analysis 

The  soil  parameters  used  in  the  final  design 
are  provided  in  Table  3.  The  Ka  values  given 
in  Table  3  are  based  on  a  surcharge  slope 
angle  (B)  of  21°.  The  Kp  value  for  oilsand  is 
required  to  calculate  passive  resistance 
provided  by  the  oilsand  at  the  toe  of  the 
sliding  block  where  the  clay  layer  zone  is 
below  the  final  grade  and  for  calculating 
passive  resistance  in  front  of  the  soldier 
piles  for  pile  embedments  below  the  clay.  For 
design  purposes  a  Kp  value  of  10  was  adopted. 
This  value  was  obtained  by  Coulomb's  method 
using  an  effective  friction  angle  of  44°  for 
stress  relieved  oilsand  and  an  angle  of  wall 
friction  (5  )of  20°  with  a  factor  of  safety  of 
1.5  applied.  Earth  pressure  coefficients  are 
not  applicable  for  the  relatively  thin  clay 
layer  zone.  For  the  effect  of  a  potential 
berm-block  sliding  failure  mode  due  to  the 
presence  of  clay  layers  the  analysis  is 
dependent  on  the  shear  strength  parameters 
selected  for  the  clay  layers. 

Table  4  gives  factors  of  safety  for  the  clay 
layers  at  elevation  299.5  m,  300.5  m  and  297.3 
m  in  which  calculations  are  based  on  Ka  values 
corresponding  to  rr  .-ective  surcharge  slope 
angles  of  21°,  16°  oud  14°.  The  factors  of 


safety  for  the  original  design  support  berm 
geometry,  based  on  the  clay  layer  at  an 
elevation  of  299.5  m  ,  is  also  provided  for 
comparison.  The  calculations  of  the  factors 
of  safety  against  overturning  were  performed 
using  the  net  water  pressure. 


Table  3:  Design  Parameters  Used  in  Final  Design 


Soil  Type 

Effect 
Shear 
Strent 
c  ' 

(kPa) 

:i  ve 

3th 

0' 

BuLk 

Density 

kN/m3 

Ka 

8=  0 

B  =21° 

Kp 

S  =20° 

B  =0° 

Fill 

0 

32° 

19 . 7 

Till 

0 

32° 

21.2 

0 .38 

- 

Sandy  Silt 
and  Clay 

1 

0 

25° 

19 . 7 

0.57 

- 

Oilsand 

a) in  situ 

b) in  situ 

0 

50° 

21.2 

0 . 30 

but  stress 
relieved 

0 

44° 

21.2 

0 .30 

10 

Clav  Lavers 

a) behind  wall 

b) in  front 
of  wall 

10 

9° 

19 . 7 

i)short 

term 

10 

9° 

19.7 

- 

- 

ii)long  term 
term 

0 

9° 

19.7 

INSTRUMENTATION  PROGRAM 

The  location  of  the  instrumentation  is  shown 
on  the  site  plan  in  Figure  1  and  on  the 
longitudinal  section  in  Figure  3. 

Slope  inclinometers  (SI)  501  and  503  were 
installed  approximately  1.5  m  behind  the 
retaining  wall  to  check  any  movement  due  to 
deep  instability  below  the  pile  embedment  and 
to  monitor  the  soil  movement  directly  behind 
the  retaining  wall  lagging.  ST  502  and  513 
were  attached  to  the  inside-edge  of  the  back 
flange  of  the  pile  I-sections  to  provide  the 
shape  of  deflection  including  the  point(s)  of 
inflection  of  the  piles.  SI  504,  505  and  506 
were  primarily  installed  to  monitor  soil 
movements  in  front  of  the  pipelines.  SI  530, 
531,  532  and  533  were  installed  five  days 
after  final  excavation  of  the  support  berm  to 
monitor  movements  of  the  support  berm  along 
the  thin  clay  layers.  SI  529  and  534  were 
installed  33  and  27  days  after  the  final 
excavation  of  the  support  berm  to  provide  more 
coverage  to  the  west. 

Optical  survey  prisms  (PZ)  9,  22,  34  and  44 
were  bolted  to  brackets  welded  0.3  m  below  the 
top  of  selected  piles.  They  were  installed 
prior  to  the  removal  of  any  soil  in  front  of 
the  retaining  wall,  with  the  exception  of 
PZ  9,  and  were  used  to  check  horizontal 
deflection  of  the  top  of  the  piles.  PZ  22B  and 
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Table  4; 


iTators  ot  Safety  Aqainst  Failure  Conditions  Considered 
1 1-.  Aiialye  ;na  Final  nosiqn 
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'final  design 

1  for  the  clay 

1  layer  at 
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1  Factors  of 

1  safety  for 
! final  design 

1  for  the  .  i ay 

1  layer  at 
!  297.3  m 

Rotair,  :riq  wal 

1  ova r  t  ur  n  i  riq 
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'Term  !  Term 
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1  Term 
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!  Term 

1  Short 

1  Term 

1  Long 
!  Term 

1  Short 

1  Term 

1  Long 

1  Term 
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1  1.26 
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! 

1  1.48 

1 

1  0.29 

1 

1  1.45 

1 
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1 
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J 

1  > 
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1 
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1 

! 
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1 
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! 
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1 
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f 

> 
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1 

1 
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fine,  the  pipeline 

1 

1 

1 
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1 

1  > 
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1 

1  > 
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[ 
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the  Pipeline 

1 

1 

! 

1 

1 

1 

1  Sho''t  '  Lonq 

'  Short 

!  Lonq 

1  Short 

Long 

!  Short 

i  Long 

r.cwcr  sSlcp^.'  f 

a  b  lilt  y 

'  Term  !  Term 

Te  rm 

1  Term. 

1  Term 

1  Term 

Term 

1  Term 
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1.30  1  0.72 

!  1.6 

1  0.8 

1  1.7 

1  0.6 

:  2.1 

1  1.9 
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Kotes:  ;c)  Short  term  uses  the  ciay  layer  shear  strength  of  Cj-'  =  10  kFa  and 

(b)  I.or.a  teriT  uses  the  clay  layer  shear  strength  of  Cj-'=0  kPa  and  0j-'=9°  for 

clay  layers  in  front  of  the  wall  and  Ci-'=  10  kPa  and  0j~'=9°  for  clay  layers 
hchinci  the  retaining  wall. 


39B  were  installed  0.3  m  above  the  support 
berm  approximately  6  days  after  the  soil  was 
removed  from  in  front  of  the  wall.  These 
prisms  were  installed  to  check  the  deflection 
of  the  lower  exposed  section  of  the  piles. 

Pneumatic  piezometers  (PN)  507  and  508  were 
insta;  id  during  construction  to  confirm 
design  piezometric  levels  behind  the  retaining 
wall.  PN  574  was  installed  in  the  support 
berm  to  provide  information  on  pore  pressure 
dissipation  in  the  oilsand. 

Inst  r  ume  n  tai  ion  _  R  e  siiit  s. 

The  slope  inclinometers  were  read  on  average 
every  10  days.  Readings  were  taken  at  0.6  m 
intervals  for  the  entire  depth  except  SI  502 
and  513  which  were  read  at  0.3  m  intervals. 
Incremental  and  cumulative  displacement  plots 
were  regularly  updated  for  each  SI. 

Incremental  displacement  represents  the  lateral 
differential  movement  occurring  at  each 
interval  measured.  Cumulative  displacements 
are  the  sum  of  the  incremental  displacements 
starting  from  the  bottom  of  the  slope 
inclinometer.  The  cumulative  displacements 
determined  tor  any  elevation  will  represent 
the  total  lateral  ground  movement  occurring  at 
that  point.  This  assumes  the  slope 
inclinometer  has  been  anchored  sufficiently 
deep  that  no  lateral  displacement  is  occurring 
in  the  ground  below.  The  slope  inclinometers 
ate  generally  read  to  1.2  m  below  the  top  of 
the  SI  casing  due  to  equipment  restrictions. 
Figure  8  and  Figure  9  show  the  cumulative 
displacements  for  the  slope  inclinometers 
installed  along  cross-sections  A-\'  and  B-B' 
as  shown  on  the  site  plan  in  Figure  1. 
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Fig.  8  Cross-Section  A-A'  Instrumentation 
Results 
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Fig.  9  Cross-Section  B-B'  Instrumentation 
Results 
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Slope  inclinometer  readings  indicated  movement 
occurring  on  discrete  planes,  within  a  zone 
less  than  0.6  m  thick,  corresponding  to  the 
location  of  the  clay  layer  zone.  At  these 
critical  depths  incremental  displacement  was 
monitored  closely  with  particular  checks  made 
of  movement  velocity.  Figure  10  shows  the 
change  in  incremental  displacement  with  time 
for  SI  530,  531,  532  and  533  for  the  critical 
depths.  The  velocity  is  the  slope  of  the 
lines  connecting  the  readings  and  the  change 
in  velocity  is  given  by  the  change  in  slope  of 
the  lines. 


_  — 51  531  otEI  3004n, 

SI  530  at  El  300  2iti 


2 

UJ 

s 


19B6  1967 

--  51  533otEl  2995m 


SI  532otEI  2989m 
—  SI  532  at  El  2995m 


Fig.  10  Incremental  Displacement  Along 

Critical  Movement  Planes  Measured  by 
Slope  Inclinometers 


Figure  11  gives  an  indication  of  the  outward 
movement  of  the  soil  immediately  behind  the 
top  of  the  retaining  wall  shown  by  SI  501  and 
503  and  deflection  of  the  top  of  the  wall  is 
shown  by  SI  502. 

Figure  12  shows  the  cumulative  displacement 
profile  of  SI  502  and  the  associated  prism 
deflection.  This  is  compared  to  the  allowable 
deflection,  calculated  by  computer  modelling 
of  the  observed  pile  deflection  discussed  in 
the  following  section. 

Individual  prism  deflection  readings  are  shown 
in  Figure  13  which  also  shows  the  deflection 
of  the  top  of  the  retaining  wall  indicated  by 
prisms  P2  9,  22  and  34. 

Piezometer  readings  for  the  piezometers 
installed  behind  and  in  front  of  the  wall  are 
provided  in  Figure  14. 


1986  1987 


Fig.  11  Cumulative  Displacement  1.2  Meters 
Below  the  Top  of  the  Retaining  Wall 
Measured  by  Slope  Inclinometers 


DISPLACEMENT  (mm) 

Fig.  12  Profile  of  Allowable  Pile  Deflection 
Based  on  SI  502  and  PZ  22  Field 
Measurements  and  Computer  Modelling 


1986  1987 


Fig.  13  Deflection  of  Top  of  Piles  Measured  by 
Prisms 
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1986  1987 

Fig.  14  Piezometric  Levels 


Discussion  of  Instrumentation  Results 

A  comprehensive  instrumentation  program  should 
provide  data  necessary  for  an  effective 
observational  method  towards  construction  and 
post-construction  behavior  in  which  lower 
factors  of  safety  are  accepted  in  design  so 
long  as  an  established  contingency  plan  for 
remedial  stabilization  can  be  implemented 
before  failure.  In  this  case  two  weeks 
advanced  warning  would  have  been  required  to 
implement  remedial  stabilization.  The 
observational  approach  consisted  of  (i) 
monitoring  changes  in  slope  inclinometer 
movement  velocity  at  the  critical  movement 
depths  and  (ii)  evaluating  the  stress 
conditions  of  monitored  piles  when  significant 
movements  were  experienced.  Criteria  were 
established  which,  if  exceeded,  would  trigger 
thorough  examination  of  the  situation  and  if 
necessary  the  implementation  of  the 
contingency  plan. 

The  movement  velocity  criteria  required  that 
detailed  assessment  would  be  required  if  the 
velocity  for  any  movement  depth  increased 
above  the  original  recorded  velocity  and  the 
incremental  displacement  exceeded  a  total  of 
15  mm.  The  results  of  the  time  displacement 
plots  in  Figure  10  show  that  the  velocity  at 
the  critical  movement  depths  decreased  more 
slowly  for  SI  531  and  533  which  are  located 
furthest  from  the  wall  and  closer  to  the 
stress-free  surface  of  the  support  berm  face. 
Movement  velocities  stabilized  after  50  days 
and  117  days  respectively.  The  movement  did 
not  correlate  to  rainfall  or  temperature.  The 
maximum  velocity  recorded  was  0.3  mm/day  in 
SI  533  and  the  greatest  displacement  was  11  mm. 
Total  displacement  may  have  been  slightly  more 
because  the  slope  inclinometers  were  not 
installed  until  several  days  after  excavation. 
Extrapolating  back  (assuming  initial  recorded 
velocity)  to  the  time  of  excavation  indicated 
that  additional  displacement  ranging  from  12 
to  19%  of  the  total  incremental  displacement 
could  have  occurred.  Considerable  expertise 
in  the  installation  and  monitoring  of  slope 
inclinometers  has  been  developed  in  the  course 
of  their  extensive  use  within  the  mine  at 
Syncrude  Canada  Ltd.  The  accuracies  of  the 
incremental  displacement  readings  presented  in 
Figure  10  are  better  than  plus  or  minus 
0.6  mm. 


Although  movement  velocities  had  stopped  by 
November,  19S6  there  was  a  concern  that 
movement  may  be  re-initiated  in  the  spring  due 
to  the  freeze/thaw  effects  reducing  the  shear 
strength  and  increasing  pore  water  pressures 
of  the  clay  layers  under  the  support  berm.  It 
was  also  considered  possible  that  an  increase 
in  loading  onto  the  back  of  the  retaining  wall 
may  occur  in  the  winter  due  to  frost  heave  and 
in  the  spring  due  to  freeze/  thaw  effects 
helping  to  break  down  the  retained  soil  and 
increasing  the  pore  water  pressures.  This  was 
postulated  since  there  were  indications  that 
the  maximum  load  was  not  acting  on  the  wall  as 
shown  by  the  results  of  computer  modelling 
discussed  below. 

No  significant  movement  which  may  indicate 
buckling  of  the  pile  was  observed  in  SI  502  on 
the  inside  flange  of  the  pile  at  the  depth  of 
the  clay  movement  planes,  although  the 
deflection  profile  in  Figure  12  indicates  a 
berm-block  sliding  influence  as  opposed  to 
solely  passive  resistance  influence.  This  is 
suggested  by  a  slight  bend  near  the  clay  layer 
zone. 

For  the  pile  length  and  size  used  in  the  wall 
construction  it  was  estimated  that  the  piles 
could  deflect  between  25  mm  to  50  mm  at  the 
top  although  retaining  wall  deflections  are 
difficult  to  determine  because  of  the 
difficulty  in  predicting  soil/structure 
interaction  and  the  influence  of  construction 
methods  and  timing.  It  was  decided  that  if 
deflection  of  the  top  of  the  pile  exceeded 
25  mm  the  pile  would  be  stress  analysed.  When 
this  occurred  a  computet  program  was  used  that 
could  determine  the  shear  forces,  shear 
stresses,  bending  stresses,  bending  moments 
and  deflection  of  a  beam  with  given  section 
properties  along  its  length,  under  a  given 
loading  condition.  Using  the  P-Frame  computer 
program  and  a  "trial  and  error  approach" 
different  load  combinations  were  applied  to 
the  simulated  pile  until  the  deflection 
profile  generated  by  the  load  combinations 
matched  the  deflection  profile  measured  in  the 
field  by  SI  502  and  PZ  22.  The  existing 
stresses  in  the  pile  could  then  be  determined 
from  the  modelled  deflection  profile.  It  was 
calculated  that  the  allowable  bending  moments 
in  the  steel  and  concrete  section  of  the  pile 
would  be  reached  at  2.5  times  the  modelled 
deflection  profile.  Any  significant  change  in 
the  deflection  profile  measured  in  the  field 
would  require  a  revised  computer  analysis. 

The  existing  calculated  stress  versus 
allowable  stress  conditions  are  given  in  Table 
5. 

The  maximum  stress  condition  occurred  on  or 
about  March  18,  1987  and  although  the  bending 
moments  were  not  rigidly  calculated  for  this 
date  extrapolation  of  the  Jan.  3,  1987  reading 
gives  the  critical  bending  moment  at  slightly 
more  than  40%  of  the  allowable.  There  was  a 
partial  reversal  in  the  deflection  profile  of 
the  piles  after  the  winter  as  shown  in 
Figure  11  and  Figure  13.  This  was  most  likely 
due  to  elastic  rebound  of  the  piles  following 
the  removal  of  frost  heave  effects.  The 
largest  measured  deflection  of  the  retaining 
wall  was  33  mm. 
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Table  5:  Calculated  Stress  Conditions  for 
Pile  Monitored  by  SI  502  and  PZ  22 


Date 

Steel  only  Section 

of 

Existing/Allowable  (%) 

Reading 

Maximum 
Shear  Stress 

Maximum 
Bendino  Stress 

Jan  03/87 

26 

21 

Mar  18/87 

30 

25 

Date 

1  Steel  and 

Concrete  Section 

of  ! 

1  Existing/Allowable  (%) 

Maximum 

Maximum 

Reading  j 

i-Sh ea  r  Fo  rce 

Bendino  Moment 

Jan  03/87  j 

16 

1  37 

Mar  18/87 

The  piezometer  readings  for  PN  507  and  508 
have  shown  that  the  design  piezometric  levels 
may  have  been  0.5  m  to  1  m  too  high.  PN  574, 
which  was  installed  63  days  after  the  support 
berm  was  excavated,  showed  very  slow 
dissipation  of  the  pore  water  pressures  in  the 
in  situ  oilsand  and  quick  recharge  back  to  the 
elevation  of  the  top  of  the  support  berm 
following  rainfall  which  confirms  the  original 
design  assumption. 

Although  movement  occurred  along  the  clay 
layers  within  the  support  berm  no  failures  or 
surface  cracking  occurred.  The  majority  of 
the  movement  is  considered  to  be  due  to  stress 
relief  from  the  excavation,  with  only  minor 
effects  from  the  retaining  wall  loading.  The 
pile  deflection  profile  suggested  a  berm-block 
sliding  influence  in  the  deflection  curvature. 
No  major  deformation  of  the  retaining  wall  or 
individual  piles  occurred  and  stress  conditions 
in  the  piles  appeared  to  be  slightly  more  than 
40%  of  the  allowable,  based  on  measurements 
taken  on  one  pile.  No  upper  slope  or  overall 
slope  stability  problems  were  observed  in  the 
field  or  measured  by  the  instrumentation. 

Ground  movements  in  the  vicinity  of  the 
synthetic  crude  oil  and  natural  gas  pipelines 
were  less  than  5  mm,  well  below  the  maximum 
movement  tolerances. 


CONCLUSIONS 

The  presence  of  clay  layers  can  have  a 
significant  impact  on  the  design  of  retaining 
wall  structures  if  not  detected  at  the  initial 
design  stage.  This  case  study  shows  that  a 
thorough  subsurface  investigation  that  includes 
continuous  coring  or  similar  methods  of  sampling 
capable  of  detecting  thin  clay  layers,  is  very 
important . 

The  discovery  of  clay  layers  during  the 
construction  stage  required  that  the  retaining 
wall  design  be  reanalyzed  with  the  following 
considerations;  (i)  potential  mode  of  failure 
of  the  support  berm  underlain  by  weak  clay 
layers  and  (ii)  selection  of  design  parameters 
for  the  clay  based  on  evidence  of  pre-sheared 
planes . 

The  overturning  stability  of  the  retaining  wall 
and  redesign  of  the  support  berm  has  been 


analysed  by  considering  that  the  entire  berm 
could  be  pushed  out  by  the  retaining  wall  in 
what  has  been  termed  a  berm-block  sliding  mode 
of  failure.  Based  on  the  lower  bound  linear 
envelope  from  direct  shear  box  tests  on  the 
clay,  effective  residual  shear  strength 
parameters  were  chosen  which  included  a 
significant  cohesion  component.  Although  full 
residual  cohesion  and  angle  of  shearing 
resistance  were  used  in  the  analyses  and  a 
larger  support  berm  selected  in  the  redesign, 
factors  of  safety  for  overturning  were  lower 
than  considered  necessary  for  s.hort  term  design. 
Without  the  cohesion  component  the  factors  of 
safety  would  be  further  reduced. 

To  safely  and  reliably  allow  for  a  less 
conservative  design  approach  an  observational 
method  towards  construction  and  post 
construction  behavior  was  used  to  supplement 
the  design.  This  included  frequently  monitored 
and  analy  :ed  instrumentation  and  the 
establishment  of  a  ready-to-instal 1  contingency 
plan  for  remedial  stabilization.  This  approach 
was  successfu'  and  the  contingency  plan  did  not 
have  to  be  implemen'-od .  If  it  had  not  been 
possible  to  construct  a  larger  support  berm  and 
infringe  on  the  conveyor  maintenance  accessway 
this  approach  could  not  have  been  used  and  the 
construction  cost  would  have  more  than  doubled 
since  a  more  elaborate  method  of  supporting  the 
retaining  wall  would  have  been  required. 
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SYNOPSIS:  This  paper  presents  several  aspects  of  engineering  performances  including  satisfac tory , un¬ 

satisfactory  but  later  remedied,  and  failure  experiences  in  the  fields  of  building  foundation , under¬ 
ground  construction,  and  slope  stability  problems.  These  projects  were  completed  in  Cnina  in  the  past 
decade.  Five  case  records  of  performance  are  used  as  illustrative  examples.  Further  research  work 
are  finally  suggested. 

INTRODUCTION 


During  the  past  decade,  a  great  deal  of  construc¬ 
tion  works  involving  all  phases  of  geotechnical 
engineering  have  been  completed  in  China.  Most 
of  them  proceeded  satisfactorily,  some  encounter- 
problems  but  were  laser  remedied,  and  few  failed 
with  evident  causes.  In  general,  successes  were 
attributed  to  well-planned  site  exploration  and 
soil  investigation,  careful  consideration  of  to¬ 
pographical,  hydrological  and  geological  condi¬ 
tions  in  design,  and  close  monitoring  and  control 
of  field  phenomena  during  construction.  On  the 
other  hand,  poor  soil  data,  incorrect  design  as¬ 
sumptions  and  crude  supervision  of  construction 
are  mainly  responsible  for  unsatisfactory  perfor¬ 
mances. 

It  is  recognized  that  specific  techniques  and  ex¬ 
periences  must  be  carefully  exercised  to  suit 
needs  of  each  engineering  project.  For  illustra¬ 
tive  purpose,  a  few  case  histories  in  urban  and 
rural  geotechnical  engineering  are  herein  pre¬ 
sented  , 

EUILDTNG  FOUNDATION 

For  ordinary  buildings,  foundation  failures  in 
general,  are  not  due  to  inadequate  soil  bearing 
capacity,  and,  instead,  are  caused  by  excessive 
deformation.  .However,  plastic  flow  beneath  foot¬ 
ing  sometimes  occurred  because  of  too  optimistic 
bearing  value  assigned.  The  degree  of  consisten¬ 
cy  between  computed  and  observed  deformations 
depends,  of  course,  on  computation  method,  but 
more  importantly,  on  proper  selections  of  soil 
modulus,  thickness  of  compressible  layer,  and 
interaction  between  foundation  soil  and  super¬ 
structure.  Non-linear  constitutive  relationship 
and  compatible  study  between  deformation  and  st¬ 
rength  of  foundation  soil  should  not  be  overlook¬ 
ed.  .Satisfactory  building  foundation  performan¬ 
ce  may  be  aedieved  by  using  soj  I  modulus  value 
back-figured  from  deformation  records  of  existing 
building  in  project  area,  pressure-settlement 
curves  derived  from  plate-loading  test,  and  ear¬ 
lier  settlement  data  for  predicting  ultimate  va¬ 
lues.  Consideration  of  rigidity  of  structural 
foundation  in  design  is  also  a  key  factor  leading 
to  success. 

In  case  of  pile  foundation,  large-dimension  with 


a  maximum  diameter  of  5  m  cast-in-place  piles 
have  been  used  with  increasing  popularity  in 
China.  The  problems  remained  to  be  solved  are: 
hole-forming  technique,  end-bearing  capacity  of 
large-size  cast-in-place  pile  for  various  thick¬ 
nesses  of  overlying  soil  layers,  pile-soil  inter¬ 
action  and  settlement  computation  method,  aetec- 
tion  of  broken  pile  in  place,  and  minimization 
of  disturbance  to  near-by  structure  during  pile 
driving. 

Non-uniform  settlement  and  tolerance  value  of 
large-size  oil  storage  tanks  built  on  soft  foun¬ 
dation  in  coastal  areas  have  long  been  problems 
of  serious  concern  to  designers.  The  former  of¬ 
ten  causes  two  important  types  of  failures,  i.e, 
excessive  torsional  deformation  of  tank  wall  and 
failure  emerged  between  wall  and  floor  slab.  To 
eliminate  or  reduce  differential  settlement,  the 
method  of  water-preloading  with  carefully  contro¬ 
lled  loading  rate  is  generally  adopted  in  China, 
with  reinforced  concrete  ring  footing  to  safe¬ 
guard  against  lateral  deformation.  There  are 
three  principal  modes  of  deformations  beneath 
steel  cylindrical  oil  storage  tanks,  viz,  plane 
tilting  of  tank  body  as  a  unit,  non-planar  set¬ 
tlement,  i.e.  differential  settlement  along  cir¬ 
cumference  of  tank,  and  sag  of  bottom  slab.  It 
is  unreasonable  to  assume  that  failure  of  tank 
wall  is  solely  due  to  plane  tilting.  Non-planar 
settlement  causes  radial  torsional  deformation, 
and/or  develops  secondary  stress  in  tanK  wall, 
in  addition  to  that  due  to  shear  deformation  oc¬ 
curred  in  foundation  soils. 

Among  the  60  cylindrical  oil  storage  tanks  built 
in  the  Cnina's  coastal  areas  (Jia,1984),  60-60^ 
of  the  ultimate  settlement  took  place  during  wa¬ 
ter-preloading  stage.  The  bearing  value  of  the 
foundation  soils  was  as  high  as  R40  kPa. 

The  circumferential  settlements  were  20-170  cm 
with  tilting  of  the  tank  body  ranged  from  2- 

15*10”^.  The  statistical  analyses  showed  that 
these  tanks  functioned  satisfactorily  when  tilt 

was  less  than  6x10“^,  leas  satisfactorily  when 
6-9*  10~^,  and  unacceptible  when  greater  than  10 
«10”^.  Fig.l  shows  the  statistical  relationship 
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larger  than  the  average  measured  values.  The 
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between  average  settlement  and  relative  plane 
tilt  of  the  60  oil  tanks,  ranging  from  1000  to 

30,000  in  capacity,  built  on  natural  and  sand 
drain  stabilized  foundations. 

The  statistical  data  of  the  60  floating-top  and 
fixed  arch-roof  oil  tanks  also  indicate  that  tilt 
and  sag  of  floor  slab  correlate  well  with  H/D 
(ratio  of  height  and  diameter  of  tank)  and  ulti¬ 
mate  settlement.  To  drain  off  residual  oil  to¬ 
ward  tank  periphery  and  avoid  excessive  tensile 

in  floor  slab,  it  is  important  to  estimate 
closely  the  maximum  sag  at  the  center  of  floor 
Slab.  The  recommended  sag  tolerance  is  D/90-D/100 
Empirical  formulae  were  developed  for  each  case. 

The  merit  of  using  box  foundation  for  multi-story 
building  on  clayey  soil  was  investigated  in  detail 
considering  rebound  and  recompression  of  bottom 
of  foundation  pit,  settlements  in  various  subsoil 
layers,  subgrade  reaction  and  internal  stresses 
in  foundation  slab,  etc.  (Wang  ^  Sun,  1984).  The 
building  investigated  was  a  10-story  above  ground 
and  li-story  basement,  with  reinforced  precast 
concrete  floor  slab  and  cast-in-place  concrete 
walls.  Its  total  height  including  foundation  is 
34.7  ra.  The  12.3  m  wide  by  96.6  m  long  box  foun¬ 
dation  was  constructed  on  natural  subgrade  com¬ 
prising  of  alternate  layers  of  sandy  clay  and  si¬ 
lty  sand.  The  bearing  value  of  the  subgrade  is 
220  kPa.  The  foundation  embedded  depth  is  about 
h.5  m  and  a  floor  slab  thickness  of  50  cm.  The 
measured  rebound  of  the  pit  ranged  from  0.6  to 
0.8  cm,  about  60^  of  the  total  settlement  upon 
completion  of  entire  structure.  The  settlement 
records  of  various  underlying  soil  layers  were 
taken  by  installing  six  observation  datum  points 
within  a  depth  of  5  to  17  m  below  foundation  base 
level.  It  was  interesting  to  find  that  the  sett¬ 
lement  of  top  10  m  depth  amounted  to  25  to  40% 
of  the  total.  The  measured  effective  compression 
depth  was  close  to  the  estimated  depth  at  super¬ 
imposed  pressure  not  greater  than  20%  of  the  ini¬ 
tial  overburden  pressure.  The  rebound  and  recom¬ 
pression  curves  follow  basically  along  a  straight 
line  as  shown  in  Fig. 2a.  The  longitudinal  tilt 

was  0.2  *  10“^. 

Vibrating-wire  earth  pressure  cells  were  install¬ 
ed,  with  emphasis  on  the  peripheral  areas.  The 
measured  distributions  of  subgrade  reaction  (Fig. 
2b)  were  fairly  uniform  when  imposed  load  was 
leas  than  the  relief  load  and  then,  gradually  in¬ 
creased  in  the  peripheral  regions  to  about  20-40% 


pattern  of  subgrade  reaction  resembled  a  parabo¬ 
lic  curve  and  their  degree  of  non-uniformity  is 
not  so  large  as  that  computed  from  elastic  theo¬ 
ry.  Recheck  was  made  ten  years  after  completion. 
The  cells  had  performed  satisfactorily  and  the 
pattern  of  stress  distribution  remained  about 
same  as  before,  except  a  slight  shift  of  pressure 
concentration  from  the  peripheral  toward  the  in¬ 
terior  areas. 

Reinforcing  steel  stress  gages  were  used  to  mea¬ 
sure  internal  stress  in  the  foundation  concrete 
slabs.  The  measured  values  were  generally  very 
small  with  a  maximum  of  only  30.3  MPa  in  the  slab. 
Stresses  in  the  reinforcing  steel  increased  with 
the  heights  of  the  building  (Fig,2c).  But,  when 
ratio  H/L  =  0.3  ( Hrconstructed  height  of  the  bu¬ 
ilding  including  foundation,  L:  length  of  the  bu¬ 
ilding),  the  steel  stress  reached  its,  maximum 
value.  Then,  it  gradually  decreased  and  increa¬ 
sed  again  upon  completion  of  the  building.  In 
stress  gage  measurements,  it  was  observed  that 
shrinkage  and  heat  of  hydration  evolved  during 
concrete  setting  produced  adverse  effect  on  the 
measured  values.  Structural  load,  however,  still 
played  the  major  role  in  affecting  the  stress 
changes. 

UNDERGROUND  CONSTRUCTION 

In  recent  years  underground  constructions  in 
China  for  tunnels,  subways,  and  mining  adits 
in  soil  and  rock  strata,  etc.  have  been  comple¬ 
ted  with  various  degrees  of  success.  Deforma¬ 
tion  and  failure  mechanism  together  with  related 
phenomena  were  observed  by  precise  measurements 
during  different  stages  of  construction.  Reme¬ 
dial  measures,  if  necessary,  were  then  taken. 

For  example,  due  to  inadequate  investigation  on 
soft  saturated  clay  especially  concerning  its 
rheologic,  thixotropic  and  expansive  character¬ 
istics,  and  improper  design  of  floor  slab  by 
assigning  uplift  soil  pressure  less  than  that  at 
roof,  an  excessive  heave  at  bottom  of  a  stone- 
lined  subway  took  place,  an  inverted  arch  had  to 
be  reconstructed. 

It  has  been  observed  that  vertical  roof  load  of 
high  fill  acting  on  a  relatively  rigid  structure 
often  exceeds  overburden  pressure  by  20-50%,  be¬ 
cause  of  the  arching  in  soils,  whereas  vertical 
pressure  on  the  sides  of  the  structure  gradually 
increases  outward  and  equals  to  overburden  wei¬ 
ght  at  approximately  three  outside  span  distance. 

In  mining  construction,  collapsible  deformation 
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of  openings  in  soft  or  decomposed  rock  were  often 
a  serious  hazard.  Material  evidences  showed  the 
superiority  of  open-type  support  system  over  the 
closed-type,  because  of  the  relievement  of  some 
deformation  in  ambient  rock  stratum.  Clear  under 
standing  of  rock  behavior  is,  therefore,  a  prere¬ 
quisite  to  a  good  design. 

Anchoring  type  aind  technique  in  weak  rock  is  re¬ 
garded  as  another  important  item  to  be  consider¬ 
ed  in  design.  Combination  of  shotcrete-anchor- 
ing  on  wire  screen  net  has  proved  a  good  practice 
for  underground  opening  support  both  on  safety 
and  economy. 

In  construction  of  a  large  subaqueous  highway 
tunnel  of  total  length  2760.72  m,  shield  method 
was  adopted  with  success.  The  circular  section 
of  the  tunnel  is  1322  m  long,  8.8  m  I.D.  and  10 
m  O.D.,  built  in  soft  soil  under  the  Huang  Pu 
River,  Shanghai,  China  (Sun  et  al ,  1984)-  It  is 
a  reinforced  concrete  fabricated  lining  structure. 
The  subsoil  at  a  depth  of  28  to  38  m  below  adja¬ 
cent  ground  surface,  where  the  central  portion 
of  the  circular  tunnel  under  the  river  is  locat¬ 
ed,  is  mainly  comprised  of  silty  clay  with  natu¬ 
ral  water  content  about  34%j  unit  weight  of  18.0 

KN/m^,  cohesion  7  kPa  and  angle  of  internal  fric¬ 
tion  22°.  The  soil  layers  where  the  remaining 
portion  of  the  shield  tunnel  penetrated  through 
are  predominantly  silty  clay  and  silty  sand. 

To  accomodate  the  geological  conditions  encoun¬ 
tered  along  the  length  of  the  tunnel,  various 
methods  for  stabilizing  the  surrounding  soil  were 
investigated.  These  included  desiccation  by  lo¬ 
wering  water-table,  partial  or  full  front  face 
excavation,  compressed  air  to  holdupthe  frontfa- 
ce  and  then,  semi-shoving  (50%  soil  squeezed  in¬ 
side  the  diaphragm),  or  complete  closed-breast 
shoving  through  very  weakk  soil  layers.  The  total 
design  thrust  was  8000  tons.  But,  the  actual 
force  required  to  shove  ahead  was  much  larger  in 
sandy  soils.  Thus,  opened-breast  excavation  by 
manpower  was  the  only  30luti.jii.  In  case  of  clay¬ 
ey  soils,  the  front  resistance  was  largely  incre¬ 
ased  through  desiccation  of  soil  by  water-table 
lowering  or  by  compressed  air,  and  only  semi-sho- 
ving  was  possible. 

During  the  advance  of  the  shield,  great  concern 
was  concentrated  on  disturbance  of  the  surround¬ 
ing  soil  and  the  ground  surface  movement.  Alth¬ 
ough  weight  of  the  excavated  soil  was  much  great¬ 
er  than  that  of  the  lining  structure  and  vehicles, 
longitudinal  axis  of  the  tunnel  settled  as  much 
as  35  cm  after  its  completion  and  the  differen¬ 
tial  settlement  was  noticeable.  This  phenomenon 
was  closely  related  to  the  method  of  construction 
The  best  result  was  obtained  in  sandy  soils  by 
using  compressed  air  for  the  section  under  the 
river  and  by  adopting  well  points  on  the  shore. 

It  was  observed  that  the  advancing  resistance 
was  greatly  increased  by  full  closed-breast  sho¬ 
ving  methodin  the  silty  clay  layer  beneath  the 
river  bed.  Severe  disturbance  occurred  in  the 
neighboring  soil,  and  the  overburden  was  pushed 
upwards  causing  3  »  heave  of  the  river  bed.  The 
ensuing  subsidence  was  large  even  after  its  com¬ 
pletion.  This  is  the  results  of  reconsolidation 
of  the  underlying  disturbed  clay  emd  rebound  of 
the  compressed  clay  in  front  of  the  shield  dur¬ 
ing  retreat  of  hydraulic  jacks  to  facilitate 


lining  fabrication.  To  overcome  the  upward  move¬ 
ment  of  the  head  of  the  shield,  more  than  5%  de¬ 
clination  was  required  in  maintaining  the  design 
orientation  of  the  tunnel's  longitudinal  axis. 

In  so  doing,  additional  disturbance  was  resulted 
and  torsional  deformation  produced  in  the  shield 
shell. 

The  external  and  internal  stress  conditions  of 
the  shield  tunnel  were  carefully  checked  both 
durj-iig  and  after  construction.  Fig. 3  shows  the 
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externad  load  distribution  of  a  ring  erected  by 
aemi-closed-breast  shoving  (area  opening  2%  and 
incoming  soil  volume  40-50%),  as  compared  with 
the  value  predicted  by  theory  based  on  full  front 
face  excavation.  The  smaller  measured  vertical 
pressure  was  clearly  due  to  upward  movement  of 
the  soil  on  top  of  the  tunnel,  and  the  greater 
lateral  pressure  was  the  result  of  partial  or 
full  closed-breast  shoving.  The  figure  also  shows 
the  distribution  curves  of  predicted  and  measured 
moments  and  internal  rib  stress  of  the  same  ring. 

The  soil  pressure  gages  indicated  that  vertical 
pressure  acting  on  top  of  the  tunnel  was  appro¬ 
ximately  equal  to  85%  of  the  overburden  weight 
and  the  coefficient  of  lateral  soil  pressure  was 
about  1,4  under  partied  shoving  operation. 

The  longitudinal  deformation  of  the  tunnel  had 
cheuiged  from  time  to  time  during  and  after  cons¬ 
truction,  because  of  variable  soil  conditions  en¬ 
countered  and  methods  of  shoving  used.  Particu¬ 
lar  attention  was  paid  at  the  junctions  of  the 
shield  tunnel  and  the  shafts  with  different  modes 
of  deformation. 

Leakage  at  the  longitudinad  and  trauasverse  cracks 
was  one  of  the  critical  problems  to  be  dealt  with 
in  this  project.  Epoxy  resin  failed  as  a  sealing 
material  at  the  cracks  due  to  its  poor  crack-re¬ 
sistant  behavior.  Elastic  rubber  or  bentonite 
were  more  suitable  for  this  purpose.  As  an  addi¬ 
tional  precautionary  measure,  empty  space  left 
behind  advance  of  shield  shell  was  immediately 
filled  up  by  pressure  grouting. 

SLOPE  STABILITY  PROBLEMS 

The  slope  stability  problems  are  closely  related 
to  change  in  groundwater  condition,  evolutionary 
history  of  river  channel,  soil  and  rock  condition 
and  other  hydrologicaland  engineering  geological 
environments,  etc.  in  project  areas.  Many  slope 
failures  were  caused  by  water  percolation  and  in¬ 
adequate  provision  of  drainage  facilities  espe- 
cieilly  during  heavy  rainy  seasons.  Collapsible 
loess  (Tsien  &  Liu,  1987)  and  stiff  jointed  clay 
often  undergo  considerable  seasonal  variations 
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in  t'fu.'ir  water  contents,  and  thus,  become  a  pote¬ 
ntial  St  Irr.ulat  Lne;  iactor  of  slope  instability. 
Chemical  arc  s'ructural  changes  due  to  weather¬ 
ing,  learning,  etc,  also  nave  manifold  practical 
consequences.  Lilcowlse,  high  and  weathered  rock 
slope,;  navin.g  bedc.iri”  planes  dipping  toward  river 
are  h.ighly  suscepcible  to  failures.  The  attribu¬ 
ting  factors  are:  artificial  filling  on  top,  cut¬ 
ting  at  toe,  surface  water  accumulation,  le^age 
of  buries  pipe,  and  vibrations  induced  by  nearby 
explosion,  traffic,  pile  driving,  etc.  Infiltra¬ 
tion  of  rainfall  into  fissures  of  rock  is  frequ¬ 
ently  liable  to  cause  instability.  Thus,  strict 
control  of  surface  as  well  as  groundwater  by  ef¬ 
fective  drainage  syateras  is  considered  to  be  one 
of  the  key  factors  leading  to  success  in  engine¬ 
ering  practice.  .Itudy  of  slope  stability  prob¬ 
lems  by  ccntrifui'al  monel  testing  is  advisable 
and  is  cresently  undertaken  in  China. 

A  slide  occurred  in  a  gravity  type  wharf  area 
(Chen,  lu3d).  fhe  wharf  is  600  m  long  with  desi¬ 
gn  water  depths  ranging  from  5  to  u  m.  After  its 
completion,  the  owner  requested  deeper  excavation 
along  the  ad.iac.mt  navigation  channel  and  dred¬ 
ging  to  1  m  below  tlie  original  seabed  elevation. 
Unfortunately,  the  dredger  had  already  over-exca¬ 
vated  a  depth  of  O.u  to  l.k  m.  This  negligence 
lead  to  a  sloughing  of  the  bank  wall  into  sea 
over  a  length  of  bo  n  and  its  adjoining  wall  sec¬ 
tion  of  •"'d  rr.,  wiUi  an  affected  width  of  about  12 
m.  After  a  heavy  rainfall,  the  load  of  accumula¬ 
ted  v/ater  on  the  wharf  platform  was  about  10  kPa. 
As  a  result,  the  entire  structure  leaned  backward 

with  17‘^-50°  inclination.  The  toe  moved  outward 
6.2  m  and  the  heel  subsiuea  about  5-h  m  (Fig. 4). 


After  this  incident,  a  large-scale  investigation 
was  carried  out  with  23  borings  spaced  about  2  ra 
apart.  The  boring  logs  showed  a  soft  layer  com¬ 
prising  of  1-3  m  thick  light  grey  sandy  clay  ( 

14  kPa,  0^=  9°),  silty  sand  or  gravelly  sand 
intermingled  with  ooze,  possessing  undrained  sh¬ 
ear  strength  parameters,  =  9  kPa  and  0^  =  5°. 

To  analyze  the  causes  of  .sloughing,  centrifugal 
model  testing  was  undertaken,  along  with  conven¬ 
tional  circular  arc  analyses.  The  effective  ra¬ 
dius  of  the  centrifuge  machine  is  2.4  m,  and  the 
maximum  centrifugal  acceleration,  100  g.  It  was 
found  that  the  mass  sloughing  and  sliding  was 
mainly  due  to  low  strength  of  the  foundation  soil, 
The  computed  factor  of  .safety  against  sliding  was 
about  0.75.  This  slope  failure  was  apparently 
attributed  to  over-dredging  immediately  adjacent 


to  the  wall.  It  siiould  be  noted  that  the  wharf 
structure  was  Just  in  a  critical  state  of  equi¬ 
librium  with  a  horizontal  displacement  of  9.5  cm 
and  a  settlement  of  12.5  cm  upon  its  completion. 
Once  over-dredging  started,  its  overall  stability 
further  reduced,  finally  leading  to  a  mass  slide. 

Another  exemplication  of  stability  problem  is  sli¬ 
des  often  occurring  in  collapsible  loess  founda¬ 
tion  (Hu  i  Zhang,  1964).  A  workshop  with  double 
transverse  spans  of  24  m  each  and  108  m  in  length 

‘  2 

and  an  adjacent  open  crane  ground  of  2,5000  m 
were  built  on  self-weight  collapse  loess  for  il¬ 
lustration.  The  loess  has  a  water  content  =  18/6, 
unit  weight  =  16  kN/^3  e  =  1.0,  W,  =  29a--  and  wb, 

uj  j  Jj  r 

=  18..J.  A  steep  cut,  .south  of  the  shop,  was  prote¬ 
cted  by  a  retaining  wall  of  3  m  in  height.  The 
original  design  was  barjed  on  an  assumed  non-self¬ 
weight  collapse  foundation  soil  and  the  adoption 
of  an  explosion-enlarged  pile  foundation.  This 
scheme  was  later  abandoned  due  to  difficulty  of 
controlling  the  dimension  of  the  enlarged  base 
and  the  .subsidence  of  the  adjacent  ground.  In  the 
revised  design,  enlarged  footing  areas  and  lime- 
soil  cushion  were  provided  to  keep  the  base  pres¬ 
sure  less  than  the  initial  soil  bearing  value. 

One  day,  large  amount  of  rain-water  and  waste  wa¬ 
ter  seeped  into  a  part  of  the  foundation  soil  af¬ 
ter  a  300  mm  dia.  sewage  uipe  was  broken  by  tra¬ 
velling  trucks.  '^he  pillars  tilted  and  struts 
between  the  pillars  badly  deformed.  Since  then, 
sloughing  and  slides  occurred  alternately  (Fig. 5). 
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Tig  S.  Collapse  of  a  (oess  foundation 


The  accumulated  self-weight  collapse  settlement 
ranged  from  IS  to  19  cm.  The  causes  of  failure 
are : 

1.  Increase  of  consumption  of  industrial  and 
household  water,  and  inadequate  drainage 
facilities  for  rainwater,  resulting  in  a 
noticeably  high  water  content  in  the  soil. 

2.  Surface  infiltration  of  natural  water  inclu¬ 
ding  flood. 

3-  The  foundation  soil  of  recent  origin  collap¬ 
sed  under  its  own  weight  in  the  presence  of 
water. 

As  soon  as  the  immersed  loess  collapsed  and  sub¬ 
sided,  a  slide  was  incipient  toward  the  cut  area 
beneath  the  retaining  wall. 

Successful  remedial  measures  were  then  taken  whi¬ 
ch  include  strict  control  of  water  sources  by  pro 
vision  of  drainage  ditches  and  wells,  change  of 
location  of  flood  discharge  outlets.  In  the  mean 
time,  the  collapsible  foundation  loess  was  stabi¬ 
lized  by  driving  rast-in-place  piles  and  a  mono- 
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lithic  structure  throut^h  connecting  all  the  pill¬ 
ars  with  large  beams.  r»o  more  trouble  happened 
ever  since . 

DI3CLIS3I0.t'3  AND  CONCLUSIONS 

'"he  aforementioned  and  similar  examples  clearly 
indicate  that  the  main  causes  of  foundation  fai¬ 
lure  during  and  after  construction  are:  inadequa¬ 
te  site  exploration  and  soil  investigation,  im¬ 
proper  design  assumptions  either  on  environmental 
and  geological  conditions,  or  on  soil  parameters. 
Naturally,  inadvertent  selection  of  construction 
method  and  soil  stabilization  scheme,  poor  super¬ 
vision  of  construction,  and  careless  man-made 
operation  after  completion  in  adjacent  areas  are 
also  responsible.  Obviously,  satisfactory  per¬ 
formances  as  described  above  are  sufficient  to  em¬ 
body  these  considerations.  Remedial  measures  ba¬ 
sed  on  soil  and  rock  mechanics  principles  are  of¬ 
ten  quite  useful  in  overcoming  damages  already 
happened.  Once  damage  is  done,  cost  of  repairs 
and  renovations  usually  far  exceeds  initial  cost 
of  engineering  projects.  To  insure  promptness 
of  remedial  action,  constant  monitorings  and  ob¬ 
servations  are  imcerative  during  construction. 
Besides,  detrimental  effect  to  adjacent  structure 
should  be  constantly  watched.  Collection  of  en¬ 
ough  information  of  survey  and  measured  data  of 
existing  structures  together  with  successful  and 
failure  experiences  involved  in  same  project  site 
are  utterly  important  for  a  satisfactory  design 
and  construction.  There  is  no  unique  method  of 
design  and  construction  that  can  be  used  indis¬ 
criminately  for  all  projects.  Broad  comparisons 
of  possible  alternatives  should  always  be  made 
before  adopting  the  one  which  fits  best  the  spe¬ 
cific  project  both  from  economy  and  technical 
feasibility  point  of  view. 

It  is  suggested  that  the  following  items  be  in¬ 
cluded  in  the  future  research  work: 

1.  Engineering  behavior  of  soil  and  soft  rock 
Including  appropriate  methods  of  testing, 

2.  Effect  of  rigidity  of  structural  founda¬ 
tion  on  bearing  soil  response, 

3.  Quality  control  and  in-situ  monitoring 
technique  in  foundation  construction. 

U.  Time-effect  stress  Hi  st •■•i  of  lining 
in  underground  construction. 

5.  Water-control  systems  particularly  for 

collapsible  .soils  and  fissured  soft  rocks. 
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Treatment  of  KARST  Subgrade  by  Deep  Drilled  Pile  Foundations 

Wang  Yiji 

Chief  Engineer,  Wuhan  Foundation  Engineering  Centre,  China 


3y.;-’3I3:  a  recar J  of  osotenicol  enjineering  in  the  Karst  region  is  prouided  in  this  paper. The  drilled 
jiles  -cthciJ  .00  j-'a.jted  in  the  e ngi nec’ r i n g  for  Duilding  foundations  in  order  to  guarantee  the  safety 
and  u  =  ag3  of  cui lei  nr,  s ,  This  is  a  neu  exploration  in  contrast  uith  conyentional  grouting  method. 


Five  f  i '.'O' s  t  arey  apartment  pui  idi  njs  (  Fig  .  1  .)  con¬ 
structed  at  the  residential  area  of  daYe  Steel 
-orf.  3  are  located  in  too  Karst  rc.jion.  At  the 
east  side  auout  1  cm  uuay , pumping  is  freguenty 
taxen  ouring  a  small  seals  coal  .'.linin-,  operations, 
"ram  the  year  1 '34, local  ground  sinkings  are  ob- 
sorueo  in  this  residential  area,  half  height  of 
one  restaurant  r.ouse  of  these  buildings  are  settl¬ 
ed  into  the  rouhu .  ( Fi  .  2  .  )  Thi  3  has  endanger  the 
nor 'hi  usoje  of  this  buildinis  and  security  of 
lives  and  propertiao  of  people , there  fore, a  oreat 
concern  of  safety  has  induced.  Through  the  explo¬ 
ration  by  en,incering  geologists, it  uias  discover¬ 
ed  that  the  geological  structure  below  the  -ground 
has  formed  mainly  by  J'jaternary(Q)  stratigraphic 
layer  3a-Yd  ^roup  li-Tiostone  of  Trias  and  Ta-rfon 
f  or'na  ti on  (  b  2d  )  li-'nestone  of  Parmi  n.  The  earth 
cavern  with  the  nax.  haight  up  to  4.3n  has  been 
found  in  soil  layer.  The  rocks  in  the  strata  are 
extensively  fractured  with  rich  cracks  and  fis¬ 
sures.  Crossing  and  overlapping  distribution  of 
the  caverns  of  Karst  nature  are  frequently  noticed. 
In  certain  area  this  overlapping  of  caverns  in 
five  different  layer  has  been  found,  Thr  height 
of  the  cavern  in  fifth  layer  is  9.05  m.  The  top 
layer  thickness  of  the  part  Karst  cavern  is  less 
than  desiijn  va  iue  .  (  Fi(, ,  3. 4 .  ,  The  distr^cution  of 

ground  water  is  very  comlicate  and  tfie  flow  motion 
of  -water  is  also  very  active.  Those  five  residen¬ 
tial  buildih-gs  are  located  within  the  dangerous 
cavo  in  area.  If  these  buildings  are  rested  and 
relocated, it  uili  cost  five  million  dollars. 

The  juhan  Foundation  Engineering  Centre  took  up 
the  work  of  treatment  for  this  engineering  pro¬ 
jects.  The  treat.r.ent  measures  were  designed  based 
on  the  charactenistic  nature  of  the  project.  Rein¬ 
forced  concrete  drilleo  piles  of  BOO  mm  in  diam¬ 
eter  were  installed  in  the  open  space  around  the 
caverns  and  down  to  the  stable  rocks  with  a  depth 
of  1  ,n, beneath  the  caverns.  The  length  of  pile  is 
varied  according  to  the  cavern  location  with  max. 


Fig.1.  Five  five-storey  apartment  buildings 


Fig. 2.  Half  house  is  settled  into  the  ground 
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pile  length  up  to  50  ,  The  snail  dianeter  of  1 

nn  drilled  piles  uere  used  at  inooor  ground  uit 
bottom  bearinc  plates.  In  the  mean  time,  the  oi 
es  and  cap  platform  of  bottom  bearing  plates  uie 
firmly  integrated  uitii  tha  original  beam  founda 
tion  as  a  single  body,  therefore , the  loadings 
from  the  upper  structures  can  be  transmitted  di 
rectlv  to  the  stoljle  rock  ho  p  a  (  Fi  ,  5 , 7 )  , 


cad  carrying  pattern  of  this  trnat''’Gnt  me 
is  more  reasonohle  os  compared  uith  the  c 
onol  groutin' j  method.  The  final  effect  is 
kablo  and  good  quality  is  also  assurec^.Th 
n  uork  for  this  eng  i  n-^'or  i  n-  trcat'-i®,.f  pro 
p3S  complected  in  June  1f85  and  construct 
is  get  ready  curreritly. 


Fig*d  Plane  of  five  apartment  buildings  and  drilled  piles 
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Diagnosis  of  Structurai  Damage  and  Movement 
Due  to  More  Than  One  Cause 
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SYNOPSIS:  A  structural  and  ground  investigation  was  carried  out  on  a  domestic  property  at  Leigh, 
Lancashire,  England.  The  settlement  of  the  property  was  measured  and  showed  a  complex  pattern  of 
movement  which  was  separated  into:  (i)  an  overall  tilt  towards  the  east;  (ii)  an  outward  tilt  of 
the  northern  and  southern  ends;  and  (iii)  severe  tilting  and  cracking  at  the  northern  end. 
Following  detailed  investigation  separate  causes  were  assigned  to  each  of  these  movements  as:  (i) 
preferential  longwall  mining  to  the  east  of  the  site;  (ii)  eccentric  loading  at  the  northern  and 
southern  ends;  and  (iii)  moisture  removal  from  the  stiff  clay  beneath  the  northern  end  by  the 
roots  of  a  nearby  tree.  Details  of  the  settlement  of  the  property,  soil  conditions  and  mining 
situation  are  presented  together  with  appraisal  and  analysis  of  the  separated  movements. 


INTRODUCTION  FOUNDATION  AND  GROUND  CONDITIONS 

The  property.  Nos.  38  and  40,  was  constructed  Pits  excavated  around  the  outside  and  inside 

in  1945/46.  It  comprises  a  traditional  No.  38  showed  the  building  to  be  supported  on 

2-storey  loadbearing  brickwork  semi-detached  a  simple  concrete  slab  type  foundation,  about 

building  with  a  solid  ground  floor.  No  known  0.1  -  0.15m  thick  with  a  thickened  portion, 

serious  damage  was  suffered  until  1976  when  0.2m  thick  and  2.6m  wide  along  the  gable  end. 

because  of  severe  cracking  of  the  brickwork  This  thickened  portion  was  probably  provided 

and  distortion  of  the  upper  floors  No.  38  had  because  of  the  large  amount  of  brickwork  both 

to  be  evacuated.  No.  40  did  not  suffer  any  downstairs  and  upstairs,  see  Figure  1,  and 

serious  damage  and  was  still  occupied.  presumably  also  exists  along  the  gable  end  of 

No.  40.  The  underside  of  the  slab  was  at 
about  0.4  -  0.5m  below  ground  level. 


FIGURE  1  :  Site  Layout 
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The  ground  conditions  proved  below  foundation 
level  comprised  three  distinct  layers  of 
glacial  clay,  see  Table  1  for  their  properties. 
Beneath  these  was  a  thick  layer  (8m)  of  very 
dense  sand,  gravel  and  cobbles  which  overlay 
the  Bunter  Sandstone  bedrock.  The  water  table 
existed  within  the  sand  and  gravel  at  about  4m 
below  ground  level. 

TABLE  1  :  Soil  Properties 
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OBSERVED  DAMAGE 

No.  40  -  some  relatively  minor  cracking  existed 
both  externally  and  internally  over  the  front 
doorway  and  the  staircase  had  a  detectable 
tilt.  The  remainder  of  this  dwelling  had 
suffered  no  damage. 

No.  38  -  significant  cracking  had  occurred  in 
the  brickwork,  mainly  within  a  strip  about  2.5 
3m  away  from  the  gable  end  with  the  largest 
movements  at  the  front  of  this  property. 


SETTLEMENTS 

By  levelling  along  a  brickwork  course  the 
differential  shape  of  the  property  could  be 
ascertained.  Froi  an  inspection  of  surrounding 
houses  it  appears  reasonable  to  assume  this 
property  was  built  horizontally  and  the 
measurements  obtained  reflect  differential 
settlements.  Obviously  total  settlement 
measurements  were  not  available  but  these  would 
be  estimated  to  be  small,  apart,  of  course, 
from  the  raining  subsidence.  The  measurements 
are  given  on  Figure  1  and  the  profile  along  the 
front  and  rear  are  plotted  on  Figure  2.  From 
these  profiles  it  was  considered  that 
there  were  three  quite  distinct  types  of 
movement,  namely 

(i)  an  overall  tilt  of  about  20mm  across  the 
building  towards  the  east,  about  1  in 
400  , 

(ii)  a  local  tilt  or  rotation  parallel  to  the 

gable  end  of  No.  40  (southern  end)  of 
about  15  -  20mm  over  the  2.6m  wide 

thickened  raft  portion  (and  presumably 
also  at  the  northern  end) ,  about  1  in 
150,  and 

(iii)  a  differential  settlement  in  a  northerly 
direction  across  No.  38  of  about  60mm  at 
the  rear  and  about  90mm  at  the  front 


and  from  an  examination  of  the  structure, 
ground  conditions  and  surroundings  these 
movements  could  reasonably  be  assigned  to 
three  different  causes,  namely  : 

(i)  preferential  coal  mining  beneath 

(ii)  eccentric  loading  of  the  thickened 
raft  portion  along  the  ends  of  the 
building 

(iii)  removal  of  moisture  from  the  clay 
beneath  by  the  roots  of  a  nearby  ash 
tree . 


MINING  SITUATION 

Coal  extraction  has  been  carried  out  beneath 
this  area  from  the  nineteenth  century  but 
since  1945  when  the  property  was  built  most 
of  the  coal  mining  within  the  support  area  of 
the  site  took  place  by  longwall  working 
between  1953  and  1965  so  a  considerable 
amount  of  vertical  subsidence  would  have 
occurred  but  movements  would  have  virtually 
ceased  by  1976.  However,  the  most 
significant  factor  affecting  these  workings 
is  the  presence  of  a  major  geological  fault, 
the  Pennington  Fault,  which  runs  in  a  NNW-SSE 
direction,  outcropping  about  250m  west  of  the 
site.  This  fault  plane  dips  steeply  at  about 
1  :  3  (horizontal  :  vertical)  in  an  easterly 
direction  with  a  fairly  large  throw  on  the 
eastern  side  of  the  fault.  The  records  show 
that  some  workings  were  taken  up  to  the  fault 
but  several  were  terminated  east  -..i  the  site, 
see  Figure  3 . 

From  the  above  it  would  be  reasonable  to 
expect  that  the  property  would  retain  an 
easterly  tilt  after  mining  ceased,  and  this 
was  assigned  to  be  the  cause  of  the  tilt 
observed.  However,  it  should  not  be 
forgotten  that  the  small  differential  level 
measured  may  not  be  a  tilt  but  simply  the  out 
of  level  laying  of  the  brickwork  originally. 


ECCENTRIC  LOADING 

It  is  estimated  that  the  load  from  the  gable 
wall  is  about  40%  of  the  total  load  on  the 
2.6m  wide  thickened  portion  of  the  slab  and 
since  it  lies  at  the  edge  (with  little  or  no 
projection  of  the  slab  outside  the  brickwork) 
a  significant  moment  is  applied. 

The  rotation  of  a  rigid  strip  subjected  to 
moment  loading  can  be  calculated  from 
equation  1,  given  by  Muskhelishvil i  (after 
Poulos  and  Davis,  1974)  : 

Rotation  0  =  16M  (1  -%>'>)  (1) 

n  E’  B> 

M  =  moment  applied 

V  '  -  poisson's  ratio 

E'  =  soil  modulus 

B  =  width  of  strip 
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Assuming  'elastic'  conditions  to  pertain  and 
using  drained  parameters,  '  and  E',  the  total 
rotation  can  be  calculated.  The  soil  modulus 
has  been  obtained  from  the  results  of 
oedometer  tests  using  equation  2  (from 
Burland,  Broms  and  de  Mello,  1978). 

E'  =  0.9  (2) 


M  =  coefficient  of  volume 
compressibility,  mVMN 

With  an  average  value  for  soil  layers  1  and  2 
of  0.25mVMN  a  rotation  of  about  0.005  is 
obtained  which  compares  reasonably  well  with 
the  measured  rotation  of  0.006.  Eccentric 
loading  is,  therefore,  considered  to  be  the 
cause  of  the  rotation  at  the  gable  end  cf  No. 
40  and  consequently  must  be  part  of  the 
rotation  at  No.  38. 

It  is  feasible  that  part  of  this  rotation  could 
be  due  to  seasonal  moisture  variation  in  the 
underlying  clay,  particularly  as  the  slab 
foundation  is  very  shallow.  However,  there  was 
no  evidence  along  the  front  and  rear  of  the 
property  to  support  this  view. 


MOISTURE  REMOVAL  BY  TREE 

A  single  fairly  mature  tree  of  the  Ash  family 
existed  about  6m  to  the  north  of  the  front 
corner  of  the  gable  end  of  No.  38.  Pits 
excavated  at  the  gable  end  proved  thick  fresh 
roots  (up  to  15mm  diameter)  and  numerous  fine 
roots  within  the  silty  clay  underneath  the 
foundation.  Open  fissures  in  the  clay  were 
also  observed.  Tree  roots  or  open  fissures 
were  not  observed  in  pits  excavated  at  the 
front  and  rear  of  the  property.  Thus  the 
lateral  extent  of  the  tree  root  system  was 
limited  to  the  gable  end  and  no  further. 

Evidence  of  the  removal  of  moisture  from  the 
clay  strata  was  obtained  from  comparison  of 
the  moisture  contents  from  Boreholes  1  and  2 
sunk  outside  and  within  the  tree  root  extent, 
see  Figure  1 .  Average  moisture  contents  are 
given  in  Table  1  and  show  lower  values  near 
the  tree.  It  can  be  seen  that  the  differences 
are  small  and  could  be  within  the  variation  to 
be  expected  for  a  natural  soil,  especially  one 
of  glacial  origin.  Nevertheless,  it  is  also 
shown  that  if  these  are  to  be  considered 
reductions  in  moisture  content  then  the 
change  in  (vertical)  thickness  of  each  layer 
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FIGURE  3  Coal  Extraction  After  1945 

calculated  simply  from  the  loss  of  moisture 
(and  assuming  no  effects  from  plasticity, 
suction,  horizontal  movements  etc.)  is 
significant,  see  Table  1.  The  total  change  in 
thickness  is  also  comparable  to  the  observed 
settlement  at  the  front  of  the  gable  end  of 
No.  38  when  the  movements  due  to  other  causes 
are  removed. 

During  the  summer  of  1976,  exceptional  drought 
conditions  were  experienced  in  the  U.K.  which 
obviously  aggravated  this  situation. 


STRUCTURAL  DISTORTION 

Criteria  for  the  onset  of  visible  cracking 
have  been  given  for  loadbearing  brickwork 
structures  (Burland  et  al,  1978)  and  it  has 
been  shown  that  the  hogging  mode  of 
deformation  is  the  most  critical.  These 
authors  give  a  critical  hogging  ratio, 

^/L,  of  2  X  10  ^  where 

A  =  central  deflection 

L  =  length  of  structure 

The  overall  hogging  ratio  at  the  rear  and  front 
of  the  property  (No.  38)  is  calculated  as  30 

and  34  (x  10  ),  respectively,  which  is  far  in 

excess  of  the  critical  value  and  obviously 
represents  very  severe  cracking,  as  found. 
Ignoring  the  effect  of  the  tree,  i.e.  solely 
due  to  eccentric  load  rotation,  the  overall 

-4 

hogging  ratio  would  be  11  x  10  ,  still  above 

critical  and  compatible  with  the  observed 

settlement  and  cracking  at  the  southern  end  of 

No.  40. 

Where  the  settlements  are  non-uniform,  as  in 
this  case,  their  effects  can  be  better  depicted 
by  plotting  the  angu’ar  strain,  see  Figure  2. 


CONCLUSIONS 

The  author  considers  there  are  two  main 

conclusions  from  the  above 

1.  Ground  movements  and  associated 

structural  distortions  are  not  always 
attributable  to  one  cause,  which  provides 
the  geotechnical  engineer  with  the 
difficult  task  of  separating  the  causes 
and  their  effects  and  attributing 

responsibility, 

2.  the  effects  of  moisture  removal  by  tree 

root  systems  and  to  a  lesser  extent 
eccentric  loading  provide  the  most 

serious  consequences  for  brickwork 
structures  since  they  produce  the  more 
critical  hogging  mode  of  deformation. 
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SYNPOSIS:  A  specialty  contractor  installed  high-capacity  pressure-injected  footings  (PIFs)  for 

foundations  in  a  congested  area  of  an  existing  coal-fired  power  plant.  Some  concrete  cylinders 
broke  at  strengths  significantly  lower  than  the  minimum  specified  strength.  Initial  coring  of  some 
of  the  PIFs  uncovered  voids  and  deleterious  matter  at  the  junction  of  the  shaft  and  the  end-bearing 
base  of  the  PIFs.  Subsequent  load  tests  and  additional  coring  substantiated  the  load-transfer 
problem.  A  field  testing  program  was  initiated  to  verify  the  load-carrying  capacity  of  all  the 
completed  PIFs.  Wave  equation  analyses  optimized  the  testing  program,  established  the  field  testing 
criteria,  and  predicted  ultimate  capacities  close  to  the  measured  capacities  determined  from  load 
tests.  Load  tests  also  verified  the  design  equation  used  to  control  installation  of  the  foundation 
units.  Field  testing  increased  the  overall  average  factor  of  safety  with  respect  to  ultimate 
capacity . 


INTRODUCTION 

An  existing,  coal-burning  power  plant  required 
a  stack-gas,  emission-control  system  addition. 
Noise  and  vibration  restrictions,  space 
limitations,  and  economic  considerations 
resulted  in  the  selection  of  pressure-injected 
footings  (PIFs)  for  foundation  support.  The 
entire  foundation  system  consisted  of  128 
PIFs,  placed  in  groups  of  three  or  four. 
Subsurface  conditions  in  the  area  consisted  of 
40  feet  of  sand  and  clay  f.ilr,  30  feet  of 
dense  sand,  underlain  by  hard  silt  and  clay, 
with  the  ground  water  level  about  20  feet 
below  the  existing  ground  surface. 

A  PIF  is  an  end-bearing  foundation  unit 
consisting  of  an  enlarged  concrete  base  at  the 
bottom  of  a  concrete  shaft.  The  base  is 
formed  in  the  soil  bearing  stratum  by  using  a 
;,j.gh-energy  drop  hammer  to  drive  concrete  out 
through  the  bottom  of  a  drive  tube  to  form  a 
"bulb"  of  concrete.  The  function  of  the 
"bulb"  of  concrete  or  base  is  to  deliver  the 
load  to  the  compacted  soil;  the  shaft  delivers 
the  load  to  the  base.  The  shaft  is  compacted 
concrete  poured  in-place,  either  in  contact 
with  the  soil,  or  encased  in  a  corrugated, 
metal  shell. 

This  case  history  describes  and  discusses  an 
unanticipated  problem  encountered  during  PIF 
installation,  its  solution,  and  the  results. 


SUBSURFACE  CONDITIONS 

A  subsurface  exploration  program  was  carried 
out  at  the  location  of  the  facility.  Standard 
penetration  test  (SPT)  borings  were  drilled  to 
depths  up  to  120  feet  below  ground  surface. 

The  results  verified  earlier  investigations 
performed  for  the  existing  structures.  A 
generalized  soil  profile  is  shown  on  Figure  1. 


FIg.l  Typical  I  ns+al  Ia1  Ion  And 
Subsurface  Conditions 


The  subsurface  conditions  in  the  vicinity  of 
the  facility  consist  of  approximately  40  feet 
of  miscellaneous  fill,  with  SPT  N-values 
ranging  from  5  to  15  blows/foot.  Underlying 
the  fill  is  a  layer  of  medium  dense  to  very 
dense,  medium  to  coarse  sand  about  30  feet 
thick,  with  SPT  N-values  ranging  from  30  to  60 
blows/foot.  Below  the  sand  is  a  layer  of  very 
stiff  to  hard  silty  clay  about  50  feet  thick, 
with  SPT  N-values  ranging  from  30  to  50 
blows/foot.  The  ground  water  level  is  20  feet 
below  the  existing  ground  surface. 
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PRE-PRODUCTION  LOAD  TESTS 


(1) 


After  solicitation  of  bids  and  award  of  the 
contract,  PIF  installation  began.  After 
several  production  PIFs  were  installed  at 
random  locations  around  the  site,  one  was 
selected  for  load  testing.  Since  PIF-111 
required  the  fewest  number  of  hammer  blows  to 
expel  the  last  5  cubic  feet  of  zero-slump 
concrete  to  form  the  base,  it  was  selected  for 
the  load  test. 


2/3 

L  =  BxWxHxV' 

^  K 

where:  =  Ultimate  capacity,  in  tons 

B  =  Number  of  blows  required  to  inject 
the  last  five  cubic  feet  of 
zero-slump  concrete  into  the  base 

W  =  Weight  of  drop  hammer  used  to  form 
base ,  in  pounds 


The  load  test  was  carried  to  twice  the  170-ton 
design  load,  or  340  tons.  A  single  hydraulic 
jack,  placed  between  the  top  of  PIF  and  the 
bottom  of  a  reaction  beam,  applied  the  load. 
Four  PIFs  on  each  side  of  the  reaction  beam 
served  as  the  anchor.  Load  increments  of 
approximately  40  tons  were  applied  and  held 
for  one  hour  each  until  the  maximum  test  load 
of  340  tons  was  reached.  At  this  point,  the 
test  load  was  held  for  24  hours  and  the 
settlement  was  monitored.  The  measured  gross 
settlement  under  the  test  load  was  1.2  inches. 
Since  the  structures  could  tolerate  this 
amount  of  settlement,  the  340-ton  test  load 
was  considered  the  ultimate  load  capacity  for 
PIF-111.  The  load-deflection  curve  for 
PIF-111  is  shown  on  Figure  2. 


LOAD  -  TONS 

0  60  120  180  240  JOfl  360 


The  results  verified  both  the  adequacy  of  the 
bearing  stratum  and  the  analytical  equation 
for  PIF  capacity  developed  by  R.  L.  Nordlund, 
(1970)  i.e.,  the  ultimate  capacity  of  the  base 
is  directly  proportional  to  the  number  of 
blows  of  the  hammer  ram  to  inject  the  last 
cubic  foot  of  zero-slump  concrete  into  the 
base,  and  proportional  to  the  energy  per  blow 
of  the  ram. 


H  =  Fall  of  drop  hammer  to  form  base 
in  feet 

V  =  Total  volume  of  zero-slump  concrete 
to  form  the  base,  in  cubic  feet 

K  =  Constant  of  proportionability  for 
design  equation  =  60 

The  resulting  ultimate  capacity  equation  for 
PIFs  in  granular  soil  is  shown  on  Figure  3. 


B 


F  lg.3  PIf  Design  Equctlon 


Following  load  test  completion,  the  contractor 
then  proceeded  to  install  the  remaining  PIFs, 
using  the  same  procedures  as  those  used  for 
PIF-111,  namely,  a  drop-hammer  energy  of 
140,000  foot-pounds,  and  a  minimum  of  34 
hammer  blows  to  expel  the  last  5  cubic  feet  of 
zero-slump,  base  concrete. 


CONSTRUCTION  PROBLEMS  AND  ADDITIONAL  TESTING 

During  PIF  installation,  an  independent 
testing  firm  was  retained  to  perform  quality 
control  testing.  As  part  of  the  contract,  the 
firm  monitored  the  PIF  installation  and 
prepared  concrete  cylinders  for  routine 
compressive  strength  tests.  During 
construction,  some  of  the  28-day  compressive 
strength  breaks  were  significantly  lower  than 
the  spec- tied  strength  of  4,500  psi.  Upon 
reviewing  the  testing  firm's  procedures,  it 
was  determined  water  was  being  added  to  the 
concrete  just  prior  to  making  the  cylinders, 
thus  casting  doubt  on  the  results.  At  this 
point,  it  was  concluded  the  only  way  to 
accurately  determine  the  strength  of  the 
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already  placed  concrete  would  be  to  core  the 
concrete  of  the  completed  PIFs  and  perform 
compressive  strength  tests  on  the  recovered 
concrete  cores. 

The  coring  program  uncovered  several  apparent 
voids  and  foreign  material,  such  as  mud  and 
brick  fragments  in  the  stem  area  above  the 
base.  Further,  compressive  strength  results 
were  as  low  as  1,000  psi.  The  combination  of 
potential  voids,  segregrated  concrete,  foreign 
material,  and  low  compressive  strength 
indicated  a  potential  problem  of  load  transfer 
through  the  steam  area.  With  PIF  installation 
essentially  complete  at  this  time,  additional 
core  sampling  and  load  tests  were  recommended 
and  conducted  on  additional  complete  PIFs. 

A  double-tube  core  barrel,  which  produced 
4-inch  diameter  samples,  was  used  for  the 
additional  coring.  These  large-diameter  core 
samples  were  tested  to  determine  the 
unconfined  compressive  strengths  and  unit 
weight.  The  minimum  compressive  strengths 
recorded  for  the  additional  cores  were  2,400 
psi  from  the  stem  area  and  1,700  psi  from  the 
base,  with  the  unit  weight  being  approximately 
148  pcf. 

Additional  load  tests  were  performed  on 
completed  PIFs  95  and  5.  During  initial 
loading  of  PlF-95,  a  rapid  settlement  of  about 
1.5  inches  occurred  between  the  loads  of  40 
and  80  tons,  as  seen  on  Figure  2.  The  load 
test  was  continued  to  170  tons,  and 
subsequently  reduced  to  zero  to  determine  the 
net  settlement.  The  load  test  was  then  cycled 
back  to  170  tons,  and  continued  to  340  tons. 
The  curve  was  corrected  for  this  rapid 
movement  by  extending  the  portion  of  the  curve 
between  170  and  340  tons  back  to  zero  load  and 
then  shifting  the  entire  curve  to  the  origin. 
The  corrected  curve  for  PIF-95  and  the  curve 
from  the  test  conducted  on  PIF-5  compared 
quite  closely  to  PIF-111  as  shown  on  Figure  2. 

These  two  load  tests  also  verified  the 
adequacy  of  the  sand  bearing  stratum  to 
support  the  load  imposed  by  the  base,  and  the 
analytical  equation  for  PIF  capacity  as  shown 
on  Figure  3.  However,  the  sudden  movement  in 
PIF-95  indicated  a  potential  w.  ak  link  in  the 
load  transfer  mechanism  between  the  shaft  and 
the  base,  a  condition  unsatisfactory  for  the 
as-built  PIF.  As  a  result,  all  of  the 
untested  PIFs  were  considered  suspect,  and 
thus  a  method  was  needed  to  test  the  as-built 
condition  of  these  PIFs. 


WAVE  EQUATION  ANALYSIS 

After  evaluation  of  cost  and  time  factors,  a 
dynamic  testing  program  was  selected  to  verify 
or  achieve  the  required  capacity  for  each 
as-built  PIF.  This  program  consisted  of 
driving  the  concrete  piles  to  high  end-bearing 
resistance  on  the  base.  Typical  PIF 
installation  and  simulation  are  shown  on 
Figure  4.  The  basic  assumption  was  that  there 
was  a  void  or  weak  zone  at  the  junction  of  the 
shaft  and  base.  The  wave  equation  program 
(Goble  and  Rausch,  1976  and  Lowery,  1970)  was 
used  to  evaluate  pile  capacity  and  associated 
stresses  caused  by  driving.  Details  of  the 


wave  equation  theory  will  not  be  given  here, 
but  are  well  documented  elsewhere  (Goble  and 
Rausche,  1976,  Lowery,  et  al.  1969,  and  Smith, 
1960). 


R*M- 


STROKt 


F(g.4  Dynamic  Testing  Problem  S  Imulat  Ion 

The  solution  consists  of  idealizing  the  actual 
pile-driving  system  as  a  series  of  concentrated 
weights  and  springs  as  shown  on  Figure  5. 
Idealization  includes  simulation  of  the  soil 
medium  as  well  as  the  pile  driver  and  pile. 


SIDE 

S  FRICTIONAL 
RESISTANCE 


Flg.5  Model  For  Wave  Equation  Analysis 
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TABLE  I . 


Wave  Equation  Input  Data 


Hammer  Model 


Pile  (PIF)  Model 


Soil  Model 


a.  Vulcan  014  single  acting 
air/steam  hammer 

b.  Ram  Weight  -  14,000  pounds 

c.  Rated  Energy  -  42,000 

d.  Capblock  Material  -  Alter¬ 
nating  disks  of  aluminum/ 
micarta,  20  inches  high, 

17  inches  in  diameter, 
with  an  elastic  modulus 

of  700  kips/square  inch 
and  a  coefficient  of 
restitution  of  0.8 

e.  Cushion  -  Fir  plywood, 
with  an  elastic  modulus 
of  35  kips/square  inch 
and  a  coefficient  of 
restitution  of  0.4 


a . 

Length  -  33  feet 

a 

b. 

Diameter  -  17  inches 

b 

c . 

Concrete  unconfined 

c 

compressive  strength 

d 

of  5,000  pounds/square 

e 

inch 

f 

d. 

Concrete  elastic 

modulus  of  4,200  kips/ 
square  inch 

g 

e . 

Concrete  unit  weight 
of  148  pounds/cubic 
foot 

Distribution  -  Triangular 
Amount  of  skin  friction  -  10% 
Amount  of  end  bearing  -  90% 
Side  Quake  -  0.1  inch 
Tip  Quake  -  0.1  inch 
Side  damping  (Smith  type)  - 
0.05  second/feet 
Tip  damping  (Smith  type)  - 
0.15  second/feet 


The  results  of  the  analvsis  are  used  to 
construct  a  bearing  graph  that  relates 
ultimate  resistance  and  stress  to  the  set  or 
blow  count.  Details  of  the  input  used  in  the 
analysis  are  given  on  Table  1. 

Initial  ultimate  capacity  of  each  as-built  PIF 
was  not  known,  but  it  was  reasonable  to 
estimate  a  combined  frictional-  and  end-bearing 
capacity  of  50  tons  if  a  void  was  assumed  in 
the  concrete  at  the  base  of  the  shaft.  This 
was  based  on  the  performance  of  PIF-95,  which 
was  load  tested  and  began  to  settle  in  the 
range  of  40  to  80  tons.  Soil  resistance 
distribution  was  assumed  to  be  about  90  percent 
end  bearing  because  the  method  of  installation 
resulted  in  minimum  friction  friction  along  the 
shaft.  Three  cases  were  analyzed,  details  of 
which  are  given  in  Table  2.  Case  1  provided  a 
soft  ram  impact,  kept  the  compressive  stresses 
low  for  the  first  few  hammer  blows,  and  built 
up  some  resistance  while  cases  2  and  3  provided 
an  increasingly  harder  impact,  higher 
compressive  stresses,  and  higher  resistances. 


TABLE  II.  Wave  Equation  Cases 


Case 

Hammer 

Stroke 

In  Inches 

Cusion  on 
Follower 

In  Inches 

Cushion  on 
PIF 

In  Inches 

1 

24 

3 

12 

2 

24 

0 

10.5<^> 

3 

30 

0 

gd) 

(1)  Compressed  due  to  driving 


The  results  of  the  wave  equation  analyses  are 
shown  on  Figure  6.  Case  1  condition  resulted 
in  a  maximum  tensile  stress  of  400  psi  in 
overcoming  a  minimum  ultimate  resistance  of  50 
tons.  The  corresponding  compressive  stress 
was  approximately  2,000  psi.  This  condition 
occurred  at  a  set  of  1  inch  per  blow.  As 
shown  in  Figure  6,  as  long  as  an  initial  set 
of  0.5  inches  or  less  is  measured  under  the 
first  hammer  blow,  tensile  stresses  are  not 
critical.  Higher  compressive  stresses  and 
ultimate  capacities  were  developed  with  Case  2 
because  of  the  harder  impact  and  Case  3 
resulted  in  even  higher  ultimate  resistances 
and  compressive  stresses  because  of  the  longer 
stroke  and  minimal  cushioning. 


SET  -  INCHES  PER  BLOK 


NOTE!  NL"«iER  *0J*CENT  TO  CURVES  *RE  CASE  NOS.  ANAITIED. 


f  (g.6  Wave  Equation  Analysis 
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TENSILE  IT)  OR  CONPRE55IVE  (Cl  •  MAXIMUM  DRIVING  STRESSES  -  PSI 


The  following  example  is  based  on  Case  2  with 
reference  to  Figure  6.  If,  in  the  field,  the 
final  hammer  blow  produced  a  permanent  set  of 
0.1  incii,  then  the  ultimate,  load-bearing 
capacity  immediately  after  driving  should  be 
about  220  tons,  and  the  maximum  compressive 
stress  induced  in  the  shaft  should  be  about 
2,400  psi.  This  ultimate  resistance  is  the 
total  soil  resistance  overcome  during  driving. 


The  three  PIFs  which  had  been  load  tested 
previously  were  retapped  to  compare  the  wave 
equation  predicted  capacity,  Ry,  with  the 
measured  load  test  capacity.  The  wave  equation 
predicted  the  ultimate  capacity  within  15 
percent  of  the  measured  values  as  shown  on 
Figure  7.  As  a  result,  the  predicted  stresses 
were  considered  to  be  within  this  same  range  of 
accuracy. 


DRIVING  CRITERIA 

The  wave  equation  analysis  for  Case  3  (full 
ram  stroke  and  approximately  9  inches  of 
plywood  cushion)  and  the  results  of  PIF-95 
established  the  field-driving  criteria  to  be 
used  for  dynamic  testing.  For  Case  3,  a  final 
set  of  0.15  inch  predicted  an  ultimate 
resistance  of  240  tons  and  a  maximum 
compressive  stress  of  2,900  psi  in  the  shaft. 
Since  the  design  load  of  170  tons  correspond 
to  an  approximate  stress  of  1,500  psi,  this 
criteria  provided  a  minimum  factor  of  safety 
equal  to  1.4,  with  respect  to  load  carrying 
capacity,  and  1.9,  with  respect  to  compression 
driving  stress.  As  all  the  PIFs  would  be 
tested,  these  factors  of  safety  were 
considered  acceptable.  The  load-test  curve 
for  PIF-95,  which  settled  excessively  during 
the  40  to  80  ton  increment,  was  reviewed.  The 
break  on  Figure  2  indicates  that  the 
resistance  built  up  after  the  shaft  penetrated 
approximately  1.5  inches.  Therefore,  the 
field-driving  criteria  selected  was  a  final 
set  for  Case  3  of  0.15  inch  or  less  for  the 
last  hammer  blow,  and  a  total  penetration  of 
less  than  or  equal  to  1.5  inches.  Case  1  and 
Case  2  driving  criteria  were  arbitrarily 
selected  to  be  a  final  set  of  0.25  inch  or 
less,  and  0.2  inch  or  less,  respectively. 


FIELD  TESTING 

All  128  PIFs  were  tested  dynamically  within 
ten  working  days,  with  one  crew  working  a 
standard  eight-hour  day.  The  testing  was 
performed  in  the  following  manner.  A 
graduated  scale  was  attached  to  the  side  of 
the  shaft,  and  the  horizontal  cross  hair  of  a 
transit  was  used  as  a  reference  to  measure  the 
set  under  each  hammer  blow.  The  top  of  the 
shaft  was  leveled  with  some  sand,  and  12 
inches  of  plywood  pile  cushion,  with  holes  cut 
to  pass  the  reinforcing,  was  then  set  on  the 
top  of  the  shaft.  Next,  a  follower  was  placed 
over  the  cushion  and  reinforcing,  and  an 
additional  3  inches  of  plywood  cushion  was 
placed  on  top  of  the  follower.  The  hammer  was 
then  set  in  place  on  the  follower.  Figure  4 
shows  the  dynamic  testing  set  up.  One  hammer 
blow  was  delivered  using  the  short  stroke,  and 
the  set  of  the  pile  was  measured.  Additional 
hammer  blows  were  delivered  until  a  set  of 
0.25  inch  or  less  was  obtained  (Case  1).  The 
hammer  was  lifted  off  the  follower  and  the  3 
inches  of  plywood  was  removed.  The  hammer  was 
set  back  in  place,  and  additional  hammer  blows 
were  delivered,  using  the  short  stroke,  until 
a  set  of  0.20  inch  or  less  was  obtained 
(Case  2).  Finally,  a  full  ram  stroke  was  used 
and  additional  hammer  blows  delivered  until  a 
set  of  0.15  inch  or  less  was  obtained  (Case  3). 
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Fig. 7  Wave  Equation  And  Load  Test  Comparison 


RESULTS  AND  EVALUATIONS 

The  reasonable  accuracy  of  the  wave  equation 
to  predict  the  ultimate  capacity  of  the  PIFs 
permitted  comparing  the  initial  capacity  and 
the  final  capacity.  The  set  measured  under 
the  first  hammer  blow  was  converted  to  the 
ultimate  capacity  (Figure  6),  and  is 
considered  the  initial  as-built  capacity.  The 
PIF  was  then  driven  and  the  final  set  was 
converted  again  to  ultimate  capacity  (Figure 
6).  Table  3  is  a  summary  of  this  comparison. 


Table  DI.  wove  Equation  Results 
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The  initial,  or  as-built,  capacity  ranges  are 
across  the  top  and  the  final  capacity  ranges 
are  down  the  side.  Figures  in  the  table 
represent  the  number  of  PIFs  with  the 
particular  initial  and  corresponding  final 
capacities.  Totals  for  each  capacity  range 
are  shown  also.  For  example,  there  were  15 
PIFs  with  an  initial  and  final  ultimate 
capacity  in  the  range  of  350  to  380  tons. 

Table  3  clearly  shows  that  at  least  11  PIFs 
had  an  initial  ultimate  capacity  less  than  the 
design  load  of  170  tons. 

The  field  data  were  analyzed  to  determine  the 
initial  and  final  factors  of  safety  with 
respect  to  load  carrying  capacity.  Factor  of 
safety  is  defined  as  the  ratio  of  the  initial 
or  final  ultimate  soil  bearing  capacity  to  the 
design  load  of  170  tons.  Initial  factors  of 
safety  ranged  from  a  minimum  of  0.5  to  a 
maximum  of  2.2,,  and  the  average  was  1.4. 

After  dynamic  testing,  the  resulting  final 
factors  of  safety  ranged  from  a  minimum  of  1.4 
to  a  maximum  of  2.2,  and  the  average  was  1.9. 
PIFs-32,  27,  and  94  were  not  included  in 
computing  the  final  factor  of  safety  because 
they  did  not  meet  the  driving  criteria,  and 
were  subsequently  replaced  with  PIFs  installed 
adjacent  to  the  unacceptable  PIFs. 
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SUMMARY  AND  CONCLUSIONS 

Load  tests  and  coring  of  as-built  PIFs 
confirmed  a  potential  problem  of  load  transfer 
between  the  shaft  and  the  base  of  some  of  the 
128  PIFs,  which  had  a  design  load  of  170  tons. 
The  wave  equation  was  used  to  estimate  the 
bearing  capacity  and  stresses  resulting  from 
driving  the  PIFs  to  a  high,  bearing  resistance 
against  the  base. 

The  wave  equation  predicted  ultimate  capacities 
within  15  percent  of  measured  capacities, 
determine  from  load  tests,  and  these  load  tests 
also  verified  the  design  equation  which  was 
used  to  control  PIF  installation. 

All  of  the  PIFs  except  three  met  the  driving 
criteria;  the  three  were  replaced.  Dynamic 
testing  estimated  the  initial,  ultimate  load¬ 
carrying  capacity  of  each  PIF,  and  identified 
at  least  11  which  were  found  to  have  initial, 
ultimate  capacities  less  than  the  design  load 
of  170  tons.  Dynamic  testing  permitted 
driving  each  PIF  to  a  higher,  ultimate 
capacity,  and  resulted  in  increasing  the 
overall  average  factor  of  safety  from  1.4  to 
1.9.  The  completed  structure  has  performed 
satisfactorily. 
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SYNOPSIS;  The  Paper  describes  failures  of  some  high  tensile  strength  steel  tensioned  rock  anchors  at  a  deep 
excavation.  The  failures  are  attributed  to  stress  corrosion  to  which  the  high  tensile  strength  steel  is  particularly 
susceptible.  The  method  which  was  used  to  estimate  the  life  of  remaining  anchors  on  thfproject  is  described.  The  need 
for  ensuring  a  high  level  of  care  during  transportation,  storage  and  installation  of  such  high  tensile  strength  steel 
bars  is  emphasised. 


INTRODUCTION 

The  use  of  ground  anchors  to  provide  lateral 
support  for  excavations  is  now  a  common  practice. 

These  anchors  can  be  designed  with  an  adequate  margin 
of  safety  by  using  current  design  methods  in 
combination  with  well  documented  data  from  previous 
projects,  and  by  exercising  adequate  quality  and 
testing  control  during  the  installation  process.  In 
particular  the  adoption  of  current  methods  ot  design 
and  construction  have  greatly  reduced  the  possibility 
of  failure  of  the  anchors  along  the  grout-ground,  and 
grout-tendon  interfaces.  However  one  aspect  of  anchor 
design  where  great  caution  still  needs  to  be  exercised, 
relates  to  the  corrosion  failure  of  tensioned  steel 
tendons  or  the  steel  anchor  head  assembly.  These 
failures  are  seldom  reported  in  literature,  although 
most  designers  are  aware  of  cases  where  such  instances 
have  occurred  in  the  field. 

A  detailed  case  history  has  been  presented  by 
Jurell  (1985)  who  described  an  anchor  failure  at  an 
underground  machine  hall  in  Sweden.  A  total  of  118 
Dywidag  80/105  prestressing  bars,  mm.  in  diameter, 
and  with  an  average  length  of  12  mm,  were  stressed  to 
a  load  of  300kN  during  1955.  In  the  spring  of  1981, 
one  of  the  bars  failed  2.5  m  from  the  anchor  head  with 
such  a  force  that  it  flew  out  and  landed  8  m  away  on 
the  floor.  Such  sudden  release  of  energy  apears  to  be 
typical  of  stress  corrosion  failures.  Subsequent 
investigation  revealed  that  the  failure  had  been 
triggered  by  a  5  ram  deep  primary  crack  originating  from 
the  bottom  of  a  large  corrosion  pit  having  a  maximum 
depth  of  only  0.8  ana.  A  section  of  the  bar  at  the 
corrosion  pit  where  the  fracture  initiated  is  shown  in 
Fig.  1. 

This  paper  presents  a  case  history  of  a  deep 
excavation  in  downtown  Vancouver,  B.C.  Canada,  where 
several  anchors  failed  during  construction  despite  the 
fact  that  corrosion  protection  for  the  temporary  use 
of  these  anchors  had  been  provided.  Subsequent 
investigation  on  these  failures,  and  the  method  to 
estimate  the  remaining  life  of  anchors  to  complete  the 
project  are  also  discussed. 

The  Site 

The  site,  approximately  75  m  x  43  ra  in  plan,  and 
20  ra  deep  was  located  at  a  busy  intersection.  In  view 
of  the  very  close  proximity  of  sensitive  structures  and 
major  underground  utility  services  including  two  small 


tunnels,  a  vertical  excavation  was  selected.  It  was 
further  stipulated  that  the  excavation  would  be 
maintained  at  essentially  “at  rest"  (Kq)  condition  so 
that  the  elaxtic  deformations  could  be  kept  to  a 
minimum. 


Fig.  1.  Fracture  surface  at  corrosion  pit 
(Jurell,  1985) 

The  subsurface  conditions  at  the  site  were 
evaluated  from  results  of  14  drill  holes,  10  auger 
holes,  and  a  number  of  laboratory  tests.  Typically, 
the  surficlal  soils  consist  of  loose  silty  sands  and 
sand  and  gravel  fill  overlying  dense  sand  to  an  average 
depth  of  3  m.  The  dense  sand  is  a  residual  soil 
derived  from  weathering  of  sandstone  bedrock.  The 
contact  between  the  dense  sand  the  bedrock  is  therefore 
transitionary.  The  overburden  is  underlain  by 
sandstone  that  is  generally  gradational  from  fine 
grained  at  the  top  to  coarse  grained  at  a  depth  of 
approximately  12  m.  A  2  m  thick  mudstone  layer 
underlies  the  coarse-grained  sandstoone  at  an  average 
depth  of  14  m.  The  sandstone  had  a  typical  rock 
hardness  index  of  R2  (classification  after  Plteau  et  al. 
1979)  The  regional  groundwater  table  at  the  site  lies 
below  the  excavation  floor;  however,  perched  water 
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tables  are  encountered  at  several  higher  elevations 
especially  above  mudstone  contacts. 

Excavation  Support  System 

A  method  of  excavation  support  using  a  combination 
of  soldier  piles  and  lagging  in  the  overburden  and 
tensioned  temporary  soil  or  rock  anchors  was  judged  to 
be  most  suitable  for  the  site  conditions  (Fig  2).  All 
anchors  were  to  be  destressed  at  the  end  of 
construction.  Current  jurisprudence  in  British  Columbia 
does  not  permit  the  use  of  anchors  for  permanent  support 
if  the  bond  length  intrudes  on  adjacent  property.  The 
permanent  lateral  suport  is  provided  by  the  heavily 
reinforced  substation  walls  and  floor  slabs,  A  75  mm 
thick  shotcrete  layer  was  applied  on  all  exposed  bedrock 
surfaces  to  minimimize  rock  weathering  and  to  reduce  the 
risk  of  local  rockfall. 

The  specifications  for  the  three  types  of  tensioned 
grouted  anchors  proposed  by  the  contractor  are  given  in 
Table  1.  It  is  important  to  note  that  despite  their 
temporary  nature,  the  anchors  were  provided  with  a 
corrosion  protection.  Ail  metal  component  were  coated 
with  corrosion  inhibitor  and  the  free  len^  .h  of  the  bar 
was  enclosed  in  a  grease-filled  polyethylene  sheath, 
which  was  sealed  to  the  bar  at  the  bottom  of  the  free 
length  to  prevent  ingress  of  grout  in  the  annular  space. 
Despite  low  regional  groundwater,  a  perimeter  drainage 
system  was  designed  to  relieve  pressure  from  perched 
groundwater  tables.  Groundwater  around  the  excavation 
was  controlled  by  30  cm  diameter  vertical  perimeter 
collector  drains.  A  total  of  37  drains,  at  a  nominal 


Fig.  2.  Excavation  support  system. 


spacing  of  6  m,  was  installed  to  the  full  depth  of  the 
excavation.  The  upper  end  of  the  drains,  was  sealed  to 
prevent  entry  of  additional  water  from  the  pervious 
overburden.  At  each  collector  drain,  a  series  of 
"inclined"  seepage  drains  at  a  vertical  spacing  of  3  m 
were  drilled  in  the  bedrock.  These  drains  were  cased 
with  38  mm  diameter  pre-slotted  PVC  pipe,  and  their 
lengths  were  varied  to  drain  bedrock  at  the  fixed 
lengths  of  the  anchors. 

The  overburden  support  was  provided  by  timber 
lagging  retained  by  bedrock-anchored  soldier  piles  and 
tlebacks.  The  support  system  was  optimized  using 
anchors  with  a  maximum  working  load  of  403kN  (type  II 
anchors)  for  the  upper  tlebacks  and  anchors  with  a 
working  load  of  659kN  (type  I  anchors)  for  the  two  lower 
tlebacks,  for  an  average  horizontal  spacing  of  2  m.  The 
type  I  anchors  also  constituted  part  of  the  bedrock 
support  system.  Anchor  holes  were  drilled  to  a  diameter 
of  89  mm  for  types  I  and  II  anchors,  and  75  mm  for  type 
III  anchors.  The  anchors  were  designed  at  a  typical 
grid  spacing  of  2  m  x  2  m  to  provide  an  average  stress 
of  150kN/m^  on  the  walls.  Based  on  earlier  anchor 
pullout  tests,  the  bond  lengths  were  determined  on  the 
basis  of  working  shear  resistance  of  0.7  MPa  at  the 
rock-grout  contact.  Typical  bond  lengths  for  type  I  and 
type  II  anchors  were  5  m  and  3  m,  respectively. 

Reference  should  be  made  to  Garga  et.al.  (1984)  for 
further  details  on  design  and  construction  of  the 
excavation  support  system  for  this  project. 

All  anchors  were  required  to  be  destressed  when  the 
horizontal  earth  pressure  could  be  supported  by  the 
rigid  perimeter  walls  and  floor  slabs  of  the  underground 
reinforced  concrete  structure. 

Type  I  Rock  Failure  Anchors 

After  all  anchors  were  installed,  and  during  the 
construction  of  the  perimeter  walls  and  floor  slabs,  a 
total  of  seven  randomly  distributed  sudden  failures, 
occurred  in  the  stressed  type  I  rock  anchors.  The 
first  tendon  to  fall  under  the  design  load  fractured  at 
the  Interface  of  the  free  and  bond  lengths, 
aproxlmately  10.5  m  from  the  face  of  the  excavation. 

The  unbonded  portion  of  the  rod  was  protected  against 
corrosion  by  a  grease-filled  polyvinyl  sleeve  that  was 
taped  at  both  ends.  The  elastic  strain  energy  stressed 
in  the  bar  was  of  such  magnitude  that  it  launched  the 
failed  portion  of  the  bar  20  m  across  the  site. 
Fortunately,  no  injuries  or  other  damage  occurred. 

Failure  Investigation 

The  failed  anchor  rod  had  performed  satisfactorily 
for  13  months  with  no  apparent  Increase  in  tension.  It 
was  therefore  assumed  that  a  delayed  cracking  mechanism 
was  responsible  for  the  failure,  A  detailed  study  of 
the  anchor  rod  fracture  surface  using  various 
metallurgical  techniques  indicated  the  following: 

(i)  The  fast  brittle  fracture  was  initiated  by  a 
small  elliptical  surface  crack  that  was  covered  with  a 
black  magnetite  corrosion  product  (Fe304).  The  crack 
originated  in  a  surface  corrosion  pit  which  Induced 
stress  and  chemical  concentration  effects.  Radial 
fracture  lines  covered  98%  of  the  fracture  surface  and 
clearly  lead  back  to  the  fracture  origin. 

(il)  The  defect  that  initiated  brittle  fracture 
was  intergranular  in  nature,  and  had  a  maximum  depth  of 
0.86  tsa  and  a  maximum  length  of  3.02  mm  (Fig.  3).  The 
striking  resemblance  to  Fig.  1  is  obvious. 
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TABLE  I.  High  Tensile  Steel  Anchor  Specifications 


Type 

Use 

Dia . 

mm 

Yield 

Stress 

N/ mra^ 

Specified 
Working 
Load ,  Pw 
kN 

Minimum 

Yield 

Load,  Py 
(-1.5  Pw) 
kN 

Minimum 

ultimate 
capacity , 

Pcf  (»1.25Py) 
kN 

Type 

I 

Rock  support 

36 

1080 

659 

989 

1236 

Type 

II 

Overburden  support 

32 

835 

A03 

605 

756 

Type 

III 

Local  rock 

25 

835 

103 

195 

244 

support  in  front 
tunnels 


Fig.  3.  Fracture  surface  from  first  anchor 

failure.  Arrow  indicates  originating 
defect.  Magnlf Icatlon  x  2,5 


Fig.  4.  Micrograph  showing  intergranular  nature 
of  crack.  Magnification  x  200. 


(ill)  A  small  Intergranular  crack  was  found 
immediately  above  the  rod  fracture  face.  This  crack 
also  originated  in  a  surface  corrosion  pit  and  had  a 
maximum  depth  of  0.5  mm  (Fig.  4).  The  general 
condition  of  the  bar  was  good,  with  no  evidence  of 
gross  surface  pitting. 

The  evidence  indicated  that  the  fracture- 
originating  defect  was  probably  caused  by  a  form  of 
stress  corrosion  cracking.  Samples  of  construction 
materials  and  ground-water  were  analyzed  but  the 
corrosive  medium  that  caused  the  cracking  could  not  be 
Identified . 

Material  Evaluation 

Mill  certificates  supplied  by  the  steel 
manufacturer  Indicated  that  the  rock  anchor  steel  was  a 
high  carbon,  high  silicon  type  with  a  vanadium  addition 
(type  ST  1080/1230),  Metallographlc  examination  of  the 
steel  revealed  a  microstructure  of  nearly  100% 
pearllte.  The  yield  strength  of  the  rod  material  was 
1100  MPa,  which  is  40%  above  the  apparent  stress  in  the 
rod  when  the  failure  occurred.  Fracture  toughness 
testing  was  therefore  initiated  to  determine  the 
material  performance  in  the  presence  of  surface 
defects . 

Fracture  toughness  testing  was  completed  on  test 
samples  of  the  steel  bar  cut  from  areas  adjacent  to  the 
fracture  surface.  All  testing  was  performed  in  air  at 
room  temperature  (20®C).  These  tests  showed  that  the 
fracture  toughness  value  (Kt^.)  for  the  rock  anchor 
material  was  aproximately  30  MPa  M  in  air. 

The  first  broken  anchor  rod  performed 
satisfactorily  for  a  period  of  13  months.  At  failure, 
the  defect  had  a  maximum  depth  of  0.86  mm  and  a 
circumferential  length  of  3.02  mm.  No  other  data 
relating  to  the  rate  of  crack  growth  is  available.  A 
defect  analysis  was  next  performed  using  the 
three-dimensional  case  of  semielliptical  surface 
defects  in  finite  plates  (Paris  and  Sih  1965),  The 
maxifoum  normal  working  stress  of  690  MPa  was  used  for 
the  purpose  of  calculating  the  value  which 

corresponded  to  the  measured  critical  defect  size.  For 
the  measured  critical  flaw  size  in  the  field 
environment,  the  following  equation  applies: 


-  [1  +  0.12Cl-a^b)] 


a( 


1/2 


(2t)  ) 


rr 


1241 


where  =  critical  defect  depth  =  0.86  nim;  b  =  1/2 
defect  length  =  1,52  nun;  a  =  working  stress  =  690  MPa; 
t  =  bar  diameter  =  36  mm;  ^  =  elliptic  integral  =  1.37. 
The  value  of  =  from  eq  1  i  is  calculated  to  be  3.65 

MPa  /ra. 

A  comparison  of  the  value  determined  in  the 
laboratory  by  testing  in  air  and  that  back-calculated 
for  the  site  environment  from  tiie  measured  defect  size 
on  failed  anchor  rod  thus  showed  an  order  of  magnitude 
difference . 

Remaining  Life  Estimates 

The  velocity  of  the  growth  of  stress  corrosion 
cracks  depends  on  the  environment,  Che  stress 
intensity,  and  the  material  properties.  Both  the 
environment  and  Che  stress  intensity  could  vary 
thoroughouC  the  life  of  the  bar.  The  nature  of  the 
cracking  found  immediately  below  Che  fracture  face 
indicated  that  the  cracks  were  growing  in  a  stable 
fashion.  Stress  corrosion  cracks  of  this  type  develop 
in  three  stages.  Crack  initiation  is  usually  followed 
by  a  rapid  growth  over  a  very  short  period  of  rime 
(stage  I),  followed  by  cracking  at  a  steady  crack 
growth  velocity  (stage  II).  The  final  stage  comprises 
of  unstable  crack  growth  at  a  very  rapid  rate.  The 
best  estimate  of  crack  growth  velocity  i.e.  assuming 
that  the  defect  grew  at  a  constant  rate,  may  be 
obtained  from: 

V.C.1/5C  [2]. 

For  t  =  13  months;  i  =  0.86  mm  (initial  defect  depth),  a 
crack  velocity  v  *  2.71  x  10""®  mm/s  is  obtained. 

The  value  of  K  remains  constant  in  a  given  environment. 
The  critical  crack  size  which  would  permit  unstable 
fast  fracture  to  occur  can  therefore  be  calculated  for 
a  variety  of  stress  conditions,  by  using  Eq.(i).  To 
estimate  the  minimum  remaining  life,  of  the  anchors  the 
bars  In  the  excavation  can  be  proof  loaded  to  a  higher 
load  after  which  they  can  be  "locked  off”  again  at  the 
original  working  load.  The  survival  of  Che  bars  during 
the  proof  loading  process  provides  a  direct 
confirmation  chat  the  defect  did  not  yet  attain  the 
critical  depth.  It  should  be  noted  that  the  higher 
proof  stress  results  in  a  smaller  critical  depth 
(Equation  1).  The  critical  defect  size  at  the  working 
load  is  known  from  examination  of  Che  fracture 
surface.  The  difference  between  the  measured  value  of 
defect  size  at  the  normal  working  load  of  690  kN  and 
Che  calculated  value  of  Che  defect  size  at  some  higher 
proof  stress  can  be  transformed  into  time  by  dividing 
by  the  estimated  stable  crack  velocity.  As  an  example, 
for  a  working  stress  of  690  MPa,  a  critical  defect 
size,  ,  of  0.86  mm  was  raesured  in  the  field.  If  Che 
stress  during  proof  loading  is  increased  by,  say,  20%, 
Chen  a  new  critical  defect  size  can  be  back  calculated 
for  Eq.[l].  In  this  case,  for  the  higher  stress  of  828 
MPa,  a  defect  size,  a^, ,  equal  to  0.66  mm  is  calculated. 
The  difference  in  critical  crack  size  is  therefore  0.20 
mra.  Assuming  that  the  rate  of  crack  propogatlon 
remains  constant  at  2.71  x  10~®  mm/s  as  determined  from 
Eq.r2],  the  additional  time  gained  by  proof  loading  to 
827  MPa  is  given  by  85  days  (0.20mm/1.71  x  10~° 
mm/s).  The  same  argument  can,  of  course,  also  be 
aplled  to  a  decrease  in  stress  level  In  the  bar.  A 
lower  stress  value  will  result  in  a  larger  critical 
defect  size.  The  difference  between  this  value  and  the 
measured  critical  defect  size  at  the  normal  working 
load  can  also  be  transformed  Into  a  minimum  time  to 
f al  lure . 


At  the  time  of  the  first  anchor  failure  the  stress 
level  in  the  anchor  rods  could  not  be  reduced  since  the 
floor  slabs  were  not  yet  fully  constructed,  and  were 
therefore  not  capable  of  resisting  the  ensuing  Increase 
in  lateral  stress.  It  was  therefore  decided  that  a 
statistically  significant  number  of  anchor  rods  should 
again  be  proof  stressed  above  the  normal  working 
stress.  As  explained  Int  he  preceeding  paragraphs, 
fracture  toughness  data  was  used  to  generate  a  proof 
load  versus  time  gained  curve  as  shown  In  Fig.  5. 

This  curve  was  based  on  the  average  load  of  700  kN 
initially  reported  for  the  rock  anchor  system.  A  total 
of  125  type  I  anchors  were  proof-loaded  to  850  kN  to 
obtain  a  minimum  theoretical  remaining  life  of  110 
days.  The  work  was  resumed  at  the  site  with  this 
knowledge . 


Fig.  5.  Proof  load  versus  time  gained. 


Approximately  70  days  after  proof  loading  was 
completed,  a  second  rock  anchor  in  the  south  wall 
failed  suddenly.  The  fracture  features  were  identical 
to  those  found  on  the  first  anchor  failure.  This 
anchor  failed  at  the  taped  Interface  between  the 
corrosion  protection  sleeve  and  the  unprotected  end 
of  the  rod  immediately  below  the  anchor  plate.  At  the 
time  the  second  failure  occurred,  it  was  learned  that 
the  type  I  anchor  rods  in  the  system  were  tensioned  at 
loads  varying  between  620  and  838  kN  (average  value  700 
kN).  Since  further  failures  appeared  likely,  it  was 
decided  to  partially  destress  all  type  I  rock  anchors 
because  some  lateral  load  could  now  be  carried  by  the 
lower  floor  slab  and  perimeter  wails.  The  strength  of 
the  installed  concrete  substation  walls  allowed 
destressing  to  an  equivalent  load  of  620  kN  on  all  type 
I  anchors.  New  calculations  were  made  to  estimate  the 
time  to  be  gained  by  both  proof  loading  to  850  kN,  and 
unloading  to  620  kN  immediately  thereafter.  Table  2 
shows  the  calculated  values  of  time  gained  versus  the 
original  recorded  load  In  the  bar.  These  results  are 
shown  graphically  In  Fig.  6. 
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Table  2.  Remaining  life  estimates 


Critical 

Proof 

Loading  to 

Unloading  to 

Defect 

depth 

850  kN 

(1) 

620  kN  (2) 

Total  time 

Initial 

Time  gained 

Time  gained 

gained 

Load  in  bar 

(mm) 

(mm) 

(days) 

(mm)  (days) 

(1)  +  (2) 

(kN) 

(days) 

600 

1.14 

0.56 

23- 

— 

0 

234 

620 

1.07 

0.48 

205 

— 

0 

205 

650 

0.97 

0.38 

162 

0.10 

43 

205 

680 

0.89 

0.30 

129 

0.18 

76 

205 

700 

0.84 

0.25 

108 

0.23 

97 

205 

750 

0.71 

C.13 

54 

0.36 

151 

205 

800 

0.64 

0.05 

22 

0.43 

184 

205 

850 

0.56 

0 

0.51 

216 

216 

900 

0.51 

0 

0.56 

233 

233 

Two  additional  type  I  rock  anchors  failed  during  proof 
loading  to  850  kN.  Proof  loading  was  an  effective 
means  of  identifying  anchor  rods  containing  defects 
approaching  the  critical  defect  size.  The  combined 
total  time  gained  by  proof  loading  and  partially 
unloading  the  type  I  anchor  bars  provided  a  minimum  of 
205  days  of  safe  working  time  at  the  Cathedral  Square 
site.  No  further  rock  anchor  failures  occurred  during 
construction  after  partial  unloading  was  completed. 
During  final  destressing  of  the  rock  anchors  after  all 
the  concrete  was  placed,  three  tendons  failed  just 
below  the  anchor  nut  as  the  tensile  load  was  being 
applied  to  the  anchor  for  "lift-off." 


Fig.  6.  Time  gained  by  proof  loading  and  load 
reduction. 


Discussion 

High  tensile  strength  steels  of  the  type  used  in 
this  project  are  produced  with  a  pearlite 
microstructure  These  steels  have  been  developed  to 
maximize  tensile  strength,  but  at  the  expense  of 
toughness.  As  witnessed  at  this  site,  surface  defects 
of  seemingly  insignificant  depth  can  initiate 
catastrophic  brittle  failure  in  bars  that  are  stressed 
to  normal  working  stress  levels.  The  bars  at  the  site 
were  provided  with  corrosion  protection  consistent  with 
their  temporary  use,  and  yet  failures  occurred 
aproxlmately  13  months  after  installation. 

It  Is  Important  to  emphasise,  since  It  Is  not 
commonly  appreciated,  chat  high  tensile  strength 
post-tensing  bars  and  accessories  require  an 
extraordinary  care  during  transportation,  storage  and 
Installation.  Often  the  level  of  care  demanded  cannot 
be  guaranteed  even  on  well  managed  construction  sites. 
For  example,  the  specifications  for  such  steels  often 
contain  requirements  to  the  following: 

-Steel  must  be  transported  dry. 

-Any  damage  to  the  surface  such  as  notches, 
abrasions,  etc.  must  be  absolutely  avoided. 
-Steel  bars  must  not  be  thrown  or  dumped  from 
a  truck, 

-The  steel  must  be  stored  in  a  dry  place,  and 
sufficient  ventilation  must  be  provided  to 
avoid  condensation  of  water.  In  other  words, 
direct  contact  of  plastic  sheet  with  steel  is 
not  permitted. 

-The  steel  bars  must  not  come  in  contact  with 
the  ground  during  storage. 

-Hot  welding  sparks  may  initiate  failure. 

It  is  difficult  to  contemplate  the  enforcement  of 
the  above  requirements,  on  an  average  construction 
project  in  North  America. 

Conclusion 

1.  After  experiencing  anchor  failure,  proof  loading  of 
anchors  coupled  with  a  careful  examination  of  the 
fractured  anchor  bars  was  an  effective  means  of 
determining  the  remaining  life  of  the  anchors. 
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2.  The  high  strength  steel  of  the  type  used  in  this 
project  develops  a  high  tensile  strength  at  the 
expense  of  to'.ghness.  Hence,  even  minor  defects  on  the 
surface  of  the  bar  can  initiate  catastrophic  failure. 
Such  steels  require  an  exceptionally  high  level  of 
attention  during  all  phases  of  transportation,  storage 
and  ins tal lat  i ''n .  The  Engineer  must  satisfy  .imself 
whethe:  such  level  of  care  can  be  guaranteed  on  the 
project . 
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r  c.3;\;3Ges  c;'  so-:.e  results  ol'  flexible  footings  and  their  j.Todels  behaviour  in 
loading  cycles  applied  to  then.  The  revealed  effects  have  been  used  to  ex- 
f  so::  e  tanKs  la'-lures.  It  has  been  shown  that  one  of  the  possible  causes  is  the 
the  dl3plaoe:ients  of  the  tank  bottom  and  soil  under  it  following  unloading  and 
.  .1  sLr.pje  technique  has  been  proposed  to  prevent  the  failures  that  can  be  easi- 
r.struct  in,.'  th.e  tanks.  The  application  of  the  technique  both  eli::,inates  the  caus- 


i.  construe  t  :  rg  ^arxa  sJ..:plufi- 
taT.k-sc  ulbase  interaction  are 
ng  ::;o(.els  can  not  give  the 
. -r.  c;'  i'lexib.le  plate  interac- 


the  dis- 


: ,  r;.-  of  the  results 
'.slier  at  first  labo- 
. ests  oerforned  or. 


The  dencity  of 


caient  .-.aterial  Id  thick.  In  the  latter  case 
pos9.ti]:,ty  of  visual  observation  of  the  effect 
going  on  ir.  the  ::.odel-sand  contact  surface  v/as 
prov.ded.  ..'acKs  were  used  to  apply  loads  to  the 
central  part  of  the  model  trirough.  a  rubber  sub¬ 
strate.  Each  load. nr  stage  was  retaina  till  the 
sett  le::ient  stabilize.  Max.,.:*.'!':,  loads  lirtited  by 
the  values  that  corresponded  to  the  deflections 
close  to  the  allowed  values  for  flexible  foot¬ 
ings  of  structures,  e.g.  storage  tanks. 

Vertical  c  L3place:’:ents  oi  the  models  were  .tea- 
sured  along  tneli  three  radii  saj.c  as  d.splace- 
".ents  of  tne  sandbase  surface  f.oth  under  the 
models  and  o'ctSice  then.  Kvolutuon  of  cracks 
was  registered  or,  the  sand  surface, 

ECbEIOIi  Ok  ItBO'lLTd 

Consider  Pi.g,  1  jep.otir.g  a  ::,odel  and  ti.e  sand 
surface  d  ;  splacenents  in  ti,e  nodel  centsi’  fol¬ 
lowing  the  pri:nary  load. :  ng-unl  oad  i  ng  cycle.  In 
the  course  ,f  loading  the  model  and  tb,e  sand 


displace.-nents  coincide. 
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20  40 


Pig.  1  Oisplacernents  of  the  Model  Center  and 
the  Sand  Surface  under  It 
1,  2-  -nodel  center  3-  sand  surface 

During  unloading  the  model  rises  elastically 
while  the  sand  rebound  largely  lags  behind. 

This  results  in  formation  of  a  gap  between  the 
sand  surface  and  the  model  during  unloading. 
This  gap  is  shown  on  Fig.  2.  Por.-nation  of  the 
gap  was  registered  while  testing  2. 1x2. 1x2.1  m 
reinforced  concrete  slabs  as  well  (Palatnikov, 
E.A.  and  all,  1378). 

Evidently,  the  gap  between  the  unloaded  plate 
and  the  soil  affects  the  contact  pressure  dis- 
tr. but  ion  in  the  course  of  ‘he  subsequent  load¬ 
ing  r.aklng  it  different  from  -^tiat  of  the  conti¬ 
nuous  contact  between  tl.e  plate  and  soilbase. 

At  the  l.eginning  of  tiie  repetitive  loading  of 
the  plate  contact  pressures  apipears  only  oven  a 


narrow  peripheral  ring  being  rather  high  so 
that  they  may  thrust  the  sand  upward  inside  and 
outside  this  ring. 

r/R 


?ig.  2  Position  of  the  Model  and  the  Sand  Sur¬ 
face  after  the  First  Loading-Unloading 
cycle 

1-  model  2-  sand  surface  3-  gap 

Such  high  contact  pressures  over  the  periphery 
of  centrally  loaded  plates  caused  by  repetitive 
leading  was  registered  in  large-scale  tests. 

The  data  of  (Dovnarovitch  S.V.  and  all,  1987) 
show  that  plates  that  successfully  endured  the 
primary  load  may  fail  under  the  subsequent  load 
due  to  the  gap  between  the  plate  and  the  soil. 
Consider  Fig.  3  (Bell  R.A.  and  all.  1980)  dis¬ 
playing  of  tanks  bottom  position  of  the  actual 
structures  after  failure;  tanks  T-270  and  T-39 
with  diameter  52  m.  and  46  m.  respectively. 


Pig.  3  Differential  Settlement  of  Tanks  Bottom 
after  the  Accidents 

The  accident  of  T-270  happened  when  it  was  fil¬ 
led  with  oil  during  the  service  while  its  water 
test  did  not  provoke  any  failure.  Such  position 


may  be  explained  as  the  result  of  large  soil 
movements  under  the  edges  of  the  tanks  where 
high  pressures  are  caused  by  repetitive  loading 
Besides,  the  effects  described  above  appear 
both  if  the  teinks  rest  on  soil  and  on  piles. 
Pig.  4  show  vertical  displacements  of  the  cir¬ 
cular  model  plate  center  mentioned  above  and 
those  of  the  tank  bottom  supported  by  piles 
(Mohan  D.  and  all,  1978)  following  first  load¬ 
ing,  unloading  and  second  loading  after  remedi¬ 
al  underpinning  of  this  foundation. 


Pig.  4  Relative  Vertical  Displacements  of  the 
Model  and  Tank  Bottom 
1-  model  2-  tank  bottom 

Rapid  settlement  growth  is  observed  at  the  be¬ 
ginning  of  second  loading  both  in  the  case  of 
the  model  and  of  the  tank  bottom.  It  may  be  ex¬ 
plained  by  the  emergence  of  the  soil-footing 
interaction  discussed  above. 

PROPOSED  TECHNIQUE 

These  and  many  other  results  obtained  by  respec 
live  investigations  and  review  of  the  known  da¬ 
ta  encouraged  us  to  develop  a  new  technique  for 
constructing  storage  capacity  principally  dif¬ 
ferent  from  the  conventional  ones  to  prevent  ac 
cidents  and  greatly  reduce  as  the  differential 
settlement  of  structures  well  as  the  cost  of 
construction.  The  technique  envisages  formation 
of  the  tank  bottom-soilbas©  gap  and  filling 
said  gap  with  a  hardening  material.  This  fil¬ 
ling  is  to  be  completed  during  construction  ope 
rations  and  water  tests  before  commissioning 
the  storage  capacity. 

Evidently,  the  primary  load  that  precedes  for¬ 
mation  of  the  gap  should  be  less  than  the  maxi¬ 
mum  operation  load.  In  the  course  of  the  study 
the  proposed  technique  was  elaborated  to  form 
and  to  fill  the  gap  depending  on  the  properties 
of  the  soils,  the  tank  size,  loads,  time-schedu 
le,  etc. 

The  feasibility  of  the  construction  technique 
from  the  standpoint  of  the  soilbase-structure 
stability  is  quite  clear.  Consider  another  no 
less  important  effect  of  technique.  Look  at 
Fig.  5  showing  the  deflection  of  the  fsuniliar 
circular  plate  model  with  empty  and  filled  gap. 
It  can  be  seen  that  deflections  reduce  more 
than  twofold  if  the  gap  is  filled  in  due  time. 
This  makes  piles,  that  would  be  indispenaibl* 
for  conventional  construction  tichniques,  unne¬ 
cessary  if  the  described  technique  is  applied. 
Notably,  the  proposed  technique  does  not  practi 
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cally  involve  any  extra  cost  and  is  applied 
without  employing  sophisticated  mashinary  and 
highly  skilled  specialists. 


Pig.  5  Deflections  of  the  f.'odels  under  Second 

Loading 

1-  filled  gap  2-  empty  gap 

Vie  have  touched  upon  and  schematically  present¬ 
ed  just  some  of  flexible  plate-soil  interaction 
features.  The  problem  in  question  is  much  more 
complicated.  It  is  acute  in  tiie  case  of  primary 
loading  either.  When  the  plate  is  loaded  cent¬ 
rally,  its  edges  rise  above  the  ground  and  the 
contact  area  reduces  while  contact  pressures 
grow  as  oo;:;pared  to  the  mean  pressure  with  all 
respective  i;r.pllcations,  Pig.  6. 


Fig.  6  Displacements  of  the  yodel  Edge 

When  the  primary  load  is  being  reduced  the  pla¬ 
te  edges  first  do  not  rise  as  may  be  expected, 
but  rather  lower.  All  these  and  other  specific 
effects  might  be  expected  in  some  cases  and  so¬ 
metimes  they  are  even  taken  into  account  still 
they  are  not  only  theoretically  important  and, 
therefore,  the  whole  problem  of  interaction  of 
flexible  footing  with  the  soilbaee  needs  fiorther 
thorough  investigation. 


coiicLusions 

The  results  of  tests  and  field  study  show  that 
interaction  of  soilbase  and  flexible  footings 
of  structures,  e.g.  storage  tanks  bottom  that 
apply  repetitive  loads  to  soilbase  may  produce 
specific  phenomena  that  interfere  with  normal 
operation  of  structures.  These  phenomena,  that 
are  not  conventionally  taken  in  account,  may 
generate  considerable  extra,  deformations  and 
even  lead  to  failures  of  tanks  after  the  sub¬ 
sequent  loading  while  this  very  load  could  be 
safe  in  the  course  of  the  primary  cycle. 

The  risk  of  repetitive  loading  is  due  to  the 
difference  in  deformation  properties  of  footing 
and  soil  that  takes  place  till  the  gap  between 
the  structure  and  the  soil  is  formed  up  when 
the  structure  is  unloaded.  A  construction  tech¬ 
nique  is  recommended  that  makes  it  possible  to 
control  formation  of  the  gap  between  the  tank 
bottom  and  the  soilbase  and  fill  it  with  a  ma¬ 
terial  further  on. 

The  filling  increases  both  stability  of  the  sto¬ 
rage  tank-soilbase  system  and  reduces  more  than 
twofold  the  deflections  of  the  tank  bottom  and, 
respectively,  lowers  labour  and  material  consu¬ 
mption  for  erecting  the  tank  footing. 
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SYNOPSIS;  A  case  history  of  the  foundation  behaviour  of  an  offshore  gravity  base  structure  (GBS)  is 
presented.  The  platform  rests  on  an  overconsolidated  fissured  clay,  bounded,  top  and  bottom,  by 
pervious  sand  layers.  Sixteen  piezometers  have  been  placed  within  this  30  m  layer.  Eased  on  one¬ 
dimensional  consolidation  theory,  independent  analyset  using  both  settlement  and  pore  pressure 
measurements  indicated  a  high  degree  of  consolidation  had  occurred  much  sooner  than  was  estimated  in 
the  initial  design  phase.  These  analyses  indicated  that  laboratory  oedometer  tests  underpredicted 
the  coefficient  of  consolidation  by  one  to  two  orders  of  magnitude.  Updated  settlements  and  stabi¬ 
lity  analyses  yielded  50ils  of  the  initially  anticipated  settlement  and  a  20%  increase  in  the 
available  safety  factor.  In  addition,  the  certainty  that  the  theory  relating  pore  pressure  to 
settlements  was  appropriate,  led  to  confidence  in  the  piezometer  performance,  and  in  turn  the  proce¬ 
dure  used  to  install  them. 


INTRODUCTION 

Following  the  installation  of  Gullfaks  A  plat¬ 
form  in  May  1986,  the  Norwegian  State  Oil  Com¬ 
pany  (Statoil)  asked  the  Norwegian  Geotechnical 
Institute  (NGI)  to  perform  a  verification  of 
the  initial  design  based  on  accrued  measure¬ 
ments  after  installation.  The  design  verifica¬ 
tion  was  performed  in  cooperation  with 
Norwegian  Contractors  (NO).  This  paper  pre¬ 
sents  partial  results  of  that  work. 

Analysis  of  measured  pore  pressures  and  settle¬ 
ments  at  the  Gullfaks  A  platform  were  performed 
in  order  to  verify  the  initial  design  settle¬ 
ment  and  stability  analyses.  The  platform  is  a 
concrete  gravity  base  structure  (GBS)  located 
in  the  North  Sea.  A  schematic  diagram  of  the 
platform  is  shown  on  Fig.  1,  and  key  data  con¬ 
cerning  it  are  given  in  Table  1.  The  soil  con¬ 
ditions  and  piezometer  locations  are  summarized 
on  Fig.  2. 


Table  1.  Key  figures  concerning  platform 


Foundation  area,  m^  11  000 

Embedment ,  m  1 

Depth  of  water  at  site,  m  134 

Submerged  weight,  MN  3  600 

Horizontal  force  at  mudiine,  MN  865 

Overturning  moment  at  mudline,  MNm  35  930 
Load  coefficient  to  be  applied  1.3 


The  upper  3  to  4  m  consists  of  a  layer  of  very 
dense  gravel  and  sand  with  clay  overlying  very 
stiff  fissured  clay  to  a  depth  of  approximately 
13  m.  Below  13  ra  exists  a  very  stiff  clay.  Of 
special  note  is  the  soil  at  a  depth  of  approxi¬ 
mately  34  m  which  is  clay  exhibiting  pockets 


and  seams  of  fine  sand.  This  layer  was  found  at 
all  the  boring  locations  at  the  site.  The  clay 
layer  bracketed  by  the  two  drainage  layers  at 
3  and  34  m  is  the  layer  in  which  the  piezome¬ 
ters  are  embedded.  Because  of  the  large  width 
of  the  platform  relative  to  the  thickness  of 
this  layer,  one-dimensional  consolidation 
theory  (Terzaghi,  1943)  and  extensions  of  it 
(Taylor,  1948;  Scott,  1963)  were  used  in  eva¬ 
luating  the  measured  settlements  and  piezometer 
pore  pressure  response  due  to  platform  loading. 

EQUIPMENT  DESCRIPTION  AND  INSTALLATION 
PROCEDURE 

Two  piezometer  strings  are  installed  in  the 
soil  beneath  the  Gullfaks  A  platform  (Fig.  2). 
One  is  a  plain  piezometer  string  installation 
(PPl)  with  two  vibrating  wire  transducers 
implanted  at  five  different  levels.  The  other 
installation  is  a  combination  of  a  piezometer 
assembly,  similar  to  the  first  one  (PP2),  and  a 
long  terra  settlement  measuring  equipment  for 
measurement  of  platform  settlement  relative  to 
a  fixed  point  75  m  below  seabed. 

Both  installations  have  been  made  in  pre¬ 
drilled  and  stabilized  boreholes.  The  boreho¬ 
les  were  sealed  after  installatior,  with  a 
cement-tixoton  grout. 

EVALUATION  OP  DEGREE  OF  CONSOLIDATION 

The  method  used  to  evaluate  the  average  degree 
of  consolidation  in  the  clay  layers  beneath  the 
platform  can  be  summarized  as  follows: 

1.  Determine  the  consolidation  settlement  as  a 
function  of  time  for  the  load  time  history, 
by  plotting  measurements  and  subtracting  out 
the  initial  (immediate)  deformations. 
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2.  Construct  an  equivalent  consolidation 
settlement  as  a  function  of  time  curve  for 
instantaneous  loading  using  a  method  first 
described  by  Taylor  (1948). 

3.  Estimate  the  coefficient  of  consolidation, 
Cv  and  the  average  degree  of  consolidation 
at  any  time  using  above  constructed  curve 
and  one-dimensional  consolidation  theory. 

4.  Estimate  the  average  degree  of  consolidation 
at  any  time  using  measured  pore  pressures 
and  one-dimensional  consolidation  theory. 

5.  Compare  values  determined  in  Items  3.  and  4. 
The  average  degree  of  consolidation  in  both 
cases  should  be  similar  to  each  other. 

Consolidation  settlement-time  relationship 

The  load-time  curve  is  shown  on  Fig.  3.  Full 
ballasting  occurred  within  the  period  25-30  May 
1986.  Total  settlement  as  a  function  of  time 
up  to  7  Sept.  1986  is  shown  on  Fig.  4.  During 
periods  of  loading  relatively  large  settlements 
occurred  that  can  be  directly  attributed  to 
initial  settlement.  Using  the  settlement  data 
from  Fig.  4  and  subtracting  the  initial  settle¬ 
ment  (about  100  mm)  an  actual  consolidation 
settlement  versus  log-time  curve  was  con¬ 
structed  and  is  shown  on  Fig.  5.  This 
consolidation-time  relationship  is  a  function 
of  an  approximately  linearly  increasing  load 
with  time  during  the  period  from  11  May  to  29 
May  1986.  By  a  graphical  technique  first  pro¬ 
posed  by  Taylor  (1948),  an  equivalent  instan¬ 
taneous  loading  consolidation  settlement-time 
curve  can  for  11  May  be  constructed  (Fig.  6). 


An  empirical  value  of  the  coefficient  of  con¬ 
solidation,  Cy,  was  determined  using  the  log 
time  and  square  root  of  time  methods  (Lambe, 
1951)  on  the  consolidation  settlement-time 
data  derived  for  instantaneous  loading. 

From  this  value  a  value  of  the  time  factor,  T, 
was  estimated  using  the  one-dimensional  con¬ 
solidation  theory,  where 


and  t  =  time  after  instantaneous  loading 
(taken  from  11  May  1986) 

H  =  drainage  height  =  15.5  m 
Cy  =  coefficient  of  consolidation. 

Pore  pressure-time  relationship 

A  second  way  of  estimating  the  time  factor,  T, 
was  to  use  the  measured  pore  pressures  to 
determine  the  consolidation  ratio 
U2  =  l-Au/Au^,  where  Au  is  the  excess  pore 
pressure  at  a  given  depth  and  time  and  Au^  is 
the  initial  excess  pore  pressure  due  to  the 
platform  weight  (Fig.  7,  for  8  June  1986). 

From  this  plot,  the  time  factor,  T,  was  esti¬ 
mated  directly. 

Results  and  discussion  concerning  degree  of 
consolidation 

Once  T  is  Icnown,  an  estimate  of  the  average 
degree  of  consolidation,  U,  can  be  made  using 

Fig.  8.  A  summary  of  the  est- mated  C^,  T  and  U 
values  using  the  various  methods  is  given  on 
Table  2. 


Table  2.  Coefficient  of  consolidation,  Cy,  time  factor,  T,  and 

average  degree  of  consol idai ton,  V,  determined  from  settle¬ 
ment  and  pore  pressure  readings. 


Method 

Coefficient  of 
consolidation 
( m® /year ) 

Time 

factor 

T 

Average 
degree  of 
consolidation 
U.  % 

Comment 

Settlement- 
log  time 

Unable  to 
determine 

- 

- 

Instantaneous  load 
settlement  curve. 

Settlement- 
square  root 
of  time 

4236 

1.36 

>90 

Instantaneous  load- 
settlement  curve.  T 
ta)cen  at  8  June  1986 

Measured 
pore  pressures 

1184 

0 . 38 

68 

-  From  11  May  to 

8  June  1986 

-  Taking  lower  bound 
Uj  values 

Measured 
pore  pressures 

150 

0 . 35 

65 

-  From  11  May  to 

2  December 

-  Taking  lower  bound 
Uj  values 

Measured 
pore  pressures 

1846 

0.59 

81 

-  From  11  May  to 

8  June  1986 

-  Taking  average 

Uj  values 

Measured 
pore  pressures 

2512 

0 .81 

90 

-  From  11  May  to 

8  June  1986 

-  Taking  upper 
bound  U2  values. 

1^50 
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Fig.  3  Load-time  Relationship 


Fig.  1  General  View  ot  the  Gullfaks  A  Structure. 
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Fig.  4  Measured  Settiement  versus  Tims. 


Fig.  2  StmpiKled  Soil  Protile  and  Piezometer  Locations. 


LOG  TIME,  DAYS  AFTER  11.5.86,  START  OF  GROUTING 


Fig.  5  Ccnsolldation  Settlement  versus  Log-time. 
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CONSOLIDATION  RATIO, 

•  Based  on  measured  pore  pressure 


Fig.  7  Consolidation  Ratio,  Based  on  Measured  Pore  Pressure 
Values  on  June  8.  1986. 


T 


NO  fE'  C,  varies  linearly  with  etiective  stress 

C,  •  C^  (1  •  alJ)  values  ol  'a'  shown  on  curves. 


Fig.  6  Instantaneous  Loading  consolidation  Settlement 
versus  Time  using  Taylor  (1948)  Method. 


Fig.  8  Average  Consolidation.  U.  with  Varying  Coetllcient  ol 

Consolidation  Obtained  by  Numerical  Analy's  (Scott  1963) 


In  general  the  values  of  appear  to  range 
between  one  and  two  orders  of  magnitude  greater 
than  the  value  of  30  'year  used  for  the  ini¬ 
tial  design  of  the  platform.  Reasons  for  this 
discrepancy  can  be  explained  as  follows.  The 
initial  aesign  vaiue  was  based  on  lower  oound 
laboratory  oedometer  results  that  ranged  up  to 
150  m^/year.  In  a  fissured  clay  the  in  situ 
permeability  can  easily  be  one  to  two  orders  of 
magnitude  higher  since  the  soil  sample  tested 
in  the  laboratory  will  be  relatively  intact 
compared  to  the  overall  fabric  beneath  the 
Dlatform.  Since 


This  relatively  slow  rate  of  compression 
implies  that  either  primary  consolidation  has 
completed  or  that  the  rate  of  excess  pore 
pressure  dissipation  in  the  later  stages  of 
consolidation  is  very  slow. 

EVALUATION  OF  PIEZOMETER  PERFORMANCE 

Since  pore  pressure  measurements  were  used  in 
one  of  the  methods  for  determining  the  degree 
of  consolidation,  an  analysis  of  piezometer 
performance  at  Gullfaks  A  was  performed  by  com¬ 
paring  predicted  pore  pressure  response  with 
those  actually  measured  by  piezometers  below 
the  platform.  One-dimensional  consolidation 
theory  assuming  a  layer  from  depth  3  m  -  34  m 
with  double  drainage  was  used  as  the  prediction 
model.  The  following  conclusions  can  be  made; 


k  =  permeability 
M  =  constrained  modulus 
=  unit  weight  of  water 

then,  a  two  order  increase  in  k  would  directly 
influence  Cy .  In  addition,  based  on  settlement 
measurements,  the  actual  constrained  modulus  in 
the  field  appears  to  be  a  factor  of  approxima¬ 
tely  4  greater  than  the  laboratory  determined 
value.  This  again  would  have  the  effect  of 
increasing  the  actual  value  of  Cy . 

It  could  be  argued  that  an  overestimate  of  the 
drainage  height,  H,  has  led  to  excessively  high 
field  estimates  of  Cy,  using  Eq .  (1)  and 

measured  pore  pressure  determined  T  values. 

The  drainage  height  would  have  to  be  a  factor 
of  10  less  in  order  to  have  field  and  labora¬ 
tory  Cy  values  coincide,  and  this  is  not  indi¬ 
cated  by  the  field  test  borings. 

One  impor  ant  note  is  that  both  the  settlement 
readin.--  ^nd  the  pore  pressure  readings  indi¬ 
cate  a  high  degree  of  consolidation  had  taken 
place  by  as  early  as  8  June  1986.  Further 
testament  to  the  fact  that  a  high  degree  of 
consolidation  has  taken  place  is  that  the  slope 
of  the  vertical  strain-log  time  plot,  called 
the  coefficient  of  secondary  compression,  C^ , 
compares  favourably  with  measured  values  for 
similar  soils.  This  is  shown  on  Table  3. 


Table  3.  Coefficients  of  secondary  compression. 


Backcalculated  from  settlement 
measurements  assuming  layer 
thicknecs  =  100  m 

Predicted  from  empirical 
relationships 

-  water  content  as  basis 

{Navdocks,  DM-7,  1961) 

-  void  ratio  as  basis 
( Kapp  et  al  .  ,  1966 ) 

-  typical  values  re¬ 
commended  by  Lambe  and 
wiiitman,  1969,  for 
clays  with  OCR  >  2 


1.  The  high  degree  of  consolidation  as  deter¬ 
mined  by  piezometer-measured  pore  pressures 
and  one-dimensional  consolidation  theory 
agrees  well  with  the  degree  of  consolidation 
as  determined  by  settlement  readings  alone, 
or  in  conjunction  with  one-dimensional  con¬ 
solidation  theory.  A  high  degree  of  con¬ 
solidation  is  also  indicated  by  the  current 
slope  of  the  measured  vertical  strain  versus 
log  time  plot. 

2.  One  half  year  after  the  end  of  loading 
(December  1986)  the  pore  pressures  indicate 
that  the  layer  from  3  m  -  34  m  has  reached 
approximately  30Ss  consolidation.  The  pore 
pressures  have  not  dissipated  appreciably 
since  June  1986.  This  can  be  explained  in 
the  following  way.  As  the  layer  con¬ 
solidates  the  coefficient  of  consolidation 
decreases.  This  is  indicated  by  comparing 
the  values  of  Cy  in  laboratory  oedometer 
tests  at  in  situ  stresses  and  at  stresses 
associated  with  full  consolidation.  By  com¬ 
puting  the  parameter  a 


-  1) 

_Typ _ 


where  Cy  =  coefficient  of  consolidation  at 
effective  stress  associated  with 
an  average  consolidation  ratio, 
U. 

CyQ  =  coefficient  of  consolidation  at 
in  situ  vertical  effective 
stress  prior  to  platform  loading 
(Note:  Values  associated  with 

the  reload  cycle  were  used) . 

U  =  75%. 

The  average  value  for  the  clay  layer  was 
a  =  -0.6.  This  decreasing  Cy  with  in¬ 
creasing  vertical  effective  stress  causes 
the  U-T  curve  to  shift  upward  (Fig.  8). 

Thus  the  more  consolidated  the  layer  becomes 
the  longer  it  takes  to  dissipate  the 
remaining  excess  pore  pressures.  As  can  be 
seen,  theoretically  for  values  of  T  of 
approximately  0.9  (i.e.  about  the  value  pre¬ 
dicted  after  June)  the  average  consolidation 
ratio  approaches  a  value  of  about  80%.  The 
pore  pressures  measured  during  the  last  half 
of  1986  indicate  a  value  of  U  80%. 


3.  Using  the  extended  one-dimensional  con¬ 
solidation  theory  (Scott,  1963)  for  varying 
Cy,  and  an  initial  coefficient  of  consoli¬ 
dation  as  determined  by  the  settlement  - 
square  root  of  time  method  using  the 
instantaneous  load-settlement  curve  (i.e., 

Cy  =  4236  m^/year)  yields  predicted  pore 
pressure  as  a  function  of  time  values  simi¬ 
lar  to  those  measured  (Fig.  9)  and  in  par¬ 
ticular  after  1  June  1986.  There  is, 
however,  a  general  overprediction  in  peak 
response  during  the  brief  period  of  topside 
loading.  The  ratio  of  measured  to  predicted 
excess  pore  pressures  during  this  time 
ranges  from  0.3  at  3  m  depth  to  0.7  at  a 
depth  of  16  m.  This  indicates  a  possible 
decrease  in  permeability  of  the  grout  seal 
with  depth,  and  a  partial  hydraulic  connec¬ 
tion  between,  at  least,  the  upper  piezometer 
and  top  sand  layer.  In  addition,  just 
beiore  the  measured  pore  pressure  response 
starts  increasing  (point  A',  Fig.  9),  the 
pore  pressures  are  decreasing.  Point  A’ 
corresponds  in  time  to  the  end  of  the 
grouting  operation.  This  indicates  that  the 
grout  might  temporarily  be  causing  the  ini¬ 
tial  low  response. 

4.  The  time  it  takes  to  reach  the  peak  measured 
response  (horizontal  distance  between  Points 
A'  and  B' )  corresponds  to  the  time  it  took 
to  load  the  platform  from  1800  to  3600  MN 
(Pig.  6).  Theoretically,  substantial  pore 
pressure  dissipation  can  occur  in  that 
amount  of  time  (vertical  distance  between 
Points  B  and  D  on  Fig.  9).  In  light  of 
this,  comparing  the  vertical  distance  bet¬ 
ween  A  and  D  on  the  predicted  curves  and  A' 
and  B'  on  the  measured  curves  yields  a 
favourable  result. 

On  5  August  1986  the  water  pressure  in  skirt 
compartment  4  was  reduced  by  30  kPa.  It  was 
assumed  that  the  boundary  conditions  change 
only  at  the  top  of  the  clay  layer  (3.0  m 
depth) .  This  is  to  say  that  the  piezometric 
level  in  the  sand  layer  above  the  clay  is 
lowered  by  30  kPa,  while  the  piezometric  level 
at  depth  34  m  remains  unchanged.  This  con¬ 
dition  sets  up  a  triangular  ne^  ive  excess 
pore  pressure.  Again  using  o:  dimensional 

consolidation  theory.  Fig.  10  shows  the  theoreti¬ 
cal  relationship  between  consolidation  ratio 
versus  depth  relationship  as  a  function  of  time 
factor,  T.  The  magnitude  of  the  decrease  in  pore 
pressure  at  any  depth  or  time  is  estimated  by 
multiplying  AU^ ,  at  an  appropriate  depth  and  time 
factor,  by  30  kPa .  For  a  Cy  =  2000  m®/year 
(since  by  5  August  the  has  decreased  due  to 
increased  consolidation)  and  a  time  t  of  0.01 
years  (5  August  to  9  August)  the  computed  time 
factor  T  is  0.085.  Table  4  compares  predicted 
versus  measured  responses.  The  measured  response 
is  in  general  greater  than  predicted  at  greater 
depths  indicating  a  higher  coefficient  of  con¬ 
solidation  than  assumed. 


Table  4.  Comparison  of  predicted  versus  mea¬ 
sured  pore  pressure  response  due  to 
skirt  compartment  suction  pressure 


Depth 

(m) 

Average  measured 
decrease  in  pore 
pressure 
(kPa) 

Predicted 
decrease  in  pore 
pressure 
(kPa) 

3 

28 

30 

6 

23 

19 

9 

25 

9 

12 

17 

5 

16 

12 

2 

In  conclusion  it  appears  that  the  piezometers 
at  Gullfaks  A  are  functioning  properly,  but 
that  some  may  have  partial  hydraulic  connection 
with  the  upper  sand  layer. 

EVALUATION  OF  PLATFORM  STABILITY 

Based  on  the  analysis  presented,  it  was  conser¬ 
vatively  assumed  that  at  2  December  1986  the 
clay  layer  between  the  depths  of  3  m  and  34  m 
below  seabed  exhibited  an  average  degree  of 
consolidation,  U  =  65S!.  This  value  of  U 
corresponds  to  an  approximate  lower  bound  value 
based  on  empirical  methods  of  determining  the 
coefficient  of  consolidation  and  subsequent 
value  of  U  outlined  above.  Assuming  a  low 
value  of  U  is  conservative  in  that  the 
undrained  strength  of  the  clay  layer  increases 
with  increased  U.  Assuming  that  the  platform 
load  occurred  instantaneously  around  11  May 
1986,  then  an  average  coefficient  of  con¬ 
solidation,  Cy,  of  about  150  m'/year  is  indi¬ 
cated. 

This  value  of  C^.  which  is  approximately  equal 
to  the  upper  bound  of  laboratory  measured 
values  (but  still  an  order  of  magnitude  less 
than  what  is  in  the  field) ,  was  used  to  calcu¬ 
late  the  degree  of  consolidation  at  various 
times  after  installation. 

Strength  increase  due  to  consolidation 

In  situ  undrained  shear  strength  as  would  be 
measured  in  a  laboratory  triaxial  compression 
test,  CU;^,  as  a  function  of  time  and  depth  is 
shown  on  Fig.  11.  Similar  relationships  for 
triaxial  extension  and  direct  simple  shear 
undrained  shear  strengths  were  also  developed 
in  that  the  bearing  capacity  method  used 
(Lauritzsen  and  Schjetne,  1976;  Kvitrud,  To  and 
Lauritzsen,  1985)  utilize  a  weighted  average  of 
these  strengths  depending  on  the  depth  and 
shape  of  the  assumed  failure  surface.  In  situ 
stresses  beneath  the  platform,  as  a  function  of 
depth  and  time,  increase  due  to  the  con¬ 
solidation  process.  In  situ  strength,  as  a 
function  of  depth  and  time,  can  be  established 
by  relating  It  to  the  laboratory  strength 
det  ."mined  under  the  same  effective  confining 
stresses . 
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Fig.  9  Predicted  Versus  Measured  Pore  Pressure  Response  >  Three 
Load  Pulse  Assumption  Varies  from  4236  mVVear 
(May  11)  to  2329  mVVear  (June  8)  According  to  Increase 
In  Consolidation. 
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Fig.  11  Active  Triaxial  Undrained  Shear  Strength  Profile  as  a 
Function  of  Time  after  Installation. 
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Fig.  12  Increase  in  Material  Coelliclent  as  a  Function  ol  Time 
after  Installation. 


Fig.  n  ConsoNdation  Ratio,  U..  as  a  Function  of  Depth  and  Time 
Factor.  T.  due  to  Application  of  Skirt  Water  Pressure 
at  Depth  3  m. 
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Results  of _ stability  analysis 

The  strength  profiles  at  various  times  were 
used  in  a  bearing  capacity  analysis  using  the 
slip  surface  method  developed  at  NGI 
(Lauritzsen  and  Schjetne,  1976;  Kvitrud,  To  and 
bauritzsen,  1985).  Environmental  loads  are 
multiplied  by  a  load  coefficient  in  accordance 
with  the  regulations  given  by  the  Norwegian 
Petroleum  Directorate  (1985).  Horizontal  force 
equilibrium  is  evaluated  with  the  ratio  of  the 
overall  horizontal  component  of  soil  resistance 
to  the  overall  horizontal  component  of  the  fac¬ 
tored  loads  being  the  material  coefficient,  y^. 
The  material  coefficient  as  a  function  of  years 
after  installation  is  shown  on  Fig.  12.  As  can 
be  seen,  for  a  load  coefficient,  =  1.3,  the 
material  coefficient  ranges  from  1.64  to  1.69 
within  a  two  year  period  after  installation. 

This  compares  favourably  to  the  range  of  1.35 
to  1.44  estimated  in  the  design  phase. 

CONCLUSIONS 

The  main  conclusions  of  the  study  are: 

1.  Both  settlement  and  pore  pressure  measure¬ 
ments  indicate  that  the  layer  down  to  a 
depth  of  34  m  beneath  the  platform  has  been 
subjected  to  a  high  degree  of  consolidation. 
This  implies  that  the  coefficient  of  con¬ 
solidation,  Cy,  is  approximately  two  orders 
of  magnitude  higher  than  assumed  in  the 
design  phase. 

2.  There  is  strong  indication  that  the  piezome¬ 
ters  are  giving  reliable  readings. 

3.  Based  on  the  new  consolidation  parameters 
determined  from  measurements  made  in  the 
field,  an  updated  settlement  and  stability 
analysis  was  performed  yielding  approxima¬ 
tely  50%  of  the  initially  anticipated 
settlements  and  a  20%  increase  in  the  avai¬ 
lable  material  coefficient  at  any  given  time 
after  platform  installation. 
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SYNOPSIS:  A  113-ft.  long  exterior  wall  of  an  11-story  building  with  one  basement  level  in  Boston, 

Massachusetts  was  underpinned  to  allow  a  40-ft.  deep  excavation  for  construction  of  three 
below-grade  levels  for  an  adjacent  development.  The  existing  building,  subsurface  conditions  and 
underpinning  system  are  described.  Vertical  and  horizontal  building  movement  data  obtained  during 
construction  are  presented. 

INTRODUCTION  UNDERPINNED  STRUCTURE 


Construction  of  three  below-grade  parking 
levels  for  the  new  28-story  150  Federal  Street 
building  required  a  40  ft.  deep  vertical 
excavation  along  one  side  of  the  existing 
11-story  211  Congress  Street  building  in 
downtown  Boston,  Massachusetts.  The  exterior 
column  and  wall  footings  required  underpinning 
since  the  excavation  was  to  extend  between 
16  and  22  ft.  below  footing  bearing  levels. 
Figure  1  shows  the  211  Congress  Street 
building  in  plan  relative  to  the  excavation 
and  surrounding  streets. 


Figure  1.  Plan  view  of  211  Congress  Street 
building  and  150  Federal  Street 
excavation. 


The  underpinning  system  consisted  of  hand 
excavated  underpinning  piers  and  post-tensioned 
concrete  beams.  Elevation  reference  points 
were  installed  on  the  underpinned  footings  to 
monitor  performance  of  the  building  during 
underpinning  and  subsequent  excavation  and 
construction  of  the  150  Federal  St.  building 
foundations. 


The  211  Congress  Street  building  was  built  in 
the  early  1920 's  and  has  one  basement  level. 

The  structure  has  a  steel  frame  and  covers  an 
area  of  approximately  7,300  sq.  ft.  The  three 
sides  of  the  building  along  Congress,  Matthews, 
and  High  Streets  have  ornate  terra  cotta 
facades  considered  susceptible  to  cracking  if 
differential  settlements  become  excessive. 

The  fourth  side  is  the  113-ft.  long  brick  wall 
along  the  common  property  ] ine  with  the  new 
development,  which  was  underpinned. 

The  foundation  units  along  the  brick  wall  are 
reinforced  concrete  spread  footings.  There 
are  nine  column  footings  which  are  typically 
6  to  9  ft.  wide  by  about  21  ft.  long  and  3  to 
5  ft.  deep.  These  footings  act  as  combined 
footings  to  support  the  exterior  columns,  part 
of  the  11-story  brick  wall  and  the  first  bay 
of  interior  columns.  The  brick  wall  is 
supported  by  concrete  wall  footings  about  3  ft. 
thick  between  column  footings.  The  underpinned 
wall  and  footings  are  shown  schematically  in 
elevation  and  section  on  Figure  2. 

SUBSURFACE  CONDITIONS 

The  footings  of  the  211  Congress  St.  building 
bear  on  a  lightly  overconsolidated  marine  silty 
clay  between  18  and  24  ft.  below  street  grade. 
The  medium  stiff  silty  clay  is  underlain  by  a 
hard  transitional  glacio-marine  clay  layer 
several  feet  thick,  which  overlies  glacial 
till.  The  glacial  till  varies  from  hard  silty 
clay  to  dense  silty  fine  sand,  with  varying 
amounts  of  gravel,  sand,  and  cobbles.  Fill 
overlies  the  marine  clay  from  bottom  of 
footings  to  ground  surface.  Groundwater  was 
typically  near  the  top  of  column  footings  in 
the  fill  prior  to  the  start  of  construction. 
Figure  2  includes  generalized  soil  and 
groundwater  conditions  in  the  vicinity  of  the 
underpinned  waj.1. 

UNDERPINNING  SYSTEM 

The  underpinning  system  included  17  concrete 
underpinning  piers  to  support  the  nine  column 
•footings.  Generally,  each  footing  was  under¬ 
pinned  by  a  pair  of  piers  side  by  side.  Wall 


Underpinning 


Tiebacks 


Hign  St.  Matthews  St. 

1/2  excavation  1/2  excav'iti''-' 


Figure  3.  Vertical  movements  of  footing  reference  points  FI,  F5,  and  F9  versus  time. 
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Figure  4.  Horizontal  movements  of  footing  reference  points  FI,  F5,  and  F9  versus  time. 


of  the  foundation  mat  was  completed  on  31 
December  1985  with  the  exception  of  a  small 
section  along  Matthews  Street. 

Excavation  for  the  mat  was  completed 
approximately  one  half  at  a  time  so  that 
changes  in  in-situ  stresses  due  to  excavation 
below  the  underpinned  footings  would  be  as 
gradual  as  possible.  Excavation  began  at  the 
High  Street  end  in  mid-November  and  proceeded 
toward  Matthews  Street.  The  High  Street  half 
of  the  mat  was  concreted  in  two  sections,  the 
first  on  3  December  and  the  second  on 
12  December.  The  excavation  began  for  the 
remainder  of  the  mat  after  the  High  Street 
half  was  completed.  The  Matthews  Street  half 
of  the  mat  was  concreted  on  3 1  December  1985. 

INSTRUMENTATION 

Underpinning  and  foundation  construction 
activities  were  monitored  on  a  full-time  basis 
by  the  project  geotechnical  engineer. 

Elevation  reference  points  were  installed  on 
the  underpinned  footings  to  monitor  vertical 
and  horizontal  movements  of  the  building 
during  construction.  The  locations  of 
reference  points  FI  through  F9  are  indicated 
on  Figure  2. 


Elevations  and  offsets  of  the  reference  points 
were  monitored  daily  using  optical  su”V'2y 
instruments  from  beginning  of  under; ^nning  to 
concreting  the  structural  mat.  The  observed 
vertical  and  horizontal  movement  data  are 
plotted  versus  time  in  Figures  3  and  4, 
respectively,  for  reference  points  FI,  F5  and 
F9. 

The  performance  ata  indicate  that  the  major 
portion  of  the  vertical  movements  generally 
occurred  duri  iq  the  two  months  of  underpinning 
The  rate  of  r ovement  typically  decreased  after 
foundation  loads  were  transferred  to  the  under 
pinning  system.  Horizontal  movements  were  of 
lesser  magn.cude  and  occurred  more  gradually 
than  vertical  movements. 

Vertical  and  horizontal  survey  data  obtained 
at  completion  of  both  underpinning  and  the 
structur.-l  mat  for  each  of  the  nine  footing 
reference  points  are  summarized  on  Figures  b 
and  6,  respectively.  Figures  5  and  6  indicatt 
that  the  settlement  and  horizontal  offset 
patterns  are  relatively  uniform.  Surveyed 
reference  point  settlements  differ'd  by  less 
than  0.2  in.  across  the  brick  wall,  ranging 
from  0.44  in.  to  0.60  in.  (0.037  ft.  to  0.050 
ft.).  Horizontal  offset  of  the  points 
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differed  by  0.3  in.  maximum,  ranging  from  0.18 
in.  to  0.48  in.  (0.015  ft.  to  0.04  ft.).  The 
maximum  angular  distortion  for  vertical 
movements  was  approximately  1:1200  between 
adjacent  reference  points  at  the  time  of 
completion  of  the  foundation  mat. 

The  footing  reference  points  became  in¬ 
accessible  almost  immediately  after  completion 
of  the  foundation  mat  due  to  construction  of 
the  150  Federal  Street  foundation  wall. 
However,  in  addition  to  the  footing  reference 
points,  reference  points  SPl  through  SP7  were 
installed  at  ground  floor  level  around  the 
outside  of  the  211  Congress  St.  building. 
Locations  for  SPl  through  SP7  are  indicated  on 
Figure  7. 

These  points  were  surveyed  from  before  the 
start  of  underpinning  through  erection  of  the 
150  Federal  Street  superstructure.  Total 
vertical  movements  from  September  1985  through 
April  1987  are  given  on  Figure  7.  As 
indicated,  the  maximum  angular  distortion 
between  adjacent  reference  points  during  the 
period  of  monitoring  was  1:1240. 
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CONCLUSION 

The  113-ft.  long  exterior  brick  wall  of  the 
11-story  211  Congress  St.  building  was 
satisfactorily  underpinned  using  the  methods 
described  herein.  Maximum  measured  building 
settlement  was  0.6  in.  The  maximum  angular 
distortion  between  reference  points  was  about 
1: 1200. 


Figure  7.  Perimeter  elevation  reference  point 
vertical  movements  from  beginning 
of  underpinning  in  September  1985 
through  April  1987. 
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SYNOPSIS:  A  deep  ir;terr.ally  braced  excavation  in  soft  clay  was  performed  for  a  pump  station  at  a 

sewage  treatment  plant  in  Milwaukee,  Wisconsin.  The  design  was  influenced  by  the  limited  site 
area;  potential  for  bearing  capacity  failure  and/or  hydrostatic  blowout  in  the  bottom  of  the 
excavation;  and  the  necessity  to  limit  ground  deformation  outside  the  excavation  to  protect 
existing  structures  and  utilities.  A  performance  specification  and  design  was  prepared  by  the 
owner's  engineer.  The  design  included  minimum  earth  and  hydrostatic  lateral  loading  conditions 
to  be  used  by  the  contractor,  a  minimum  depth  penetration  for  the  earth  support  system,  and  a 
maximum  allowable  horizontal  deflection.  The  frnal  earth  support  system  design  was  prepared  by 
the  contractor  and  reviewed  by  the  owner's  engineer.  Construction  monitoring  included  slope 
inclinometers  (to  measure  horizontal  deflection  of  the  earth  support  system)  and  piezometers  to 
measure  hydrostatic  preisure  in  a  confined  aquifer.  Measured  horizontal  deformation  of  the 
excavation  support  system  exceeded  the  predicted  deformations.  The  influence  of  the  contractor's 
methods  and  sequence  of  excavation  and  earth  support  system  installation  on  the  actual-versus- 
predicted  deformations  arc  also  discussed. 


INTRODUCTION 


The  new  influent  pump  station  and  prelim¬ 
inary  treatment  facility  for  the  Jones 
Island  Wastewater  Treatment  Plant  is  part 
of  the  Milwaukee  Metropolitan  Sewerage  Dis¬ 
trict's  (MMSD)  $1 . 6-billior.  rehabilitation 
and  expansion  program.  The  new  pump  sta¬ 
tion  and  preliminary  treatment  facility  is 
on  Jones  Island,  next  to  existing  treatment 
plant  facilities  and  new  plant  facilities 
under  construction,  and  directly  west  of  a 
major  bridge  over  the  Milwaukee  Harbor  en¬ 
trance.  The  new  treatment  facility,  which 
receives  the  main  plant  influent,  is  a  pile- 
supported  structure.  The  deepest  part  of 
the  excavation  for  the  facility  was  directly 
adjacent  and  parallel  to  the  only  road  en¬ 
tering  the  plant  site.  The  main  plant 
water,  gas,  sewage,  and  storm  sewers  run 
adjacent  to  the  excavation,  parallel  to 
the  main  road. 


(XX.HINr, 


i' 
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Figur«  1 


Jon«s  Island  Traatmant 
Plant  (Showing  Pump 
Statlon/Pralimlnary 
Traatmant  Facility 
Location) 


Figure  1  shows  the  location  of  the  pump 
station/preliminary  treatment  facility 
relative  to  the  existing  plant  facilities, 
existing  bridge,  and  new  structures  under 
construction .  An  incineration  structure, 
which  had  occupied  part  of  the  site,  was 
demolished  as  part  of  MMSD’s  program.  As 
part  of  the  demolition,  the  incinerator 
building's  pile  foundation  (consisting  of 
40-  to  50-foot-long  timber  piles)  was  ex¬ 
tracted  . 


GEOTECHNICAL  PROFILE 

A  field  investigation  was  conducted  before 
design  to  determine  subsurface  conditions. 

The  field  investigation  consisted  of  soil 
borings,  in  situ  vane  shear  testing  and 
laboratory  testing  of  samples  obtained  from 
the  borings.  Additional  field  investiga¬ 
tions  were  performed  during  construction. 

The  field  investigation  revealed  a  general 
soil  profile  consisting  of  35  feet  of  loose 
to  dense  granular  fill,  underlain  by  40  feet 
of  estuarine  deposited  soils  consisting  of 
7  feet  of  medium  stiff  organic  silty  clay, 
underlain  by  15  feet  of  soft  to  medium  silty 
clay,  underlain  by  18  feet  of  stiff,  organic, 
silty  clay.  Below  the  estuarine  deposits 
are  95  to  105  feet  of  glacial  drift,  con¬ 
sisting  of  clay,  silt,  sand,  and  gravel. 

The  glacial  drift  overlies  bedrock.  Lab¬ 
oratory  consolidation  tests  show  that  the 
organic  silty  clay  layers  in  the  estuarine 
deposits  are  normally  consolidated  and  highly 
compressible.  The  general  soil  profile  of 
the  site  and  the  associated  field  and  lab¬ 
oratory  strength  tests  are  shown  in  Figure  2. 
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ened,  which  could  allow  upward  flow 
and  result  in  piping  and  boiling  in 
the  bottom  of  the  excavation. 

o  The  soft-  to  medium-stiff  clay  layer 
at  the  excavation  bottom  appeared 
susceptible  to  failure  due  to  bottom 
heave.  Estimates  of  the  factor  of 
safety  (F.S.)  against  bottom  heave 
ranged  from  slightly  less  than  1.0  to 
1.2.  Using  Terzaghi's  model  (Terzaghi 
and  Peck,  1967) ,  and  assuming  that  the 
average  shear  strength  below  the 
excavation  bottom  is  850  pounds  per 
square  foot,  gives  the  following: 


F.S.  =  N  S  (1) 

^  yD+q 


O  COMPRESSION  TEST 

A  PlEvC  VANE  SHEAR  TEST 


O  JNCONS0..IDATED.UN0RAINE0  tBiAjiiAl  TEST 


g  general  LOCATION  OF  GROuNO 
•  WA''ER  TABLE 


Fi9ur«  2 

G«n«ral  Soil  Profile 
and  Strength  Test 
Reiults 


Figure  2  also  shows  the  general  groundwater 
level  determined  from  observation  well  in¬ 
stalled  in  select  borings  on  the  site  prior 
to  and  during  construction.  A  surface  aqui¬ 
fer  and  a  confined  aquifer  in  the  glacial 
drift,  isolated  by  silty  clay  layers,  were 
also  identified  in  the  field  investigation. 


Where : 


^AVE 

YD 

q 

F.S  . 


=  6.3  (bearing  capacity  factor, 
from  Bjerrum  and  Eide,  1956) 

=  0.85  ksf 

=  4.9  kips  per  square  foot 
(ksf) 

=0.6  ksf  (assumed  surcharge) 

=  (6.3)  0.85  ksf 

4.9  ksf  +0.6  ksf 


F.S.  =  0.97 


The  construction  of  the  pump  station  required 
an  excavation  approximately  160  feet  by 
60  feet  in  plan  dimension  and  approximately 
42  feet  deep.  The  design  identified  the  fol¬ 
lowing  concerns: 

o  The  existing  sewage  treatment  plant 
facilities  are  founded  on  short  tim¬ 
ber  piles  that  terminate  in  the  com¬ 
pressible  silty  clay  layer.  Lowering 
the  groundwater  table  could  cause 
settlement  of  the  timber  piles  and 
supported  structures.  Also,  lowering 
the  groundwater  table  could  expose 
the  tops  of  the  timber  piles  and 
cause  drying  and  deterioration  of  the 
tops  of  the  untreated  timber  piles. 

o  The  confined  aquifer  in  the  glacial 
drift  has  a  hydrostatic  pressure  equal 
to  Elevation  -1.4  feet  (MMSD  datum). 
With  the  excavation  42  feet  deep 
(approximate  Elevation  -35)  ,  the  mag¬ 
nitude  of  the  hydrostatic  boundary 
force  at  the  bottom  of  the  silty  clay 
layer  (confining  layer)  exceeds  the 
total  weight  of  the  silty  clay  layers 
below  the  bottom  of  the  excavation. 

The  uplift  pressure  was  calculated  as 
4.2  kips  per  square  foot;  the  pressure 
from  the  weight  of  the  silty  clay  soil 
within  the  excavation  above  the  glacial 
soil  was  calculated  as  3.4  kips  per 
square  foot. 

In  addition,  the  demolition  of  the 
incinerator  building  and  the  extrac¬ 
tion  of  the  timber  piles  left  zones 
that  may  have  been  loosened  and  weak- 


o  The  immediately  adjacent  treatment 
plant  utilities  had  to  remain  in  ser¬ 
vice  during  construction,  and  thus  the 
design  had  to  accommodate  that  need. 


DESIGN  APPROACH 

Primary  factors  in  the  approach  to  the 
design  of  the  excavation  were: 

o  The  location  of  the  excavation  and 
the  critical  nature  of  the  adjacent 
utilities,  transportation  facilities, 
and  existing  plant  facilities 

o  The  tight  schedule  of  the  construc¬ 
tion  project  and  the  impact  that  any 
delay  would  have  on  this  and  subse¬ 
quent  projects 

o  Use  of  standard  construction  methods 
and  techniques 

It  was  determined  that  delay  in  construc¬ 
tion  or  interruption  of  service  due  to  a 
construction  failure  was  an  unacceptable 
risk.  The  excavation  design,  therefore, 
intruded  into  the  contractor's  traditional 
area  of  design  of  temporary  earthwork 
facilities.  The  excavation  design  approach 
that  was  adopted  had  the  following  objeo- 
tives : 

o  Reduce  the  risk  of  temporary  excavation 
failure  through  performance 
criteri a 
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o  Use  prescriptive  criteria  to  remove 

some  of  the  contractor's  judgement  and 
risk-taking  ability 

o  Adopt  a  construction  monitoring  program 
to  measure  compliance  with  the  contract 
documents  and  assess  the  effectiveness 
of  the  contractor's  methods 

To  achieve  these  objectives,  the  contract 
documents  contained  the  following  provi¬ 
sions  : 

o  A  2-inch  lateral-movement  limit  on 
the  excavation  support  system.  The 
limit  was  based  on  Peck  (1969)  and 
Hansen  and  Clough  (1978).  Two  inches 
was  intended  to  be  a  "warning"  limit 
and  was  estimated  as  approximately 
one-half  to  one-third  of  the  maximum 
movement,  based  on  empirical  data 
presented  by  Hansen  and  Clough  (1978) 
for  braced  excavation  with  prestressed 
bracing . 

o  A  requirement  for  depressurizing  the 
lower  aquifer  within  the  excavation 
to  a  level  within  10  feet  of  the 
bottom  of  the  excavation  when  the 
excavation  was  below  Elevation  -27. 

This  requirement  was  set  to  prevent 
bottom  (alowout  or  boiling  due  to 
hydrostatic  pressure. 

o  A  requirement  that  the  contractor 
extend  the  temporary  earth  support 
system  to  the  glacial  drift  layer 
(Elevation  -68)  to  address  the  bottom 
heave  problem. 

The  contract  documents  also  contained  a 
geotechnical  report  that  addressed  the 
issues  of  constructability  and  design  of 
the  excavation  for  the  pump  station. 

The  geotechnical  report  contained  lateral 
earth  pressures  to  be  used  by  the  contrac¬ 
tor  during  design  of  the  excavation.  The 
lateral  earth  pressures  above  the  excava¬ 
tion  bottom  were  based  on  apparent  earth 
pressures  developed  by  Terzaghi  and  Peck 
(1967) .  For  the  embedded  portion  of  the 
excavation  support,  it  was  recognized  that 
an  unbalanced  earth  pressure  may  develop. 
Earth  pressures  were  calculated  with  Rankine 
earth  pressure  theories,  using  undrained 
strength  values.  For  design,  it  was  assumed 
that  the  excavation  wall  was  pinned  at  the 
bottom  support,  and  fixed  at  the  bottom  of 
the  steel  sheets  (Elevation  -68) . 

The  contractor  was  also  required  to  preload 
each  brace  to  between  35  and  50  percent  of 
the  estimated  design  loads. 


EARTH  SUPPORT  SYSTEM 

The  layout  of  the  earth  support  system  and 
the  location  of  slope  inclinometers  are 
shown  on  Figure  3.  Final  locations  for  the 
inclinometers  were  chosen  after  the 
contractor's  final  excavation  design  was 
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Figure  3 
Earth  Support 
Syalem  De*ign  and 
Inclinometer  Location 

approved.  Two  slope  inclinometers  were 
installed  on  the  west  side  of  the  exca¬ 
vation.  Seven  piezometers  were  also 
installed  next  to  the  excavation  to  monitor 
hydrostatic  pressures  in  the  lower  aquifer. 
From  Elevation  +7  (ground  surface)  to 
Elevation  -5,  the  contractor  chose  to  open 
excavate  the  east  side,  and  install  soldier 
piles  (HP  10  42  at  7-foot  centers)  and  wood 
lagging  on  the  north,  south,  and  west  sides 
of  the  excavation.  Foundation  piling  were 
driven  from  Elevation  -5.  Sheetpile  were 
used  to  enclose  the  excavation  on  all  sides 
below  Elevation  -5.  The  sheetpile  used  was 
Hoesch  175  (S  =48.4  inches  /If)  on  the  west 

^  3 

side,  and  PZ  32  (S  =  38.3  inches  /If)  on 

the  east  side.  A  transition  piece  was 
installed  consisting  of  a  PZ  32  interlock 
split  lengthwise  and  welded  to  an  H-175 
sheet. 

The  schedule  for  the  walers  and  bracing  is 
shown  in  Table  1 .  Braces  on  the  north  end 
of  the  excavation  were  larger  members  be¬ 
cause  the  span  was  longer.  Sheeting  on  the 
west  side  extended  to  Elevation  -65,  and  on 
the  east  side  to  Elevation  -38. 

Depressurizing  in  the  lower  aquifer  was 
accomplished  with  two  3-inch  submersible 
pumps.  The  flowrate  during  construction 
was  steady  and  approximately  200  gpm. 

Table  2  shows  piezometer  levels  prior  to 
and  during  construction  dewatering.  The 
tips  of  the  piezometers  are  in  a  sand  layer 
in  the  glacial  drift  at  approximately 
Elevation  -70.  Surface  dewatering  for  the 
remainder  of  the  site  was  accomplished  by 
pumping  from  shallow  wells  inside  a  slurry 
wall.  The  slurry  wall  was  constructed 
around  the  site  and  intersected  the  sheet¬ 
ing. 
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Table  1 

MEMBER  SIZES 

Strut 

strut 

Stiffness 

Length 

k  =  AE/L 

Walers 

Sti ats 

(tt) 

(kips/in) 

i 

W33X118 

N 

= 

22”* 

X.312 

58.5 

935 

S 

~ 

18"^ 

X.312 

44.0 

1,020 

2^ 

W30X108 

N 

- 

20"t 

x.312 

61.0 

816 

S 

= 

:7"$ 

x.312 

47.0 

955 

3 

W36X150 

N 

s: 

22"4 

x.312 

58.5 

935 

- 

:o"t 

x.3i: 

44  .A 

1,130 

4 

W33xlia 

N 

22"4 

X.375 

58.5 

1,125 

S 

« 

20"4 

x.312 

44.0 

1,130 

5 

W30xl08 

N 

s 

22"4> 

X.375 

58.5 

1,125 

S 

= 

28"4 

X.375 

44.0 

1,365 

NOTES: 

^Inclined. 

N  =  North  side. 
S  =  South  side. 


RESULTS 

Depressurizing  the  Lower  Aquifer 

Table  2  shows  the  drawdown  in  the  piez¬ 
ometer  installed  in  the  lower  aquifer. 


Table  2 

PIEZOMETER  DRAWOOWN 


Level 

15  Days 

Before 

After 

30  Days 

60  Days 

Piezometer 

Pumoinq 

Pumpinq  Start 

After 

After 

1 

-1.4 

-10 . 1 

-16,4 

-18.2 

2 

-1  .  3 

-13.0 

-19.9 

-21.6 

10 

-1.4 

-11.1 

-15.8 

-18.1 

1 1 

-l.4b 

-9.1b 

-16.8 

12 

-19.5 

-20.9 

13 

--  ^ 

-9.2 

-17.3 

-19.5 

^.Not  read. 

^Not  installed. 

NOTE:  Groundwater  levels  are  elevations  (MMSD  datum). 


Measured  Deflections 


Figures  4  and  5  show  measurements  from 
slope  inclinometers  SI-1  and  SI-2,  which 
were  on  the  west  side  of  the  excavation. 
Also  shown  on  Figures  4  and  5  are  the 
excavation  sequence  and  brace  installation 
sequence,  noted  in  days  after  the  excava¬ 
tion  started. 

The  slope  inclinometer  data  shows  that  a 
great  deal  of  movement  occurred  at  the  sol¬ 
dier  pile  and  lagging  support  while  it  was 
cantilevered,  and  again  before  Brace  No.  2 
(the  inclined  brace)  was  installed.  Addi¬ 
tional  movement  continued  at  each  brace 
level  after  the  braces  were  installed. 

Although  not  shown  on  Figures  4  and  5, 
there  was  additional  deflection  between  the 
end  of  September  and  the  end  of  December, 
several  months  after  all  braces  had  been 
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installed.  This  additional  deflection  may 
have  resulted  from  thermal  shrinkage  of  the 
braces.  The  south  end  moved  approximately 
1/2  inch,  while  the  north  end  moved 
approximately  3/4  inch. 

Deep  movement  at  the  toe  of  the  sheetpile 
on  the  west  side  (Elevation  -65)  reached 
approximately  1/2  inch.  The  toes  of  the 
inclinometers  were  deep  (Elevation  -103) 
and  no  movement  was  detected. 

Measured  Loads 

An  attempt  was  made  to  measure  actual  loads 
at  selected  struts  by  installing  strain 
gauges  around  the  strut,  at  each  end  of  the 
strut.  The  strain  gauges  in  each  case  did 
not  provide  reliable  data,  and  therefore 
actual  loads  could  not  be  determined  from 
the  measurements. 


DISCUSSION 

Sheet  Pile  Wall  Deflections 

The  most  significant  features  cf  deflection 
behavior  as  shown  on  Figures  4  and  5  are 
the  movement  before  installation  of  the 
upper  level  braces,  and  the  continued  move¬ 
ment  during,  and  even  after,  all  levels  of 
bracing  were  installed. 

As  shown  on  Figures  4  and  5,  the  first  level 
of  excavation  was  reached  at  Day  8  and  the 
first  level  bracing  was  not  installed  until 
Day  30.  As  shown  on  Figure  5,  the  deflec¬ 
tion  at  Day  12  (2  days  after  the  excavation 
to  Level  1  was  completed)  was  less  than 
1/2  inch.  This  was  the  case  at  both  the 
top  of  the  earth  support  system  and  at 
Elevation  -11,  the  elevation  at  which  the 
first  level  bracing  was  to  be  installed. 

Figure  4  shows  that  by  Day  27  significant 
deflection  (approximately  2-1/2  inches)  had 
occurred  at  the  top  of  the  sheet  piling. 
Further,  Figure  5  shows  that  between  Day  12 
and  Day  47,  2  days  after  the  Level  2 
bracing  was  installed,  the  deflection  at 
the  top  of  the  sheeting  was  approaching 
6  inches.  The  deflection  at  Elevation  -11 
exceeded  2  inches  at  both  inclinometer 
locations  before  the  installation  for  the 
first  level  bracing.  The  upper  18  feet  of 
earth  support  system  (soldier  pile  and  lag¬ 
ging  and  upper  sheet  piling)  were  allowed 
to  cantilever  for  approximately  30  days. 

If  the  first  level  of  bracing  had  been 
installed  within  just  a  few  days  after  the 
completion  of  the  first  level  excavation 
and  the  cantilever  condition  had  existed 
only  for  a  very  short  duration,  the  deflec¬ 
tions  of  the  wall  would  have  been  reduced 
significantly.  The  duration  and  sequence 
of  critical  construction  phases  (in  this 
case,  installation  of  the  upper  level 
braces)  had  a  significant  influence  on  the 
behavior  and  performance  of  the  earth  sup¬ 
port  system. 


Approximately  1  inch  of  movemicnt  also  oc¬ 
curred  at  each  brace  level  after  the  braces 
were  installed.  Each  brace  was  preloaded 
by  calibrated  jack  as  it  was  installed,  and 
shimmed  with  the  jack  in  place.  Upon  in¬ 
vestigation,  however,  it  was  found  that 
some  of  the  walers  had  separated  from  the 
sheeting  (in  other  words,  that  there  was  a 
gap  between  the  walers  and  the  sheeting  in 
some  brace  locations) .  Some  of  the  walers 
used  in  the  construction  were  cambered 
wide-flange  sections  salvaged  from  a  bridge 
demolition  project.  Some  of  the  gaps  be¬ 
tween  walers  and  sheeting  were  6  inches 
wide.  Once  found,  the  gaps  were  shimmed 
(starting  on  Day  65) ,  and  subsequent  move¬ 
ment  was  relatively  less.  Table  3  indi¬ 
cates  the  estimated  maximum  load  at  each 


Table  J 


IDEAL 

VS.  ACrVAL  STPL’T  D 

EFLECTjONS 

Estimated 

Ideal  Elastic 

Maximum 

Strut  Stiffness 

Deflection 

Actua 1 

Strut  Loado 

k  -  AE/L 

6  *  P/k 

Deflect  ion 

Level 

(kips) 

(kips/in) 

(in) 

(in) 

1 

255 

N  «  935 

.27 

1.6 

S  »  1,020 

.25 

2.1 

2 

200 

N  =  816 

.25 

1.1 

S  «  93  5 

.21 

1.2 

3 

302 

N  =  935 

.32 

1.7 

S  =  1,130 

.27 

1.5 

4 

612 

N  e  1,125 

.54 

1.5 

S  =  1,130 

.54 

1.8 

5 

503 

N  »  1,125 

.4: 

1.4 

S  *  1,365 

.37 

1.2 

NOTES; 

N  •  North 

side. 

S  =  South 

side. 

strut  (based  on  the  loads  given  in  the 
geotechnical  report) ,  the  relative  stiff¬ 
ness  of  each  strut,  the  ideal  elastic 
deflection  at  each  strut,  and  the  actual 
deflection  at  each  strut  level  after  strut 
installation  through  the  time  the  base  slab 
was  cast. 

It  can  be  seen  that  the  actual  deflections 
exceed  the  theoretical  deflections  by  a 
factor  of  3  to  8,  The  imposed  preload  in 
the  struts  was  100  kips,  which  should  also 
have  reduced  the  theoretical  deflections. 
O'Rourke  (1981)  discussed  preloading  prac¬ 
tices  and  the  effect  that  preloading  has  on 
the  effective  stiffness  of  the  excavation 
support  system.  It  appears  that  the  pre- 
loading  was  ineffective  and  that  most  of 
the  preload  may  have  been  taken  in  the 
camber  of  the  walers.  It  further  seems 
that  the  excavation  support  system  was 
actually  much  more  flexible  than  its 
theoretical  stiffness. 

The  continued  movement  of  the  earth  support 
system,  even  after  all  levels  of  bracing 
were  installed,  is  not  well  understood.  It 
is  believed  that  this  continued  movement 
occurred  in  part  as  a  result  of  thermal 
contraction  (the  temperature  was  approxi¬ 
mately  120'’).  Another  factor  may  have  been 
a  general  trend  of  the  entire  system  to 
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move  eastward  as  the  theoretical  earth 
pressures  on  the  west  side  ot  the  excava¬ 
tion  exceeded  those  on  the  east  side.  The 
entire  east  side  for  several  hundred  feet 
was  excavated  to  Elevation  -5 ,  approxi¬ 
mately  l;  feet  lower  than  the  west  side. 

Base  Heave 

No  instrumentation  was  installed  to  monitor 
or  measure  base  heave,  but  it  did  not  appear 
that  base  heave  wao  a  problem.  In  fact,  it 
appears  that  extending  the  sheet  pile  wall 
into  the  dense  and/or  stiff  glacial  soils 
provided  an  effective  means  of  controlling 
base  heave. 

As  discussed  previously,  the  potential  for 
base  heave  was  identified  early  in  the 
design  phase.  The  analysis  of  the  base 
heave  problem  indicated  a  marginal  to  un¬ 
acceptable  factor  of  safety,  ranging  from 
1.2  to  less  than  1.0.  Although  base  heave 
did  not  appear  to  be  a  problem,  the  poten¬ 
tial  for  base  heave  was  evidenced  during 
construction  by  significant  measured  move¬ 
ment  of  the  buried  portions  of  the  sheet 
pile  wall  at  locations  where  heaving  poten¬ 
tial  was  suspect  (approximate  depth  of 
50  feet) .  The  deflection  at  depth  50  feet 
approached  4  inches.  This  movement  is 
shown  in  Figures  4  and  5 . 


The  movement  measured  in  the  buried  portion 
of  the  sheets  also  suggests  that  the  earth 
pressures  on  the  buried  portion  of  sheeting 
should  be  considered  in  the  design  of  the 
earth  support  system.  In  this  case,  the 
buried  section  was  considered  as  fixed  at 
the  top  of  the  glacial  soils  and  pinned  at 
the  lower  level  brace.  The  earth  pressure 
was  based  on  Ran)tine  active  earth  pressure 
theory.  This  approach  provided  adequate 
design  of  the  earth  support  system. 


Hydrostatic  Blowout 


Maintaining  the  hydrostatic  pressure  in  the 
lower  aquifer  to  less  than  10  feet  above 
the  bottom  of  the  excavation  provided  ade¬ 
quate  protection  against  blow  out  and/or 
boil..ng . 


Design  Ac 


This  design  approach  was  adopted  because  it 
allowed  the  contractor  tc  design  the  details 
of  the  earth  support  system  and  incorporate 
these  details  with  his  chosen  method  of 
construction.  At  the  same  time,  this  ap¬ 
proach  removed  some  of  the  contractor's 
judgement  and  risk-ta)ting  ability  in  the 
design  of  temporary  construction  wor)cs. 

That  removal  was  deemed  necessary  to  mini¬ 
mize  the  potential  for  construction  delays 
or  interruption  of  service  of  existing 
utilities  and  facilities. 

The  criteria  for  the  final  design  of  the 
temporary  support  worlcs  was  modified  from 
the  criteria  in  the  contract  documents  as  a 
result  of  geotechnical  investigation  per¬ 
formed  during  construction  by  the  contrac¬ 
tor.  The  design  approach  in  this  case 
prompted  the  following  positive  results: 

o  The  contractor  retained  the  services 
of  a  geotechnical  engineer  to  further 
investigate  appropriate  criteria  for 
the  design  of  the  earth  support 
ay  stem . 

o  The  contractor  participated  in  instru¬ 
mentation  beyond  that  required  by  the 
contract  documents. 

o  The  project  was  completed  on  time 
without  serious  interruptions  or  in¬ 
conveniences  to  the  owner.  The  only 
failure  experienced  was  a  bro)cen 
10-inch  water  line  during  bac)cfilling 
and  removal  of  the  sheeting. 


CONCLUSIONS  AND  SUMMARY 

A  deep  excavation  was  made  in  s-^ft-  to 
medium-stiff  clays  for  an  influent  pump_ 
station  and  preliminary  treatment  facility 
for  the  Jones  Island  Wastewater  Treatment 
Plant  in  Milwau)cee,  Wisconsin.  The  exca¬ 
vation  used  a  unusual  design  approach  in 
that  the  contract  documents  contained  per¬ 
formance  and  prescriptive  criteria  to  ad¬ 
dress  traditional  contractor  design  areas. 
Lateral  deflections  were  measured  as  the 
excavation  proceeded  and  the  earth  support 
system  bracings  were  installed. 


The  design  approach  for  this  project  was 
unusual  in  that  areas  of  traditional  con¬ 
tractor  design  (temporary  earthwork  and 
excavation  support  facilities)  were  specif¬ 
ically  addressed  in  the  design  and  construc¬ 
tion  contract  documents  in  terms  of  pre¬ 
scriptive  and  performance  criteria.  Spe¬ 
cifically,  the  contractor  was  given: 

o  The  minimum  earth  pressures  to  be 
used  in  design  of  the  earth  support 
system,  along  with  maximum  deflection 
criteria 

o  The  minimum  depth  of  the  bottom  of 
the  earth  support  system  (in  this 
case,  the  minimum  tip  elevation  of 
the  steel  sheet  piles) 

o  Criteria  regarding  groundwater  and 
hydrostatic  pressure  levels 


Significant  deflections  in  the  earth  sup¬ 
port  system  occurred  early  in  the  project 
and  continued  movement  occurred  after  all 
levels  of  bracing  were  installed.  The  dur¬ 
ation  and  sequence  of  critical  construction 
phases,  particularly  the  timing  of  the  brac¬ 
ing  installation,  have  a  significant  in¬ 
fluence  on  the  deflection  behavior  of  earth 
support  systems.  Careful  preloading  and 
ensuring  preload  transfer  also  have  a  sig¬ 
nificant  influence  on  deflections. 

Conventional  methods  of  controlling  base 
heave  and  hydrostatic  blow  out  provided 
adequate  performance.  Extending  the  sheet 
piles  below  the  layer  with  heaving  poten¬ 
tial  into  denser  materials  provides  ade¬ 
quate  performance,  provided  the  earth  pres¬ 
sures  on  buried  portions  of  the  sheeting 
are  considered  in  the  design  of  the  earth 
support  system. 
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The  unusual  approach  to  the  design  of  the 
excavation  support  system  encouraged  posi¬ 
tive  input  from  the  contractor  and  resulted 
in  a  successful  project. 
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Failure  of  an  Oil  Storage  Tank 

A.  Verghese  Chummar 

Managing  Director.  F.S.  Engineers  Pvt.  Ltd.,  Madras.  India 


S'i'\OPSlS:  Oni-  ot  the  three  ml  storage  tanks  constructed  failed  while  being  test  loaded  b\  filling  with  water.  .X  detailed 
studv  of  Mill  charaeterisl u  s  and  the  causes  for  the  failure  ol  onlv  one  of  the  three  oil  storage  tank.s  is  unalised  in  detail  in 
the  paper.  A  method  of  stabili.siiig  the  weak  soil  for  the  re-eon.si ruction  of  the  tank  at  the  same  location  is  recommended 
based  on  laboratory  studies  made. 


IXfKODtCTlON 

One  ol  the  three  2.a  M  diameter  1 5  \l  high  petroleum 
product  storage  tanks  constructed  at  Visakhapatnam  in 
Andhra  State.  India,  faded  during  the  lest  loading.  A 
detailed  .study  of  the  soil  characteristics  revealed  ih“ 
causes  for  the  failure  of  only  one  of  the  tanks.  Stabili¬ 
sation  of  the  weak  soil  by  sand-lime  piles  for  the  recon¬ 
struction  ol  the  tank  is  also  analysed. 


SOIL  PROFILE 

The  Soil  E.'tploration  done  in  this  area  indicates  a  general 
soil  profile  as  given  in  Fig.  I. 


ol  soli  IS  lateriiic  elav.  Ihe  underling  laver  of  I  \1  thick¬ 
ness  is  marine  silti  clav.  The  layer  following  is  ihe 
original  sea  bed  formation  comprising  of  dismtegraled  rock. 
The  water  table  is  at  a  depth  of  about  Xf  below  ground 
level. 


The  properties  of  the  soil  layers  are  indicated  in  Fig.  I. 
■f'ho  laieritic  clay  layer  has  got  a  value  of  cohesion  m  us 
natural  slate  of  about  1.8  Kg  per  Sg.Cm.  and  friction  angle 
of  Ilf  .  The  underlying  silly  clay  has  got  a  value  of 
cohesion  of  only  0.12  Kg  per  Sq.Cm.  with  a  friction  angle 
of  4  .  The  limit  values,  natural  moisture  content  and  con¬ 
solidation  curves  of  the  marine  clay  indicate  that  the  !ay<.r 
is  only  normally  consolidated. 
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F1G.1.  GENERALISED  SOIL  PROFILE 


Visakhapatnam  comprises  of  low-lying  areas  with  hillocks 
in  between.  The  low-lying  areas  are  connected  to  the  back 
waters  and  has  got  marine  silty  clay  deposits.  While  raising 
the  level  of  the  lev’  iving  areas  for  the  purpose  of  con¬ 
structions,  soil  from  the  hillocks  which  comprises  essentially 
of  lateritic  clay  was  used.  The  soil  profile  given  in  Fig. 
I  gives  a  typical  profile  of  such  formation.  The  top  2  M 


CONSTRUCTION  TECHNIQUE  OF  TANKS 


The  tanks  in  this  area  are  constructed,  by  removing  the 
top  15  Cms  of  soil  mixed  with  vegetation  forming  the  tank 
pad  with  lateritic  clay  of  I  M  height.  Tanks  existing  In 
this  area  are  of  12  M  high  and  the  new  tanks  constructed 
are  15  M  high  and  25  M  dia. 


ANALYSIS  OF  BEARING  CAPACITY 


The  bearing  capacity  under  a  system  as  indicated  in  Fig. 
2  could  be  analysed  considering  the  Uyered  system  anal' sis, 
using  the  curves  given  in  Fig.  3, 

For  a  C^/Cj  ratio  of  0.07  and  D/B  of  0.25,  N  value  of 
I  could  be  adopted  for  computation  of  the  beaS-ing  capa¬ 
city.  Thus  the  ultimate  bearing  capacity, 

Qg  =  1.8  X  1  Kg/Cm^ 

=  1.8  Kg/Cm^ 

The  tank  loaded  upto  15  M  with  water  would  give  a  loading 
rate  of  i.6  Kg  per  Sq.Cm.  Thus  a  factor  of  safety  of  just 
I.I2  is  available. 


MECHANICS  OF  TEST  LOADING 

The  tanks  after  construction  are  loaded  gradually  by  pump¬ 
ing  in  water.  One  metre  height  of  water  is  sustained  for 
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FIG  2  TANK  CONSTRUCTION 


FIG  3.  BEARING  CAPACITY  OF  LAYERED  SYSTEM 

a  period  of  nearly  seven  days  allowing  the  settlement  to 
take  place.  In  this  process  certain  amount  of  consolidation 
of  the  underlying  layer  is  achieved,  increasing  its  value 
of  cohesion  and  thus  gradually  increasing  the  bearing 
capacity.  Two  tanks  were  tested  in  this  form  successfully. 


FAILURE  OF  FUF,  TANK 

The  third  tank  while  being  loaded,  when  water  level  was 
being  raised  from  II  to  11.5  M,  there  was  heavy  downpour 
inundating  the  area.  Bearing  capacity  failure  of  the  tank 
as  Indicated  in  Figs.4  &  6  occured,  the  tank  sinking  by  1.5 
M  on  one  side  and  1  M  on  the  opposite  side  over  a  period 
of  five  minutes.  Failure  wedge  bulged  out  all  around. 


(ALL  Dimensions  in  meters ) 


FIG.4.  FAILURE  OF  TANK 


CAUSES  FOR  THE  FAILURE 


fhe  probable  cause  for  the  lailure  is  ihc  reduction  in  the 
value  of  cohesion  of  the  top  laterite  soil  due  to  inundation. 
Value  of  cohesion  of  such  lateritic  clay  reduces  drasticallv 
when  saturated.  The  samples  from  the  area  after  the 
failure  took  place  were  tested  which  indicated  a  value  oi^ 
cohesion  of  1  Kg  per  Sp.Cm.  with  a  friction  angle  of  10 
Under  this  value  of  cohesion,  the  ultimate  bearing  capac¬ 
ity,  Q  IS  I  Kg  per  Sq.Cm  which  explains  the  reason  for 
the  failure  of  the  lank  when  the  load  was  increased  from 
I  1  to  1  1.5  VI. 


REMEADIAL  MEASURES 

An  inspection  of  the  tank  which  tilted  by  failure  indicated 

that  no  damage  is  caused  to  the  tank  shell.  It  Is  hence 

possible  to  unload  the  water  in  the  tank,  jack  up  the  shell 
and  re-erect  the  tank.  However,  this  could  be  done  only 
after  stabilising  the  soil.  Stabilisation  of  the  soil  by  sand-- 
lime  piles  was  therefore  recommended.  Laboratory  tests 
were  conducted  by  forming  a  test  tank  using  the  marine 
Silty  clay  and  providing  2  Cms  diameter  sand-lime  piles  with 
25%  quick  lime  and  75%  sand  at  a  spacing  of  20  Cms. 

The  soil  samples  collected  from  the  space  in  between  the 

piles  after  a  period  of  two  weeks  indicate  that  the  shear 
strength  increases  from  0.12  Kg  per  Sq.Cm.  before  treat¬ 
ment  to  nearly  0.6  Kg  per  Sq.Cm.  after  treatment.  This 
clearly  indicated  that  the  surrounding  soil  to  the  extent 
to  which  the  failure  wedge  formed  could  be  stabilised  by 
provision  of  sand-lime  piles.  The  system  of  sand-lime  piles 
as  indicated  in  Fig.  5  was  therefore  recommended  to 
increase  the  shear  strength  allround  the  tank.  The  system 
is  under  implementation. 


'  ALI  dimensions  in  METERS) 


FIG,  5,  STABILISATION  BY  SAND  LIME  PILES 
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FIG.  fi  FAILED  1A\K 

CO\CLLSIO\S 

Ihe  failure  ol  the  tank  took  place  because  of  reduction  in 


shear  .strength  of  the  top  crust  of  lateritic  clav  due  to  in¬ 
undation  bv  rain  fall.  Ihe  existing  tanks  are  found  to  be 
stable,  the  test  loading  being  conducted  during  dry  season 
with  the  underlying  layer  having  achieved  increase  in  shear 
strength  bv  consolidation.  For  future  constructions  and 
re-ereclion  of  the  failed  lank  stabilisation  of  the  tail  by 
sand-lime  piles  is  recommended. 
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The  Effects  of  Mining  Subsidence  on  a  Motorway  Bridge 

C.J.F.P.  Jones 

Professor  of  Geotechnical  Engineering,  University  of  Newcastle 
Upon  Tyne,  England 


SYNOPSIS:  Mining  subsidence  causes  ground  movements  which  are  imposed  on  any  structure  in  the 

area  of  influence.  Bridges  are  particularly  susceptible  to  subsidence,  which  frequently  causes 
d-mage  and  occasionally  collapse.  Special  bridge  designs  have  been  developed  to  cater  for  mining 
subsidence.  This  paper  provides  details  of  the  performance  of  such  a  structure  subjected  to 
significant  ground  strain. 


INTRODUCTION 

Mining  subsidence  is  ground  movement  caused  by 
mineral  extraction.  In  many  cases,  the  move¬ 
ment  extends  to  the  surface  and  is  three 
dimensional  in  character.  Any  affected  point 
within  the  zone  of  influence  having  components 
of  displacement  along  all  axes  of  a  Cartesian 
coordinate  system.  These  displacements  are 
imposed  on  any  structure  in  the  affected  zone 
and  may  cause  damage  or  distress  unless  adequate 
safeguards  are  taken.  Bridges  are  particularly 
susceptible  to  mining  subsidence  damage  leading 
to  the  need  to  impose  load  restrictions  or  even 
causing  total  collapse. 

In  the  past,  buildings  and  structures  were 
sufficiently  small  or  flexible  that  the  effects 
of  mining  subsidence  could  be  tolerated  or 
avoided  by  the  sterilisation  of  appropriate 
areas  from  mining  activity.  Modern  mining 
methods  which  use  highly  mechanised  systems  of 
extraction  and  which  demand  major  capital  invest¬ 
ment,  make  sterilisation  of  coal  under  a 
particular  area  or  bridge  prohibitively  expensive 
and  inefficient.  As  a  result  it  is  necessary 
for  bridge  structures  to  be  capable  of  with¬ 
standing  ground  strains  resulting  from  the 
moving  mining  wave. 

This  paper  provides  a  case  history  of  a  modern 
motorway  bridge  which  has  been  subjected  to 
severe  mining  subsidence.  Details  are  given  of 
the  design  of  the  bridge  and  of  the  mining 
together  with  the  resulting  ground  strains  and 
the  performance  of  the  structure.  The  manage¬ 
ment  of  the  bridge  during  the  mining  phase  is 
described  and  details  of  the  remedial  works  and 
costs  provided. 


DESIGN  OF  BRIDGES  IN  AREAS  OF  MINING  SUBSIDENCE 

The  majority  of  bridges  built  in  the  United 
Kingdom  were  constructed  before  the  introduction 
of  modern  mining  methods  and  no  structural 
precautions  were  taken  to  cater  for  large 
differential  ground  movements.  Little  is  known 
about  the  tolerance  of  bridges  to  movement. 

What  is  known  is  that  certain  structural  forms 
are  more  susceptible  to  ground  strain  than 
others.  Arch  bridges  are  particularly  at  risk. 

A  valuable  contribution  to  tolerance  movement 
criteria  in  bridges  has  been  provided  by 
Moulton  et  al  (1982)  in  a  study  undertaken  on 
behalf  of  FHWA.  Based  upon  a  large  number  of 
observations,  Moulton  et  al  were  able  to 
establish  tolerance  limits  for  a  number  of 
movements  including: 

i.  Angular  distortion  (differential  se'-tlement/ 

span  length) 

Continuous  steel  structures  -  0.004 
Simply  supported  steel  bridges  -  0.005 

ii.  Horizontal  movements  of  Abutments  <  34mm 

iii .  Differential  vertical  settlement 

Simply  supported  bridges  -  no  limit  (within 

the  range  tested) 
Continuous  bridges  -  total  negative  stress 
over  supports  <  AASHTO  (1975)  Limiting 
stress  criteria 

The  findings  of  Moulton  et  al  confirm  the 
observations  in  the  United  Kingdom  that  mining 
subsidence  movements,  in  which  settlements  in 
excess  of  1  metre  and  ground  strains  of  upto 
0.5  per  cent  are  frequent,  would  normally  result 
in  overstress  and  damage  to  a  conventional 
highway  bridge. 


The  problem  of  mining  subsidence  was  recognised 
in  the  United  Kingdom  at  the  start  of  the 
motorway  building  programme  in  the  1960 's  when 
the  Ml  London  Yorkshire  motorway  was  detailed 
to  pass  across  the  Derbyshire  and  Yorkshire 
coa  1  f le Ids . 

Two  main  approaches  to  the  design  of  bridges 
were  developed  to  provide  safeguards  against 
the  effects  of  subsidence.  The  bridges  could 
be  designed  to  be  statically  determinate,  with 
stiff  decks  resting  on  a  three  point  support 
system  (similar  to  a  three  legged  stool)  or, 
alternatively  made  fle.xible  being  built  up  of  a 
series  of  articulated  parts  and  having  low 
torsion  decks  capable  of  accommodating  large 
angular  rotations. 

In  the  first  design  concept  the  bridge  rides 
the  subsidence  wave  and  differential  horizontal 
movements  are  accOiiimodated  with  the  use  of 
anticlastic  bearings.  In  the  latter  design 
technique  the  bridge  is  made  capable  of 
absorbing  the  mining  movements  as  they  occur 
without  loss  of  load  carrying  capacity. 
Experience  of  the  Yorkshire  coalfield  in  the 
United  Kingdom  has  shown  that  an  averaae  high¬ 
way  bridge  of  between  one  to  four  spans  coulo 
be  subjected  to  the  following  mining  movements: 

a.  Differential  longitudinal  horizontal 
displacement  ±  150-225mm 

b.  Differential  transverse  displacement 
±  150mm 

c.  Differential  vertical  displacement 

0  .6-0.9ra 

d.  Longitudinal  angular  distortion  1  in  80 

e.  Transverse  angular  distortion  1  in  150 

f.  Differential  rotation  in  plan  0.3® 

No  bridge  would  be  subjected  to  the  full  range 
of  movements  detailed  above,  but  a  major 
complication  in  design  is  that  predicting  which 
movements  would  occur  is  dependent  on  the 
geometry  of  the  mining  relative  to  the  bridge. 

At  the  time  of  design  this  is  unknown. 

In  the  majority  of  cases  in  the  Yorkshire 
coalfield,  the  flexible  design  approach  was 
adopted.  Minor  damage  to  the  structures  was 
deemed  acceptable  and  inevitable  but  the  full 
use  of  the  motorway  had  to  be  retained,  except 
during  post  raining  repairs.  In  addition  it  was 
important  that  the  cost  of  bridges  built  to 
cater  for  mining  subsidence  should  not  be 
greater  than  the  cost  of  a  conventional  bridge. 
In  the  systems  developed  in  Yorkshire  this 
latter  condition  was  exceeded  in  that  the  low 
torsion  decks  developed  for  mining  was  adopted 
for  general  use  even  when  mining  was  not 
expected,  the  reason  being  that  the  low  torsion 
decks  proved  to  be  less  costly  than  the 
conventional  decks. 

SHILLINGHILL  BRIDGE 

Shillinghill  Bridge  carries  the  M62  Lancashire 
Yorkshire  motorway  M62  over  the  A645  Pontefract- 
Knottingley  road.  The  M62  crosses  a  railway 
embankment  200  metres  to  the  north  of  the  A645 
and  the  difference  in  carriageway  levels  is  in 
the  order  of  12  metres.  The  A645  has  a 
carriageway  width  of  13  metres  with  two  2  metre 
footpaths.  For  both  economic  and  asthetic 
reasons  the  bridge  was  designed  as  two  identical 


parallel  3  span  structures,  one  supporting  the 
eastbound  carriageway,  the  other  the  westbound. 

Each  deck  consists  of  12  standard  px'estressod 
concrete  beams  (type  75/D)  21  metres  long  and 
a  175inm  reinforced  concrete  ceck  slab.  The 
bridge  skew  is  approximately  11°.  The  deck 
was  analysed  using  load  distribution  methods 
with  an  allowance  for  edge  beam  stiffening. 

The  piers  are  reinforced  concrete  and  were 
designed  to  take  into  account  small  but 
significant  raining  movements  and  a  steeply 
sloping  foundation.  At  the  time  of  the  design 
of  the  bridge  in  1970,  mining  movements  were 
predicted  to  be  in  the  order  of  1.5mm/metre 
but  is  was  not  knowii  when  these  movements 
would  occur.  The  piers  were  designed  using  a 
computer  program,  Sims,  Jones  and  Bellamy  (1972). 
It  was  assumed  that  the  movements  would  be 
taken  up  in  the  laminated  rubber  bearings  and  the 
shear  forces  produced  were  included  in  the 
design  of  the  piers  and  bank  seats. 

The  expansion  joints  were  provided  with  a 
movement  capacity  sufficient  to  accommodate 
the  anticipated  mining  strain  of  90mm  over 
the  length  of  the  bridge.  The  rock  st.'ata 
on  which  the  bridge  was  founded  slopes  steeply 
from  south  to  north  and  the  northern  piers 
are  approximately  7  metres  higher  than  the 
southern  ones.  Further  technical  detail; 
associated  with  the  design  of  the  bridge  are 
given  in  Table  1.  The  bridge  was  constructed 
during  1972-1973. 

TABLE  1.  Technical  Details  of  Shillinghill 
Bridge 


Dec)c  Details 


Number  of  lanes 
Width  of  deck 
Thickness  of  deck  slab 
Span 

Number  of  spans 
Dead  weight  of  deck 
Number  of  beams/ span 
(75/d) 

Shear  rating  of 
bearings 

Thickness  of  bearings 


4  Eastbound 
17.4m 
1 7  5mm 
20.1m 
3 

266.5  KN/m 
12 

2 . 35KN/mm 
7  5mm 


4  Westbou  ' 
17.4m 
17  5mm 
20.1m 
3 

265.5  KN/m 
12 

2 . 3  5KN/mm 
7  5mm 


Pier  Details 


Height  (average) 
Width  (top) 

Base  width 
Base  breadth 
Base  thickness 
Permissible  bearing 
stress 


18 . 5m 
17.3m 
5 . 5m 
13.8m 
Im 

536 . 25KN/m 


2 


18.5m 

17.3m 

5.5m 

13.8m 

Im 

536 . 25KN/m“^ 


NOTE  25  per  cent  over  stress  permitted  during 
HB  loading 
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REMEDIAL  WORKS 


MINING  SfSSirENGE 


Sh  1 1 1 1  r.^;h  1 1 1  Bridao  was  rair-.ad  u-dor  ir. 

Details  o 'I  the  r.iir.ina  are  shown  in  Table  2. 
Fiaur-'S  '.,2  and  J  ai'-.’e  lietails  of  the  panel 
layout  r-olativo  to  the  bridac  and  also  provide 
details  of  the  predioted  surface  conrours  for 
the  lonaitudinal  and  transverse  strain  and  the 
subsidence,  based  uton.  ti'.o  use  of  the  ernpirical 
prediction  aieth.od  developed  by  the  National 
Coal  Board  (1475). 

TABDE  2.  Details  o Mir.inu  Subsidence  at 
S  h  i  1 2  1  n.  a  r.  1 1 1  B  r  i  d  ae 


o 

'•1 

W.iles,  Por.tt 

i  f  ract 

Sear;  Depth 

v;  i  d  t  h  o  f 

? a I'i e  Is 

Extraction 

C  a  s  1 1  e  r’  o  r  d  2  4  5  n 

4  foot 

2  4  0m 

1.45m 

Subs idonco 

Panel  44 's 

Panel  45's 

Vertical 

Longitudinal  strain 
Transverse  strain 

0.15m 

Negligible 
+  4mm/ra 

0.2m 

Negligible 
*•  4mm/m 

The  position  of  the  bridge  relative  to  panels 
44 's  and  45 's  was  not  advantageous  and  the 
bridge  was  subjected  to  significant  movements. 

The  mining  caused  the  east  and  west  bound 
carriageways  to  move  apart  at  the  western  end 
of  the  bridge  by  upto  100mm.  The  bridge 
settled  differentially  and  the  decks  rotated 
in  plan  causing  disruption  of  the  expansion 
joints  and  resulting  in  the  combined  parapet 
and  crash  barrier  to  fail  in  tension.  An 
illustration  of  the  degree  and  complexity  of 
the  movement  suffered  by  the  bridge  is  shown 
in  Figure  4.  The  movements  included  an  angular 
distortion  of  one  deck  in  excess  of  1  in  70. 
Although  the  mining  caused  severe  disruption 
to  the  vertical  alignment  of  the  motorway 
supported  by  the  bridge  which  required  the 
imposition  of  speed  limits,  at  no  time  was 
the  carrying  capacity  of  the  bridge  reduced. 

The  allowable  shear  strain  of  the  rubber 
bearings  was  exceeded  during  the  mining  phase. 
Maintenance  procedures  were  undertaken  to 
relieve  and  reposition  the  bearings  during  the 
mining.  This  was  achieved  by  the  use  of 
hydraulically  linked  flat  jacks  positioned 
between  the  bearings  which  were  used  to  raise 
the  deck  a  nominal  amount  (2rain)  sufficient  to 
permit  the  distorted  rubber  bearings  to  jump 
back  into  position.  These  works  were  undertaken 
by  West  Yorkshire  Bridge  Engineers  working  on 
Sunday  mornings  when  the  bridge  traffic  was  light. 
Repositioning  of  the  bearings  was  undertaken  on 
a  number  of  occasions. 


The  damage  to  the  motorway  caused  by  the  mining 
subsidence  was  substantial.  In  accordance  with 
the  Coal  Mining  (Subsidence)  Act  of  Parliament 
1957,  the  National  Coal  Board  are  required  to 
meet  the  cost  of  the  remedial  works  considered 
necessary  to  restore  the  hiahway  to  a  condition 
fit  for  use.  In  the  case  of  the  motorway  at 
Shillinghill  Bridge,  remedial  works  cost  in 
excess  of  £1.0  m.  The  National  Coal  Board 
contribution  to  the  repair  of  the  bridge  was 
£110,000. 

Tf e  remedial  works  which  were  undertaken  when 
the  motorway  alignment  and  drainage  was  re¬ 
constructed  consisted  in  jacking  the  bridge 
decks  to  conform  with  the  revised  vertical 
alignment  and  to  remove  the  angular  distortion. 
Included  in  the  works  was  the  partial 
reconstruction  of  the  bridge  bank  seats  raising 
them  to  the  new  alignment,  renewing  all  bearing 
plinths  and  replacing  all  bearings  and  expansion 
joints . 

No  problems  were  encounter  2  ir  the  remedial 
works  other  than  that  the  force  needed  to  ]ack 
the  deck  well  clear  of  the  bearings  proved 
to  bo  in  excess  of  the  dead  weight  of  the  deck. 
This  was  caused  by  the  presence  of  polystyrene 
foam  used  to  create  the  expansion  joint  between 
the  ends  of  the  deck  and  the  bank  seat.  Although 
this  material  is  weak  in  compression,  polystyrene 
proved  to  be  very  strong  in  shear. 


CONCLUSIONS 

Shillinghill  Bridge  was  one  of  the  first 
motorway  bridges  which  had  been  specifically 
designed  to  cater  for  mining  subsidence  to 
actually  be  subjected  to  mining.  The  movements 
caused  by  the  mining  demonstrated  the  three 
dimensional  nature  of  subsidence  and  also 
illustrated  the  difficulties  of  predicting 
movements  at  the  design  stage.  The  movements 
far  exceeded  and  were  different  in  nature  to 
those  anticipated  in  1970. 

The  bridge  behaved  very  well  during  the 
subsidence  and  demonstrated  the  validity  of  the 
design  concept  developed  to  cater  for  bridges 
in  mining  areas.  The  success  of  the  design  was 
further  strengthened  by  the  fact  that  three 
adjacent  arch  bridges  had  to  be  demolished  and 
totally  rebuilt  because  of  the  mining  subsidence. 
In  addition,  a  nearby  overhead  sign  gantry  had 
to  be  dismantled  during  the  mining,  and  three 
miles  to  the  east  of  Shillinghill  Bridge  the 
decks  of  a  bridge  spanning  the  M62  motorway 
had  to  be  removed  and  shortened  by  diamond 
saw.  To  the  north  the  cantilever  span  of  a 
small  footbridge  had  to  be  raised  out  of 
position  while  the  mining  wave  passed  through 
the  area. 
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Figure  4 

Shillinqhill  Bridge  M62  .lotorway 

Mining  Movements  (mm)  May  1981  -  Marcli  1982 
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Figure  3 

Contours  of  Longitudinal  Strain  (mm/m) 
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Correlation  between  the  Actual  and  Predicted  Settlements  of 
Structures  at  Nsukka,  Nigeria 

H.O.  Chukweze 

Department  of  Civil  Engineering,  University  of  Nigeria,  Nsukka, 

Nigeria 


3inc;A,T.Y :  The  paper  conpares  the  measured  and  calculated  settlements  of  two  buildings  and  one  concrete 
water  tank  founded  or.  the  red-weathered  soils  of  hsukka,  I.'igeria.  Prior  to  actual  coiistruction  of 
the  structures  the  trjree  sites  were  investigated,  soil  samples  were  collected  and  tested  in  the 
laboratory  and  the  data  collected  were  used  to  predict  the  total  and  differential  settlements  of 
the  structures. 

Then  permanent  concrete  slabs  were  sstablshed  as  bases  at  each  of  the  three  sites  for  obsering 
other  points.  The  theodolite  was  used  at  each  of  the  sites  to  morator  the  movements  of  each  of  the 
structures,  starting  from  the  time  when  the  base  concrete  slab  or  footings  were  laid  to  the  end  of 
major  or  active  construction  operations. 

It  was  found  that  excepting  the  water  tank  which  continued  to  settle  albert  slowly  and  uniformly, 
the  buildings  showed  i.nsignif i cant  vertical  settlement  after  about  five  years  later  and  that  the 
correlations  between  the  measured  and  predicted  settlements  were  relatively  poor,  generally  less  than 
40  percent.  The  results  suggested  that  the  field  or  actual  settlements  were  always  larger  than  the 
predicted  ones.  The  poor  correlatio.n  was  adduced  to  primarily  the  several  and  serious  assumptions 
cade^in  the  establishment  of  the  analytical  equations  for  the  determination  of  settlements  analy¬ 
tically  and  also  to  the  paucity  of  field  data  which  could  help  to  improve  on  the  relevant  consoli¬ 
dation  equations  using  the  field  results. 

IhTRCDUCTIGi: 


This  paper  is  an  attempt  to  evaluate  the 
validity  of  the  one  dimensional  consolidation 
equation  due  to  Terzaghi  (1943)  and  of  the  elas¬ 
tic  law  of  soil  deformation  (Janbu,  1971)  in 
predicting  the  total  settlements  of  the 
structures  founded  on  the  tropical  soil  forma¬ 
tion.  One  of  the  major  setbacks  in  the 
confident  prediction  of  the  settlements  of 
strucvures  in  the  co’untry  is  the  fact  that  there 
is  hardly  any  feedback  in  the  form  of  settlements 
measured  directly  from  structures  in  service 
so  that  the  earlier  analytical  predictions 
could  be  evaluated.  The  few  available  records 
are  confusing  because  they  seem  to  strike  a 
balance  between  over-  and  under- estimation  of 
the  actual  or  field  settlements  (Lee,  1968; 
Tavenas  &  leroueil,  1980). 

In  addition  the  soils  of  this  country, 
especially  in  the  hintherlands  contain  pseudeo- 
partioles  and  encrustations  (Chukweze,  1976; 

CBRI ,  1971).  These  pseudo  particles  break 
readily  under  moderate  pressure  producing  more 
fine-grained  soil  particles.  On  the  other  hand 
the  encrusted  particles  aan  impart  a  false  high 
bearing  strength  on  the  soil.  The  analytical 
predictions  involving  the  use  of  small  soil 
samples  could  thus  be  in  error.  Another 
important  factor  of  note  is  that  the  soil 
formation  in  this  region  is  unsaturated  through¬ 
out  the  year.  Yet  the  laboratory  testing  pro¬ 
cedures  recommend  the  use  of  saturated  soil 
samples  for  the  prediction  of  settlements 
analytically.  These  two  differing  conditions 


could  influ aaoe  the  results. 

TliRORY 

The  long-term  or  consolidation  settlement  of  the 
structure  on  a  real  soil  is  calculated  from  the 
one  dimensional  consolidation  equation  for 
saturated  soils  (Terzaghi,  1943) •  In  practice 
the  soil  is  assumed  to  be  fully  settled  after  24 
hours  of  loading.  Consequently  the  secondary 
consolidation  (creep)  is  not  considered  but  the 
primary  and  secondary  settlements  together  can  be 
evaluated  from  the  recent  modified  one  dimension¬ 
al  consolidation  equation  due  to  Mesri  & 
Godlewski  (1977).  Thus 

So  =  S— 

1  +  ®o 

where 

3  =  consolidation  settlement 

c 

Oq  =  initial  void  ratio  of  soil 
H  =  compressible  soil  layer  thickness 
K  =  C^A+Cj^B 
Co  =  compression  index  of  soil 
A  =  log  +  Aa  ^ 
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C  ^  =  effective  overburden 

0 

Ac  ^  =  increase  ir;  sti'ess 

=  (C.045  ±  C.Cl)  Cc 

3  =  C  «  log  t 

t  =  design  life  of  structure 

unfortunately  some  degree  of  undrained 
distortion  accompanies  the  normal  consolidation 
of  the  soil  and  this  has  been  neglected  by  the 
above  mathematical  model  (Tavenas  A  Leroueil, 
198C).  There  is  also  the  behaviour  of  the 
construction  pore  pressure  wltLch  has  not  been 
fully  accounted  for  as  yet  {.Skenpton,  1954; 
Hentel,  I960;  Tavenas  ar^d'  leroneil,  1980). 

However  it  is  now  possible  to  account  for 
any  lateral  shifts  as  this  has  been  related  to 
the  vertical  movemaits  undergone  by  the  struc¬ 
ture  (Tavenas  et  al,  1979). 

Thus 

Ah  =  (0.16  +  0.02)3 

where 

Ah  =  lateral  displacement 

3  =  settlement  of  the  structure 

Although  the  above  equation  (e^.  2)  is  related 
to  the  conditions  prevalent  in  clays,  it  is 
interesting  to  note  the  serious  attempts  being 
made  to  improve  on  the  SLnalj'tical  methods  of 
predicting  settlements  in  the  long  term. 

In  order  to  predict  the  immediate  settlements 
reliance  continues  to  be  placed  on  the  elastic 
theory  (Janbu,  Bjerrum  and  (Kjaernsli,  1956). 
Thus 

3i  =  \  3i 

B 


taken  to  be  the  sum  of  the  immediate  and  the 
consolidation  settlements  (3kempton  <3;  Bjerrum, 
1957;  leri-e  1  Iversen,  1972). 

Methods  of  field  measurements  of  settlements 
have  not  been  standardised.  Additionally  there 
is  no  information  on  the  influence  of  particle 
crushing  on  the  settlements  of  structures. 

i;XPiirtIili..TAL  './ChK 

The  structures  examined  in  this  study  are  all 
located  in  tiie  University  of  Higeria,  I.'sukka, 
campus.  The  area  is  located  in  the  map  shewn 
in  fig.  1.  The  actual  sites  are  found  in  the 
localities  shown  in  figs.  2  &  3- 


LEGEND 
^5^ Contour  lino 
=  Mojor  roods. 


O  Tisf  Pits 

Fig.  1 

Two  aspects  of  the  experimental  work  described 
below  are  the  field  and  laboratory  studies. 


where 

3^  =  Immediate  settlement 

and  Uq  =  constants 

q^  =  normal  pressure  on  the  soil 

=  width  of  the  loaded  area 

F  =  modulus  of  elasticity  of  the  soil 

The  attraction  of  eq.  3  is  that  no  corrections 
are  required.  Also  the  Poisson’s  ratio  is 
assumed  to  be  0.5  consistent  with  the  undrained 
condition  assumed  in  determining  the  parameter, 

Ey  (eq.  3). 

Although  there  has  been  some  objections  to 
the  method  the  total  settlement  is  in  practice 
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ii'.e  trjr-i-s  sitso  for  ";£  prcpos-il  str'occures 
were  car-,iully  exaiair.ea.  2ctl:  t;.e  aioturbed 
-i.'.a  ar.iistur'Eea  soil  samples  were  collected 
U3i  r.f-:  tie  peravoSSior  aril^ir..;  rit.  lorir-ys 
were  male  fer  up  to  l~z  deep.  The  'uniisturbea 
il  3ar.;ls  were  ree  aired  fer  the  oedoneter 
tvst;  'a:-.!  the  disturbel  soil  samples  for  the 
clasolii  Cat! or.  or.l  icciex  test  determinations. 


1:  tlassific.'ition  parameters  for  the 
sells. 

(standard  error  renerallv  less  than  5f^) 


Locality 

Vjixinuin 

sample 

depth 

(is) 

Avern^o  values 

cf  the  Atterber^^ 

limit  a  (■•:)» 

Average  values  of 

the  particle 
content 

LL 

TL 

SL 

Clay 

Silt 

ISand 

!  Gra- 
1  vel 

1 

10 

3b 

20 

16 

7  ! 

10 

! 

30 

40 

11 

2 

15 

31 

IS 

23 

Q 

22 

31 

42 

5 

d 

13.5 

38 

19 

19 

7 

20 

32 

46 

2 

LL  =  Liquid  limit;  PL  =  Plastic  limit; 

PI  =  plasticity  index;  Si  =  shrirleage  limit 


To  meas'ore  the  settlements  special  devices 
t:,-cical  cf  zis  cne  s;.C'wr.  ir.  fig.  4  were  oon.^ 


struotei  at  each  cf  ti;e  f  cur  ocmers  of  each 
cuildir.g  arc  three  of  :i;em  rouria  the  concrete 
water  tarJi.  fi.e  device  consisted  of  a  steel 
rod  carrying  a  dial  g-uage  protruding  from  the 
base  cf  the ^structure .  The  vertical  ard 
lateral  displacements  cf  this  red  due  to  the 
movements  of  the  struofore  are  measured  by 


nEar.s  cf  another  rod  placed  vertically  and  in 
contact  v.-ith  the  iial'guage. 

Additi orally  a  concrete  base  was  established 


at  each  site  so  that  the  tins  of  the  horizontal 
rods  cculd  be  observed  routinely  using  the 
theodolite.  As  a  res'alt  accurate  measurements 
of  the  foundation  movements  were  as  tired.  These 

measured  movements  constituted  the  observed 
settlements,  .h'easurem.ents  lasted  from  January 
it)76  to  August,  1979  and  then  at  4  yearly  inter¬ 
vals. 


LABCr-AlCRY  ’.VCHK 

The  distrubed  soil  samples  were  used  to  classify 
the  soils  of  each  site  and  also  to  deta-rmine  the 
soils'  index  properties.  The  undisturbed  soil 
samr.'les  were  used  to  cor<duct  the  oedometer  and 
the  undrained  preconsolidat ed  triaxial  tests 
and  to  determine  the  unit  weight  of  the  soils 
in-situ.  All  the  tests  were  carried  out  by  the 
standard  laberatory  methods,  eg.  33  1377,  1975. 

In  order  to  use  eg.  1  to  calculate  the 
consolidation  settlement  the  thickness  of  the 
compressible  stratum,  K  was  taken  as  the  depth 
of  significant  stress  in  that  the  soil  formation 
was  found  to  be  lunstratified  tl-iroughout  the 
depth  investigated.  The  width,  B.  and  the 
pressure  on  the  soil,  for  use  In  eg.  3  were 
extracted  from  the  structural  map  supplied  by 


Table  2:  The  Compression  parameters  of  soils 


Loca¬ 

lity 

Natural 

nois- 

ture 

content 

(r') 

'undrain- 

eu 

Young 's 
iBodulus 

(kN/m^) 

Com¬ 

press¬ 

ion 

Index. 

Co 

Void 
^  Ratio 

e 

0 

Speci¬ 

fic 

gra¬ 

vity 

ri 

■'s 

Bulk 

unit 

weight 

kh'/m^ 

Permea¬ 

bility, 

m/sec 

-10 

X  10 

^  i 

9 

o.OOO 

0,  C61 

0.4s 

2,72 

1 

18.1 

1 

3.53 

2 

8 

6.500 

C.  070 

0.52 

2.66 

18.5 

3.95 

3 

10 

5,500 

C.  065 

C.45 

2.69 

18.8 

3.44 

Table  3;  Calc. Intel  settlements  of  stnetares* 


Loca- 

Com- 

Width 

Foot- 

Sett  laments (mm) 

lity 

pressi- 

ble 

soil 

layer 

(m) 

of 

1  loaded 

area 

(m) 

pre¬ 

ssure 

kU/in^ 

Imme¬ 

diate 

Long¬ 

term 

Total 

1 

11 

1.1 

1430 

39 

223 

262 

2 

11.2 

1.1 

1630 

47 

313 

36  0 

3 

7 

7 

13,160 

42 

304 

346 

*  Depth  of  footing  from  ground  surface  =  1.3® 
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the  contractors.  Th.e  imdrained  Young's  modulus 
was  c’ctair-ed  from  strain-controlled  undrained 
triaxial  tests  not  ir-g  that  the  results  cotild  be 
affected  by  the  strain  rate,  stress  path  and 
stress  level  (laid,  19o4) . 

All  the  field  -and  la'.,oratcry  results  have  been 
compiled  and  summarised  in  tabxes  and  graphs 
now  discussed  belovf. 

» n o  'U  ^1. 

Table  1  shows  the  results  of  the  classification 
tests.  It  is  seer,  that  the  soils  investigated 
are  generaal^.  clayey  sand  and  silt  with  fines 
of  intermediate  compressibility.  The  positions 
cf  the  soil  samples  on  the  Casagrande's  plasti¬ 
city  chart  (Casagrar.de ,  1948)  are  above  the  A- 
line.  Siicb  soils  exhibit  high  bearir^  strengths 
when  dry  arl  this  ca.n  be  deceptive  unless  care 
is  observed  to  insure  that  the  relevant  tests 
are  conducted  with  soil  samples  whose  water  con¬ 
tents  correspond  with  those  of  the  service  con¬ 
ditions.  It  IS  important  to  note  that  serious 
accidents  ci  failures  huive  occurred  in  this 
GOiuntry  beoa-.B  e  the  contractors  base  tiieir 
results  on  erroneous  soil  moisture  content  data. 

Table  Z  ^hcws  the  other  index  and  strength 
properties  of  the  soils  studied.  The  undrained 
cod-ulus,  Ey  is  seer,  tc  range  from  5,50C  kPa 
to  7CCC  kPa.  This  rarige  clearly  exposes  the  dry 
nat’ure  of  the  soils.  It  additionally  demon¬ 
strates  the  in-admissibility  cf  some  of  the 
empirical  values  for  clay  soils  like  120C  kPa 
(D'Appolonia  et  al,  1971;  for  these  types  of 
soils. 

The  consolidation  parameters  also  shown  in 
table  2  have  been  obtained  for  the  saturated 
conditions  specified  by  the  te3tir.g  methods 
Thus,  although  the  soils  in-situ  are  far  from 
being  saturated,  the  data  presented  in  table  2 
are  admissible  for  use  in  eq.  1  for  the  calcula¬ 
tion  of  the  long-term  or  consolidation  settle  - 
ments. 

The  immediate,  oedometer  (consolidation)  and 
the  total  settlements  of  all  three  structures 
are  presented  in  table  5.  Remarkedly  it  is  seen 
that  the  immediate  settlement  for  all  the 
structures  is  less  than  fifteen  percent  of  the 
total  calculated  settlement.  Thus  most  of  the 
calculated  settlements  emanutes  from  long-term 
loading  effects,  or  consolidation.  This  results 
may  be  expected  considering  that  the  parameters 
used  in  the  determinat ion  of  the  immediate  settle¬ 
ment  may  be  nearer  the  actual  states  of  unsatura¬ 
tion  of  the  soils  and  in  this  state  the  soil  has 
bearing  resistances  apparently  greater  than  when 
they  are  saturated  and  can  more  readily  collapse 
(consolidate)  when  loaded.  Thus  the  consoli¬ 
dation  settlement  ranges  from  221inm  to  313nmi. 
Wiiilst  the  total  settlements  range  from  250mni 
to  340mm.  These  settlements  are  significantly 
high  and  may  be  associated  with  between  125mm 
and  170mm  of  differential  settlements. 

The  actual  settlements  were  observed 
initially  from  the  laying  of  the  footing  slab  to 
the  end  of  major  construction  activities 
(fig.  5.0) .  Thereafter  readings  were  taken  every 
4  years. 

The  vertical  settlements  and  horizontal 
shifts  for  the  structures  recorded  for  the  first 


Fig.  5 

continuous  period  of  up  to  80  weeks  January, 

1978  to  August,  1979)  are  shown  in  figs  6  &  7 
respectively.  The  two  readings  taken  at  4  years 


week* 


Fig.  6  Observed  seftlsmsnts . 


intervals  (1983  and  1987)  are  included  in 
table  4. 

It  is  seen  from  fig.  6  and  table  4  that 
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Wtaks 


Sit*  3 


Fig,  7.  "Dt*  lot«fol  moytwntm  of  tho 
ttntcfurM. 


sor.e  measurea'cie  settlements  are  still  ohserved 
after  r.earlv  eight  years  of  cessessation  of 
actual  oonstr'j.cti on  works.  These  additional 
settlecents  cay  be  accounted  for,  in  part,  by 
the  added  fi.nishings  and  partly  by  the  live 
loads  in  that  the  structures  have  been  put  into 
active  service.  This  my  be  especially’  true  for 
the  concrete  water  tank  ’which  has  suffered  an 
"ii'ticr."!  ’’O’^’^lecent  of  ICbtc  compared  to  those 
of  the  buildings  of  only  4'2mni  (site  1)  and  34i!m 
(site  2)  respectively. 


Table  4.  Observed  settlements  of  the 
struct ures. 


Period 

Settlements  (mm)  for  sites 

1 

2 

3 

1978-1979 

99 

127 

55 

1979-1983 

27 

23 

64 

1983  -  1987 

15 

9 

42 

Table  5!  Observed  lateral  shifts  of  the 
structures  for  periods  1978  to 
19S7 


Period 

Displacements  (mm 
i  sites 

0  for 

1 

2 

!  ^ 

1978-1979 

9 

3 

2 

1979-1983 

2 

2 

a 

1983-1987 

2 

2 

2 

From  table  5  it  is  seen  that  all  the  structures 
have  suffered  from  some  lateral  movements.  The 
range  of  values  observed  are  from  7mm  to  13mm 
which  differ  radically  from  the  values  which 
are  obtainable  using  eq.  2. 

3y  comparing  also  the  results  of  the  calcu¬ 
lated  settlements  (table  3)  and  those  observed 
from  actual  field  records  (table  4)  it  is  seen 
immediately  that  the  calculated  values  are  much 
larger,  ranging  from  262mm  to  360inm  compared  to 
the  field  range  of  141mm  to  161mm.  Thus  for 
the  three  sites  studied  the  ratio,  calculated  to 
observed  settlements  are  1.85,  2.26,  and  2.14 
respectively.  The  laboract  ory  methods  thus  over¬ 


estimate  the  actual  settlements  by  more  than 
one  h’undred  percent  judging  from  the  current 
results.  Only  a  few  previous  results  have  been 
as  precise  as  those  reported  herein. 

It  is  seen  from  table  4  and  5  that  measure- 
able  but  small  settlements  contiriue  more  than  six 
years  after  the  cessation  of  construction.  Thus 
it  may  require  several  more  years  before  the 
structure  settles  permanently.  It  is  considered 
that  when  this  condition  is  reached  then  the 
settlement  ratio  may  reduce  a  bit,  to  1.5  say. 

For  the  tropical  soil  foundations  tliis  ratio 
of  1.5  is  considered  favourable.  It  means  that 
structures  to  be  founded  on  such  soils  are 
designed  for  settlements  far  in  excess  of  those 
that  can  occur  in  service.  A  nagin  of  safety  is 
th’us  automatically  ir;corporated  into  the  design 
by  vii’turc  the  r^ture  'f  the  soils  as  pointed 
out  earlier  in  this  paper. 

CO..GLU3IC::3 

The  soils  around  hsunka,  lligeria  are  typical 
for  the  tropics  beirig  concretionary  or  preudo- 
particulate  and  so  readily  collapse  under 
relatively  high  pressure  especially  when  wet. 

For  such  soils  the  laboratory  methods  of 
settlement  determinations  over-estimate  the 
total  actual  settlements  of  the  soils  'under 
vertical  loading. 

The  vertical  settlements  are  generally 
accompanied  by  lateral  movements  which  are  best 
estimated  by  actual  field  measurements  in  tha.t 
the  analytical  equatiOTiS  currently  available  do 
not  agree  with  the  actual  field  records. 

The  laboratory  methods  of  settlement  deter¬ 
minations  are  advantageous  when  used  for  the 
tropical  soils  because  some  safety  factor  is  then 
automatically  incorporated  into  the  design  of 
the  structure. 
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SYNOPSIS:  This  paper  deals  with  the  isc  his  orics  abou  t  the  bearing  capacity  of  piles  in  an  off 
shore  thermal  power  plant,  it  includes:(l)  Tl»e  exploring  of  the  site  and  the  setting  of  the  data  in 
pile  foundation  design.  (2)  Static  load  test  of  Inclined  piles  with  deviations  ranging  from  3  to  10 
degrees  from  vertical. 


I NTRODUCT 1  ON 

The  geotochnic:al  i‘ngin<*<?ring  exploration  of  the 
site  of  the  thermal  power  plant  was  carried  out 
before  construction  to  makt'  ct*rtain  of  the  bear¬ 
ing  stratum  of  pile  points  and  the  length,  the 
cross  section  area  and  the  ultimate  bearing  ca¬ 
pacity  of  the  pil<‘.  As  the  tilting  of  the  piles 
was  caused  by  poorly  driving  and  by  excavation 
of  adjacents  soils  during  construction,  thus 
static  load  tests  w(>re  conducted  to  determine 
the  influence  of  tilting  on  the  pile  capacity. 
The  results  are  presented  herein. 


EXPLORATION  AND  DESIGN  OF  PILE  FOUNDATION 

The  site  was  explored  by  drilling,  static  and 
dynamic  penetration  and  laboratory  tests  of  un¬ 
disturbed  samples.  The  typical  results  of  static 
cone  penetration  tests  measured  at  different 
places  where  the  boiler,  chimney,  coal  silo  and 
cjoling  tower  will  be  built  are  shown  in  Fig.l. 
Laboratory  test  results  are  shown  in  Table  1. 
Based  mainly  on  the  data  of  static  load  tests 
conducted  in  126  holes  it  was  decided  to  select 
the  bearing  stratum  of  point  bearing  piles  at 
about  20  m  under  ground  surface.  The  bearing 
stratum  was  sandy  loam  with  thickness  of  2.2  to 
4.9  m,  below  which  was  sandy  clay.  The  length 
of  the  pile  ranges  from  16.5  to  18.5m,  the 
cross  section  area  of  the  square  pile  was  1600 
cm2,  and  the  ultimate  bearing  capacity  computed 
by  the  formula  (1)  for  various  structures  was 
listed  in  Table  2.  Based  on  Table  2  and  the  re¬ 
sult  of  static  loading  tests  of  vertical  piles 
shown  in  Fig.  2,  the  designed  ultimate  bearing 
capacity  of  pile  was  determined  to  be  1600  kN, 
and  the  allowable  bearing  capacity  of  pile  was 
800  kN. 


.3  u  u  n  d  I  n  g  R  e  s  i  s  L  ,i  ii  l  o 


RrsuUs  of  Static  Cone  Penetration  Test 


f,i  «  ♦iJ/'/l  .f.n.  (i; 

i^c  c  Z_f’^si  SI  1  '  ^ 

Where:  Ultimate  bearing  capacity  ol  pile 

q  Average  sounding  resistance 


t  Average  skin  friction 

si  ^ 


A  Cross  section  area  of  the  square 

•  1 

pile 


U  Perimeter  of  pile 


h  ,  Depth 


d  .  Correction  factor  of  sounding  re¬ 

sistance 

Correction  factor  of  skin  friction 
The  correction  factor^C  .  andp  .listed  shown  in 

l  'SI 

Table  3  and  Table  4  respectively  were  given  by 
X  i  e  ( X i c ,  1 984 ) 


St  raturo 


TABLE 

1  .  Labor 

•itory  and  Field  Test 

Results  o 

f  Soils 

So  i  1 

Th ickness 

Sound i ng 

Wat  or 

Bulk  Unit 

Void 

- - - 3 

P  last  ic  i  t  y 

— 

Liqu i d i t  y 

Coe f  f ic i ent 

of  St  rat  urn 

Kes  i  St  .incv 

Cont  ont 

Weight  of 

Rat  io 

1  ndex 

1  ndex 

of  Compress i - 

So  i  1 

bi  1  i  t  y 

H 

W 

7 

t* 

P 

^1-2 

m 

MPij 

X 

kN/m^ 

MPa-1 

Mucky  Soil 

4.0-14.4 

0.1-0. 7 

38.5-48.9 

17.9-18.4 

0.92-1 .19 

10. 7-15.8 

0.96-1 

80 

0.44-0. 78 

Sandy  Silt 

1  .4-8.2 

I  .  7-2.5 

14.8-26.4 

19.7-21.7 

0.44-0. 76 

4. 5-9.4 

0.50-1 

34 

0.12-0.27 

Sandy  Loam 

2. 2-4. 9 

7.. 4-6.0 

18.5-24.5 

20.3-21.7 

;0. 51-0. 69 

b.7-8.7 

J 

o 

15 

0.12-0.26 

Sandy  Clay 

3.2-10.4 

2. 5-3. 3 

19.0-32.4 

19.6-20.7 

io.  59-0.82 

10.5-16.9 

0.05-1 

11 

jo. 13-0. 29 

1  Sand 

1  i 

1 

is. 0-38.0 

1 

1 

Buildings  or  J Depth  of 
Pile 

Structures  Point 
_ in  m 

Boiler  16,5 

Chimney  18.5 

j 

Coal  Silo  18.0 


Cooling  Tower  I  16.5  I  0.5 


Ash  Handling  i  18.0  0.7 


TABLE  2.  Test  and  Computed  Results 

nee,  q  ,  in  MPa  Number  of  j  F 

Sandy  Sandy  Experiments  [  ^ 


Sound i ng 

Res  j  stance 

■  q  ,  i  n 

- r 

MPa 

Mucky 

Sandy 

Sandy 

Sandy 

Soi  1 

Silt 

Loam 

Clay 

0.6 

i.7 

5.7 

3.3 

0.5 

1.8  1 

1 

4.4 

3.0 

0.6 

1.7  1 

i 

6.0 

3.2 

0.5 

1 .9 

5.6 

3.1 

0.7 

1.7 

5.2 

2.6 

0.6 

1 .0 

7.2 

3.5 

1 

Point  Bearing^  Skin 
Capacity  in  !  Friction 


I U 1 1 i ma  t  c 
jBearing  Capa- 
Icity,  in  kN 


CONCLUS IONS 


Lo.id  (5n  p  i  1  o  cap 


0  '■>00  1000  1^00  kN 


Load  -  Horizontal  Oi  splacomont  Curve  ot  Piles 


The  following  conclusions  were  obtain c‘d  Irom 
the  static  load  tests.  For  the  piles  with  de¬ 
viation  less  than  3  degree  from  ve  r  f  i  c  a  I  ,  the* 
roquireincnts  of  the  design  were?  met.  Th(’  de¬ 
viation  of  6.5  to  7.1  degree'  from  vertical  de¬ 
creased  the  capacity  be  about  10  -  30%.  The 
deviation  of  10  degree  from  vertical  decreased 
the  capacity  by  about  80%. 

The  results  of  static  load  test  prove  up  to  the 
hilt  that  static  cone  penetration  tests  could 
be  used  successiully  to  select  the  bearing 
stratum  for  piles  and  to  determine  the  length 
and  the  cross  section  area  of  the  square  piles 
and  the  ultimate  bearing  capacity  of  pile. 
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b. The  deviation  of  6.5  degree  from  vertical 

See  the  concrete  pile  No.  2  in  Fig. 2,  Fig. 3 
and  Fig. 4  .  Under  the  load  of  800  kN ,  the  ver¬ 

tical  settlement  and  horizontal  displacement 
of  pile  cap  were  small,  but  under  the  load  of 
1500  kN  the  vertical  settlement  and  horizontal 
displacement  increase  obviously.  Compared  with 
the  ultimate  bearing  capacity  determined  for 
the  vertical  pile,  the  pile  capacity  decreased 
by  about  1  0 . 

c.  The  deviation  of  7.1  degree  from  vertical 

Under  the  load  of  about  1100  kN  the  vertical 
settlement  of  the  concrete  pile  No. 2  reached 
19.3  rem  and  the  h o r  i  z on t a  1 d i sp  I  ac cmc n t  reach¬ 
ed  as  large  as  41.7  mm.  Compared  with  the 
ultimate  bearing  capacity  determined  of  the 
vertical  pile,  the  pile  capacity  decreased  by 
about  30%. 

d.  The  deviation  of  10  degree  from  vertical 

For  the  concrete  pile  No, 4,  when  the  load  was 
about  400  kN  the  vertical  settlement  was  only 
6,8  mm,  but  the  horizontal  displacement  reach¬ 
ed  20.2  Then  the  test  was  stopped  and  the 

capacity  of  the  pile  No. 4  decreased  by  about 
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certliln  riituations  where  horizontal  seams  of  weaker  material  are  detected  below  a 
ieptn  of  relatively  competent  rock  and  if  it  is  decided  to  found  the  base  of  the  dam  on  the  rock 
oelow  woii  seam,  the  current  practice  of  extending  the  triangular  profile  right  down  to  base  proves 
to  oe  unacohomical  noth  in  terms  of  cost  of  excavation  and  quantity  of  concrete.  In  such 
situations  for  realistic  as-oessments  it  becomes  imperative  to  study  the  effect  of  foundation  block 
navini  seam,  on  the  behaviour  of  entire  dam  structure.  With  a  view  to  assist  the  design  of  such 
jams,  results  of  pl.ane  strain  elastic  finite  element  stress  analysis  for  a  typical  Bargi  dam  in 
Majnya  ?raie,5h,  India,  where  a  horizontal  seam  of  weaker  material  expected  in  the  foundation  block 
are  presented  in  tni.s  paper  considerin.g  gravity  load  hydrostatic  pressure. 


cm 

donvorit  i  ona  1  design  of  gravity  dams  is  based 
on  the  assumption  that  a  gravity  dam  acts 
like  a  riiid  trianiular  cantilever  resting  on 
the  foun.dation  and  held  in  equilibrium  under 
its  own  weight  and  the  reservoir  loading.  The 
jolift  forces  are  also  taken  into  accounts. 
Tne  distribution  of  vertical  reaction  at  the 
base  being  assumed  to  be  linear,  the  maximum 
3tre.5se.a  occur  at  the  toe  of  the  dam  under 
reservoir  full  conditions.  In  some  of  the 
dam.s  a  situation  often  arises  when  sea.ms  of 
weaker  material  are  detected  at  some  depth 
below  tne  dam  base.  If  it  is  decided  to 
excavate  this  soft  rock  and  take  base  of  the 
dam  to  the  sound  rock  below  weak  seam,  a 
vital  question  arises  whether  the  base  of  the 
dam  has  to  oe  extended.  .lany  designers 
insists  on  increasing  the  base  width  so  that 
a  triangular  profile  is  maintained.  However, 
this  procedure  which  leads  to  increase  in 
excavation  is  not  only  uneconomical  but  at 
times  also  hazardous  if  further  excavation 
tends  to  undermine  valley  slope  with  consequ¬ 
ent  possibility  of  slides. 

Such  a  situation  arises  in  many  dams  constru¬ 
cted  in  hilly  areas.  In  the.se  cases,  it  be¬ 
comes  imperative  to  consider  the  foundation 
block  consisting  of  strong  rock  mass  having 
seam  of  weaker  material.  Thus  the  analysis 
shall  cater  tne  effect  of  composite  founda¬ 
tion  block  on  the  behaviour  of  entire  dam 
structure.  From  the  geological  investiga¬ 
tions  this  type  of  situation  is  also  assessed 
in  case  of  Bargi  dam  in  Madhya  Pradesh , India , 
where  a  horizontal  seam  of  relatively  weaker 
material  is  expected  at  a  competent  depth 
below  the  foundation  level  of  the  dam.  This 
gravity  dam  is  founded  on  strong  basaltic 
cock.  The  pre.sent  study  deals  with  stress 
analysis  of  this  dam  using  plane  strain 
elastic  finite  element  technique  considering 
gravity  load  and  hydrostatic  pressure. 


OET.MLS  OF  PROBLEM 

The  5380  metre  long  Bargi  dam  (1983)  is 
constructed  across  the  river  Narmada  in  vindh- 
ya  mountain  ranges  of  state  of  Madhya  Pradesh, 
India.  The  69  metre  high  and  8'’0  metre  long 
masonry  section  of  dam  is  constructed  betweeen 
two  earthen  sections  of  total  4510  metre 
length.  The  masonry  section  has  386  metre 
long  and  49.5  metre  high  spillway  portion 
equiped  with  twenty  one  radial  gates  of  13.7  m 
X  15.25  m  size.  The  area  around  dam  site 
possess  dense,  dark  basaltic  rock  varying  from 
10  metre  to  30  metre  in  depth.  A  thin  layer 
of  tuffaceous  clay  of  about  0.5  m  thickness 
is  assessed  at  about  10  to  15  metre  below  the 
foundation  level  of  the  dam.  The  salient 
features  of  the  non-overflow  and  overflow 
sections  of  the  dam  are  shown  in  figures  1  and 
2. 


1289 


1 


0 


?<ETHOD  OF  ANALYSIS 

Though  there  are  several  methods  of  analysis 
of  such  class  of  problems  but  the  finite  ele¬ 
ment  method  possesses  certain  characterstics 
that  takes  advantage  of  special  facilities 
offered  by  high  speed  computers.  In  particu¬ 
lar  the  method  can  be  systematically  progra¬ 
mmed  to  accomodate  such  complex  and  difficult 
problems  as  nonhomogeneous  materials,  non¬ 
linear  stress  strain  behaviour,  arbitrary 
loadings  and  complicated  boundary  conditions 
Thus  for  the  analysis  of  such  problems  the 
finite  element  method  proves  to  be  a  valuable 
technique . 

In  the  present  study  the  stress  analysis  has 
been  carried  out  for  both  non-overflow  and 
overflow  sections  by  discretising  them  into 
two  dimensional  four  nodal  quadr i lateral  ele¬ 
ments.  In  case  of  Plain  strain  analysis , each 
node  will  have  two  degrees  of  freedom  thus 
total  eight  unknown  deflections  per  node  ace 
to  be  determined.  Hence  the  displacement 
functions  are  to  be  chosen  with  eight  coeffi¬ 
cients  as 


[3]  = 


E(  I-jD 


(1-  I  (1-2H) 


(1-^  ) 


(I-ID  ) 
1 


0 


(4) 


0 


0 


(l-lil) 

2(1-2)) 


The  computation  algorithm  suggested  by  Desai 
(1977)  is  used  to  calculate  [B],[D]  and  subse¬ 
quently  the  element  stiffness  matrix  [Ke]  for 
given  material  properties,  applied  forces  and 
boundary  conditions.  The  overall  stiffness 
of  the  structure  is  assembled  which  yields  the 
nodal  displacements.  Stresses  at  the  centro- 
idal  points  of  each  element  are  calculated  by 
using  these  nobal  displacements. 


Discretisation 


The  two  masonrv  sections  of  Bargi  dam  are 
analysed  for  assessed  horizontal  seam  of  50  cm 
thickness,  10  metre  below  the  foundation  level 
of  the  dam.  The  non-overflow  section  has  been 
discretised  into  234  four  nodal  quadrilateral 
elements  while  the  overflow  section  has  194 
elements  with  270  and  228  nodes  respectively. 
Smaller  elements  near  the  seam  are  considered 
for  assessing  the  behaviour  of  seam.  The  dis¬ 
cretisation  of  non-overflow  and  overflow  sect¬ 
ions  are  also  shown  in  figures  1  and  2. 

Loads 


Dam  weight  i.e.  gravity  load  and  water  press¬ 
ure  in  full  reservoir  condition  are  considered 
in  stress  analysis  on  dam.  The  uplift  press¬ 
ure  is  duly  accounted  by  readjusting  the  gra¬ 
vity  load.  While  analysing  the  overflow  sect¬ 
ion,  an  expected  vertical  crack  at  the  upstre¬ 
am  heel  is  also  considered  up  to  the  seam  le¬ 
vel  for  representation  of  ideal  situation. 


V  +‘^_XY  +•<  Y 

5  6  7  8 


(2) 


Material  Properties 


The  finite  element  method  principally  invol¬ 
ves  the  determinat ion  of  stiffness  of  each 
element  and  then  over  all  stiffness  of  the 
continuum  for  yielding  unknown  deformations. 
Thus  the  stiffness  determination  plays  sign¬ 
ificant  role  in  this  method.  In  the  present 

case  the  stiffness  of  each  element  [Kej  is 
derived  using  the  displacement  coefficients 
gives  in  equation  (1)  and  (2)  by  conventional 
energy  approach  as 


As  suggested  by  Pant  (1980),  the  material  pro¬ 
perties  of  the  masonry  and  hard  cock  mass  on 
which  dam  is  founded  ,.re  'assumed  to  be  'saji.e.  ■ 
The  values  of  various  material  constants  for 
lock  and  seam  material  are’taken  as 

Masonry /Rock 

1  ,  f. 

Young's  modulus  2.1  x  10 

t/m^ 


Seam  Material 

2.8  xlO^ 

t/m^ 


[Ke] 


J'[B]'^  [D]  [b]  dvol. 


(3) 


where  [Bj  represents  matrix  of  coefficients 
relating  strain  and  displacements 

and  [D]  represents  the  elasticity  matrix 

interms  of  modulus  of  elasticity  E 
and  poisson's  ratio  and  iias  the 
form 


0.15 
1.65  C/m3 

Boundary  Conditions 


Poisson's  ratio  0.2 

Unit  weight  2.3  t/m3 


In  conventional  design  procedures  the  base  of  the  dam 
is  assumed  fixed  i.e.  the  displacements  in  the  two 
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Can  clearly  be  drawn: 


directions  are  assumed  to  be  zero.  But  pract¬ 
ically  complete  L'ixity  at  the  base  can  not  be 
achieved  and  hence  in  the  present  analysis  the 
base  above  the  seam  level  is  assumed  flexible 
and  below  as  fixed  till  30  metre  depth.  The 
fixity  is  also  assumed  at  oO  metre  up  and  down 
-stream  lenatns  of  the  base. 


RESyoT  AMO  PISCcSSlOMS 

Thou.jh  tne  present  study  is  mainly  focused 
towards  studyin-^  the  behaviour  of  tjravity  dam 
founded  on  hard  rock  mass  with  horizontal  seam 
of  weaker  material  in  the  foundation  block,  it 
also  depicts  the  behaviour  and  stress  varia¬ 
tions  of  gravity  dams  in  general.  Apart  from 
the  consideration  of  gravity  load  and  hydros- 
tastic  pressure,  the  analysis  has  also  been 
done  for  extreme  condition  of  empty  reservoir, 
the  chances  of  which  are  very  remote.  The  no¬ 
rmal  vertical  stresses,  shear  stresses  and 
cons  quently  the  two  principal  stresses  are 
calculated  at  centroidal  points  of  various 
elements  and  some  typical  results  are  shown 
in  figures  3  to  8  whereas,  detailed  results 
are  discussed  by  Khare  (1937)  in  his  M.Tech. 
Thesis. 

Lipoh  studying  various  stress  distributions, 
following  points  are  observed; 

1.  In  the  analysis  of  non-overflow  section 
with  gravity  load  only,  it  is  observed  that 
the  stress  distribution  in  the  dam  at  higher 
levels  is  linear  but  it  becomes  nonlinear  near 
the  interface  of  the  masonry  base  and  the  cock. 
The  vertical  stress  near  the  heel  reaches  as 
high  a  value  as  14.15  Kg/cm^  when  analysed 
without  seam  and  14,32  kg/cm^  whem  analysed 
with  seam.  It  is  also  seen  that  the  distri¬ 
butions  are  nearly  the  same,  except  few  local 
changes  due  to  provision  of  seam.  Similarly 
the  effect  cf  seam  in  case  of  shear  and  prin¬ 
cipal  stresses  is  also  negligible.  The  shear, 
stress  touches  the  peak  value  of  5.0  kg/cm”^ 
whereas,  the  major  principal  stress  reaches 
the  value  of  15,4  kg/cm2  . 

2.  In  analysing  the  non-overflow  section  with 
gravity  load  and  hydrostatic  pressure,  it  is 
observed  that  the  maximum  values  of  vertical 
stress  and  principal  stress  are  reduced  by 
about  50%  and  20%  respectively  whereas,  the 
maximum  shear  stress  is  increased  by  about  10%, 
indicating  negligible  variations  due  to  provi¬ 
sion  of  seam. 

3.  While  analysising  the  overflow  section  for 
gravity  load  and  hydrostatic  pressure,  the 
higher  values  of  normal  stresses  are  observed 
along  the  seam  with  maximum  value  to  the  tune 
of  8.3  kq/cm^  .  ,The  maximum  shear  stress 
value  of  9.5  kq/cm"^  at  toe  and  some  tension  at 
the  heel  section  is  also  reported  which  can  be 
easily  taken  care  of. 


1.  The  effect  of  50  cm.  thick  seam  of  tuffa- 
ceous  material  10  metre  below  the  foundation 
level  of  the  dam  and  sandwiched  between  two 
layers  of  basaltic  rock  is  negligible  on  the 

behaviour  of  the  entire  dam  structure  except 
development  of  few  higher  values  of  shear  st¬ 
resses  at  toe  and  tensions  at  the  heel  section 
which  are  generally  taken  care  by  provision  of 
heavy  reinforcement  and  shear  keys. 

2.  The  finite  element  method  could  be  succ¬ 
essfully  used  in  solving  such  difficult  design 
problems  which  are  not  easily  amenable  to  con¬ 
ventional  methods  of  analysis. 
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CONCLUSIONS 


Based  on  the  observations  made  in  the  stress 
analysis  of  Bagri  dam  following  conclusions 
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SYNOPSIS:  The  foundation  failure  of  the  22  story,  steel  framed,  federal  courthouse  in 
Philadelphia  occurred  because  of  an  inadequate  geotechnical  assessment  of  a  complex 
geological  condition.  The  founding  elevations  for  caissons  were  improperly  determined 
on  materials  that  could  not  sustain  the  design  load.  This  condition  was  further 
complicated  by  the  presence  of  groundwater  and  poor  concrete  construction  practices. 
These  conditions  resulted  in  an  extensive  and  costly  remedial  measures  which  included  a 
grouting  program  and  the  replacement  of  14  faulty  caissons. 


INTRODUCTION 

This  paper  examines  the  foundation  problems 
that  developed  during  the  construction  of  the 
James  A.  Byrne  Federal  Courthouse,  a  22-story 
steel  framed  building  in  center  city 
Philadelphia.  The  courthouse  and  accompanying 
federal  office  building  occupy  a  650  ft  by  375 
ft  block  between  Sixth  and  Seventh  Streets  and 
bounded  by  Arch  Street  on  the  north  and  Market 
Street  on  the  south. 

The  courthouse  tower  rises  above  a  240  ft  by 
270  ft  4-story  podium  on  the  southern  portion 
of  the  block.  The  10-story  concrete  office 
building  occupies  the  northern  portion  of  the 
block.  The  two  structures  share  a  common 
basement  with  an  area  of  320  ft  by  630  ft  at  an 
elevation  (above  mean  sea  level)  of  about  14.0. 
The  basement  is  approximately  15  ft  below 
street  level. 

Both  of  these  structures  are  supported  by 
belled  caissons.  In  particular,  the  courthouse 
tower  is  supported  by  46  caissons  which  carry 
column  loads  ranging  from  1200  tons  to  2300 
tons.  The  caissons  were  to  be  seated  on  sound 
bedrock  (mica  schist)  with  a  bearing  pressure 
of  40  TSF  (tons  per  square  foot).  Lightly 
loaded  columns  on  the  periphery  of  the 
structure  were  to  be  supported  on  caissons  with 
8  TSF  bearing  pressures. 

The  original  foundation  report  issued  in  1965 
recommended  that  steel  H-piles  be  used  to 
support  the  building.  Caissons  (and  pressure 
injected  footings)  were  listed  as  alternative 
foundations  in  the  bid  documents  for  subsurface 
work.  The  proposed  founding  grades  for  the 
caissons  were  based  on  limited  core  recovery 
data;  however,  the  specifications  detailed  a 
procedure  for  verifying  the  adequacy  of  the 
founding  material.  In  fact,  the  40  TSF 
caissons  were  all  founded  at  higher  elevations 
than  the  proposed  grades  while  the  8  TSF 
caissons  were  founded  at  lower  elevations. 


Settlement  observations  on  26  columns  began  in 
July  1970  when  the  first  column  sections  were 
erected.  Thirteen  more  columns  were  included  in 
the  program  once  the  structural  framing  was 
completed  in  April,  1973.  Readings  on  the 
remaining  7  columns  began  in  January,  1974. 

By  late  July,  1974  ten  of  the  columns  had  settled 
at  least  0.50  inches  including  one  at  2.42  inches 
and  another  at  1.07  inches.  Some  cracking  had 
occurred  in  the  building  and  the  structural 
design  firm  was  concerned  about  secondary 
stresses  developing  from  differential  settle¬ 
ments. 

The  foundation  required  extensive  repairs.  The 
remedial  measures,  included  the  construction  of 
replacement  caissons,  the  grouting  of  caissons  to 
repair  defective  concrete  and  underpinning 
caissons  through  grouting.  The  cost  of  the 
repairs  (including  damages)  approached  6  million 
dollars  (LePatner  and  Johnson,  1982). 


SUBSURFACE  CONDITIONS 
Wissahickon  Fomation 

The  bedrock  formation  beneath  the  city  is  the 
Wissahickon  Formation  of  Cambrian  and  Ordovician 
Age.  The  bedrock  is  a  complex  of  schist  and 
gneiss  locally  crosscut  by  granitic  bodies.  The 
schists  are  mica  rich  and  are  strongly  foliated 
and  fissile.  Locally  the  schists  are  quartz  and 
feldspar  rich  and  are  referred  to  as  the 
"Wissahickon  Gneiss"  -  a  coarser  grained  rock, 
low  in  mica  and  thus  less  shistose  and  fissile 
than  the  typical  mica-rich  schists. 

The  Wissahickon  Formation  is  characterized  by 
extremely  variable  physical  characteristics 
dependent  upon  the  orientation  of  the  steeply 
dipping  rock  beds  which  are  crosscut  by  closely 
spaced,  steeply  dipping  and  open  joints.  This 
geometrical  complexity  is  further  complicated 
by  the  degree  and  nature  of  the  weathering  of  the 
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upper  surface  of  the  Wissahickon  Formation. 
Unweathered  sound  Wissahickon  may  have  an 
unconfined  compressive  strength  of  200  TSF 
whereas  highly  weathered  soft  Wissahickon  has  a 
strength  of  10  TSF  or  less. 

The  distinction  between  sound  and  unsound  rock 
appears  to  have  been  originally  based  on  the 
percentage  of  rock  core  recovered  during 
drilling;  sound  rock  had  an  average  core  recovery 
of  over  90%  while  unsound  rock  ranged  between  0 
and  89%  recovery.  The  borings  were  taken  prior 
to  the  general  use  of  rock  quality  designation 
(ROD) . 

This  upper  weathered  surface  has  a  secondary 
porosity  and  permeability  ( ranging  up  to  3  ft  per 
day)  through  the  weathered  open  joints  and  rock 
cleavage.  This  forms  a  groundwater  reservoir 
capable  of  yielding  a  median  flow  of  20  gallons 
per  minute  (GPM)  (Geyer  and  Wllshusen,  1982). 

The  surface  of  the  Wissahickon  Formation  at  the 
site  lies  at  elf'ation  between  -62  and  -83,  the 
average  elevation  is  -70.  This  upper  rock 
surface  has  a  tendency  to  disintegrate  when 
exposed  to  moisture  over  a  short  period  of  time. 

The  Wissahickon  Formation  grades  upward  from 
sound  rock,  to  slightly  weathered  medium-hard 
rock,  to  highly  weathered  soft  rock  into  entirely 
decomposed  rock  (saprolite). 

Wissahickon  Formation  -  Saprolite 

Overlying  the  severely  weathered  and  eroded  rock 
surface  of  the  Wissahickon  Formation  is  a  layer 
of  saprolite,  usually  referred  to  as  "decomposed 
mica  schist."  The  saprolite  was  formed  in  place 
by  severe  chemical  weathering  on  the  exposed 
Wissahickon  Formation  surface  both  prior  to  (by 
circulating  groundwater)  and  after  the  deposition 
of  the  overlying  Cretaceous  rocks. 

The  saprolite  beneath  the  site  is  a  soft, 
friable,  silty,  sandy,  thoroughly  decomposed  mica 
schist  characterized  by  the  preservation  of  the 
geologic  structures  and  texture  of  the 
unweathered  Wissahickon  Formation.  The  saprolite 
beneath  center  city  Philadelphia  ranges  in 
thickness  between  <10  and  70  ft.  The  saprolite 
at  this  site  is  encountered  at  an  average 
elevation  of  -31  and  ranges  in  thickness  between 
20  and  65  ft  with  an  average  of  40  ft. 


between  4  and  17  ft,  with  its  upper  surface 
between  -20  and  -33  in  elevation.  The  deposit 
consists  of  a  lower  dense  to  very  dense  gravelly 
sand  bed  (with  an  average  standard  penetration 
resistance  of  123  blows  per  foot)  and  an  upper 
medium  dense  silty  sand  bed.  The  Potomac- 
Raritan-Magothy  sands  and  gravels  form  artesian 
aquifers  beneath  center  city.  The  yield  of  this 
aquifer  in  the  vicinity  of  the  courthouse  seldom 
exceeds  400  GPM  (Greenman,  et  al.,  1961). 

Trenton  Gravel 

The  surface  of  downtown  Philadelphia  is  formed  by 
the  Trenton  Gravel  which  completely  masks  the 
underlying  alluvial  deposits,  saprolite  and 
bedrock.  The  Trenton  Gravel  is  composed  of 
highly  weathered  gray  to  brown  dense  gravelly 
sands  and  candy  gravels  with  interbeds  of  cross 
bedded  loose  sand  and  silt  and  occasional 
boulders.  These  beds  attain  an  average 
thickness  of  approximately  30  ft  at  the  site. 

The  porosity  and  permeability  of  the  Trenton 
Gravel  deposits  are  both  very  high  and  may  yield 
groundwater  at  rates  over  1000  GPM.  The  water 
table  lies  within  these  deposits  between 
elevations  of  -2  and  -10. 


FOUNDATION  CONDITIONS 
Construction  Procedures 

The  40  TSF  caissons  had  shaft  diautieters 
ranging  from  30  inches  to  90  inches.  The 
caissons  had  60°  bells  so  that  the  diauneter  of 
the  bearing  area  ranged  from  36  inches  to  120 
inches.  The  caissons  were  supposed  to  have 
permanent  steel  liners  extending  from  the  top 
of  the  bell  to  the  top  of  the  shaft.  In  many 
cases  the  liner  could  not  be  advanced  to  its 
design  depth  and  ended  as  much  as  20  ft  above 
the  top  of  the  bell.  The  design  strength  of 
the  concrete  was  4000  pounds  per  square  inch. 
The  concrete  was  poured  through  a  tremie  pipe 
so  that  the  free  fall  was  limited  to  10  ft. 
Water  inflow  was  controlled  by  pumps  until 
concrete  placement.  The  CE  noted  that  during 
the  concrete  placement  some  caissons  had  water 
rising  to  the  top  of,  and  flowing  out  of,  the 
concrete.  The  caissons  were  essentially 
unreinforced  -  6  ft  long  cages  were  used  to  tie 
the  shafts  to  the  caps. 


The  standard  penetration  resistance  of  the 
saprolite  averages  125  blows  per  foot.  The 
saprolite  is  less  dense  and  more  moist  than  the 
parent  rock.  The  average  saprolite  moisture 
content  is  17.5%,  with  a  dry  density  of  115  PCF 
(pounds  per  cubic  foot).  Sound  mica  schist  has  a 
moisture  content  of  1.5%,  and  a  dry  density  of 
165  PCF. 

Potomac-Raritan-Magothy  Sequence 

The  Wissahickon  Formation  and  its  overlying 
saprolite  are  covered  unconformably  by  the 
unconsolidated  alluvial  deposits  of  the  Potomac- 
Raritan-Magothy  rock  sequence  of  Cretaceous  Age. 
These  stream  channel  and  flood  plain  deposits 
consist  of  interbedded  clays,  silts,  sands  and 
gravels.  At  the  site  this  sequence  is  found 
beneath  the  southern  half  of  the  site  (beneath 
the  courthouse)  where  it  ranges  in  thickness 


Settlement 

Early  in  1973  engineers  noted  that  many, 
columns  in  the  courthouse  were  settling. 

By  1974  settlement  measurements  ranged  from 
0.09  to  2.42  inches. 

The  caisson  (G-9)  beneath  the  column  that  had 
subsided  2.42  inches  was  jacked  up  and  shimmed 
with  steel  plates  while  the  surrounding  rock 
around  the  caisson  was  grouted. 

Susbsequent  studies  involved  the  drilling  of  112 
test  borings  39  borings  adjacent  to  the 
caissons,  30  borings  in  the  center  of  each  four 
column  bay,  and  43  borings  through  the 
caissons.  These  test  borings  indicated  that 
the  caissons  were  poorly  constructed  and  not 
founded  on  sound  rock  (Table  I). 
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TABLE  I.  Material  Beneath  Caissons 


The  caisson  concrete  was  found  to  contain  many 
voids  and  water  bubbles  and  in  rather  poor 
general  condition.  Table  II  summarizes  the 
concrete  defects  found  in  borings  cored  through 
38  of  the  courthouse  caissons. 

TABLE  II .  Physical  Condition  of  Caissons 


A  plan  of  action  was  outlined  in  early  1975 
(Table  III) . 

TABLE  III .  Caisson  Remedial  Action 


RECOMMENDED  ACTION 

NUMBER  OF  CAISSONS 
COURTHOUSE 

No  action  -  except 

monitoring 

14 

Repair  concrete  . 

. 

15 

Relevel  columns  . 

. 

10 

Replace  caissons 

. 

16 

Fourteen  of  the  courthouse  caissons  were 
replaced  by  the  installation  of  a  pair  of  24 
inch  diameter  caissons  on  either  side  (2  feet 
from)  of  the  existing  caisson  into  sound  rock  - 
an  average  of  18  ft  below  the  original  caisson. 
The  length  to  diameter  ratio  of  the  rock 
sockets  is  over  10. 

CONDITICWS  AND  CAUSES  OF  FAILURE 

Specifications  for  the  Determination  of  Caisson 
Elevations 

The  construction  contract  detailed  a 
procedure  for  verifying  the  adequacy  of  the 
founding  material  for  the  40  TSF  caissons  and 
the  8  TSF  caissons.  The  courthouse/office 
complex  had  a  total  of  186  40  TSF  and  124  8  TSF 
caissons.  The  direction  of  the  testing,  and 
approval  of  the  tests  was  assigned  to  the 
Construction  Engineer  (CE). 

Forty  TSF  Caissons:  The  use  of  40  TSF  bearing 
capacity  for  sound  mica  schist  has  become 
common  practice  in  Philadelphia.  The 
specifications  at  the  site  used  an  unconfined 
compressive  strength  of  160  TSF  as  the 
criterion  tor  distinguishing  sound  rock.  The 


specifications  did  not,  however,  require  a 
laboratory  test  at  each  each  caisson.  They 
required  the  contractor  to  take  rock  samples 
from  the  bottom  of  10  caissons  selected  by  the 
CE.  The  samples  could  be  either  cored  (2  inch 
diameter  by  4  inch  long)  or  cut  (2  inch  square 
by  4  inch  long) .  The  samples  were  to  be 
properly  oriented  geologically  and  tested  in 
unconfined  compression.  The  strength  of  each 
sample  was  compared  to  the  penetration  rate  of 
1  inch  diameter,  90  pound  pneumatic  drill  at 
the  same  caisson.  The  purpose  of  the  program 
was  to  establish  a  maximum  penetration  rate  for 
160  TSF  material.  The  maximum  penetration  rate, 
i.e.,  minimum  time  to  drill  5  ft,  served  as  a 
criterion  to  evaluate  the  founding  grade  of 
caissons  which  had  no  streiigth  tests. 

Eight  TSF  Caissons :  The  specifications  required 
that  the  founding  stratum  for  8  TSF  caissons  have 
a  standard  penetration  resistance  of  at  least  150 
blows  per  foot.  These  caissons  were  generally 
founded  in  dense  gravelly  sands. 

Test  Borings 

The  difficulties  at  Caisson  G-9  appear  to  define 
the  entire  problem  and  resulting  failure.  One  of 
the  original  47  test  borings  (38-B)  was  taken  at 
the  site  of  G-9.  Although  the  G-9  was  supposed 
to  be  founded  on  sound  rock  at  an  elevation  of 
about  -70  ft,  boring  33-B  was  completed  at  an 
elevation  of  -40.9  ft.  In  fact  only  17  of  the 
original  47  test  borings  encountered  rock. 
Therefore  the  caisson  foundations  had  to  be 
tested. 

Twenty  seven  of  the  original  borings  were 
bottomed  at  depths  of  exactly  70,  71,  or  71.5 
ft  -  well  above  the  rock  and  in  two  cases  above 
the  saprolite.  The  remainder  of  the  borings 
were  between  100  and  115  ft  in  depth  -  with  two 
exceptions  one  to  97  and  the  other  to  123  ft. 

Two  old  test  borings  adjacent  to  the  site  are 
reported  in  the  literature  (Greenman,  et.  al., 
1961)  one  to  a  depth  of  71  ft  at  Sixth  and 
Market  the  other  to  72  ft  at  5th  and  Market. 

Both  report  'mica  rock'  at  an  elevation  of  -50 
(actually  saprolite).  This  may  be  the 
precedent  for  the  depth  of  the  borings. 

The  depths  of  the  test  borings,  and  the  pattern 
of  drill  sites  appear  to  be  geotechnically 
illogical.  An  additional  112  test  borings  were 
necessary  to  correct  the  lack  of  information 
provided  by  the  original  borings. 

Determination  of  Caisson  Elevations 

Obviously  the  cause  of  settlement  of  the 
courthouse  was  the  failure  to  found  the  caissons 
on  sound  rock. 

Admittedly  the  mica  schist  of  the  Wissahickon 
Formation  is  problematical  because  of  the  highly 
irregular  contact  between  it  and  the  overlying 
saprolite  (from  -62  to  -82  elevation  on  the 
site).  The  very  irregular  vertical  gradation  in 
this  20  foot  interval  from  completely  weathered 
mica  schist  (saprolite)  through  varying  degrees 
of  rock  weathering  (high-moderate-slight)  and 
rock  durability  (sound-hard-  medium  hard-soft) 
further  complicates  the  problem. 

The  rock  itself  changes  rapidly  in  geological 
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character  and  hence  in  engineering  character 
both  vertically  and  laterally.  An  increase  in 
quartz  content  in  mica  schists  increases  rock 
strength  and  durability  -  while  an  increase  in 
mica  decreases  the  rock  strength  and  forms 
inclined  weakness  planes  within  the  rook  mass. 
This  .micaceous  foliation  constantly  changes  its 
orientacion  -  changing  the  orientation  of 
weakness  planes  and  thus  changing  the  rock 
strength  and  relative  stiffness. 

Many  of  these  rock  characteristics  can  be 
determined  and  evaluated  by  careful  visual 
inspection  of  rock  cores  -  particularly  if  the 
ROD  is  used  in  their  evaluation.  The  RQD  was  not 
developed  in  1965  when  the  original  test  borings 
were  taken.  The  rock  quality  was  roughly 
estimated  by  the  percentage  of  core  recovery.  In 
general  the  higher  the  percentage  of  rock 
recovery  and  the  longer  and  more  intact  the 
pieces  of  core  recovered  the  higher  the  quality 
of  the  rock. 

The  system  used  at  the  courthouse  to  evaluate  the 
soundness  of  rock  by  drilling  time  rates  is 
theoretically  useful.  If  the  laboratory  tests 
performed  on  the  samples  from  the  10  selected 
caissons  are  accurate  and  representative  of  the 
rock  mass  as  a  whole  and  the  rock  mass  is 
reasonably  uniform  and  the  drilling  time  rates 
are  accurately  measured  the  evaluation  system  is 
relatively  useful.  None  of  these  premises  are 
met. 

Later  legal  investigations  indicate  that  the 
laboratory  tests  were  performed  on  2  inch  cubes 
rather  than  specimens  2  inch  square  4  inch^" 
deep.  This  of  course  gave  false  readings  of  rock 
strength  because  as  the  aspect  ratio 
( length/dicimeter )  decreases  the  apparent 
compressive  strength  increases.  Furthermore,, 
it  appears  that  very  little  attention  if  any 
was  paid  to  the  proper  orientation  of  the 
foliation  in  the  test  seimples.  Construction 
records  indicate  that  the  penetration  rates 
used  to  verify  sound  rock  were  remarkably 
similar  -  a  rather  interesting  outcome 
considering  the  variability  of  the  founding 
material  (Table  I). 

Because  the  top  weathered  surface  of  the  mica 
schist  and  the  overlying  saprolite  slake 
rapilly  when  wet  and  because  they  lie  beneath  the 
water  table  and  an  artesian  aquifer  the  presence 
of  water  in  the  caisson  excavations  probably 
caused  serious  deterioration  of  the  mica  schist. 
In  fact  the  CE  admitted  there  was  difficulty 
keeping  the  excavations  dry  and  that  166  of  the 
caissons  were  filled  with  concrete  before 
testing  information  was  delivered  to  him.  The 
basis  for  pouring  the  caissons  was  the  drilling 
time  rates.  Additionally  the  caisson  inspector 
only  inspected  about  25%  of  the  caissons 
because  he  was  busy  conducting  and  recording 
the  drilling  time  rates. 

CONCLUSIONS 

The  original  subsurface  investigation  appears  not 
to  have  thoroughly  tested  or  interpreted  the 
geology  and  engineering  characteristics  beneath 
the  site.  The  important  factors  that  should  have 
been  verified  were; 

1.  the  presence,  amount  and  affect  of 
groundwater 


2.  the  elevation  of  the  top  surface  of 
sound  rock. 


The  plan  for  establishing  drilling  time  rates  to 
determine  the  unconfined  compressive  strength  to 
establish  sound  rock  was  not  workable. 

The  slaking  effect  of  groundwater  on  the  soft, 
friable  saprolite  and  highly  weathered  mica 
schist  was  not  appreciated. 

The  caissons  were  poured  hastily  to  avoid  ground- 
water  problems  and  in  the  process  poor  concrete 
conditions  contributed  to  the  settlement. 

Decisions  were  not  made  on  the  basis  of  sound 
geotechnical  information  by  persons  with  little 
or  no  geotechnical  education  or  experience. 
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SYNOPSIS;  The  effects  of  sheet  pile  installation  on  an  adjacent  cohesive  soil  mass  are  described 
herein.  Observations  indicate  that  driving  sheet  pile  caused  pore  pressures  to  double  at  some 
locations.  These  pore  pressures  extended  further  than  reported  in  previous  studies  concerning 
driven  piles.  Initially  pore  pressures  rapidly  dropped,  but  dissipation  slowed  after  this  initial 
adjustment.  Inclinometer  and  extensometer  data  indicate  that  the  clay  was  laterally  displaced  up 
and  away  from  the  sheeting  causing  the  ground  surface  to  heave.  The  impact  of  this  behavior  on 
subsequent  stress  changes  during  excavation  is  discussed. 


INTRODUCTION 

The  effects  of  sheet  pile  installation  on  an 
adjacent  soil  mass  are  not  considered  in  either 
the  design  of  braced  excavations  or  predictions 
of  wall  movements  and  surface  settlements.  As  a 
result,  potential  deleterious  effects  of  high 
pore  water  pressures  in  cohesive  soils  on  sub¬ 
sequent  geotechnical  construction  are  not  con¬ 
sidered.  A  literature  search  revealed  scant 
data  on  measured  ground  response  to  sheet  pile 
i nstal 1  at i on ,  However,  data  have  been  reported 
as  single  piles  are  driven  into  the  ground. 

Ground  and  bracing  system  response  have  been 
monitored  during  construction  of  a  40-ft-deep 
subway  excavation  through  compressible  clays  in 
Chicago.  As  part  of  this  monitoring  program, 
vertical  and  horizontal  displacements  and  pore 
water  pressures  were  measured  in  adjacent  soil 
as  two  rows  of  steel  sheet  piles  were  driven. 
This  paper  presents  a  summary  of  these  observa¬ 
tions,  Because  these  responses  occur  prior  to 
excavat’on  and  support  of  a  braced  cut,  they 
alter  the  "initial"  conditions  that  are  com¬ 
monly  assumed  when  analyzing  braced  cut  behav¬ 
ior.  Possible  effects  of  this  prestressing  of 
the  soil  adjacent  to  the  cut  on  subsequent 
response  are  discussed. 


SUBSURFACE  CONDITIONS 

The  subsurface  conditions  at  the  test  section 
location  consists  of  13  ft  of  rubble  fill 
underlain  by  a  60-ft-thick  sequence  of  satura¬ 
ted  glacial  clays,  the  consistency  of  which 
increases  with  depth  from  soft  to  very  stiff  and 
hard  (Fig.  1).  Beneath  the  clays  a  S-ft-thick 
deposit  of  sand  and  gravel  overlies  limestone 
bedrock.  The  water  table  is  located  near  the 
bottom  of  the  rubble  fill  and  a  downward 
gradient  of  flow  exists  in  the  lower  clays. 
Finno,  et  a1  .  (1988)  describe  these  subsurface 
conditions  in  more  detail  and  present  engi¬ 
neering  characteristics  of  the  clays.  Note  that 
the  Blodgett  and  Deerfield  tills  make  up  the 
compressible  Chicago  clays  commonly  refered  to 
in  literature  (Peck  and  Reed,  1954),  The  subway 


cut  is  made  entirely  within  these  soft  to  medium 
clays,  while  the  sheet  piles  extend  through  the 
very  stiff  to  hard  Park  Ridge  till. 


ELEV 

(ftCCO) 


Fig.  1.  Elevation  at  Test  Section 


CONSTRUCTION  PROCEDURES 

Two  rows  of  sheet  piles  were  driven  to  provide 
temporary  support  for  the  excavation  (Fig.  1). 
Prior  to  driving  each  row  of  sheet  piles,  a  13- 
ft-deep  pilot  trench  was  excavated  through  the 
rubble  fill  because  of  the  presence  of  large 
obstructions  which  would  hinder  pile  driving 
operations.  The  construction  sequence  is  sum¬ 
marized  in  Table  1.  The  PZ-40  sheet  pile  wall 
was  installed  in  two  passes.  In  the  first  pass 
along  each  wall,  the  contractor  drove  the 
sheeting  to  el. -28  ft  Chicago  City  Datum  (CCD); 
subsequently  the  contractor  drove  the  sheeting 
to  its  design  grade  of  el. -50  ft  CCD. 
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Table  1.  Construction  Sequence 


Day  No .  Construction  Activity  at 

at  Test  Sect i on 


1 

3-4 

7-8 

15  and  16 
52  to  54 

64  and  65 

ini 


Excavate  east  pilot  trench 
Drive  sheeting  to  el. -28  ft 
along  east  wall 
Drive  sheeting  to  el. -50  ft 
along  east  wall 
Excavate  west  pilot  trench 
Drive  sheeting  to  el. -28  ft 
along  west  wall 
Vibrate  and  drive  sheeting  to 
el. -50  along  wet  wall 
Begin  excavation  at  section 


Motes:  Elevations  refer  to  ft  Chicago  City  Datum. 
Day  1  was  December  15,  1986. 


INSTRUMENTATION 

Ground  instrumentation  consists  of  (a)  3  prima¬ 
ry  instrument  clusters  placed  on  a  line  perpen¬ 
dicular  to  the  sheeting;  each  cluster  contains  3 
piezometers  at  different  depths  in  the  clays, 
one  65-ft-deep  slope  inclinometer  casing,  and 
one  5-point,  mechanical  extensometer  with 
hydraulic  anchors  at  different  depths  in  the 
clay;  (b)  3  inclinometers  and  one  5-pQint  ex¬ 
tensometer  offset  from  the  primary  line  to 
provide  redundancy  in  the  data,  and  (c)  a 
surface  survey  net  consisting  of  7  reference 
points  (Fig.  2). 
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Piezometer - ^  ^ 
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e-2 

o 


E-1 
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S-4 
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E-4 

SJ-4  □ 


-Approximate  limit  ot  pilot  Trench 


Fig.  2.  Instrumentation  Plan 

Readings  were  collected  during  the  two  months 
prior  to  the  start  of  construction  at  the  test 
section;  thus  overall  accuracy  of  the  installed 
instrumentation  was  established.  In  tne  period 
between  instrument  installation  and  excavation 
of  the  east  pilot  trench,  three  sets  of  SINCO 


fludcl  200B  slope  i  n  c  1  i  n  omp  t  e  r  data  werp  op. 
tained.  Readings  were  obtained  in  orthogonal 
directions.  The  angle  that  the  orientation  of 
the  inclinometer  casing  grooves  made  with  a  per¬ 
pendicular  line  from  the  sheeting  was  measured; 
all  data  were  corrected  so  that  horizontal 
displacements,  both  perpendicular  and  parallel 
to  the  sheeting  alignment,  were  obtained.  These 
data  indicated  that  the  repeatability  of  the 
readings  was  approximately  ±  D.05  in.  Manufac¬ 
turer's  specifications  indicate  that  the  200B 
indicator  has  a  sensitivity  of  1  part  per 
thousand.  .  Extensometer  data  were  obtained  with 
a  micrometer  that  read  to  0.001  in.;  the  accu¬ 
racy  of  these  data  were  limited  to  0.12  in.  by 
Survey  measurements  of  the  elevation  of  the  top 
of  the  reference  plate.  Manufacturer's  specifi¬ 
cations  indicate  that  the  triple-tube  pneumatic 
piezometers,  SINCO  Model  514178,  are  accurate  to 
within  0.30  ±  .05  psi.  Field  tests  prior  to 
sheet  pile  driving  indicate  that  repeatability 
of  the  readings  was  approximately  ±  0.05  psi; 
response  of  each  of  these  transducers  was 
checked  during  field  installation  by  comparing 
observed  pressures  with  those  calculated  'rom 
the  height  of  water  in  the  borehole  prior  to 
sealing  and  backfilling  each  borehole. 

RESULTS  OF  FIELD  OBSERVATIONS 

Based  on  observed  response,  driving  operations 
along  the  east  wall  caused  no  significant  soil 
deformations  or  pore  pressure  changes  at  the 
test  section  location.  All  significant  obser¬ 
vations  resulted  from  driving  the  west  wall. 

The  general  trends  of  the  observed  soil  behavior 
wall  are  described  in  terms  of  displacsments 
that  occurred  perpendicular  to  the  sheet  pile 
alignment  (herein  called  transverse),  displace¬ 
ments  that  occurred  within  a  horizontal  plane, 
pore  pressures,  and  vertical  displacements  at 
both  the  ground  surface  and  top  of  the  clay 
strata. 

Transverse  displacements  are  shown  in  Fig.  3. 
These  displacement  vectors  are  plotted  for  con¬ 
struction  days  54  and  66,  that  correspond  to 
completion  of  the  first  anu  second  pass,  respec¬ 
tively,  along'  the  west  side  of  the  test  section. 
The  vectors  consist  of  a  combination  of  extenso- 
roeter  data  and  inclinometer  data  obtained  at 
elevations  of  the  extensometer  points.  Maximum 
incremental  displacements  were  on  the  order  of 
0.5  in.  Upon  initial  driving,  soil  at  eleva¬ 
tions  above  the  bottom  of  the  penetration  dis¬ 
placed  laterally  and  vertically  as  much  as  0.4 
in.  After  final  seating  of  the  sheet  piles,  the 
soil  at  lower  elevations  displaced  away  from  the 
sheeting,  but  this  time  with  a  more  marked  hori¬ 
zontal  component.  A  rather  large  inward  compo¬ 
nent  of  movement  was  observed  at  shallow  eleva¬ 
tions  near  the  sheeting.  While  the  pattern  of 
movements  could  be  interpreted  in  terms  of  a 
flow  around  a  penetrating  object,  part  of  the 
magnitude  of  these  inward  movements  near  the 
surface  are  thought  to  have  been  caused  by  an 
increase  in  temperature  during  this  time.  The 
temperature  rise  would  have  thawed  the  frozen 
rubble  fill  at  the  edges  of  the  pilot  trench; 
the  fill  was  observed  to  be  substantially  weaker 
in  the  thawed  state  and  movements  toward  the 
sheeting  undoubtedly  occurred  in  the  fill  as  a 
resu 1 1 . 

Nott  t^at  the  magnitude  of  the  outward  movements 
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Fig.  3.  Transverse  Displacements  During  Driving 

could  have  been  expected.  Within  the  saturated 
clays,  an  estimate  of  the  lateral  displacement 
can  be  made  by  assuming  that  a  quantity  of  soil 
equal  to  the  volume  of  the  section  must  be  dis¬ 
placed.  The  PZ-4n  section  displaces  an  equiva¬ 
lent  of  1  in.  of  soil  per  foot  of  section.  By 
assuming  that  equal  amounts  displace  in  ea^h 
direction,  0.5  in.  (13  mm)  lateral  movement  can 
be  expected. 

Displacements  in  the  horizontal  plane  at  two 
elevations  within  the  clay  are  shown  in  Fig.  4. 
Although  the  trend  of  the  movements  is  essenti¬ 
ally  perpendicular  to  the  sheeting,  significant 
northward  components  of  movements  were  recorded 
at  the  locations  of  inclinometers  SI-1  and  SI-5. 
These  corresponded  to  the  direction  of  the  pile 
driving. 

Pore  pressures  during  pile  driving  operations 
are  shown  in  Fig.  5.  The  leads  to  piezometers 
Pl-1  and  Pl-2  were  cut  while  excavating  the  west 
pilot  trench.  The  remaining  piezometers  show 
that  pore  pressures  rose  rapidly  in  response  to 
each  pass  of  the  sheet  pile  driving.  The  larg¬ 
est  increases  were  recorded  after  the  second 
pass  was  completed  on  day  65.  After  the  peak 
values  were  observed  immediately  after  driving, 
the  pore  pressures  dissipated  rapidly  at  first, 
then  decreased  at  a  slower  rate. 

Sheet  pile  driving  caused  time-dependent  move¬ 
ments  of  the  ground  surface  (Fig.  6).  Movements 
at  the  ground  surface  were  tracked  with  standard 
leveling  equipment  with  an'  estimated  accuracy  of 
i  .12  in.  To  illustrate  the  relation  among 


Fig.  4.  Horizontal  Displacements  During  Driving 
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Fig.  5.  Pore  Pressures  During  Construction 


Fin.  F.  Vertical  Displacements  During 
Constructi on 

movements,  pore  pressures  and  pile  driving,  ver¬ 
tical  displacements  at  the  ground  surface  and 
the  top  of  the  clay  and  pore  water  pressures 
are  plotted  versus  time  for  this  construction 
period.  The  sudden  increases  in  pore  pressure 
correspond  to  sheet  pile  driving;  the  ground 
surface  clearly  heaved  as  a  result  of  installing 
the  sheeting.  As  pore  pressures  dissipate, 
con  sol i dat i on  occurs  within  the  clay,  and  both 
the  ground  surface  and  top  of  the  clay  subsides. 

DISCUSSION 

The  most  striking  features  of  the  observed  re¬ 
sponse  were  the  pore  pressures.  Pore  pressures 
during  pile  driving  have  been  reported  by 
several  investigators  (e.g.,  Lambe  and  Horn, 
1965;  Orrje  and  Broms,  1967;  Hagerty  and 
Garlinger,  1972;  and  Flaate,  1972).  Their 
effects  on  subsequent  pile  response  is  well- 
documented.  However,  very  limited  data  (i.e., 
Karlsrud,  1986)  are  available  concerning  pore 
pressures  associated  with  sheetpile  driving  and 
their  effects  on  subsequent  excavation  behavior. 

Figure  7  shows  the  maximum  ratios  of  excess  pore 
p r es s u re/ ef f ec t i ve  overburden  pressure  plotted 
versus  normalized  distance  from  the  sheet  pile. 
Also  shown  is  a  band  that  reflects  normalized 
excess  pore  pressures  caused  by  driving  single 
piles  as  reported  by  Hagerty  and  Garlinger 
(1972).  The  band  reflects  data  from  six  repor¬ 
ted  case  studies.  Note  that  an  equivalent 
diameter  of  1.3A  ft,  equal  to  the  depth  of  the 
PZ-40  section,  was  used  to  compute  normalized 
distance.  The  data  indicate  that  the  extent  of 
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Fig.  7.  Comparison  Between  Pore  Pressures 
For  Single  Piles  and  HDR-4  Data 

excess  pore  pressures  can  be  larger  when  driving 
sheet  piles  than  when  installing  piles.  The 
pore  pressures  adjacent  to  the  sheet  piles  could 
not  be  measured  because  of  the  presence  of  the 
pilot  trench;  however,  the  magnitudes  are  ex¬ 
pected  to  follow  the  same  trends  as  piles.  The 
wider  zone  of  influence  for  the  sheet  piles  can 
perhaps  be  attributed  to  the  differences  caused 
by  plane  strain  conditions  associated  with  sheet 
piles  and  axisymmetric  conditions  associated 
with  piles. 

It  should  be  emphasized  that  these  pore  pres¬ 
sures  are  associated  with  sheet  pile  driving  and 
are  not  significantly  affected  by  construction 
equipment  loadings.  This  is  clearly  shown  in 
Fig,  6,  The  transient  stress  increases  caused 
by  the  cranes  would  not  significantly  stress  the 
soil  below  the  bottom  of  the  rubble  fill.  In 
addition,  the  pore  pressures  generally  were 
largest  adjacent  to  the  sheeting  and  decreased 
with  distance  from  sheeting. 

The  effects  of  the  sheet  pile  driving  on  sub¬ 
sequent  response  during  construction  can  be 
evaluated  by  examining  the  postulated  stress 
path  for  two  soil  elements  adjacent  the  wall  at 
the  locations  of  piezometers  P2-2  and  P2-3  (Fig. 
8).  Refer  to  Fig.  5  for  locations  of  P2-2  and 
P2-3.  The  stress  paths  were  plotted  assuming 
that  sheet  pile  driving  increases  the  total 
horizontal  stress,  while  maintaining  the  verti¬ 
cal  stress  constant.  Total  stress  changes  were 
computed  using  an  A  parameter  of  1.0  and  the 
measured  pore  pressure  values.  This  A  value  is 
based  on  preliminary  results  of  Kg-consoli- 
dated,  triaxial  extension  tests. 

Stress  conditions  at  5  different  times  during 
construction  are  presented.  After  completion  of 
the  second  pass  on  day  65,  note  that  the  effect 
of  the  operation  is  to  preload  the  soil  adjacent 
to  the  excavation.  Shear  stresses  are  reduced, 
and  normal  stresses  subsequently  increase  as 
consol-idation  occurs.  These  changes  create  a 
benefi-cial  effect  that  ameliorates  the  effects 
of  sub-sequent  lateral  stress  reduction  as 
excavation  occurs.  In  this  case,  stresses  are 
built  into  the  system  to  counteract  subsequent 
detrimental  stress  changes. 
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Fig.  fi.  Estimated  Stress  Paths  During 
Construction 

On  the  other  hand,  for  soil  located  between  the 
sheet  pile  walls  below  the  excavated  grade, 
these  stress  changes  may  create  a  detrimental 
effect.  In  this  case,  as  excavation  proceeds, 
vertical  stress  is  reduced  to  failure.  The 
amount  of  additional  shear  stress  that  can  be 
sustained  by  the  soil  is  less  than  that  which 
would  exist  if  pile  driving  had  no  effect.  This 
would  both  reduce  the  available  passive  resis¬ 
tance  that  could  be  developed  by  an  embedded 
sheet  pile  and  decrease  the  amount  of  movement 
necessary  to  generate  the  full  passive  resis¬ 
tance  . 

It  should  be  noted  that  these  paths  are  based  on 
rather  simplified  assumptions.  A  better  approx¬ 
imation  of  the  stress  paths  on  both  the  active 
and  passive  sides  of  the  sheeting  would  be  de¬ 
veloped  on  the  basis  of  finite  element  simula¬ 
tions  of  the  entire  construction  sequence. 

These  studies  will  be  undertaken  in  the  near 
future. 

CONCLUSIONS 

Based  on  the  observed  performance  data  presen¬ 
ted  in  this  paper,  the  following  conclusions  can 
be  drawn  ; 

1.  Driving  sheet  piles  through  saturated  clay 
for  temporary  support  of  a  braced  excavation 
can  lead  to  the  development  of  soil  movements 
away  from  the  sheet  piles  on  the  same  order 
of  magnitude  as  the  amount  of  soil  displaced 
by  the  sheeting.  These  movements  and  the  as¬ 
sociated  excess  pore  pressures  are  not  gener¬ 
ally  considered  in  the  analysis  or  design  of 
such  works. 

2.  The  excess  pore  pressures  generated  by  the 


sheet  pile  driving  operation  appear  to  be  on 
the  same  order  of  magnitude  as  those  associ¬ 
ated  with  pile  driving,  but  their  lateral 
extent  appears  to  be  wider.  This  phenomenon 
may  be  caused  by  the  difference  between  the 
plane  strain  conditions  representative  of  a 
sheetpile  wall  and  the  axisymmetric  condi¬ 
tions  representative  of  piles. 

3.  The  somewhat  unexpected  response  of  the  soil 
to  the  sheet  pile  installation  emphasizes  the 
fact  that  the  profession  still  can  learn  much 
from  field  observations  derived  from  complete 
instrumentation  schemes. 
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SYNOPSIS:  The  ''esults  of  a  full-scale  load  test  on  a  belled  caisson  bearing  on  ha'-dpan  in  tne  downtown  Chicago  a^ea  a-'e 
P'-esented  he'-ein  and  are  discussed  in  te'-ms  of  cur'-ent  design  practice  and  the  '•esults  of  other  pe-tinent  full-scale 
tests  and  a  small-scale  model  test.  Current  specifications  for  allowable  bearing  p'-essures  are  shown  to  be  conse-vat i ve , 
and  p'-eviously  established  settlement  limits  '•equi-ed  to  mobilize  side  '-esistance  a-e  '•econf  i -med .  The  settlement 
iiieasu''ed  during  the  test  is  in  good  agreement  with  that  predicted  by  use  of  pressureinete-  test  data.  The  confinement  of 
the  bell  in  a  hard  clay  laye'"  appea'-s  to  be  beneficial  in  that  it  se-ves  to  limit  the  development  of  major  c-acking  at 
the  base. 


INTRODUCTION 

Drilled  piers  or  caissons  bearing  on  very  dense  glacial 
tilt  (hardpan)  are  a  common  type  of  foundation  for  high 
rise  s,.  uctures  in  the  Chicago  a-ea.  The  local  building 
code  specifies  a  maximum  bearing  pressure  of  12  ksf,  but 
higher  pressures  are  allowed  if  adequate  testing  and 
suppo'-ting  data  are  provided.  As  a  result  of  accumulated 
experience  and  increased  confidence  in  the  use  of  in-situ 
testing,  such  as  the  p-essuremeter  test,  design  bearing 
pressures  of  20  ksf  to  2S  ksf  are  now  used  commonly. 
Although  full-scale  caisson  load  tests  can  provide 
valuable  information  to  validate  or  improve  the  bearing 
capacity  and  settlement  theories  used  in  design,  actual 
load  tests  are  rarely  conducted  because  of  the  required 
high  reaction  loads  and  the  associated  expense  and 
inconvenience.  Results  from  two  full-scale  load  tests  on 
caissons  in  the  Chicago  area  have  been  rgpgr^ed;  one 
series  of  tests  was  conducted  during  the  construction  of 
the  Chicago  Union  Station  (D'Espositd,  1924),  while  the 
other  was  completed  during  foundation  construction  for 
the  Cummings  Biological  Research  Center  at  the  University 
of  Chicago  (Holtz  and  Baker,  1972). 

Presented  and  discussed  herein  is  information  obtained 
from  a  full-scale  load  test  on  a  caisson  bearing  on 
hardpan  in  the  downtown  Chicago  area.  The  caisson  had  a 
shaft  diameter  of  2.5  feet,  a  bell  diameter  of  6.33  feet, 
and  a  total  length  of  60.65  feet;  it  was  instrumented 
with  load  cells  and  strain  gauges  and  tested  to  a  maximum 
load  of  1100  tons,  which  approached  the  estimated 
ultimate  bearing  capacity.  The  anticipated  performance 
of  this  caisson  during  the  load  test  was  determined  on 
the  basis  of  current  design  practice  in  terms  of 
settlement,  bearing  capacity,  and  side  resistance  or  skin 
friction.  The  observed  performance  of  the  caisson  is 
presented  and  discussed  uuth  in  terms  of  current  design 
practice  and  in  comparison  with  available  results  from 
full-scale  tests  in  similar  soils. 

SOIL  CONDITIONS 

The  subsurface  conditions  at  the  project  site  are 
representative  of  the  typical  downtown  Chicago  soil 
profile,  which  has  been  presented  in  detail  by  Bretz 
(1939)  and  Peck  and  Reed  (1954).  Surficial  deposits  of 
fill  materials  are  typically  encountered  over  layers  of 
beach  sands.  Underlying  these  soils  are  glacial  deposits 
(consisting  of  lacustrine  clay  and  stratified  clayey  till 
sheets  of  varying  strengths  and  water  contents)  of  the 
Wisconsin  Glacial  era;  these  deposits  vary  with  depth 


from  soft  to  hard  silty  clays  and  extremely  dense  silt, 
sandy  silt,  or  gravel  zones  overlying  tne  bedrock. 

At  the  site  of  the  full-scale  load  test,  soft  to  medium 
silty  clays  were  encountered  to  an  elevation  of 
approximately  -48  feet  CCD  (Chicago  City  Datum).  Below 
these  soils,  very  stiff  to  hard  silty  clays  were  en¬ 
countered  to  an  elevation  of  -63  CCD.  Then,  alternate 
layers  of  hard  sandy  and  silty  clay  (hardpan)  and 
extremely  dense  silt  or  sandy  silt  were  encountered  to 
the  top  of  bedrock  at  elevation  -105  CCD.  Infv,rmation 
about  the  typical  subsurface  profile  and  soil  properties 
at  the  test  site  is  presented  in  Figure  1.  Pressuremeter 
tests  were  conducted  between  elevations  -66  CCD  and  -81 
CCO,  and  the  values  of  the  parameters  obta’ned  are 
summarized  in  Table  1.  The  soils  tested  exhibited 
pressuremeter  parameter  values  that  are  comparable  to  a 
large  number  of  available  values  for  soils  in  the  same 
general  area  of  Chicago  (Lucas  and  deBussy,  1976). 


Table  1.  Pressuremeter  Parameters 


ElevationjCC"! 

(feet) 

Pressu 

re  (tsf 

) 

Modul US 

E- 

(t^f) 

Hori zontal 
At  Rest 

Po 

Creep 

'’f 

Limi  t 

'’p 

-66.0  to  -68.5 
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15 

29 
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4.0 

10 

20 
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-71.0  to  -73.5 
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16 

32 
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-73.5  to  -76.0 

4.5 

20 

40 

297 

-76.0  to  -78.5 

4.5 

15 

29 

26  7 

-78.5  to  -81.0 

8.0 

- 
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TEST  CAISSON 

The  test  caisson  had  a  shaft  diameter  of  2.50  feet  and  a 
bell  diameter  of  6.33  feet;  it  was  constructed  by  using 
the  typical  procedures  employed  for  production  caissons, 
although  it  was  not  part  of  the  load-carrying  grid  of 
caissons  for  the  new  structure.  The  shaft  was  auger- 
drilled  at  a  diameter  slightly  larger  than  designed  to  a 
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depth  of  about  15  feet  below  existing  grade,  and  a 
temporary  steel  casing  was  inserted  through  the  fill  and 
sand  into  the  underying  silty  clay.  The  shaft  was  then 
advanced  by  augerinr  at  the  design  diameter  to  a  depth  of 
73  feet  (-67.4  CouJ,  where  a  suitable  hardpan  layer  was 
encountered. 

The  base  of  the  shaft  was  enlarged  at  this  level  by  means 
of  a  60°  belling  bucket.  The  bell  angle  was  then  reduced 
to  about  50°  by  hand  excavation  to  obtain  a  geometry 
similar  to  that  used  by  Reese  and  Farr  (1980)  so  that 
results  could  be  compared  in  terms  of  the  development  of 
cracks  at  the  base  of  the  bell.  The  thickness  at  the 
perimeter  and  at  the  center  of  the  base  pad  of  the  bell 
was  1  foot  and  2  feet,  respectively.  The  dimensions  of 
the  test  caisson,  as  measured  in  the  field,  are  shown  in 
Figure  2. 

ANTICIPATED  PERFORMANCE  OF  TEST  CAISSON 


The  test  caisson  was  designed  to  transfer  load  to  the 
foundation  soils  primarily  through  end  bearing,  but  some 
amount  of  side  resistance  or  skin  friction  was  also 
expected  to  develop.  During  testing,  the  top  of  the 
caisson  was  expected  to  settle  by  an  amount  equal  to  the 
sum  of  the  elastic  compression  of  the  shaft  and  the 
settlement  at  the  base.  Accordingly,  estimates  of 
bearing  capacity,  skin  friction,  base  settlement,  and 


elastic  compression  were  made  on  the  basis  of  available 
data.  The  ultimate  end  bearing  capacity,  of  deep 

circular  foundations  ir  cohesive  soils  can  be  computed 
according  to  Skerapton  (1959)  as 

Qjj  +  W  =  A^(Nc^+  rH)  (1) 

where  W  is  the  weight  of  the  caisson,  A^^  is  the  cross- 
■  ctional  area  of  the  base,  N  is  a  bea'-ing  capacity 
factor,  Cl^  is  the  average  shear  strength  of  the  soils 
within  a  depth  of  two-thirds  the  base  diameter  from  the 
base,  and  y  is  the  average  total  unit  weight  of  the  soil 
for  the  total  length,  H,  of  the  caisson.  If  it  is 
assumed  that  W  '  ^  ''°  ^  ^°'" 

saturated  cohesive  soils  (Skempton,  1951),  Equation  (1) 
can  be  reduced  to 

Qb  =  (2) 

The  undrained  shear  strength  of  cohesive  soils  can  be 
calculated  from  pressuremeter  data  according  to  the 


Figure  2.  Details  of  Instrumented  Caisson 


1304 


following  -el at! onshi p  advanced  by  Mena''d  (1965,  1975); 


whe''e  c  is  the  cohesion,  P  and  are  the  limit 
P'-esso-e  and  horizontal  e'cirth  pressure  at  rest, 
respectively,  at  the  pressuremeter  test  level,  and  is 
a  coefficient  which,  for  typical  Chicago  area  soils,  has 
a  value  of  about  2.7  (Lucas  and  deBussy,  1976).  Using 
average  values  (obtained  from  Table  1)  of  27  tsf  and  4.3 
tsf,  for  p,  and  p^,  respectively.  Equation  (3)  yields  a 
cohesion  rff  about  4.2  tsf.  The  available  unconfined 
compression  data  shown  in  Figure  1  indicate  a  minimum 
cohesion  value  for  the  soils  under  tne  base  of  the 
caisson  of  about  3.5  tsf.  Accordingly,  the  net  end 
bearing  capacity  of  the  caisson  was  computed  to  be  about 
1100  tons.  The  appropriateness  of  using  Equation  (1)  to 
compute  the  end  bearing  capacity  of  caissons  on  Chicago 
harqpan  has  been  confirmed  by  Holtz  and  Baker  (1972). 

The  side  re5istance  or  "skin  friction"  of  the  test 
caisson  was  estimated  on  the  basis  of  the  available 
undrained  shear  strength  values  for  the  various  soil 
layers.  To  facilitate  the  computations,  the  bell  was 
neglected  and  the  shaft  of  the  caisson  was  separated  into 
two  parts  with  lengths  L,  =  41.25  feet  (-6.75  CCD  to  -48 
CCD)  and  I2  -  17  feet  (-48  CCD  to  -65  CCD).  The  average 
cohesion,  c,  and  Co,  for  each  section  was  estimated  to  be 
0.48  tsf  and  2.05  tsf,  respectively.  To  obtain  estimates 
of  the  adhesion  between  the  soil  and  the  caisson,  these 
cohesion  values  were  multiplied  by  0.8  and  0.4, 
respectively  (Department  of  the  Navy,  1982),  to  give; 


typical  values  of  Poisson's  ratio  for  normal  strength 
concrete  are  on  the  order  of  0.15  to  0.20,  a  value  of 
0.25  was  selected  for  further  computations. 

INSTRUMENTATION  AND  TESTING 

The  instrumentation  for  the  test  caisson  consisted  of 
five  strain  cells  and  two  stress  cells  installed  at  the 
base  and  a  single  stress  cell  mounted  directly  over  the 
caisson  within  the  reinforced  concrete  mat.  All  cells 
were  stock  items  manufactured  by  the  Carlson  Instrument 
Company  in  Campbell,  California.  The  locations  of  the 
instruments  within  the  caisson  are  indicated  in  Figure 
2.  The  strain  cells  were  mounted  horizontally  at  the 
base  of  the  caisson  and  were  intended  to  monitor  lateral 
strains  at  the  base  of  the  bell.  All  instruments  at  the 
base  of  the  bell  were  carefully  embedded  in  fresh 
concrete  and  their  positions  were  fixed  by  allowing  the 
concrete  to  harden  overnight.  Placement  of  the  remaining 
caisson  concrete  was  completed  the  following  day. 

In  conjunction  with  the  construction  of  the  heavily 
reinforced  concrete  foundation  mat,  a  concrete  vault  was 
built  below  the  mat  to  provide  access  to  the  top  of  the 
test  caisson  once  construction  of  the  high  rise  structure 
had  proceeded  above  the  foundation  level.  Foil  strain 
gauges  were  bonded  to  the  upper  and  lower  surfaces  of  the 
mat  to  monitor  strains  during  the  load  test.  Gauges  on 
the  lower  mat  surface  were  damaged  du'-ing  the  set-up  of 
the  jacking  system  and  water  seepage  later  rendered  them 
useless.  However,  the  top  gauges  functioned  throughout 
the  test. 


Qj  =  tiD(0.8  Lj  Cj  +  0.4  Cj)  (4) 

where  0  is  the  diameter  of  the  caisson  shaft. 
Accordingly,  the  total  skin  friction  was  found  to  be 
about  230  tons. 


A  method  for  using  pressuremeter  data  to  estimate  the 
settlement,  w,  at  the  base  of  foundations  has  been 
presented  by  Menard  (1965,  1975);  a  general  form  of  the 
resulting  equation  (Lucas  and  deBussy,  1976)  is 
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where  E.  is  the  pressuremeter  or  deviatoric  modulus,  v  is 
Poisson^s  ratio  and  is  set  equal  to  0.33  because  the 
value  of  Ej  is  computed  from  pressuremeter  data  on  the 
hypothesis  that  v  =  0.33,  R  is  an  empirical  coefficient 
equal  to  30  cm,  r  is  the  radius  (expressed  in  cm)  at  the 
base  of  the  foundation,  p  is  the  uniform  pressure  on  the 
foundation,  X.  and  X-  are  empirical  coefficients  that  are 
functions  of'^the  shape  of  the  foundation,  and  o  is  an 
empirical  coefficient  depending  on  the  type  and  structure 
of  the  soil.  By  setting  x.  =  X-  =  1,  a  =  2/3,  p  =  35 
tsf,  and  Ej  equal  to  200  tCT  for  a  depth  equal  to  the 
foundation  radius  below  the  base  of  the  foundation  and 
270  tsf  for  larger  depths,  the  anticipated  settlement  was 
computed  according  to  Equation  (5)  to  be  about  2.4  inches 
for  the  maximum  applied  load  of  35  tsf. 


The  theoretical  elastic  compression,  aL,  of  the  test 
caisson  was  computed  according  to  the  relationship 

.L-f  (6) 

where  P  IS  the  axial  load,  L  is  the  length  of  the 
caisson,  A  is  the  cross-sectional  area  of  the  caisson, 
and  E  is  the  elastic  modulus  of  the  concrete  used  to 
construct  the  caisson.  Samples  of  the  test  caisson 
concrete  were  obtained  by  coring  the  top  of  the  caisson 
to  a  depth  of  approximately  5  feet  two  weeks  after  the 
load  test  was  completed.  This  limited  portion  of  the 
shaft  was  assumed  to  be  representative  of  the  entire 
caisson  and  yielded  values  of  3.4  x  10“  psi  for  the 
elastic  modulus  and  0.28  for  Poisson's  ratio.  Because 


The  theoretical  failure  load  of  the  test  caisson  was 
estimated  to  be  1100  tons,  but  a  single  hydraulic  jack 
with  that  capacity  was  not  available.  Therefore,  a 
special  reinforced  concrete  caisson  cap  was  constructed 
to  accomodate  two  smaller  jacks  which  would  provide  this 
capacity.  The  concrete  mat,  together  with  about  10 
stories  of  the  newly  constructed  concrete  structure, 
provided  a  sufficiently  large  reaction  to  perform  the 
load  test,  which  was  conducted  according  to  the  Standard 
Method  of  Load  Testing  for  Piles  under  Axial  Compressive 
Load  as  desribed  in  ASTM  Specification  0-1143-74.  Two 
dial  gauges  were  mounted  at  diametrically  opposite 
locations  over  tne  top  of  the  caisson  to  measure  the 
settlement  during  loading.  However,  the  length  of  time 
that  each  load  was  maintained  on  the  caisson  was 
different  from  that  specified  by  ASTM  so  that  the  test 
could  be  completed  within  a  reasonable  time.  Loading  the 
caisson  incrementally  to  the  maximum  capacity  of  the 
jacks  was  the  primary  criterion,  since  loading  to  failure 
would  not  likely  be  possible  with  the  equipment 
available.  The  actual  loading  sequence  used  during  the 
test  is  shown  in  Figure  3. 

Although  no  cycling  of  the  load  test  was  originally 
planned,  a  temporary  malfunction  in  one  of  the  jacks 
necessitated  an  unloading  to  just  below  500  tons.  The 
caisson  was  then  reloaded  from  this  point  to  the  maximum 
load  of  1100  tons.  Each  load  increment  was  maintained 
for  at  least  one  hour,  A  maximum  load  of  1060  tons  was 
applied  for  a  period  of  6  hours.  This  load  was  increased 
to  1100  tons  by  taking  both  jacks  to  their  full 
capacity.  Due  to  difficulties  in  controlling  the  release 
of  the  hydraulic  pressure,  the  unloading  proceeded 
directly  to  zero  load  without  intermediate  steps. 

Prior  to  unloading  the  caisson,  specially  fabricated 
steel  shims  were  placed  between  the  caisson  cap  and  the 
concrete  mat  to  transfer  as  much  of  the  jack  load  as 
possible  to  the  caisson.  Since  the  load  cell  readings 
indicated  that  very  little  load  had  been  transferred,  the 
test  caisson  was  reloaded  several  days  later  to  a  maximum 
of  1040  tons  and  additional  shims  were  placed.  Each  of 
the  instruments  was  monitored  during  these  procedures,  as 
well  as  over  the  following  15  month  period. 


1305 


Figure  3.  Summary  of  Test  Load  Sequence 
RESULTS  AND  OBSERVATIONS 

The  measured  settlement  at  the  top  of  the  caisson  as  a 
function  of  the  applied  load  is  shown  in  Figure  4, 

together  with  two  lines  indicating  the  computed  elastic 
compression  of  the  test  caisson.  The  elastic  compression 
represented  by  the  lower  line  was  computed  by  assuming 
that  the  entire  difference  between  the  applied  load  at 

the  top  of  the  caisson  and  the  load  reaching  the  bottom 
is  carried  in  the  concrete  shaft  with  no  load  dissipation 
along  the  shaft  and  no  settlement  of  the  base  of  the 
caisson.  The  upper  elastic  line  is  obtained  by  assuming 
a  linear  dissipation  of  the  actual  load  in  the  shaft 
(that  is,  the  difference  between  the  applied  load  and  the 
load  reaching  the  bottom)  beginning  at  the  top  of  the 
shaft  and  continuing  to  the  base.  The  latter  line  seems 
more  realistic,  since  it  is  apparent  that  some  load  is 

carried  in  side  friction  and  considerable  settlement  of 

the  base  has  occurred. 


Applied  Load  (tons) 
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Figure  4.  Measured  Settlement  of  Top  of  Caisson 
as  a  Function  of  Applied  Load 


According  to  previous  investigators  (Borland  et  al ,  1966; 
Whitaker  and  Cooke,  1966;  Holtz  and  Baker,  1972;  and 
Reese  et  al ,  1976),  a  movement  of  up  to  0.5%  to  1.0%  of 
the  shaft  diameter,  or  a  maximum  of  0.25  inch,  is 
required  to  mobilize  the  full  sic.  resistance.  The  uppe’’ 
elastic  compression  line  and  the  load  test  curve 
intersect  at  a  settlement  of  about  0.1  inch  or  0.33%  of 
the  shaft  diameter  and  indicate  a  maximum  side  resistance 
of  about  245  tons,  which  is  in  very  good  agreement  with 
the  value  of  230  tons  computed  by  using  conventional 
procedures. 

The  average  adhesion  factor  calculated  according  to  the 
indicated  side  resistance  of  the  test  caisson  is  on  the 
order  of  0.65  to  0.70  and  corresponds  well  with  the  range 
of  0.5  to  0.8  reported  by  Holtz  and  Baker  (1972)  for 
friction  caissons  in  typical  Chicago  clayey  soils. 
However,  when  compared  with  adhesion  factors  in  the  range 
of  0.4  to  0.7  for  overconsolidated  Texas  plastic  clays 
(Reese  and  O'Neill,  1969)  and  London  clay  (Skempton, 
1959),  the  factors  obtained  are  somewhat  high.  This 
could  be  attributed  to  the  lower  plasticity  and  lower 
sensitivity  of  the  Chicago  silty  clays. 

If  the  elastic  compression  of  the  shaft  is  subtracted 
from  the  settlement  measured  at  the  top  of  the  caisson, 
the  settlement  of  the  bottom  can  be  obtained. 
Accordingly,  it  can  be  observed  that  the  bottom  of  the 
caisson  settled  by  about  1.85  inches  under  the  maximum 
applied  load  of  about  35  tsf.  According  to  Equation  (5) 
and  for  a  load  at  the  base  equal  to  about  26  tsf  (maximum 
applied  load  adjusted  for  load  supported  by  side 
resistance),  the  anticipated  settlement  at  the  base, 
computed  according  to  pressuremeter  data,  is  about  1.90 
inches,  which  is  in  very  good  agreement  with  the  measured 
settlement.  Caissons  bearing  on  hardpan  were  loaded 
during  the  Chicago  Union  Station  tests  (D'Esposito,  1924) 
and  settled  by  0.9  inches  and  2.0  inches  under  maximum 
applied  loads  of  18.4  tsf  and  87.5  tsf,  respectively. 
The  hardpan  bearing  caisson  loaded  during  the  University 
of  Chicago  tests  (Holtz  and  Baker,  1972)  settled  about 
2.5  inches  under  a  maximum  load  of  53  tsf.  Accordingly, 
the  settlement  at  the  bottom,  as  a  percent  of  the 
diameter  of  the  loaded  area,  was  about  1%  to  4%  for  the 
Union  Station  caissons,  about  1%  for  the  University  of 
Chicago  test  caisson,  and  about  2.6%  for  the  test 
reported  herein.  Whitaker  and  Cooke  (1966)  found  that 
full  mobilization  of  the  base  resistahce  in  London  clay 
did  not  occur  until  settlments  were  between  10%  and  20% 
of  the  base  diameter.  The  load-settlement  curve  shown  in 
Figure  4,  as  well  as  those  reported  by  Holtz  and  Baker 
(1972),  do  not  show  a  sharp  break,  and  it  is  therefore 
not  clear  if  these  caissons  were  actually  loaded  to  their 
maximum  capacity.  This  observation  is  further  reinforced 
for  the  case  reported  herein  if  it  is  considered  that  the 
maximum  applied  load  was  about  equal  to  the  computed 
ultimate  bearing  capacity,  but  about  20%  of  that  load  was 
supported  by  side  resistance. 

Finally,  the  unloading  curves  shown  in  Figure  4  indicate 
that  most  of  the  measured  settlement  is  nonrecoverable. 
Tests  in  London  clay  (Whitaker  and  Cooke,  1966;  Ellison 
et  al,  1971)  have  also  indicated  that  most  of  the 
vertical  movement,  which  occurs  after  the  ultimate 
adhesion  between  the  shaft  and  the  surrounding  soil  is 
reached,  is  nonrecoverable  and  that  significant  rebound 
should  not  be  anticipated.  Although  the  conditions  of 
the  load  test  reported  herein  are  different  from  those  of 
the  test  conducted  in  the  London  clay  (primarily  an  end 
bearing  caisson  on  hardpan  compared  to  primarily  a 
friction  pier  in  stiff  fissured  clay),  slippage  along  the 
shaft  is  still  nonrecoverable  and  any  elastic  rebound 
from  the  base  of  the  caisson  greater  than  about  0.1  inch 
would  be  resisted  by  negative  friction  along  the  shaft  of 
the  caisson.  This  observation  is  in  good  agreement  with 
information  reported  by  0’ Esposito  (1924)  for  the  Union 
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Station  tests  and  Holtz  and  Baker  (1972)  for  the 
University  of  Chicago  tests  where,  upon  unloading,  the 
rebound  of  caissons  bearing  on  Chicago  hardpan  was  not 
more  than  0.1  inch  after  accounting  for  the  elastic 
rebound  of  the  concrete  shaft. 

Based  on  the  load  test  curve  shown  in  Figure  4  and  the 
foregoing  observations,  it  can  safely  be  concluded  that  a 
large  portion  of  the  final  applied  load  (about  820  tons) 
would  reach  the  bottom  of  the  caissoh  and  would  be 
transferred  to  the  soil  through  the  base  of  the  bell. 
Unfortuhately ,  computations  of  the  load  at  the  base  of 
the  bell,  made  on  the  basis  of  the  stresses  measured  by 
the  two  stress  cells  installed  at  the  base  of  the  bell, 
yielded  only  a  small  fraction  of  this  anticipated  load. 
The  average  computed  load,  Based  on  stress  measurements, 
was  only  about  200  tons  for  an  applied  load  of  about  1060 
tons  and  should  not  be  considered  indicative  of  the 
actual  load  transfer'-ed  to  the  base  of  the  caisson.  It 
is  likely  that  some  "honeycombing"  of  the  concrete  below 
the  cells  may  have  been  caused  during  installation  and, 
consequently,  relatively  softer  zones  of  concrete  may 
have  existed  below  the  cells.  This  would  have  the  effect 
of  significantly  reducing  the  modulus  of  elasticity  of 
the  concrete  below  the  cells  and  could  account  for  the 
low  measured  stresses.  Furthermore,  arching  in  the 
concrete  above  the  cells  may  have  occurred  upon  initial 
deflection  of  the  cell  face  and  additional  stresses  may 
not  have  been  directly  transferred  to  the  cell.  Finally, 
stress  cell  calibration  may  change  due  to  a  number  of 

’"easons,  which  include  the  development  of  stress  con¬ 

centrations  and/or  relief  zones  during  installation 
procedu'^es. 

Alternatively,  stresses  and  loads  at  the  base  of  the 

caisson  were  computed  an  the  basis  of  strains  measured  by 
the  five  horizontally  oriented  strain  gauges,  together 
with  the  assumption  that,  in  the  absence  of  applied 
horizontal  stresses,  the  measured  horizontal  strains  are 
attributable  primarily  to  the  Poisson  effect.  By 

assuming  elastic  behavior  for  the  concrete  and  using 
laboratory  test  values  of  3.4  x  10“  psi  and  0.25  for 
Young's  modulus,  E,  and  Poisson's  ratio,  v,  respectively, 
the  vertical  stress,  o  ,  was  computed  in  terms  of  the 
measured  lateral  (horizontal)  strain,  e^,  as 


Using  an  average  value  for  the  computed  vertical  stress, 
the  load  transferred  to  the  base  was  computed  and  the 
results  are  shown  in  Figure  5.  Also  shown  in  Figure  5  is 
a  line  indicating  the  anticipated  relationship  between 
the  applied  load  and  the  load  transferred  to  the  base. 
This  line  was  obtained  by  considering  that  about  230  tons 
of  the  applied  load  are  supported  by  side  resistance.  It 
can  be  observed  that  the  results  of  the  strain  cell 
measurements  are  in  very  good  agreement  with  predictions 
based  on  conventional  procedures,  as  well  as  with  the 
actual  load  test  curve  presented  in  Figure  4  for  an 
applied  load  of  up  to  about  900  tons.  For  higher  loads, 
the  measured  strains  increased  disproportionately  with 
the  increases  in  load. 

It  can  also  be  observed  that,  upon  unloading,  a  large 
percentage  of  the  stress  or  load  remained  "locked  in",  as 
indicated  in  Figure  5  by  the  significant  shift  of  the 
data  above  the  theoretical  line.  This  apparent  "locked 
in"  stress  may  very  well  indicate  the  development  of 
minor  cracks  at  the  base  of  the  bell.  Furthermore,  the 
computed  stress  is  observed  to  increase  with  time  under 
the  maximum  load  of  1060  tons,  which  was  held  constant 
for  six  hours,  and  this  may  be  due  to  the  propagation  of 
microcracks  or  creep  under  constant  load.  Lateral 
strains  in  excess  of  30  x  10"“  inches  per  inch  were 
measured  by  four  of  the  five  strain  cells,  while  strains 


Figure  5.  Load  Transferred  to  Base  of  Caisson 
as  a  Function  of  Applied  Load 

of  up  to  50  X  10"^  inches  per  inch  were  recorded  by  two 
strain  cells.  These  levels  of  lateral  strain  are 
significant  enough  to  suspect  the  development  of 
microcracks  at  the  base  of  the  bell.  Reese  and  Farr 
(1980)  performed  unconfined  compression  tests  on  small- 
scale  model  caissons  which  were  constructed  with  a 
variety  of  bell  angles.  It  was  observed  that  caissons 
with  bell  angles  of  less  than  60°  to  the  horizontal  would 
fail  by  the  formation  of  a  tension  crack  in  the  bell  and 
that  a  45°  bell  would  fail  at  significantly  smaller  loads 
than  a  60°  bell  with  the  same  base  area.  It  appears  that 
the  50°  bell  of  the  test  caisson  described  herein 
performed  better  than  would  have  been  anticipated  on  the 
basis  of  the  conclusions  reached  by  Reese  and  Farr 
(1980).  Although  small  lateral  strains  developed  at  the 
base  of  the  bell,  it  can  be  stated  that  the  confinement 
of  the  bell  within  the  hardpan  layer  provided  an 
additional  factor  of  safety  against  failure  by  major 
cracking  at  the  base  of  the  caisson. 

Monitoring  of  the  instrumentation  was  continued  for  a 
period  of  15  months  after  the  end  of  the  test  and  the 
final  shimming.  At  the  end  of  this  period  survey 
measurements  indicated  that  the  finished  structure  had 
settled  approximately  0.62  inches.  Since  the  settlement 
which  resulted  during  the  load  test  was  on  the  order  of  2 
inches,  the  building  settlement  may  have  not  been  enough 
to  result  in  complete  load  transfer  through  the  shims  to 
the  test  caisson.  The  average  increase  in  strain  cell 
readings  was  on  the  order  of  20  x  10"“  inches  per  inch, 
indicating  that  about  850  tons  of  structural  load  was 
being  transferred  to  the  caisson  through  the  shims  and 
the  natural  building  settlement.  However,  it  could  also 
indicate  that  there  had  been  an  equivalent  amount  of 
creep  under  a  much  smaller  load  because  of  the  suspected 
past  microcracking.  The  cumulative  lateral  strain 
measured  at  the  base  of  the  caisson  from  the  start  of  the 
load  test  through  the  last  readings  was  less  than  70  x 
10'“  inches  per  inch,  and  this  could  indicate  that  the 
caisson  bell  remained  essentially  intact,  aided  perhaps 
by  confinement  in  the  very  stiff  clay  and  hardpan  soils 
which  surrounded  it. 
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CONCLUSIONS 


Based  on  the  results  of  the  full-scale  load  test  and  the 
observations  and  discussion  presented  herein,  the 
following  conclusions,  which  are  primarily  applicable  to 
the  soil  profile  encountered  in  the  Chicago  area,  can  be 
advanced. 

1.  The  high  bearing  capacity  of  Chicago  hardpan  and  the 
accuracy  of  settlement  predictions  based  on  pressure- 
meter  data  have  been  reinforced.  The  base  of  the 
caisson  was  loaded  to  about  26  tsf  without 
approaching  the  bearing  capacity  of  the  hardpan  and 
the  resulting  settlement  was  about  1.85  inches. 
Accordingly,  increased  allowable  bearing  pressures 
can  be  established  for  caissons  on  Chicago  hardpan, 
when  the  anticipated  settlements  are  tolerable. 

2.  Previously  established  limits  of  movement  for  the 
mobilization  of  side  resistance  are  confirmed; 
movements  on  the  order  of  0.5%  to  1%  of  the  shaft 
diameter  or  up  to  0.25  inches  are  more  than  adequate 
to  mobilize  the  full  side  resistance  of  caissons  in 
Chicago  silty  clays. 


3.  The  generated  side  resistance  is  found  to  be  in  close 
agreement  (about  5%  difference)  with  that  computed 
according  to  conventional  methods.  The  corresponding 
average  adhesion  coefficient  of  about  0.65  to  0.70  is 
within  the  limits  established  for  similar  soil 
profiles. 

4.  Very  small,  but  nonrecoverable,  strains  were  measured 

at  the  base  of  the  caisson  bell,  indicating  probable 
microcrack  development  during  loading.  The 

confinement  of  the  bell  in  a  hard  soil  layer  is 
considered  beneficial  and,  although  not  considered  in 
current  practice,  it  provides  a  measure  of  additional 
safety  to  current  design  procedures.  The  current 
requirement  for  60°  bells  should  be  maintained  for 
high  bearing  pressure  caissons. 

ACKNOWLEDGEMENT 

The  advice  and  guidance  of  Jorj  Osterberg  of  Northwestern 
University  and  Clyde  Baker  of  STS  Consultants  throughout 
the  conduct  of  this  study  are  gratefully  appreciated. 


REFERENCES 


Bretz,  J.  H.  (1939),  "Geology  of  the  Chicago  Region", 
Illinois  State  Geological  Survey,  Bulletin  Number  65, 
Part  1. 

Burland,  J.  B,,  Butler,  F.  G. ,  and  Dunican,  P.  (1966), 
"The  Behavior  and  Design  of  Large  Diameter  Bored  Piles  in 
Stiff  Clay",  Proceedings  of  the  Symposium  on  Large  Bored 
Piles  Institution  of  Civil  Engineers,  London,  England, 
pp,  51-71. 

D' Esposito,  J.  (1924),  "Foundation  Tests  by  Chicago  Union 
Station  Company",  Journal  of  the  Western  Society  of 
Engineers,  Volume  XXIX,  Number  2,  pp.  33-40. 

Department  of  the  Navy  (1982),  "Foundations  and  Earth 
Structures",  Design  Manual  NAVFAC  OM-7.2,  Alexandria, 
Virginia. 

Ellison,  R,  0,,  O'Appolonia,  E.,  and  Thiers,  G.  R. 
(1971),  "Load-Deformation  Mechanism  for  Bored  Piles", 
Journal  of  the  Soil  Mechanics  and  Foundations  Division, 
American  Society  of  Civil  Engineeers,  Volume  97,  Number 
SM4,  pp.  661-678. 

Holtz,  R.  0.,  and  Baker,  C,  N.  (1972),  "Some  Load 
Transfer  Data  on  Caissons  in  Hard  Chicago  Clay," 
Proceedings  of  the  Specialty  Conference  on  the 
Performance  of  Earth  and  Earth  Supported  Structures, 
American  Society  of  Civil  Engineers,  Lafayette,  Indiana, 
pp.  1223-1242. 

Lukas,  R.  G.,  and  deBussy,  B,  (1976),  "Pressuremeter  and 
Laboratory  Test  Correlations  for  Clays",  Journal  of  the 
Geotechnical  Engineering  Division,  American  Society  of 
Civil  Engineers,  Volume  102,  Number  GT9,  pp.  945-962. 

Menard,  L.  (1965),  "Rules  for  the  Calculation  and  Design 
of  Foundation  Elements  on  the  Basis  of  Pressuremeter 
Investigations  in  the  Ground",  Proceedings  of  the  Sixth 


International  Conference  on  Soil  Mechanics  and  Foundation 
Engineering,  Volume  II,  pp.  265-271. 

Menard,  L.  (1975),  "Interpretation  and  Application  of 
Pressuremeter  Test  Results",  Sols-Soils,  Volume  26,  pp. 
1-43. 

Peck,  R.  B.,  and  Reed,  W.  C.  (1954),  "Engineering 
Properties  of  Chicago  Subsoils",  University  of  Illinois 
Engineering  Experiment  Station,  Bulletin  Number  423, 
Urbana,  Illinois. 

Reese,  L.  C.,  and  Farr,  J.  S.  (1980),  "Plain  Concrete 
Underreams  for  Drilled  Shafts",  Journal  of  the  Structural 
Division,  American  Society  of  Civil  Engineers,  Volume 
106,  Number  ST6,  pp,  1329-1341, 

Reese,  L.  C.,  and  O'Neill,  M.  W.  (1964),  "Field  Tests  of 
Bored  Piles  in  Beaumont  Clay",  Paper  presented  at  the 
Annual  Meeting,  American  Society  of  Civil  Engineers, 
Chicago,  Illinois. 

Reese,  L.  C.,  Touma,  F.  T.,  and  O'Neill,  M.  W.  (1976), 
"Behavior  of  Drilled  Piers  Under  Axial  Loading",  Journal 
of  Geotechnical  Engineering  Division,  American  Society  of 
Civil  Engineers,  Volume  102,  Number  GT5,  pp.  493-510. 

Skempton,  A.  W.  (1951),  "The  Bearing  Capacity  of  Clays", 
Proceedings  of  the  Building  Research  Congress,  London, 
England,  Volume  1,  pp.  180-189. 

Skempton,  A.  W.  (1959),  "Cast  In-Situ  Bored  Piles  in 
London  Clay",  Geotechnique,  Volume  9,  pp.  153-173. 

Whitaker,  T.,  and  Cooke,  R.  W.  (1966),  "An  Investigation 
of  the  Shaft  and  Base  Resistances  of  Large  Bored  Piles  in 
London  Clay",  Proceedings  of  the  Symposium  on  Large  Bored 
Piles,  Institution  of  Civil  Engineers,  London,  England, 
pp.  7-49. 


1306 


Proceedings;  Second  International  Conference  on  Case  Histories  In  Geotechnical  Engineering,  June  1-5, 1988,  St.  Louis,  Mo.,  Paper  No.  6.45 


Settlement  of  Two  Tall  Chimney  Foundations 


J.R.  Davie 

Engineering  Supen/isor,  Geotechnical  Services,  Bechtel  Civil,  Inc., 
Gaithersburg,  Maryland 


M.R.  Lewis 

Engineering  Supervisor,  Geotechnical  Services,  Bechtel  Civil,  Inc., 
Gaithersburg,  Maryland 


SYNPOSIS:  The  foundation  of  tall  chimneys  on  shallow  mats  is  of  particular  interest,  not  only 
because  of  the  importance  of  minimizing  differential  settlement,  but  because  the  axisymmetric 
loading  and  the  simple  relationship  between  the  chimney  height  and  this  loading  can  provide  an 
accurate  correlation  between  load  and  settlement,  not  often  available  with  other  structure  types. 
This  paper  presents  settlement  case  histories  of  two  tall  chimneys,  one  on  overconsolidated  clay 
and  the  other  on  sands  and  gravels.  The  computed  values  of  the  elastic  soil  properties,  back- 
calculated  from  the  load  versus  settlement  relationship,  are  discussed  and  compared  with  values 
found  in  the  literature. 


INTRODUCTION 

Heavily  overconsolidated  clays  are  usually 
assumed  to  behave  in  an  elastic  or  at  least 
pseudo-elastic  manner  when  loaded  at  a  level 
well  below  their  preconsolidation  pressure. 
Medium  dense  to  dense  sands  and  gravels  are 
assumed  to  behave  in  a  similar  fashion. 
Unfortunately,  for  many  large  structures, 
verification  of  this  elastic  behavior  and 
subsequent  backcalculation  of  the  appropriate 
elastic  parameters  are  often  not  completely 
successful,  even  where  settlement  is  care¬ 
fully  monitored.  This  is  because  of  various 
factors  such  as  an  unknown  amount  of  heave 
during  foundation  excavation  (particularly 
for  deep  structures),  uneven  load  distri¬ 
bution  across  the  structure,  unclear  correla¬ 
tion  of  construction  progress  and  foundation 
loading,  or  a  complex  soil  profile.  This 
paper  presents  the  results  of  settlement 
monitoring  of  two  tall  chimney  foundations 
where  there  was  negligible  excavation  heave, 
axi-symmetric  loading,  accurate  correlation 
of  construction  progress  and  foundation 
loading,  and  a  reasonably  homogeneous  soil 
profile.  The  linear  nature  of  the  load 
versus  settlement  relationship  is  demon¬ 
strated,  and  the  computed  elastic  properties 
of  the  foundation  soils  are  presented. 

CHIMNEY  AND  FOUNDATION  SOIL  DETAILS 

Case  1:  Chimney  on  Clay 

The  475-foot-high  brick-lined  concrete 
chimney  has  a  total  weight,  including  the 
pedestal  and  base,  of  almost  14,000  kips, 
resulting  in  a  gross  static  bearing  pressure 
of  3.2  kips  per  square  foot  (ksf ) .  Details 
of  the  chimney  dimensions  and  loads  are  shown 
in  Table  1. 

The  chimney  is  constructed  on  an  octagonal 
mat  founded  8  feet  below  original  grade  on 
overconsolidated  highly  plastic  clay  known  as 
the  Beaumont  Clay  Formation.  These  clays, 
deposited  during  the  early  Wisconsin  glacial 
stage,  are  part  of  the  Pleistocene  age 


terrace  that  extends  from  the  Rio  Grande  to 
the  deltaic  plain  of  the  Mississippi  River. 

As  a  result  of  exposure  to  weathering  later 
in  the  glacial  stage,  when  the  sea  level  was 
approximately  400  feet  lower  than  it  is 
today,  the  clay  is  overconsolidated  due  to 
desiccation.  The  minimum  preconsolidation 
pressure  estimated  from  consolidation  tests 
on  the  site  soils  was  6  ksf. 

A  log  of  the  foundation  soils  at  the  plant 
site  together  with  a  profile  showing  various 
soil  parameters  is  shown  in  Fig.  1.  The 
Initial  20  feet  of  clay  beneath  the  founda¬ 
tion  mat  contained  several  thin  non-con- 
tinuous  sand  layers.  Undrained  shear 
strength  readings  based  on  pocket  penetro¬ 
meter  tests  made  on  clay  samples  extruded  in 
the  field  averaged  2.5  ksf  to  a  depth  of 
about  30  feet  below  the  foundation.  There 
was  a  large  scatter  in  the  results,  reflect¬ 
ing  both  the  method  of  strength  measurement 
and  the  crustal  nature  of  the  upper  material. 
Many  of  the  soil  samples  from  this  zone  that 
were  subjected  to  unconfined  compression 
testing  in  the  laboratory  exhibited  a  slicken- 
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Fig  1.  Typical  Profile  -  Case  1 


1309 


sided  structure,  and  gave  somewhat  lower 
recorded  strengths.  On  a  sitewide  basis,  the 
average  undrained  shear  strength  computed 
from  unconfined  compression  tests  was  only 
about  60  percent  of  that  estimated  with  the 
pocket  penetrometer.  The  material  below  the 
upper  zone  was  fairly  homogeneous,  very  stiff 
to  hard  plastic  clay,  with  an  average  un- 
araineu  -l.eai  screi.jth  r,"-  ut  5  k-  T  «sstl 
mated  from  pocket  penetrometer  readings. 
Groundwater  was  very  close  to  the  surface. 

Case  2 :  Chimney  on  Sand 

The  350-foot-high  concrete  chimney  has  three 
steel  flues.  The  total  weight,  including  the 
foundation,  is  almost  7,000  kips  resulting  in 
a  gross  static  bearing  pressure  of  2.4  ksf. 
Details  of  the  chimney  dimensions  and  loads 
are  shown  in  Table  1. 


TABLE  I .  Chimney  Dimensions  and  Loads 


Case  1 

Case  2 

Base  Mat  ar.d 

Base  elevation,  feet 

12,5 

69.5 

Pedestal 

Final  grade,  feet 

23,0 

75.0 

Ili.T.e:i3;cr.s 

Original  grade,  feet 

20.4 

70.0 

Thickness  of  base  mat.  feet 

5.5 

6.5 

Thickness  of  pedestal,  feet 

72. 

0-0 

54.0^^' 

Width  of  base  mat,  feet 

Area  of  base  mat.  3q,  feet 

4290 

2916 

Equivalent  base  mat  diameter,  feet 

73.9 

61.0 

Concrete 

Height  Of  chimney,  feet 

475 

350 

Shell 

Outside  diameter  at  base,  feet 

39. 2S 

29.6 

D;rrensions 

Thickness  at  base,  inches 

18.0 

20.0 

Outside  diameter  at  top.  feet 

22.3 

25.6 

Thickness  at  top,  inches 

a.o 

6.0 

Outside  diameter  at  base,  feet 

21.6 

7.S 

Clx.ensions 

Thickness  at  base,  inches 

13.0 

0.31 

Outside  dia.meter  at  top.  feet 

15.7 

7.5 

Loads  and 

Thickness  at  top.  inches 

Oeedweight  of  base,  pedestal  and 

6.0 

0.31 

Pressures 

chimney,  kips 

13.810 

6,940 

Cross  static  bearing  pressure,  ksf 
Deadweight  of  chimney  (shell  & 

3.2 

2.4 

liner) ,  kips 

Static  bearing  pressure  from 

9.220 

4. 100 

chimney,  ksf 

2.15 

1.4 

Wind  shear  at  chimney  base,  kips 

Wind  moment  at  chimney  base, 

486 

256 

kip- feet 

110.275 

48.000 

{1}  Case  1  has  octagonal  mat;  width  is  distance  between  fiats. 

(2]  Case  2  has  square  mat. 

(3)  Case  1  has  single  brick  liner;  Case  2  has  3  separate  steel  flues. 


30.  Groundwater  was  located  at  El.  68  feet, 
msl . 
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Fig.  2  Typical  Profile  -  Case  2 


SETTLEMENT  ESTIMATE 

The  purpose  of  estimating  foundation  settle¬ 
ment  is  to  determine  if  the  structure  under 
consideration  will  be  stable  and  perform  its 
intended  function  within  the  predicted  range 
of  deformation.  This  is  particularly  impor¬ 
tant  for  tall  chimneys  where  even  a  small 
differential  movement  at  the  base  can  result 
in  significant  lateral  movement  at  the  top. 

One  standard  procedure  used  to  determine 
elastic  settlement  is  to  estimate  the  elastic 
modulus,  E,  of  the  foundation  material  and 
then  utilize  any  one  of  several  elastic 
equations  available  for  settlement  computa¬ 
tion.  Alternatively,  we  can  rely  on  charts, 
based  on  past  experience,  relating  SPT 
N-values  to  observed  settlements  (Peck, 

Hanson  and  Thornburn,  1974) .  Both  methods 
are  widely  used  and  accepted.  The  only  major 
unknown  in  the  evaluation  is  the  stiffness  or 
the  elastic  modulus. 


The  chimney  is  constructed  on  a  square  mat 
founded  about  7  feet  below  the  ground  surface 
on  medium  dense  sands  and  gravels.  These 
materials  are  of  glacial  derivation,  depos¬ 
ited  predominantly  as  a  result  of  glaciation 
during  the  late  Pleistocene  epoch.  Bedrock 
beneath  the  soils  is  part  of  the  Southeastern 
New  England  Platform  Geologic  Province,  and 
consists  of  the  Dedham  granodiorite  of 
late-Precambran  age. 

A  log  of  the  foundation  soils  at  the  chimney 
location  with  pertinent  soil  parameters  is 
shown  on  Figure  2.  Essentially,  the  medium 
to  dense  fine  to  coarse  sand  and  gravel  can 
be  assumed  to  form  a  continuous  layer,  with 
occasional  thin  silt  layers  and  numerous 
cobbles  and  boulders.  The  original  ground 
surface  was  at  about  elevation  70  feet,  msl, 
and  the  top  of  rock  was  about  El.  42  feet, 
msl,  ie  about  28  feet  of  sand  and  gravel. 
Neglecting  the  upper  5  feet  of  in-situ  soil 
(it  was  recompacted  during  construction)  the 
SPT  N-values  range  from  8  to  over  50  blows 
per  foot  with  an  an  average  value  of  about 


The  elastic  modulus  can  be  measured  or 
estimated  in  several  ways.  For  clays,  it  is 
common  to  relate  E  to  the  undrained  shear 
strength,  s  .  A  large  range  of  E/s  ratios 
has  been  reported  in  the  literature^  from  as 
low  as  50  (Skempton,  1951)  to  as  high  as  2500 
(D'Appolonia  et.  al.,  1971).  The  ratio 
depends  on  the  plasticity,  loading  history, 
type  of  clay  and  the  type  of  laboratory  or 
field  test  used  to  determine  E  and  s  .  For 
sands  E  is  frequently  related  to  the'^results 
of  field  tests  such  as  the  SPT,  cone  penetra¬ 
tion  tests  (CPT),  pressuremeter  tests, 
dilatometer  tests,  or  plate  bearing  tests. 

The  authors  have  had  good  results  relating  E 
to  SPT  N-values.  The  advantages  of  the  SPT 
are  that  it  is  simple  and  widely  used.  The 
well-documented  disadvantages  are  that  the 
results  are  not  reproducible  due  to  inevita¬ 
ble  variations  in  equipment,  the  drilling 
crew  and  the  soil  being  sampled. 

For  the  original  estimate  of  the  elastic 
settlement,  it  was  assumed  the  foundation 
soils  at  both  sites  were  homogeneous  within 
the  zone  of  influence,  H  =  5B  for  Case  1  and 


1310 


H  =  the  thickness  of  sand  over  rock  for 
Case  2.  Although  other  elastic  equations 
were  used  in  the  original  analyses,  veiy 
similar  results  were  obtained  using  the 
following  recently  published  equation 
(Bowles,  1987): 

s  =  4qB-  I3  If  (1) 

where  s  =  Settlement  at  the  center  of  the 
foundation 

q  =  Net  applied  static  bearing 
pressure 


TABLE  II. 

Parameters  for  Settlement 

Computation 

Parameter 

Case  1 

Case  2 

q,  ksf 

2 . 15 

1.40 

B '  ,  feet 

32.75  (equivalent  square) 

27 

ij 

C.  '7 

0-30 

ksf 

1500 

1260 

I 

0.50 

0.22 

s 

If 

0.97 

0.73 

B’  =  B/2  =  Half  the  width  of  the 
foundation  mat 

=  Poisson's  ratio 

E  =  Modulus  of  elasticity 

I  =  Influence  factor  depending  on  the 
shape  of  the  foundation 

If  =  Influence  factor  depending  on  the 
foundation  embedment 

The  actual  values  used  in  the  analyses  for 
Cases  1  and  2  are  summarized  in  Table  2.  The 
results  show  that  the  chimney  in  Case  1  would 
settle  about  0.9  inches  and  the  chimney  in 
Case  2  would  settle  about  0.2  inches. 

SETTLEMENT  MONITORING  RESULTS 

Case  1:  Chimney  on  Clay 

Settlement  markers  were  installed  on  the 
north,  south,  east  and  west  edges  of  the 


chimney  pedestal  before  the  chimney  construc¬ 
tion  started.  The  net  pressure  exerted  by 
the  octagonal  mat  foundation  and  the  pedestal 
was  about  0.35  ksf,  enough  to  recompress  any 
heave  due  to  the  foundation  excavation,  but 
not  sufficient  to  cause  more  than  about 
1/8  inch  of  net  settlement.  Thus,  we  can 
assume  that  no  significant  net  settlement 
took  place  prior  to  the  start  of  settlement 
monitoring  or  chimney  construction  and  that 
the  weight  of  the  mat  foundation  and  pedestal 
can  be  neglected  when  considering  correlation 
between  measured  load  and  settlement. 

The  chimney  was  constructed  in  two  stages. 

The  concrete  shell  was  poured  to  a  height  of 
472.5  feet,  and  then  the  inner  brick  liner 
was  placed  up  to  475  feet  height.  Using  the 
chimney  designer's  quantities,  a  correlation 
between  chimney  height  and  static  bearing 
pressure  was  produced.  This  correlation  was 
used  to  develop  plots  of  chimney  settlement 
and  load  versus  time,  and  chimney  load  versus 
settlement,  as  shown  on  Figures  3  and  4. 
Settlement  was  measured  optically,  generally 


ELAPSED  TIME  SINCE  START  OF  CHIWTET  SHELL  CONSTRUCTION.  WEEKS 


0  *  a  12  16  20  24  2a  32  36  40  44  46  32 
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AMOUNT  Of  TOTAL  LOAD 


loot 


AMOUNT  OF  TOTAL  CHIMNEY  DEAD  LOAD 


0  101  201  301  101  SOI  SOI  Tot  SOI  90t 


Fig.  4  Chimney  Load  Versus  Settlement 


once  per  week  after  the  shell  height  had 
reached  about  75  feet. 


Case  2:  Chimney  on  Sand 


Three  settlement  markers  were  installed  on 
the  top  of  the  base  mat,  each  120  degrees 
apart.  The  net  pressure  of  1  ksf  exerted  by 
the  mat  foundation  is  essentially  the  same  as 
the  gross  pressure  since  the  bottom  of  the 
mat  is  within  one  foot  of  the  original  ground 
surface.  The  markers  were  cast  in  the 
foundation  base  mat.  However,  the  initial 
survey  was  not  made  until  3  weeks  after  the 
base  mat  was  buried.  Thus,  if  the  sands  and 
gravels  behave  elastically,  we  can  assume 
that  settlement  due  to  the  base  mat  was  not 
measured,  and  the  weight  of  the  mat  should  be 
neglected  when  considering  the  measured  load 
versus  settlement  values. 


The  chimney  was  constructed  in  two  stages. 

The  concrete  shell  was  placed  to  a  height  of 
350  feet,  followed  by  each  of  the  three  steel 
liners.  Using  loading  provided  by  the 
chimney  designer,  a  relationship  between 
chimney  height  and  static  bearing  pressure 
was  developed.  This  was  used  in  the  plots  of 
chimney  settlement  and  load  versus  time  and 
chimney  load  versus  settlement,  as  shown  on 
Figures  3  and  4. 

Settlement  was  measured  optically,  generally 
every  two  weeks  during  chimney  construction 
and  at  one  month  intervals  during  liner 
installation. 


ANALYSIS  OF  MEASURED  SETTLEMENT 


The  results  of  the  settlement  monitoring  are 
shown  on  Figures  3  and  4.  Five  observations 
can  be  made  from  these  figures. 

o  the  load  versus  settlement  curve  is 
almost  linear, 

o  there  was  little  differential 

settlement, 

o  there  was  an  immediate  response  of 
settlement  to  load  increase, 
o  settlement  ceased  as  soon  as 
loading  was  completed,  and 
o  long  term  creep-type  settlement  was 

not  observed  in  the  period  follow¬ 
ing  chimney  completion. 


These  results  confirm  that  the  foundation 
soils  at  boti.  sites  behaved  in  an  almost 
elastic  manner  within  the  loading  range 
applied,  i.e.,  strain  in  -he  soil  was  almost 
proportional  to  the  applied  sti.3  =.  Conse¬ 
quently,  the  elastic  modulus  of  the  founda¬ 
tion  soil  can  be  hackcalculated  from  these 
results  and  compared  with  the  values  used  in 
the  original  settlement  estimate  and  other 
puolisl.ad  V  .luea. 


Case  1 :  Chimney  on  Clay 


The  value  of  elastic  modulus  backcalculated 
using  equation  (1)  and  the  maximum  measured 
settlement  of  0.95  inches  is  1390  ksf.  This 
value  is  based  on  the  assumption  that  the 
Beaumont  Clay  has  a  constant  elastic  modulus 
value  with  depth,  at  least  to  a  depth  of  5 
times  the  width  of  the  mat.  However,  as 
noted  earlier  and  shown  in  Figure  1,  although 
the  foundation  soils  are  fairly  homogeneous 
within  the  zone  of  influence  of  the  chimney 
foundation,  the  30  feet  of  soil  immediately 
below  the  foundation  mat  has,  on  average, 
only  about  one  half  the  strength  of  the 
underlying  clays.  It  can  therefore  be 
reasonably  assumed  that  the  elastic  modulus 
of  the  upper  soils  will  be  about  half  of  that 
of  the  lower  soils.  To  estimate  these  values 
of  elastic  modulus,  the  following  basic 
stress-strain  equation  can  be  used. 


(2) 


where  n  =  Number  of  layers  considered 
beneath  the  foundation 
h  =  Thickness  of  each  layer 
p  =  Average  applied  stress  in  each 
layer. 

To  obtain  p,  three  stress  distribution  curves 
below  the  foundation  were  computed,  namely 
the  stresses  under  the  center  and  edge  of  a 
rigid  circular  footing,  and  the  average 
stress  beneath  a  circular  flexible  foundation 
(Muki  1961,  Ahlvin  and  Ulery  1962).  Since 
the  chimney  foundation  incorporates  all  of 
these  cases  to  some  degree,  the  assumed 
average  stress  distribution  was  obtained  by 
averaging  the  three  curves.  The  layer 
thickness  H  was  chosen  as  B/4.  The  stress  at 
the  center  of  each  layer  was  computed  as  a 
percentage  of  the  applied  static  bearing 
pressure  in  successive  layers  below  the 
foundation  to  a  depth  of  2B  (approximately 
150  ft)  below  the  foundation;  at  that  depth, 
the  stress  level  was  less  than  10%  of  the 
foundation  pressure  and  it  was  assumed  that 
the  settlement  due  to  soil  below  2B  was  10% 
of  the  total  settlement.  The  value  of 
elastic  modulus  computed  using  equation  (2) 
was  900  ksf  for  the  upper  30  ft  of  clay 
beneath  the  foundation,  and  1800  ksf  for  the 
underlying  clay.  If  equation  (2)  is  used 
assuming  the  foundation  soil  to  be  homoge¬ 
neous,  the  computed  average  elastic  modulus 
is  about  1300  ksf,  in  good  agreement  with  the 
values  computed  using  equation  (1). 

It  is  apparent  that  the  average  values  of 
elastic  modulus  E  of  1300  to  1400  ksf  back- 
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calculated  from  the  settlement  readings  using 
the  elastic  settlement  equation  are  close  to 
the  E  value  of  1500  ksf  assumed  in  the 
settlement  prediction  analysis.  This  is  not 
surprising  since  E  =  1500  ksf  was  based  on  an 
average  interpreted  E/s  ratio  computed  from 
numerous  case  histories^of  mat  foundations  on 
Beaumont  Clay  by  Williams  and  Focht  (1982). 

The  Williams  and  Focht  E/s  ratios  were 

'  u 

mp-inly  from  urr  rtn^n  1  1  da  ted-imdra  i  red 

triaxial  and  unconfined  compression  test 
results.  Using  the  unconfined  compression 
strength  of  the  clay  measured  in  the  present 
case  (about  60  percent  of  the  strength 
estimated  from  pocket  penetrometer  readings) 

we  obtain  an  E/s  ratio  uased  on  E  back- 
'  VI 

calculated  from  equation  (2)  or  about  600. 
Case  2 :  Chimney  on  Sand 

The  value  of  elastic  modulus  backcalculated 
using  equation  (1)  and  the  maximum  measured 
settlement  of  0.25  inches  is  about  1066  ksf 
which  compares  favorably  with  the  assumed 
value  of  1260  ksf.  Several  authors 
(D' Appolonia,  et.  al.  1970,  Parry  1971, 
Yoshida  and  Yoshinaka  1972,  Bowles  1987)  have 
related  E  to  SPT  N-values,  and  Schmertman 
(1970,  1978)  has  related  E  to  CPT  and  CPT  to 
N-value.  The  results  are  sh^wn  in  Table  3. 


ratio  backcalculated  from  the  measured 
settlements  was  600,  while  for  the  sands  and 
gravels,  the  backcalculated  E/N  ratio  was  36. 
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soil  column  beneath  the  chimney,  we  estimate 
the  elastic  modulus  E  to  be  about  36N  ksf 
based  on  actual  settlement  measurements. 

This  compares  well  with  the  relationships 
proposed  by  D'Appolonia  1970,  Yoshida  and 
Yoshinaka  1972,  and  Schmertman  1970,  1978. 

CONCLUSIONS 

The  total  settlements  recorded  for  the  two 
chimneys  were  close  to  the  predicted  values. 
Maximum  differential  settlements  in  both 
cases  were  very  small.  Settlements  during 
construction  were  almost  linearly  related  to 
the  applied  loads,  thus  verifying  the  approx¬ 
imately  elastic  behavior  of  the  medium  dense 
to  dense  sands  and  gravels,  and  the  Beaumont 
Clay  at  loading  levels  well  below  the  precon¬ 
solidation  pressure.  The  cases  presented 
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literature.  For  the  Beaumont  Clay,  the  E/s 
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ABSTRACT 

The  Logdii  .Soction  ot  che  City  of  Philadclr  'a,  that  encompasses  17  city  blocks  and  includes  997  "row 
type"  dwellings,  was  constructed  in  the  early  1900s.  It  is  reported  that  settlement  of  these 
structures  has  continued  since  their  construction.  In  1986,  a  Geotechnical  Investigation,  commis¬ 
sioned  by  the  Citv  of  Philadelphia,  revealed  that  a  total  of  two  to  three  feet  of  settlement,  with  as 
much  as  one  tc  feet  of  differential  settlement,  has  taken  place.  Recent  measurements  indicated 

that  settlement  is  still  in  progress.  This  settlement  has  resulted  in  severe  structural  damage  and, 
in  some  cases,  collapse  of  the  buildings.  One  hundred  (100)  homes  have  been  declared  imminently 
dangerous,  liO  homes  have  been  declared  dangerous,  and  che  remaining  homes  are  considered  moderately 
damaged.  This  ]3aper  discusses  t.  he  probable  causes  of  settlement,  and  evaluates  the  geotechnical 
characteristics  and  properties  of  the  ash  and  cinders.  These  characteristics  are  considered  the 
pr'mc  cause  of  the  problem  at  the  I.ngan  Section. 


INTRODUCTION 


Lippincott  Engineering  Associates  (LLAj  ’-'as  re¬ 
tained  by  the  City  of  Philadelphia,  in  the 
Spring  of  1986,  to  investigate  the  settlement 
problems  of  the  Logan  Seetj. ori  of  Philadelphia. 
The  purposes  of  the  investigation  were  to  deter¬ 
mine  the  causes  of  settlement,  to  make  recommen¬ 
dations  CO  arrest  the  settlement,  and  to  provide 
remedial  measures  to  rehabilitate  the  structural 
distress.  (Figure  1  Indicates  typo  of  differ¬ 
ential  settlement) 


Figure  1  -  House  located  at  920  Wyoming  Avenue 


SITE  HISTORY 

A  study  of  historic  maps  indicated  that  the 


site  is  a  reclaimed  valley  of  the  old 
Wir.gohocking  Creek,  which  crossed  rlie  area  in 
the  early  1900s.  As  part  of  the  Logan  Section 
Development,  the  stream  was  contained  in  a  17 
foot  diameter  brick  storm  sewer  and  the  valley 
was  filled  with  dpiiroyimatftiv  'jO  feet  loose 

ash  and  cinders.  The  dwellings  were  sapport<^d 
within  the  loose,  uncontroi’  d,  unengincered 
fill  on  shallow  foundations.  Construction  of 
all  dwellings  was  completed  by  1920.  There 
appears  to  be  no  evidence  at  this  time  indicating 
that  the  stream  is  flowing. 


GEOLOGIC  SETTING 

The  site,  which  is  located  on  Roosevelt 
Boulevard  in  northeast  Philadelphia,  is  under¬ 
lain  by  metamorphic  bedrock  of  the  Wissahickon 
Schist  formation.  In  general,  the  natural  soil 
overlying  the  bedrock  consists  of  residual  soil 
and  decomposed  mica  schist. 


SUBSURFACE 

CONDITIONS 

AT  THE  SITE 

A  total 

o  f 

3  8  test 
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c  X  r  c 
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the  site  is  co\cr 

c  d  with 
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0  f 

loose  ash  and 

c  i  nd 
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soil  and  decomposed  m 

i  c  a 

schist  , 

Based  on 

test 

boring  result 

s  ,  t 

h  0 

following  describes  the  on-site  miucrials. 

Fill  (F) 

A  layer  of  groy-bJack  ash  and  cinders  cover  ih< 
entire  site  and  extends  from  zero,  at  the  edge 
of  the  old  creek  valley,  to  40  toot  at  the 
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at  the  center  of  the  old  valley.  The  ash  and 
cinders  fill  were  found  to  be  in  an  extremely 
loose  condition,  with  blow  counts  of  less  than 
six  per  foot  and  densities  of  55  to  60 

{bounds  per  cubic  feet,  being  typical  of 
conditions  found. 

Recent  Allu\-lal  Layer  (RA) 


on¬ 
stream, 
c  o  n  - 


A  recent  alluvial  layer  was  occasionally 
countered  ^  u  ~  old 

The  layer  was  two  to  five  feet  thick  and 
sisted  of  sand,  gravel  and  silty  clay. 

Residual  Soil  (RS) 

Micaceous  medium-stiff  clay  layers,  formed  bv 
weathering  of  the  mica  schist  bedrock,  underlie 
the  fill.  The  layers  ranged  in  thickness  from 
lO  to  15  feet. 

Decomposed  Rock  and  Bedrock  (DR&R) 

Those  were  the  last  formations  encountered  in 
the  borings.  RQD  of  mica  schist  bedrock  ranged 
from  7  CO  30%  in  the  areas  where  rock  core« 
were  recovered.  (Figure  2  presents  a  general 
geologic  section  across  the  valley) 


LOGAN  PlULIEr/n 


M 


A“A 


TESTS  CONDUCTED 

In  order  to  determine  the  relevant  engineering 
characteristics  of  the  fill  materials,  the 
following  types  of  tests  were  conducted: 

1  -  Laboratory  Tests 

2  -  Laboratory  Model  Tests 

3  -  Field  Tests 

Laboratory  T e  s  t  s 

This  phase  of  testing  consisted  of  Conventional 
Index  and  Mechanical  Properties  Tests,  X-Ray 
Defraction,  Chemical  Testing,  and  Pin  Hole  Test 
(to  study  piping  potential). 

Evaluation  of  the  laboratory  test  results  re¬ 
vealed  the  following  were  characteristics  of  ash 
and  cinders  fill: 

1  -  The  grain-size  of  ash  and  cinders  resemble 

well  graded  sand  and  gravel  with  17  to  30% 
fines.  (See  Figure  3.) 


i  *  i  t  t  '  \  t k 

u.ftSTO  Vt«t  '<•  u»  vr.NCMAO  NbMMD* 


Mn.uiM6TeH» 


Figure  3  -  Envelope  of  gradation  analysis  on 
Ash  and  finders 

2  -  ’’‘he  shear  strength  of  loose  ash  and 
cinders  is  similar  to  that  of  loose  granular 
materials.  However;  a  greater,  noticeable, 
drastic  reduction  of  shear  strer:c*'h  can  be 
caused  by  flowing  water. 


Figure  2  -  Geologic  Section 


3  -  The  maximum  dry  density  is  88  PCF; 
minimum  density  is  55  PCF. 

4  -  The  specific  gravity  is  2.4. 


the 


REVIEW  OR  LITERATURE 

In  order  to  determine  the  probable  causes  and 
mechanisms  for  structural  distress,  the  engi¬ 
neering  properties  of  ash  and  cinders  have  to 
be  determined.  A  review  of  literature  Indicated 
that  some  work  has  been  done  in  this  area.  It 
was  noted  that  the  engineering  properties  of 
these  materials  were  influenced  by  the  chemical 
components  which  varied  from  source  to  source. 
Hence,  It  was  diclded  to  conduct  laboratory  and 
field  tests  on  the  on-slte  materials. 


5  -  The  consolidation  characteristics  are  the 
same  as  granular  soil  coefficient  of  consoli¬ 
dation  of  one  square  foot  per  day  was  obtained. 
(See  Figure  4) 

6  -  Ash  and  cinders  are  non-plastic  materials 

7  -  Loose  ash  and  cinders  arc  highly 
dispersive;  compacted  ash  and  cinders  are  not 
dispersive  . 

8  -  The  X-ray  defraction  indicated  the 
primary  constituent  elements  of  the  ash  and 


cinders  are  Al,  Ca,  Fc,  and  Si.  Thiity-four 
percent  of  the  sample  was  soluble  in  strong  acid; 
4*  was  soluble  in  tap  water;  howe\'cr,  10^^  was 
soluble  in  weak  acidic  solution.  (pH  of  4) 

t.l»»lMC0TT  CNaiNCERiNS  ASSOCIATES 


Fie  u  re  4  -  consolidation  curve  on  Ash 

and  Cinders  near  minimum  density. 

Laboratory  Model  Test 

Based  on  the  laboratory  test  results,  it  was 
felt  that  greater  loss  by  piping,  rather  than 
wor.solidation,  i*  the  cause  of  the  continuous 
settlement.  To  study  this,  a  laboratory  model 
was  built  and  consisted  of  a  3  x  3  x  3  foot  tank. 
A  foot  high  layer  of  loose  ash  and  cinders  was 
placed  in  the  bottom  of  the  tank.  The  tank, 
then,  was  flooded  several  times  with  about  one 
foot  head  of  water.  After  the  first  flood,  a 
reduction  of  29%  in  volume  was  noticed.  No 
further  reduction  was  noted  with  further 
flooding.  A  second  experiment  was  performed  to 
study  the  piping  potential  of  ash  and  cinders. 

In  this  experiment,  a  two  inch  diameter  PVC  pipe 
was  buried  in  the  middle  of  a  two  foot  layer  of 
ash  and  cinders.  The  pipe  was  perforated  with 
3/8  inch  holes  at  six  inch  intervals,  for  the 
entire  length  of  the  pipe.  Water  was  allowed  to 
flow  within  the  ash  and  cinder  material.  After 
one  hour,  the  buried  pipe  was  about  half  full  of 
ash  and  cinders. 

Field  Plate  Load  Bearing  Tests 

To  study  the  shear  strength  of  the  ash  and 
cinder?  and  the  effect  of  water  on  shear  strength, 
a  plate  load  test  was  performed  on  ash  and 
cinders  in  a  test  pit  excavated  to  a  typical 
foundation  level.  Standard  plate  load  test 
procedures  were  followed  with  bearing  pressure 
increased  to  2000  PSF  (estimate  building 
bearing  pressure).  After  one  hour  at  2000  PSF, 
a  total  settlement  of  approximately  one  inch  was 
measured.  To  study  the  effect  of  water  on  the 
ash  and  cinders  fill,  the  plate  load  test  pit 
was  flooded  with  a  foot  head  of  water,  while  the 
maximum  bearing  pressure  was  maintained  on  the 
plate;  instantaneously  as  water  was  introduced 
into  the  test  pit,  the  plate  sunk  four  inches  in 
the  ash  and  cinders.  A  complete  "loss  of 
foundation  supporting  capability"  was  noted. 


DISCUSSION  OF  TEST  RESULTS 

Based  on  the  field  and  laboratory  testing,  these 
major  observations  were  made; 

1  -  Primary  consolidation  of  t.  he  loose  ash  and 
cinders  probably  resulted  in  four  to  twelve 
inches  of  settlement;  howe\’er,  settlement  was 
completed  within  12  to  24  months. 

2  -  Despite  two  to  three  feet  of  measured 
settlement,  ash  and  cinders  remain  in  a  very 
loose  state. 

These  two  facts  led  us  to  rule  out  consolidation 
as  a  reason  for  continuous  settlement.  This, 
coupled  with  the  result  of  the  model  testing  and 
t]\e  pin  hole  test,  led  us  to  believe  that  ground 
loss  by  piping  is  the  primary  cause  of  the 
continuous  settlement. 


Our  further  investigation,  which  included 
utility  and  city  sewer  line  inspections  a 
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SEQUENCE  OP  EVENTS  LEADING  TO  THE  STRUCTURAL 
DISTRESS 

Based  on  the  discussion  of  the  test  results,  the 
following  is  the  probable  sequence  of  events 
leading  to  structural  distress  in  the  dwellings: 

1  -  Initial  settlement  of  four  to  twelve 
inches  was  experienced  under  the  weight  of  the 
structures. 

2  -  This  settlemtnt  lesulted  in  breakage  and 
opening  of  the  joints  in  the  underground  cast 
iron  and  terra  cotta  utility  pipes. 

3  -  Leakage  of  water  from  damaged  pipes  lead 
to  continuous  loss  of  shear  strength  of  ash  and 
cinders,  leading  to  further  breakage  and  opening 
of  utilities. 

4  -  Ultimately,  openings  were  large  enough  to 
allow  piping  to  take  place. 

We  expert  the  subsidence  to  continue  indefinitely 
until  repair  work  is  done  and  all  routes  for 
piping  are  eliminated. 


BUILDING  DAMAGE 

The  two  to  three  feet  of  total  settlement  and 
the  one  to  two  feet  of  differential  settlement 
In  the  Logan  Section  has  lead  to  severe  damage 
to  properties  and  has  rendered  some  of  the 
dwellings  unsafe  for  occupancy.  Three  major 
types  of  distress  resulted  from  the  severe 
differential  settlement;  functional,  structural, 
and  architectural. 

Functional  Distress 

This  type  of  distress  rendered  several  elements 
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P  h  i  1  d  e  1  p  h  i  ti  .  The  a  s  s  i  s  t  d  n  c  e  of  the  c  i  :  y  d  c?)  .j  r  t  - 

m  e  II  t  heads  and  |.'  a  r  t.  i  e  u  1  *1  r  1  v  ,  c .  i  Mr.  D  d  v  i  d  h  . 

Wismer,  DepuLv  Conimissioner  of  UI.  I,  is  greatly 
appreciated.  The  writers  also  a  p  i  >  r  e  c  i  a  t  c  the 
V  a  1  u  b  1  e  comments  ipN'  Mr.  Charles  S  u  i  j  >  h  c  n  i  f 
L  i  pp  i  nc  n  t  t  E  n  g  i  n  e  c  r  i  i'.  g  A  s  s  o  c  i  a  r  e  s  .  S  pe  c  i  <j  1 

thanks  also  to  Mr.  D  ti  s  an  J  o  \‘  a  n  o  i  c  and  .i  r  y  A  n  n 

Kozachenko,  and  'larol  Adams,  all  of  oipp-.niotr 
engineering  Associates  f  o  i  i  h  e  i  r  a  s  s  i  s  t.  a  i ;  e  on 
this  paper. 


d  e  ere  d  i  t  :  •••  r  o  :  i  1  o  •  '  1  e  o  n  i  made  1  i  v  i  n  g  i  n  Ui  e 
h  o  m  e  s  e  o  r  a  i  *  '  .  T  i;  1  s  type  of  distress  can 

be  «:  o  r  r  e  t  o  d  . 

S  r,  r  u  t  t:  r  a  L  His?  r  e  s  s 

Based  r>  tt  ^  h  c  n.  t  r  u  c  t  ti  r  a  1  damage  evaluation  of  the 
Logan  e  -  t  I  o  t',  dwellings,  100  homes  were  declared 
i  m  m  i  n  o  n  t  1  V  dangerous.  These  homes  were  e  a  c  u  a  t  - 
e  d  ivy  f  it  c  c  i  t.  v  .  0  r.  e  it  u  it  d  r  e  d  and  ten  (120)  homes 

were  declared  d  a  n  g.  e  r  o  n  -t  .  It  was  recommended 
that  i  it  o  s  e  itomes  be  r  e  !t  a  t;  i  1  i  t  a  t  e  d  or  demolished 
b  e  f  (■>  r  e  r  o  a  c  h  i  it  g  *.  It  e  Imminently  dangerous  stage. 
The  r  0  m  :i  t  r,  d  0  r  n  •'  the  hones  were  moderately 
d  a  rt  g  e  r  c;  t.i  s  a  i :  d  :  it  need  ^  n  b  i  1  i  t  t  i  o  n  before 

they  p  r  o  vt  r  c  s 't  e  d  r  r  o  m  d  a  n  g  emus  to  i  m  m  i  n  e  n  t  1  y 
danger  C'  u  s  . 

A  r  c  h  :  :  e  ^  t  u  r  a  1  Tm  s  t  r  e  s  s 

The  h  o  n;  c  s  in  t  rt  e  area  1  s  u  a  I  1  y  exhibited  the 
5  e  ere  d  i  s  i  i  e  s  s  w  h.  i  c  it  the  structures  had  e  n  d  u  r  cd 
Mitst  of  the  it  ones  arc  loaning  and  tilting  d  ratio  t  ■ 
1  c  1  1  y  toward  e  a  c  it  f  )  t  it  e  r  .  Recent  technological 
advances  can  be  implemented  to  arrest  further 
deterioration  and  por.  sii)ly  eliminate  further 
movement;  however,  because  of  the  age  of  the 
properr..es  and  the  way  in  which  the  homes  were 
constructed,  there  are  no  methods  by  which  these 
homes  can  1)“  made  level  ,  No  matter  how  much 
money  is  spent  on  rehabilitation,  the  esthetics 
f>  f  t  i":  e  area  will  remain  as  is 


CONCLUSION  AND  RECOMMENDATIONS 

Emm  an  economical  standpoint,  the  cost  of  re¬ 
habilitation  '-f  the  homes  will  probably  outweigh 
the  present  '/aluo  of  tiie  structures;  however,  as 
Engineo's,  wc  feel  that  the  following  steps,  if 
adapted,  'will  arrest  further  deterioration  and 
settlement  of  the  homes. 

It  i;,  our  opinion  that  ground  loss  and  migration 
of  ash  and  cinders  bv  f)iping  can  be  reduced 
drastically  by  rehabilitating  the  underground 
utilities  for  all  structures  in  the  area.  Re¬ 
habilitation  of  the  city  sewers  and  an  increase 
in  the  number  o (  drain  inlets  in  the  streets 
would  reduce  the  potential  for  flooding  and 
greatly  reduce  runoff  infiltration.  However, 
due  to  the  int.  rcase  in  seismic  activities  in  the 
Philadelpfiia  area  in  tltc  recent  past,  and  due  to 
unforsecablc  wc.ithor  cfinditions,  recommendations 
were  given  to  underpin  all  the  houses  that  will 
be  rehabilitated  using  pin  piles  extending  to 
b  e  d  r  k  surface. 
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SYNOPSIS:  Temporary  tied  anchor  retaini.ig  walls  have  been  used  extensively  where  deep  excavations 
are  required.  However,  permanent  tied  mchor  retaining  walls  to  provide  lateral  support  along  one 
side  of  a  multi-story  building  are  seld  im  utilized.  The  wall  was  monitored  for  deflection  and  tie 
load  changes  during  and  after  construction.  A  partial  detensioning  program  was  instituted  in  order 
to  maintain  the  design  stresses. 


INTRODUCTION 

To  meet  site  conditions  and  to  provide  for  eco¬ 
nomical  and  flexible  interior  space,  lateral 
support  for  a  seven-story  office  building  was 
provided  by  an  integral,  tied  anchor  retaining 
wall  along  one  side.  Figure  1(a)  indicates  the 
building  outline  in  its  relation  to  the 
adjacent  sloping  topography  which  necessitated 
permanently  shoring  an  excavation  about  800 
feet  in  length  and  to  a  maximum  depth  of  70 
feet.  The  general  concept  envisioned  first  ex¬ 
cavating  and  shoring  to  the  base  elevation  over 
the  building  site,  constructing  the  building 
foundations,  over  a  scheduled  6-month  period, 
and  then  constructing  the  final  exterior  wall 
incorporating  the  shoring  and  with  the  tied 
anchor  system  providing  the  permanent  lateral 
support  of  long-term  earth  pressures.  Because 
of  the  critical,  dual  function  of  the  shoring 
scheme,  a  specifically  designed  load  cell  and 
slope  ind’"ator  installation  and  observation 
program  was  incorporated  into  the  construction 
contract,  rigorously  adhered  to,  with  data  con¬ 
currently  analyzed  and  findings  acted  upon. 


This  paper  describes  salient  details  of  the 
subsoil  conditions,  the  structural  design  and 
the  moi.itoring  scheme,  and  summarizes  observa¬ 
tions  and  adjustments  made  during  construction. 


SUBSOIL  C»NDITIONS 

The  building  is  located  i  n  the  Virginia 
Piedmont,  characterized  by  bedrock  primarily  of 
igneous  and  metamorphic  origin.  These  are  com¬ 
prised  of  granite,  shist,  metasedimentary , 
metaigneous  and  metavolcanic  roc)<  types. 
Bedroclt  surface  is  somewhat  irregular  and 
usually  covered  by  weathered  residual  material, 
called  saprolite.  Bedrocl^  map  of  the  site  in¬ 
dicates  gneiss  and  granofels,  with  a  mineral 
composition  of  quartz,  feldspars,  mica  and 
chlorites.  It  commonly  has  two  steeply 
inclined  foliations,  locally  .faulted  and 
sheared,  with  steeply  dipping  intersecting 
joints  spaced  3  feet  or  more  apart. 

The  specific  site  investigation  involved 
drilling  and  recovering  and  evaluating  samples 
from  soil  and  rock  borings,  located  as  indi¬ 
cated  on  Figure  1(a). 

A  typical  soil  profile  log  is  that  for  Boring 
DM-46,  shown  as  Figure  2.  We  note  soil  over¬ 
burden  of  saprolite,  with  texture  ranging  from 
clayey  silt  in  the  fully  weathered  upper 
stratum  to  the  partially  weathered  gravelly 
sandy  silt  with  increasing  amounts  of 
interbedded,  moderately  weathered  gneissic  rocic 
as  one  approaches  bedroc)?.  at  a  75-foot  depth  at 
this  location.  Standard  penetration  blow 
counts  N  are  in  excess  of  100  blows  per  6 
inches  below  about  30  feet  from  the  surface,  in 
association  with  the  partially  weathered 
stratum.  The  bedrocic  was  cored,  indicating 
moderately  fractured  granite  gneiss,  with  about 
97  percent  recovery.  Although  the  upper  clayey 
stratum  was  moist,  there  was  no  free  water  en¬ 
countered  in  the  kxiring  and  the  boring  was  dry 
upon  completion. 
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Fig.  2  Typical  Soil  Profile  Log 
Boring  DM-46 

A  generalized  soil  profile  is  indicated  on 
Figure  3  based  on  the  other  borings  along  or 
adjacent  to  the  proposed  location  of  the  shored 
wall.  The  soil  strata  have  been  designated  on 
the  basis  of  similar,  salient  characteristics 
as  follows: 


Zone  A  -  Massive  saprolite,  with  unclear 
evidence  of  primary  structural  features  of  the 
parent  rock.  At  the  site  it  ranges  only  a  few 
feet  in  thickness. 


Zone  B  -  Structured  saprolite,  with  clear 
evidence  of  primary  structural  features  of  the 
parent  rock  (i.e.,  foliation,  jointing,  crystal 
structure).  At  the  site  it  ranges  generally 
from  20  to  30  feet  thick. 

Zone  C  -  Saprolite,  a  transitional  zone, 
grading  from  the  structured,  substantially 
fully  weathered  Zone  B  to  the  relatively  intact 
bedrock  (i.e..  Zone  D)  .  At  the  site  it  ranges 
from  about  40  feet  in  thickness  at  the  middle 
half  of  the  wall  alignment  to  perhaps  10  to  15 
feet  at  the  ends. 

It  is  noted  that  the  proposed  subgrade  of  the 
building  roughly  coincides  with  the  bedrock 
surface  along  the  wall  alignment,  but  bedrock 
surface  rising  as  much  as  5  feet  above  subgrade 
Elevation  205  at  some  locations.  This  fact  was 
recognized  and  accounted  for  in  the  shoring 
design  and  contract  documents. 


DESIGN  OF  PERMANENT  TIE  BACK  SHORING  AND 
BUILDING  WALL 

In  view  of  the  dual  function  of  the  tie  back 
wall,  the  design  lateral  forces  were  predicated 
on  assuring  "at  rest"  earth  reactions.  The 
assigned  pressure  coefficients  ranged  from  Ko  = 
0.45  (i.e.,  N  <  60)  in  Zone  A  and  upper  Zone  B, 
to  a  minimum  0.30  in  Zone  C  (i.e.,  N  >  100/6"). 
It  was  recognized  that  these  coefficients  lead 
to  relatively  conservative  loadings, 
appreciably  above  those  ordinarily  appropriate 
for  temporary  excavation  shoring.  But  in  view 
of  the  critical  nature  of  the  structure  and 
absence  of  documented  observations  of  long-term 
performance  of  tied  walls  in  similar  circum¬ 
stances,  it  was  deemed  prudent  not  only  to 
assign  the  design  lateral  loads  to  account  for 
the  varying  soil  resistance,  but  to  also  incor¬ 
porate  a  load  and  deflection  monitoring  system 
into  specific  wall  elements  and  monitor  and 
evaluate  measurements  during  construction. 


Fig.  3  Generalized  Soil  Profile 

Location  of  Slope  Indicators  and  Tied  Anchor  Load  Cells 
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Fig.  1(b)  Section  thru  Tied  Anchor  Wall 
including  Design  Pressures 


Figure  1(b)  shows  a  section  through  the  deepest 
portion  of  the  tie  wall,  indicating  the  design 
pressures  and  attendant  vertical  tie  spacing 
and  embedded  lengths  of  pressure  grouted  anchor 
rods,  based  on  soldier  piles  at  lateral  spacing 
of  7.5  feet  to  permit  use  of  conventional  wood 
lagging.  Typical  details  of  the  soldier  piles, 
tie  anchors,  and  wood  lagging  of  the  temporary 
shoring  are  included  in  Figures  4(a)  and  4(b). 
Details  of  the  finished  structural  wall  incor¬ 
porating  the  temporary  shoring  and  interposed 
bentonite  panel  waterproofing  are  shown  in 
Figure  4(c). 


Fig.  4(a)  Detail  -  Soldier  Pile  and  Wood 
Lagging 


Fig.  4(c)  Typical  Detail  -  Finished 
Structural  Wall 


The  t-*  cd  anchor  wall,  800  feet  long,  consisted 
of  119  steel  soldier  piles  spaced  at  7 '-6" 
O.C.,  3-incH  wood  lagging,  555  -  1-1/4  inch 

diameter  Dywidag  steel  threadbar  rods,  and  15- 
1/2  to  18  inch  reinforced  concrete  wall.  The 
steel  soldier  piles,  made  up  of  two  12-inch 
channels  assembled  back  to  back,  vary  in  height 
from  25  feet  at  the  ends  of  the  wall  to  70  feet 
at  the  center.  The  number  of  tiebacks  vary 
from  two  at  the  25-foot  minimum  wall  height  to 
eight  at  the  70-foot  maximum  height.  The 
tiebacks  were  spaced  at  10 '-0"  to  5'-0"  o.c. 
and  staggered. 

Design  load  on  a  tieback  is  56  tons,  except  for 
the  upper  which  Included  several  at  36  tons. 
Each  of  the  555  tiebacks  was  load  tested  up  to 
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115  percent  of  design  load,  except  that  io  per¬ 
cent  selected  ties  were  tested  to  1 34  percent 
of  design  load  or  75  tons. 

Load  cells  and  slope  indicators  were  installed 
at  four  selected  soldier  piles  in  order  to 
monitor  the  behavior  of  the  tied  anchor  wall 
during  construction  and  approximately  180  days 
after  completion  (see  Figures  3  and  4(a)). 

Vertical  wall  drains  between  soldier  piles  were 
provided  and  Volclay  Type  C  bentonite  water¬ 
proof  panels  were  fastened  to  the  wood  lagging 
prior  to  placing  a  reinforced  concrete  wall, 
15-1/2  to  18  inches  thiclt  (see  Figure  4(c)). 
The  concrete  wall  was  designed  to  span  between 
soldier  piles. 

Figure  3  shows  the  location  of  four  slope 
indicator  tubes  incorporated  with  the 
designated  soldier  piles.  A  total  of  27  load 
cells  were  installed  at  these  soldier  piles, 
attached  to  the  ends  of  the  tie  anchors  as 
these  were  drilled  and  tensioned  in  tlie  course 
of  excavation.  All  were  monitored  at  regular 
intervals  during  and  subsequent  to  excavation 
and  shoring.  The  remainder  of  this  paper 
focuses  on  the  findings  and  the  response  and/or 
conclusions  in  light  of  those  findings. 


LOAD  CELL  AND  SLOPE  INDICATOR  OBSERVATIONS  - 
DURING  AND  SUBSEQUENT  TO  EXCAVATION 

The  general  shoring  sequence  involved  in¬ 
stalling  all  the  soldier  piles  into  30-inch 
diameter,  predrilled  holes  and  bac)<filling  with 
cement  stabilized  sand.  Excavation  proceeded 
in  5-  to  10-foot  increments,  extending  about  2 
feet  below  the  designated  elevation  of  anchor 
ties  in  each  increment.  The  ties  were  in¬ 
stalled  by  drilling  and  grouting  via  a  6-inch 
diameter  hollow  stem  auger  and  were  tensioned 
generally  three  to  four  days  thereafter. 
Subsequent  to  completion  of  each  excavation  in¬ 
crement  but  prior  to  tie  tensioning,  all  the 
slope  indicators  and  installed  load  cells  were 
monitored.  During  the  initial  stages  of 
excavation,  slope  indicators  and  load  cells 
were  also  monitored  after  tie  tensioning,  prior 
to  proceeding  with  additional  excavation,  but 
it  became  evident  that  tensioning  the  lower 
tier  had  insignificant  influence  on  the  loads 
on  the  previously  installed  ties  at  higher 
elevation. 


The  general  interrelation  between  depth  of  ex¬ 
cavation  and  changes  in  slope  indicator  profile 
and  associated  load  cell  readings  are 
illustrated  in  Figure  5,  at  soldier  piles  SP- 
60.  The  following  is  particularly  noteworthy: 

1 )  The  maximum  lateral  deflection  was 
about  24  millimeters  (i.e.,  1  inch)  and 
occurred  in  the  course  of  excavating  in  Zone  C, 
saprolite . 

2)  Discrete  increments  of  lateral  move¬ 
ments  developed  while  excavating  successive 
depth  increments  Zone  C. 

3)  Lateral  movements  caused  a  signifi¬ 
cant  increase  in  the  tension  forces  in  the 
adjacent  tie  anchor (s).  Note  in  Figure  5,  load 
on  tie  anchor  at  Elevation  240  increased  from 
57.2  tons  immediately  after  installation,  up  to 
62.9  tons  when  excavation  reached  nominal 
Elevation  230  and  to  67.0  tons  with  excavation 
at  220.  Also,  tie  load  at  Elevation  230  in¬ 
creased  from  58.2  tons  to  65.1  tons  with 
excavation  at  220.  Similar  response  was  noted 
at  all  the  instrumented  soldier  piles  in  the 
course  of  excavating  in  Zone  C  (saprolite). 

These  movements  had  not  been  originally  antici¬ 
pated  and  corresponding  tie  load  increases  were 
of  a  magnitude  to  require  corrective  action.  A 
review  of  the  slope  indicator  profile  did  not 
suggest  that  the  lateral  movements  were  deep 
seated  nor  extending  beyond  the  tied  anchors. 
Also,  there  was  no  indication  of  moisture  move¬ 
ment  to  cause  swelling  of  the  exposed  face  of 
the  freshly  excavated  soil.  On  the  other  hand, 
the  freshly  exposed  saprolite  was  steeply 
jointed  and  comprised  of  relatively  hard  chun)cs 
of  weathered  rock,  with  the  fractured  surfaces 
only  wealtly  adhering  to  each  other ,  One  could 
observe  during  the  smoothing  of  the  exposed 
face  preparatory  to  placing  the  wood  lagging 
that  soil  readily  bro)c6  off  along  the  steep 
joints,  particularly  in  Zone  C.  These 
circumstances  were  discussed  with  Professor 
George  Sowers  of  Georgia  Tech  University  and  he 
advised  of  similar  response  he  had  observed 
when  excavating  in  deeply  weathered  roc)c  and 
residual  soils  in  the  Atlanta  area  and  Piedmont 
in  general.  He  speculated  that  deflections 
were  due  to  mechanical  rearrangement  of  the 
fractured  materials  and  would  stabilize  after  a 
relatively  short  period.  He  concurred  with 
proceeding  with  a  tie  detensioning  program  and 
on-going  tie  load  monitoring. 
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Fig.  5  Tie  Loads  -  Lateral  Deflection  i>i  . . . 
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The  scheme  was  as  follows: 

a)  Commencing  from  a  load  cell  indicat¬ 
ing  greater  than  63  tons,  the  tensioning  jack 
was  reset  at  an  adjacent  tie  and  tension  loaded 
until  unseating  the  anchor  nut,  noting  the 
force  required.  If  force  exceeded  63  tons,  tie 
was  detensioned  to  design  load  (i.e.,  56  tons). 

b)  If  a  specific  tie  anchor  was  unseated 
by  load  greater  than  63  tons,  all  adjoining 
ties  were  unseated  and  detensioned  as  per  a) 
above . 

c)  If  specific  tie  anchor  was  unseated 
by  load  less  than  63  tons ,  further  detensioning 
ties  at  that  tier  elevation  were  discontinued 
moving  outward  from  the  starting  point  in  this 
test  sequence. 

Figure  6  indicates  the  location  and  number  of 
times  that  specific  tie  anchors  were  unseated 
and  detensioned  in  accordance  with  the  above 
protocol.  Of  a  total  of  555  ties  installed, 
185  were  detensioned  either  before  or  shortly 
after  completion  of  excavation.  It  is  clearly 
evident  that  the  detensioned  ties  were  concen¬ 
trated  in  the  Zone  C  sapi-lite  strata  as 
interpolated  from  the  original  soil 
investigation.  Figure  3.  Further,  only  32  ties 
were  detentioned  twice,  and  these  are  clustered 
in  the  thickest  portion  of  Zone  C,  between  SP- 
40  and  75. 

Although  the  reported  initial  unseating  loads 
exceeded  75  tons  in  three  instances,  these  are 
questionable  since  the  jacking  assembly 
registered  unseating  loads  up  to  6  tons  greater 
than  for  corresponding  load  cell  readings.  The 
specific  unseating  and  detensioning  scheme  was 
aimed  at  assuring  a  safe  structure  and  jacking 
loads  were  too  crude  to  define  trends  in  load 
changes  accurately  subsequent  to  completion  of 
excavation.  However,  Figure  7  indicates  load 
cell  readings  for  critical  ties  over  about  a  6- 
month  period  subsequent  to  completion  of  exca¬ 
vation  and  initial  detensioning.  The  following 
is  noteworthy: 

ELCVAnON 


a)  The  logarithmic  time  plot  indicates  a 
decelerating  increase  in  tie  loads  over  the 
observation  period. 

b)  The  load  increase  observed  over  6 
months  ranges  from  2,5  to  4.5  tons. 

c)  There  is  evidence  that  tie  loads  had 
reached  equilibrium  after  6  months. 

d)  Load  cell  readings  were  appreciably 
affected  by  environmental  factors,  particularly 
during  the  winter  and  spring  observation  period 
with  indicated  loads  fluctuating  up  to  1  ton 
from  the  trend  lines. 


Fig.  7  Load  Cell  Readings  After  Excavation 
Completed  -  SP-82 
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Fig.  6  Summary  of  Tied  Anchor  Detensioning 
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The  observations  as  a  whole  indicate  that 
lateral  expansion  in  the  course  of  excavation 
in  Zone  C  can  reach  1  inch  and  cause  the  tie 
loads  to  increase  about  10  to  15  tons  from  in¬ 
stalled  values  (i.e.,  from  56  tons  to  over  70 
tons).  Of  that  increase,  from  2.5  to  4.5  tons 
was  attributable  to  long-term  expansion  of  Zone 
C,  essentially  completed  in  about  6  months  at 
this  site. 


ANALYSIS  OF  EFFECT  OF  BENTONITE  PANELS  IN 
PERMANENT  WALL 

As  indicated  in  Figure  4(c),  the  finished 
structural  wall  incorporated  the  temporary 
shoring,  with  bentonite  waterproofing  panels 
sandwiched  between  the  wood  lagging  and  the 
poured  concrete  wall.  There  had  been  a  general 
concern  that  should  the  laentonite  panel  swell 
subsequent  to  the  hardening  of  the  concrete  in 
the  wall,  tie  loads  in  the  affected  areas  might 
increase.  Selected  load  cells  were  prepared  to 
permit  monitoring  during  the  initial  wall 
pours.  Concurrently,  load-swelling  information 
was  obtained  from  the  panel  supplier  and  load- 
compression  relationship  of  the  granular  baclc- 
fill  behind  the  wood  lagging  determined. 
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Fig.  8  Effect  of  Bentonite  Panel  Expansion 
On  Tie  Anchor  Loads 


Figure  8  indicates  the  essential  factors  and 
the  corresponding  parameters  used  to  estimate 
the  tie  load  increases  attributable  to  swelling 
of  the  bentonite  panels.  Figure  8(a)  shows 
relation  between  compressive  strain  and  applied 
pressure  for  loose  granular  soil  deemed  repre¬ 
sentative  of  bac)cfill  as  placed.  Figure  8(b) 
plots  the  ultimate  swelling  strain  versus 
applied  confining  pressure  for  the  bentonite 
panel.  As  indicated  in  Figure  4(c)  the  strain 
corresponds  to  inward  movement  of  the  concrete 
wall  relative  to  the  inner  surface  of  the  wood 
lagging.  This  relation  is  corrected  as  indi¬ 
cated  for  the  estimated  short-  and  long-term 
outward  strain  of  the  wood  lagging  as  it 
compresses  the  baclcfill  at  the  same  and 
corresponding  applied  pressure.  Figures  8(c) 
and  (d)  show  interrelation  between  changes  in 
net  swelling  pressures  and  corresponding 
changes  in  tied  anchor  loads  and  strains  for 
the  applicable  wall  areas  of  influence. 
Finally,  Figure  8(e)  interrelates  the  tie  load 
changes  and  rod  length  changes  and  associated 
swelling  pressures  and  attendant  wall  move¬ 
ments,  corrected  for  assumed  extremes  of 
compressibility  of  baclcfill.  It  is  noted  that 
for  the  range  of  effective  lengths  of  tie  rods 
(i.e.,  27  to  52  feet)  and  associated  areas  of 

wall  supported  (i.e.,  70  to  35  square  feet, 
respectively),  the  calculated  tie  load 
increases  ranged  from  4.5  to  6  tons  up  to  an 
outer  limit  of  8.5  to  10  tons,  depending  on  the 
compressibility  of  the  baclcfill  retained  by  the 
wood  lagging. 


July  August  Ssgt.  1085 

Fig.  9  Tie  Anchor  Loads  After  Wall  Pour 


These  estimates  appear  to  braclcet  load  cell 
readings  summarized  in  Figure  9.  We  note  the 
loads  increased  from  4  to  5  tons  over  a  2.5 
month  period,  tracing  an  "S"  shaped  curve  over 
a  log  time  scale  during  which  it  is  presumed 
that  the  bentonite  was  absorbing  moisture  from 
the  adjacent  poured  concrete.  It  also  appears 
that  swelling  was  completed  in  about  2  months 
in  these  circumstances.  To  the  writers' 
Icnowledge  there  has  been  no  visual 
manifestation  of  additional  swelling  or  tie 
load  increase  during  the  succeeding  two  years. 
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SOHMARY 


Observations  of  a  tied  anchor  retaining  wall, 
ranging  up  to  a  70-foot  height  in  variable 
residual  soil  and  weathered  rock  indicated 
unanticipated  variable  lateral  movements  up  to 
1  inch  due  to  a  rapid  and  limited  expansion  of 
the  partially  weathered  rock  (i.e.,  saprolite) 
during  excavation.  This  was  e\,vi-def^tly  due  to 
localized  mechanical  rearrangement  as  the 
heavily  jointed  and  fractured  stratum  was  first 
exposed.  Attendant  anchor  loads  Increased  from 
a  design  load  of  56  tons  to  over  70  tons  during 
and  immediately  subsequent  to  excavation. 
Affected  tie  anchors  were  subsequently  unseated 
and  partially  detensioned  one  or  more  times 
where  necessary  to  re-establish  design  load 
values.  Tie  loads  were  observed  to  increase  at 
a  sharply  reduced  rate  over  about  6  months 
after  completion  of  excavation,  limited  to  4.5 
tons  above  the  original  56  tons. 

Analysis  indicated  that  bentonite  waterproofing 
panels  incorporated  behind  the  structural  wall 
could  swell  sufficiently  to  appreciably  in¬ 
crease  the  affected  tie  anchors.  Load  cell 
readings  increased  over  a  2-month  period, 
leveling  out  at  a  maximum  4 -ton  increase. 
Depending  on  the  compressibility  of  fill  behind 
the  wood  lagging,  einalysis  suggests  increases 
might  reach  8  tons  in  particular  circumstances. 
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SYNOPSIS:  The  design,  construction,  and  performance  of  several  building  foundations  and  temporary 

earth  retaining  structures  located  in  the  downtown  area  of  White  Plains,  New  York  are  presented  in 
this  paper.  High  rise  structures  were  supported  on  shallow  mat  or  spread  foundations  bearing  on 
erratic  saturated  alluvial  silt  and  sand  deposits.  Additionally,  the  construction  of  two  and  three 
level  underground  parking  structures  required  the  use  of  cantilevered  and  braced  excavation  support 
systems  to  retain  the  adjacent  streets  and  utilities.  Several  assumptions  were  required  to  design 
and  predict  the  performance  of  the  building  foundations  and  retaining  structures.  The  accuracy  of 
these  assumptions  was  verified  through  the  use  of  precise  field  measurements  during  and  after 
construction.  The  results  of  these  field  measurements  and  comparison  with  predicted  values  are 
presented  and  discussed. 

INTRODUCTION  these  during  construction  through  precise 

monitoring  under  actual  fully  loaded 


Foundation  problems  had  impacted  the  growth  of 
the  White  Plains  core  area  since  the  founding 
of  the  City.  Located  in  prestigious 
Westchester  County,  just  12  miles  north  of  New 
York  City,  the  City  of  White  Plains  had 
experienced  prosperity  in  certain  areas  while 
others  were  depressed  and  economically 
unproductive.  While  the  east  side  flourished 
and  major  structures  were  constructed  on 
competent  bearing  materials,  the  west  side 
remained  under-utilized  and  was  occupied  by 
substandard  small  buildings. 

During  the  1970 's,  the  structures  in  the 
western  portion  were  totally  demolished  during 
the  early  stages  of  the  urban  renewal  program 
but  only  the  surface  problems  were  cleared; 
the  complex  subsurface  soil  strata  remained  to 
be  dealt  with  by  future  redevelopment.  The 
difficult  subsurface  conditions  and 
asssociated  high  cost  of  foundations  continued 
to  hamper  the  redevelopment  effort  and  the 
land  remained  vacant  for  many  years. 

Market  forces  demanded  high  rise,  high  quality 
structures  and  underground  parking  structures 
were  required  co  satisfy  zoning  ordinances. 
The  subsurface  soil  conditions  with  erratic 
layers  of  sensitive  "bull's  liver"  silt, 
pockets  of  loose  and  variable  density  sands,  a 
deep  bedrock  stratum,  and  a  shallow 
groundwater  table  unfavorably  impacted  this 
type  of  construction  and  created  numerous 
design  challenges. 

The  authors  became  involved  with  the  first 
building  of  the  reconstruction  effort  in  1974 
and  subsequently  for  an  additional  20 
structures  within  the  White  Plains  core  area. 
The  extreme  subsurface  variations  coupled  with 
the  fact  that  conventional  soil  sampling  was 
unreliable,  complicated  the  design  of  cost 
effective  foundation  and  excavation  support 
systems.  Since  numerous  design  assumptions 
were  required,  it  was  necessary  to  confirm 


conditions. 

As  performance  results  became  available,  more 
confidence  in  various  design  procedures 
resulted,  and  it  was  possible  to  perform 
refinements  or  "fine  tune"  designs  to  achieve 
additional  efficiency  and  related  savings  in 
construction  costs  for  shallow  foundations  and 
support  systems  for  excavations.  A  series  of 
case  histories  are  presented  which  illustrate 
the  design  and  analysis  procedures  utilized  on 
some  of  the  projects.  Performance  results  are 
provided  for  these  projects  as  well  as  other 
projects  not  specifically  discussed  in  detail. 
A  site  location  map  showing  the  project  areas 
to  be  discussed  is  presented  in  Figure  1. 


SUBSURFACE  CONDITIONS 

The  downtown  area  is  generally  underlain  by 
fill  material,  rivet  alluvium,  glacial  till 
and  gneiss  bedrock.  The  fill  consists  of 
building  materials  mixed  with  soils  and  has 
been  placed  within  the  past  200  years.  The 
river  alluvium  consists  of  sand  and 
discontinuous  silt  deposits  and  is  of  the 
Holocene  or  the  late  Pleistocene  (glacial) 
epoch.  The  glacial  till  of  the  Pleistocene 
epoch  is  composed  of  a  heterogenous  mixture  of 
silt,  sand  and  gravel  soil  with  occasional 
boulders.  The  Fordham  gneiss  formation  of  the 
Precambrian  period  is  predominantly  granitic 
with  occasional  schistose  and  quartzose  zones. 


The  stratigraphy  beneath  the  Westchester 
Financial  Center  and  the  Gateway  Project  sites 
is  consistent  with  the  general  subsurface 
conditions  presented  above  with  the  exception 
of  the  absence  of  a  continuous  alluvial  silt 
deposit  beneath  the  Gateway  sites.  The 
general  subsurface  conditions  beneath  the 
downtown  area  and  the  location  of  the  subject 
buildings  are  presented  in  Figure  2. 
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1  -  SITE  LOCATION  MAP 


2  -  GENERAL  SUBSURFACE  PROFILE 


The  Westchester  Financial  Center  is  underlain 
by  saturated  alluvial  silt  and  sand  deposits. 
The  silt  deposit  exhibits  extreme  dilative 
characteristics  and  is  locally  known  as 
"bull's  liver"  du«  to  its  shiny  appearance. 
The  silt  is  generally  encountered  at  or  below 
the  groundwater  level  and  possesses  a  high 
sensitivity  to  construction  disturbance.  The 
alluvial  sand  is  composed  of  an  upper  and 
lower  deposit  which  are  separated  by  the  silt 
stratum.  The  thin  glacial  till  layer  overlies 
the  rock  which  is  at  a  depth  of  approximately 
100  feet  (ft)  from  the  ground  surface. 

The  Gateway  sites  are  underlain  by  a 
continuous  alluvial  sand  deposit  which  extends 
to  the  glacial  till  or  rock  surface.  The  sand 
contains  occasional  thin  silt  lenses  located 
near  the  groundwater  level.  The  depth  to  rock 
varies  from  50  to  80  ft  below  the  ground 
surface. 


FOOHDATION  DESIGN  AND  PERFORMANCE 

Details  concerning  foundation  design, 
construction,  and  performance  of  specific  case 
histories  will  be  discussed. 

Nestchester  Financial  Center 

50  Main  Office  Tower/1-11  Martine  Office  Tower 

These  office  towers  are  both  15  story  cast  in- 
place  concrete  structures  with  post  tensioned 
concrete  floors  and  architectural  facades 
composed  of  stone  and  glass  panels.  A  2  level 
underground  garage  structure  is  common  to  both 
buildings.  The  footprint  area  of  the  towers 
are  28,000  square  feet  (sf)  for  50  Main  and 
20,000  sf  for  1-11  Martine.  The  lowest  garage 


floor  is  located  at  elevation  (el)  185  ft  and 
the  foundation  subgrade  is  located  at  el  180, 
approximately  20  ft  below  street  grade.  The 
design  loads  vary  from  1500  to  4000  kips  per 
column. 

Subsurface  Conditions 


The  subsurface  conditions  beneath  the  building 
areas  are  similar.  The  dilative  silt  or  silty 
fine  sand  deposit  was  encountered  at 
foundation  subgrade  and  the  groundwater  level 
was  at  1  to  3  ft  above  the  bottom  of  the 
foundations.  The  non-plastic  silt  is  varved 
with  fine  sand  seams  and  was  in  a  loose  to 
medium  dense  condition.  The  water  contents 
range  from  22  to  40  percent,  the  liquid  limit 
and  plastic  index  are  approximately  29  and  6, 
and  the  virgin  compression  ratio  is 
approximately  0.06.  The  thickness  of  the  silt 
varies  from  0  to  25  ft.  The  lower  sand 
deposit  underlying  the  silt  layer  is  in  a 
medium  dense  to  dense  condition.  The  design 
and  subsurface  conditions  ate  shown  on  Figures 
3a  and  4a. 

Foundation  Construction 


Soil  improvement  procedures  in  conjunction 
with  4  to  5  ft  thick  reinforced  concrete  mat 
foundations  were  used  to  transfer  the  heavy 
column  loads  to  the  subsoils.  A  majority  of 
the  foundation  subgrade  consisted  of  the 
saturated  silt  or  silty  fine  sand  soils  which 
varied  in  thickness  and  density.  The  denser 
lower  sand  deposit  also  formed  a  portion  of 
the  subgrade.  A  mat  foundation  was  used  to 
span  the  variable  subgrade  and  to  limit 
differential  settlement  that  would  have 
occurred  for  a  conventional  spread  footing 
system. 
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b.  Mat  Foundation  Settlement  Versus  Construction 
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Prior  to  the  construction  of  the  mat 
foundations,  the  following  soil  improvement 
procedures  were  accomplished  to  control 
groundwater  seepage  and  to  stabilize  and 
confine  the  silt  subgrade  soils. 


1.  Overexcavation  of  the  silt  to  a  depth 
of  2  ft  below  the  four\dations . 


2.  Placement  of  a  geotextile  on  top  of 
the  silt  subgrade. 

3.  Placement  of  compacted  3/4  inch  stone 
backfill  to  foundation  subgrade. 

A  mold  blade  backhoe  bucket  was  used  to 
excavate  the  silt  soil  below  foundations  to 
minimize  the  disturbance  of  this  sensitive 
soil.  Groundwater  seepage  from  the  silt  was 
controlled  using  the  stone  backfill  and 
conventional  pumps.  Following  the  placement 
of  the  stone  backfill,  a  2  inch  thick  concrete 
"mud  mat"  was  poured  to  provide  a  working 
surface  for  construction  of  the  mat 
foundations. 


Foundation  Design 

The  foundations  were  designed  as  flexible  mat 
foundations  using  the  Portland  Cement 
Association  MATS  computer  analysis.  An 

allowable  soil  bearing  pressure  of  6  ksf  and  a 
modulus  of  subgrade  reaction  (K)  of  100  kips 
per  cubic  foot  (kef)  were  selected  for  the 
design  '-'f  the  50  Main  mat.  Since  the  50  Main 
Ptructu''e  was  ^->trplet"d  prior  to  the  design  of 
the  1-11  Martine  building,  the  performance 
results  from  the  completed  building  were  used 
to  refine  the  analysis  for  the  design  of  the 
later  structure. 


Performance 


Following  the  construction  of  the  second  level 
basement  floor,  settlement  monitoring  points 
were  established  on  the  columns.  Settlement 
monitoring  was  accomplished  with  a  high 
precision  survey  level  and  readings  were 
recorded  to  the  nearest  0.005  ft.  Monitoring 
was  accomplished  through  November  1987.  The 
buildings  were  occupied  prior  to  the 
completion  of  the  monitoring  program. 
Therefore,  the  dead  and  live  loads  were 
transmitted  to  the  mat  foundations.  The 
measured  foundation  settlements  versus 
building  construction  are  presented  on  Figures 
3b  and  4b. 

The  measured  settlement  for  the  50  Main 
foundation  was  0.035  ft  for  exterior  columns 
to  2.05  ft  for  interior  columns.  The  ratio  of 
average  predicted  total  settlement  to  the 
maximum  measured  settlement  is  3.0.  The 
measured  settlement  range  for  the  1-11  Martine 
foundation  was  0.06  ft  for  exterior  columns  to 
0.10  ft  for  interior  columns.  The  ratio  of 
average  predicted  total  settlement  to  the 
maximum  measured  settlement  is  1.7.  The 
measured  results  indicated  that  the  flexible 
mat  foundations  limited  the  amount  of 
differential  settlement  to  approximately  40 
percent  (%)  of  the  total  measured  settlement. 

The  average  subgrade  modulus  computed  from  the 
measured  settlements  was  140  kef  for  50  Main 
and  75  kef  for  1-11  Martine.  The  selected 
design  value  was  100  kef. 

Gateway  Project 

Gateway  I  Office  Tower 


Predictions 

The  two  methods  of  analyses  selected  to 
estimate  the  settlement  of  the  mat  foundations 
were  the  D'Appolonia  (1968)  and  the 
Schraertmann  (1970)  analyses.  Both  methods  are 
applicable  for  layered  granular  soils.  Since 
the  silt  exhibited  non-plastic  behavior  it  was 
analyzed  as  a  cohesionless  soil.  The 

D'Appolonia  approach  was  used  with  a  weighted 
average  elastic  modulus  for  the  layered  soil 
profile.  An  estimation  of  elastic  moduli  of 
the  soil  layers  was  based  on  a  correlation 
with  Standard  Penetration  Test  (SPT)  N  values. 
The  Schmertmann  approach  uses  a  layered  soil 
profile,  cone  penetrometer  resistance,  and  a 
graphical  plot  of  strain  influence  values  as  a 
function  of  depth  to  footing  width.  The  cone 
penetrometer  resistance  was  estimated  using  a 
correlation  with  SPT  N  values  as  a  function  of 
grain  size.  The  predicted  settlements  for  the 
50  Main  and  1-11  Martine  mat  foundations  are 
presented  on  Table  1. 

TABLE  1:  Predicted  Settlements  -  50  Main  and 
1-11  Martine  Mat  Foundations 


This  office  structure  is  an  18-story  cast  in- 
place  concrete  building  with  post  tensioned 
floors  and  a  glass  panel  facade.  A  one  level 
deep  basement  for  mechanical  equipment  is 
located  below  the  office  tower.  The  building 
has  a  footprint  area  of  approximately  15,000 
sf  and  its  basement  floor  is  at  el  192.  The 
foundation  subgrade  is  located  at  el  186, 
approximately  20  ft  below  street  grade.  The 
design  loads  range  from  1200  to  2500  kips  per 
column. 

Subsurface  Conditions 

The  basement  level  is  underlain  by  a  sand 
deposit  with  occasional  silt  seams.  The 
medium  dense  to  dense  sand  deposit  consists  of 
fine  to  coarse  sand  with  trace  silt.  The  silt 
seams  are  approximately  3  to  12  inches  thick 
and  interspersed  with  fine  sand  lenses. 
Groundwater  was  encountered  approximately  4  ft 
below  foundations  at  el  182.  The  design  and 
subsurface  conditions  are  presented  in  Figure 
5a. 

Foundation  Design  and  Construction 


D'Appolonia 

Schmertmann 

(1968) 

(1970) 

Total  Settlement 
50  Main  Mat 

(ft) 

0.20 

0.09 

Total  Settlement 
1-11  Martine  Mat 

(ft) 

0.23 

0.11 

Soil  improvement  densif ication  procedures  and 
shallow  spread  foundations  were  used  to 
support  the  office  tower  structure.  The 
footings  were  designed  for  an  allowable 
contact  pressure  of  6  ksf.  The  sand  footing 
subgrade  was  densified  using  a  5  ton  static 
drum  weight  vibratory  roller. 
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Predictions 

The  Schmertmann  method  and  a  layered  solution 
by  DeBeer  and  Martens  (1957,  1965)  modified  by 
Meyerhof  (1965)  were  used  to  estimate  the 
settl'mcn'.  of  the  spread  foundations.  The 
Meyerhof  method  also  uses  cone  penetrometer 
resistance  to  estimate  elastic  moduli  for  the 
soil  layers.  The  predicted  settlement  is 
presented  in  Table  3. 


TABLE  3:  Predicted  Settlements  -  Gateway  I 
Spread  Foundations 


Meyerhof 

Schmertmann 

(1965) 

(1970) 

Total  Settlement 

(ft)  0.11 

0.13 

Differential 

Settlement  (ft) 

0.03 

0.01 

Performance 

Settlement  points  were  established  on  the  1st 
floor  columns  and  monitoring  was  accomplished 
through  March  1985.  Monitoring  was  terminated 
following  the  completion  of  the  architectural 
facade  at  which  time  approximately  90  percent 
of  the  total  load  was  transferred  to  the 
building  foundations.  The  measured  foundation 
settlement  versus  building  construction  is 
presented  on  Figure  5b. 

The  measured  settlement  for  the  office  *-owet 
footings  ranged  from  0.055  ft  for  exterior 
columns  to  0.075  ft  for  interior  columns.  The 
ratio  of  predicted  total  settlement  to  the 
maximum  measured  settlement  is  1.6.  The 

NORTHWEST  southeast 


meu''ared  differential  settlement  was 
approximately  equal  to  the  predicted  values. 

Discussion 

A  summary  of  the  predicted  and  measured 
foundation  settlements  for  the  previously 
discussed  case  histories  and  for  other 
building  sites  in  the  downtown  area  are 
presented  in  Table  4. 

The  maximum  measured  settlement  occurred  at 
the  1-11  Martine  mat  foundation  where  0.10  ft 
of  settlement  was  recorded. 

The  differential  settlement  between  adjacent 
columns  for  this  mat  and  the  50  Main  mat  was 
less  than  0.04  ft  for  28  ft  column  spacing. 
This  amount  of  differential  movement  is 
considered  acceptable  for  concrete  structures. 
The  total  settlement  for  the  remaining 
structures  supported  on  shallow  foundations 
did  not  exceed  0.08  ft  and  the  d  if  f  e''ent  i  a ) 
movement  between  adjacent  columns  was  equal  to 
approximately  0.02  ft. 

The  predicted  settlement  values,  based  on  the 
methods  discussed  in  the  case  histories, 
exceeded  the  measured  settlements  by  50  to 
200%.  The  use  of  SPT  N  values  to  estimate 
cone  resistance  may  have  led  to  the  high 
predicted  settlements. 

The  Schmertmann  method  appeared  to  provide  the 
best  estimate  for  the  settlement  of  the  mat 
foundations  with  a  predicted  to  measured  ratio 
of  1.1  to  1.8.  The  Meyerhof  approach  provided 
the  closest  approximation  for  estimating  the 
settlement  for  the  buildings  supported  on 
spread  foundations  with  a  predicted  to 
measured  ratio  of  1.4  to  1.6. 


a.  Design  Con  itions 

KIG.  5  -  GATEWAY  I  OFFICE  TOWER 
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TABLE  4: 


Summary  of  Foundation  Settlement  Results 


Pred icted 
Measured 


Buildingl  Foundation  Contact  Predicted^  Measured^ 

Height  Type  Pressure  Settlement  Settlement 

Project  (levels)  (ksf)  (ft)  (ft) 


50  Main 

17 

Mat 

6 

0.15 

0.05 

3.0 

1-11  Martine 

17 

Mat 

6 

0.17 

0.10 

1.7 

Gateway  I 

19 

Spread 

6 

0.12 

0.08 

1.5 

25  Martine 

14 

Spread 

6 

0.10 

0.06 

1.7 

1  Includes  below  grade  levels 

2  Average  predicted  settlement  using  Schmertmann  (1970),  D'Appolonia  (1968)  or  Meyerhof  (1965) 
methods  of  analysis 

3  Maximum  measured  settlement 


EXCAVATION  DESIGN  AND  PERFORMANCE 

Details  for  the  design,  construction  and 
performance  of  temporary  excavation  support 
systems  will  be  discussed. 

Westchester  Financial  Center 

50  Main  Excavation 

An  excavation  depth  of  approximately  20  ft 
below  street  grade  was  required  to  construct 
foundations  for  the  2  level  underground 
parking  structure  which  is  common  to  the 
Westchester  Center  site.  The  soil  supporting 
the  adjacent  streets  and  utility  services 
needed  to  be  retained  throughout  the  period 
for  construction  of  foundations  and  the 
underground  structure.  A  temporary  flexible 
retaining  structure  was  constructed  in 
conjunction  with  open  cut  excavation  slopes  to 
achieve  the  foundation  subgrade.  Cantilevered 
soldier  pile  and  timber  lagging  walls  were 
designed  and  constructed  for  exposed  heights 
up  to  13  ft.  The  design  and  subsurface 
conditions  for  the  excavation  adjacent  to  Bank 
Street  are  presented  in  Figure  6a. 

Design  and  Construction 

The  soil  parame*-ers  used  for  the  design  of  the 
can*- 1 1  ovorod  structure  are  shown  on  the 
figure.  A  conventional  earth  pressure 

analysis  (U.3.  Steel,  1984)  was  used  to 
determine  the  soldier  pile  size  and  depth  of 
embedment.  A  factor  of  safety  of  2  was  used 
for  the  passive  soil  resistance  at  the  toe  of 
the  soldier  pile  wall. 

The  HP  14  X  73  soldier  piles  were  driven  to 
the  depths  shown  on  the  figure  with  a  Vulcan 
010  air  hammer.  The  piles  were  spaced  at  6  ft 
on  center.  As  the  excavation  proceeded  in 
stages,  3  inch  thick  by  10  inch  wide  timber 
lagging  was  installed  behind  the  front  face  of 
the  pile  flanges  to  retain  the  soil.  In  areas 
where  running  sand  was  encountered, 
backpacking  behind  the  lagging  was 
accomplished  with  sand  and  straw  hay,  and  the 
depth  of  unsupported  excavation  was  reduced  to 
one  board  height. 

Predictions 

An  elastic  approach  assuming  the  soldier  pile 
wall  acts  as  a  fixed  cantilevered  beam  was 


used  to  estimate  the  maximum  lateral 
deflection  at  the  top  of  the  retaining  wall. 
The  active  earth  pressure  loading  was  applied 
in  a  triangular  distribution  assuming  LI. at  the 
computed  resultant  load  would  be  applied  to  a 
beam  length  equal  to  the  exposed  height  of  the 
excavation  plus  one  half  the  embedment  depth 
of  the  pile  (U.S.  Steel,  1984).  The  predicted 
elastic  lateral  movement  at  the  top  of  the 
wall  was  0.12  ft. 

Performance 

Following  the  installation  of  the  soldier 
piles,  monitoring  points  were  established  at 
the  top  of  selected  piles.  Lateral  movements 
were  monitored  throughout  the  excavation  to 
foundation  subgrade  with  optical  survey 
equipment.  Movements  were  recorded  to  the 
nearest  0.01  ft.  The  measured  lateral 
movements  versus  excavation  elevation  are 
presented  on  Figure  6b.  The  measured  lateral 
movement  tanged  from  0.04  to  0.17  ft.  The 
ratio  of  the  predicted  elastic  movement  to  the 
maximum  measured  movement  is  0.71. 

Gateway  Project 

Gateway  I  Excavation 

An  excavation  depth  of  20  ft  below  Hamilton 
Avenue  was  required  to  construct  foundations 
for  the  deep  basement  beneath  the  Gateway  I 
office  tower.  The  contractor  designed  and 
constructed  a  temporary  cantilevered  soldier 
pile  wall  to  retain  the  sand  soil  supporting 
the  adjacent  utilities  and  street.  The 
exposed  height  of  the  wall  was  18  ft.  The 
design  and  subsurface  conditions  are  presented 
in  Figure  7a. 

Construction 

The  HP  14  X  73  soldier  piles  were  spaced  at  6 
ft  centers  and  driven  with  a  Vulcan  010  air 
hammer.  Timber  lagging  was  placed  between  the 
soldier  piles.  The  excavation  proceeded  in 
stages  from  the  top  of  the  piles  at  el  206  to 
foundation  subgrade  at  el  188.  After  the 
final  excavation  had  been  achieved,  the 
cantilevered  wall  began  to  move  toward  the 
excavation  at  an  accelerated  rate.  Therefore, 
the  contractor  decided  to  install  raker  braces 
at  12  ft  centers  to  control  the  lateral 
movement . 
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ELEVATION  (F««l)  ^  ELEVATION  (  Fee t 


LATERAL  MOVEMENT  TOWARD  EXCAVATION  (Feel) 
(Measured  At  Top  Of  Soldier  Pile) 


160 1- 

Design  Conditions  b.  Lateral  Movement  Versus  Excavation  Depth 

'IG.  6  -  CANTILEVERED  SOLDIER  PILE  WALL  -  50  MAIN  EXCAVATION 


LATERAL  MOVEMENT  TOWARD  EXCAVATION  (Fe«t  ) 
(Mtoiured  At  Top  Of  Soldier  Pile) 


a.  Design  Conditions  b.  Lateral  Movement  Versus  Excavation  Depth 

FIG.  7  -  CANTILEVERED/BRACED  SOLDIER  PILE  WALL  -  GATEWAY  I  EXCAVATION 


Predictions 

The  fixed  elastic  beam  approach  (as  previously 
discussed)  was  used  to  estimate  the  maximum 
lateral  movement  at  the  top  of  the  pile  wall. 
A  predicted  elastic  lateral  deflection  of  0.43 
ft  was  calrrulated  for  the  18  ft  high 
cantilevered  soldier  pile  wall. 

Performance 

The  contractor  established  monitoring  points 
on  top  of  the  piles  and  recorded  lateral 


movements  as  the  excavation  proceeded.  In 
addition,  monitoring  points  were  established 
at  the  curb  line  to  measure  the  lateral 
movement  of  the  cracks  in  the  street  pavement 
that  occurred  during  the  excavation.  The 
pavement  cracks  were  located  parallel  to  and 
approximately  12  ft  away  from  the  soldier  pile 
wall.  The  measured  lateral  movements  versus 
excavation  elevation  are  presented  in  Figure 
7b. 

The  total  measured  lateral  movement  varied 
from  0.25  to  0.39  ft.  The  ratio  of  predicted 
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elastic  movement  for  the  cantilevered  wall  to 
the  measured  movement  was  1.10.  However,  the 
installation  of  the  raker  braces  limited  the 
total  lateral  movement  of  the  temporary 
cantilevered  wall. 


Gateway  Project 

Gateway  Dnderground  Garage  Excavation 

This  3  level  below  ground  cast  in-place 
concrete  st’'uct'ure  is  located  below  New  Street 
in  the  nortn  area  of  the  Gateway  Project.  An 
excavation  lepth  of  approximately  30  ft  below 
Ferris  Avenue  was  required  to  construct  the 
garage  foundations  at  el  165.  A  temporary 
earth  retention  system  was  required  to  retain 
the  soil  supporting  the  sidewalk,  street,  and 
utilities.  The  deep  excavation  was  supported 
using  a  soil  anchored  soldier  pile  wall.  The 
design  and  subsurface  conditions  are  presented 
in  Figure  8a. 

Design  and  Construction 

The  25  ft  high  soil  anchored  soldier  pile  wall 
was  designed  for  a  two  stage  construction 
excavation.  During  the  first  stage  of 
excavation  to  the  level  of  the  wale  and  soil 
anchor,  the  wall  was  analy2ed  for  conventional 
active  earth  pressure  loading.  For  the  second 
stage  excavation,  following  the  installation 
of  the  soil  anchors,  the  wall  was  analyzed  for 
approximately  2/3  of  the  apparent  earth 
pressure  loading.  The  soil  anchors  were 
designed  for  the  full  apparent  earth  pressure. 


200,- 


TERRIS 

4VENUE 


a.  Design  Conditions 

FIG.  9  -  SOIL  ANCHORED  .SOLDIER  PILE  WALL  -  GATEWAY 


The  HP  10X42  soldier  piles  were  spaced  at  7.5 
ft  centers  and  driven  with  an  ICE  vibratory 
hammer.  Conventional  timber  lagging  was 
placed  behind  the  pile  flanges,  and  straw  hay 
was  placed  becween  and  behind  the  lagging 
boards.  The  soil  anchors  were  installed  at  15 
ft  centers  using  pressure  injected  techniques. 
A  4  inch  hole  was  drilled,  cased,  and  washed 
using  rotary  equipment.  The  anchor 
reinforcement  (four  270  ksi  steel  strands)  was 
grouted  in  the  hole  using  low  pressure  primary 
and  high  pressure  secondary  grout 
applications.  A  regrout  tube  was  installed 
with  the  anchor  reinforcement.  The  10  ft 
stressing  length  of  the  anchor  reinforcement 
was  sheathed  with  plastic  and  the  bond  length 
of  the  anchor  was  approximately  25  ft.  All  of 
the  anchors  were  prooftested  to  125%  of  their 
design  load  and  locked-off  at  75%  of  the  load. 

Predictions 

Since  the  soldier  pile  wall  was  subjected  to 
both  active  soil  pressure  loading  and 
concentrated  point  loads  associated  with  the 
soil  anchors,  elastic  superposition  methods 
were  used  to  estimate  the  lateral  deflection 
of  the  wall.  The  predicted  maximum  lateral 
deflection  at  the  top  of  the  wall  was  0.15  ft. 

Per  f ormance 

Following  the  installation  of  the  piles, 
monitoring  points  v.ere  established  at  the  top 
of  selected  piles.  Monitoring  was 
accomplished  through  the  staged  excavation 
sequence.  Lateral  movements  versus  excavation 
elevation  for  the  Ferris  Avenue  wall  are 


LATERAL  MOVEMENT  TOWARD  EXCAVATION  (F»«t  ) 
(M<0«ur*<)  At  Top  or  SoldUr  Pilt  > 


b.  Lateral  Movement  Versus  Excavation  Depth 
UNDERGROUND  GARAGE  EXCAVATION 
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TABLE  5:  Summary  of  Excavation  Support  Movements 


Project 

Retaining  Structure^ 

Height 

(ft) 

Predicted 

2  Movement 

(ft) 

Measured^ 

Movement 

(ft) 

Measured 

Predicted 

50  Main 

Cantilevered  SP 

15 

0.12 

0.17 

1.4 

50  Main 

Cantilevered  SP 

14 

0.08 

0.12 

1.5 

25  Martine 

Cantilevered  SP 

14 

0.09 

0.23 

2.6 

Gateway  I 

Cantilevered/Braced  SP 

20 

0.43 

0.39 

0.9 

Gateway  Underground 

SP  w/1  level  of  anchors 

21 

— 

0.11 

— 

Gateway  Underground 

SP  w/1  level  of  anchors 

28 

0.15 

0.15 

1.0 

Gateway  Underground 

SP  w/2  level  of  anchors 

30 

— 

0.08 

— 

1  SP  =  Soldier  pile  and 

2  Height  =  Equivalent 

timber  lagged  wall, 
height  wall  with  a  level 

ground 

surface  at  the  top  and 

bottom  o 

retaining  wall.  This 

equivalent  height  accounts 

for  backslopes  and  toe 

berms . 

3  Maximum  lateral  movement  measured  at  cep  of  retaining  structure. 


presented  in  Figure  8b.  The  measured  lateral 
movement  ranged  from  0.06  to  0.15  ft.  The 
ratio  of  predicted  lateral  movement  to  the 
maximum  measured  movement  is  1.0. 

Performance  tests  were  accomplished  on  two 
soil  anchors  to  determine  the  residual  or 
permanent  movement  of  the  grouted  anchor.  An 
incremental  series  of  load  and  unload  cycles 
were  performed  up  to  150%  of  the  anchor  design 
load  for  an  86  kip  three  strand  anchor  with  a 
bond  length  of  20  ft  and  a  125  kip  four  strand 
anchor  with  a  bond  length  of  28  ft.  At  100%  of 
their  design  load,  the  permanent  (non-elastic) 
anchor  movement  was  measured  to  be  0.026  ft 
for  the  86  kip  anchor  and  0.032  ft  for  the  125 
kip  anchor.  The  permanent  anchor  movement  at 
100%  of  the  design  load  was  equal  to  0.12%  of 
the  bond  length  of  the  anchor. 

Discussion 

A  summary  of  the  predicted  and  measured 
lateral  movements  for  the  previously  discussed 
retaining  structures  and  for  other  excavation 
retention  systems  in  the  downtown  vicinity  are 
presented  in  Table  5. 

The  maximum  measured  movement  occurred  at  the 
Gateway  I  excavation,  where  0.39  ft  of  lateral 
deflection  was  recorded  for  the 
cantilevered/braced  20  ft  equivalent  height 
wall.  Additional  lateral  movement  may  have 
occurred  at  this  site  if  the  originally 
constructed  cantilevered  wall  had  not  been 
internally  braced.  The  14  to  15  ft  equivalent 
height  cantilevered  walls  experienced 
movements  up  to  0.23  ft  and  the  21  to  30  ft 
equivalent  height  soil  anchored  walls  moved  up 
to  0.15  ft  toward  the  excavation. 

The  measurements  from  these  case  histories 
indicate  that  for  conventional  HP  soldier  pile 
sections,  the  maximum  equivalent  cantilevered 
wall  height  is  approximately  15  ft.  Beyond 
this  height,  lateral  movements  can  become 
excess i ve . 

The  predicted  elastic  movements  for  the 
cantilevered  soldier  pile  walls  were  less  than 
the  maximum  measured  lateral  movement  by  40  to 
160%.  Construction  methods  and  surrounding 
ambient  conditions  have  led  to  lateral 
movements  in  excess  of  the  estimated  elastic 
deflection.  The  presence  of  running 


cohesionless  sand  during  the  lagging 
installation  may  have  left  voids  behind  the 
soldier  pile  wall.  These  voids  sometimes 
extend  behind  the  back  flange  of  the  soldier 
piles,  thereby,  significantly  reducing  the 
arching  or  self  supporting  effect  of  the  soil 
between  the  piles.  Backpacking  and  attempting 
to  backfill  from  the  top  of  the  soldier  pile 
wall  does  not  usually  succeed  in 
reestablishing  the  natural  arching  capacity  of 
the  soil.  In  time,  vibrations  caused  by  heavy 
street  traffic  and  intense  rainfalls  caused 
the  voids  behind  the  lagging  to  become  filled 
with  loose  soil.  The  loose  soil  does  not  have 
the  arching  capacity  of  the  natural  dense 
soil.  Therefore,  additional  soil  pressures 
are  transmitted  to  the  soldier  piles  and 
greater  than  predicted  lateral  movements 
occur . 

Limiting  lateral  movements  for  lagged  soldier 
pile  walls  in  running  sand  can  be  accomplished 
by  the  use  of  contact  lagging  attached  to  the 
front  face  of  the  soldier  piles.  This 
procedure  limits  the  disturbance  of  the 
natural  arching  of  the  in-situ  sand  between 
the  piles. 


CONCLOSIONS 

Through  the  use  of  field  measurements,  it  was 
possible  to  analyze  and  evaluate  the 
performance  of  completed  building  foundations 
and  temporary  earth  retaining  structures. 

Original  design  assumptions  and  methods  of 
predicting  their  performance  could  be  checked 
and  evaluated  to  assist  in  the  design  and 
analysis  of  future  structures. 

As  indicated  in  the  discussions: 

.  The  maximum  measured  total  and  differential 
settlement,  0.10  ft  and  0.04  ft, 

respectively  ,  was  recorded  at  the  1-11 
Martine  mat  foundation.  This  magnitude  of 
settlement  is  considered  to  be  acceptable 
for  the  concrete  structures  discussed. 

.  Measured  differential  settlements  were 

observed  to  be  less  than  40%  of  the  total 
measured  settlement. 

.  The  predicted  settlements  exceeded  the 

maximum  measured  settlement  by  50  to  200%. 
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.  The  Schmertmann  analysis  provided  the  best 
estimate  for  the  settlement  of  the  mat 
foundations  and  the  Meyerhof  method  yielded 
the  closest  approximation  for  the 
settlement  of  spread  foundations. 

.  The  predicted  elastic  movements  for  the 
cantilevered  soldier  pile  walls  were  less 
than  the  maximum  measured  lateral  movements 
by  40  to  160%. 

.  Construction  difficulties  during  the 
lagging  installation  caused  by  running  sand 
conditions  may  have  led  to  the  increased 
lateral  movements. 

.  The  use  of  contact  lagging  installed  on  the 
front  face  of  the  pile  flange  could  limit 
disturbance  of  the  arching  effect  of  the 
in-situ  sand,  thus,  decreasing  the 
potential  for  lateral  movement  of  the 
soldier  pile  walls. 

.  For  conventional  HP  soldier  pile  sections 
the  maximum  cantilevered  equivalent  wall 
height  is  approximately  15  ft.  Beyond  this 
height,  lateral  movements  can  become 
excessive . 
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The  following  symbols  are  used  in  this  report: 

D  -  Depth  of  embedment 

H  =  Exposed  height  of  wall 

K  =  Modulus  of  subgrade  reaction 

Kg  =  Coefficient  of  active  earth  pressure 

Kp  =  Coefficient  of  passive  earth  pressure 

N  =  Standard  penetration  test  N-value  in 

blows  per  foot 
Q  =  Column  load 

qa  =  Allowable  bearing  pressure 

^  -  Angle  of  internal  friction 

S  =  Total  unit  weight 

f  sat  ■  Saturated  unit  weight 


APPENDIX  III  -  CONVERSION  OF  UNITS 

The  following  english  units  can  be  converted 
to  the  International  System  (SI)  units: 

1  foot  (ft)  =  0.3048  meters  (m) 

1  inch  (in)  =  25.4  millimeters  (mm) 

1  kilopound  =  1000  Ibf  =  0.50  tons 
1  kilopound  (kip)  =  4.448  kilonewtons 
1  kilopound  per  square  feet  (ksf)  = 

47.88  kilo  pascal  (kPa) 

1  pound  per  cubic  foot  (pcf)  = 

16.02  kilograms  per  cubic  meter  (kg/m^) 
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SYNOPSIS:  In  this  paper,  two  case  records  are  presented  as  an  illustration  of  the  advantages  of 
using  what  one  might  call  "common  sense"  foundation  design. 

The  first  case  is  an  illustrative  example  of  the  detrimental  effects  on  older  buildings  that 
can  be  caused  bv  traditional  piling  in  non-cohesive  soil.  The  possibilities  of  avoiding  damage  by 
application  of  a  less  rigid  foundation  desiqn  method  are  discussed.  Thus,  having  access  to  more 
sophisticated  soil  investigation  methods  than  those  originally  used,  it  can  be  shown  that  a  mixed 
foundation,  partly  on  settlement  reducing  piles  and  partly  on  shallow  footings  would  have  been 
possible.  The  concept  of  settlement  reducing  piles  means  that  the  length  and  number  of  piles  in 
the  pile  groups  are  chosen  with  a  view  to  eliminating  settlement  differences  between  piled  and 
unpiled  foundations.  Using  this  solution,  the  part  of  the  new  building  nearest  to  the  older  ones 
would  have  been  founded  on  shallow  footings,  which  would  have  meant  both  a  considerable  reduction 
of  damage  to  the  older  buildings  and  considerable  savings  in  foundation  costs. 

The  second  case  record  is  presented  in  support  of  the  design  method  suggested.  The  subsoil 
conditions  under  the  building  in  this  case  are  very  similar  to  those  in  the  first  case.  Here,  on 
the  basis  of  more  developed  soil  investigations  methods,  it  was  decided  to  found  the  building 
partly  on  settlement  reducing  piles  and  partlv  on  shallow  footings.  To  keep  a  checl'  on  the  result, 
the  building  was  monitored  with  settlement  gauges.  The  results  of  the  settlement  observations 
showed  excellent  agreement  between  prediction  and  performance. 


INTRODUCTION 

In  urban  renewal  work  new  buildings  often  have 
to  be  founded  at  a  much  deeper  level  than  older 
buildings  in  their  immediate  vicinity.  These 
older  buildings  may  be  considered  to  be  valuable 
for  historical  or  other  reasons  and  must  there¬ 
fore  be  protected  against  damage  in  the  best 
possible  way  during  the  construction  of  new 
buildings.  This  can  create  difficult  foundation 
problems  which  may  require  unconventional 
solutions.  This  is  undoubtedly  true  in  cases 
where  the  choice  of  foundation  method  has  a 
great  influence  on  the  preservation  of  the 
nearby  buildings. 

Old  buildings  are  usually  founded  at  shallow 
depth  and  are  therefore  very  sensitive  to  any 
kind  of  construction  work  causing  disturbance  at 
great  d,.pth  in  the  subsoil.  H.^»ever,  in  order  to 
make  sure  that  the  new  buildings  will  not  suffer 
damage  by  differential  settlement,  or  by  future 
building  activity,  the  designer  often  decides  on 
pile  foundations  irrespective  of  whether  this  is 
required  or  not.  If  piles  are  required  in  one 
part  of  the  building,  then  the  whole  building 
will  be  placed  on  piles.  It  would  appear  that 
there  is  a  belief  that  the  safety  of  a  building 
against  damage  is  hazarded  if  part  of  the 
building  is  founded  on  piles  while  the  other 
part  is  founded  on  shallow  footings. 

This  attitude  is  of  course  based  on  the  diffi¬ 
culties  experienced  in  settlement  prediction. 
The  soil  investigations  carried  out  may  not  form 
a  reliable  basis  for  settlement  prediction.  This 


is  particularly  true  in  cases  where  the  subsoil 
consists  of  non-cohesive  soil.  In  these  cases, 
soil  investigations  generally  only  consist  of 
different  kinds  of  sounding,  such  as  SPT,  CRT, 
or  the  like,  and  (but  not  alwaysl ,  the  taking  of 
disturbed  samples  for  soil  identification. 
Unless  the  geotechnical  characteristics  of  the 
soil  can  be  directly  evaluated  from  the  sounding 
resistance,  on  the  basis  of  well -documented 
local  experience,  then  the  uncertainties  in¬ 
volved  are  so  great  that  the  choice  of  pile 
foundations  is  only  natural. 

Since  pile  driving,  as  pointed  out,  often  does 
very  considerable  damage  to  nearby  buildings  it 
should  therefore  be  avoided  whenever  possible. 
How  then  is  this  goal  to  be  achieved?  The 
traditional  design  of  pile  foundations  whereby 
the  total  load  of  the  building  is  assumed  to  be 
carried  by  the  piles  alone  is  undoubtedly  the 
foremost  obstacle  that  has  to  be  overcome.  In 
this  type  of  design  the  piles  are  assumed  to  act 
as  columns,  and,  to  avoid  settlement,  a  high 
safety  factor  against  pile  failure  is  applied. 
This,  of  course,  entails  hard  pile  driving  to 
great  depths.  Moreover,  since  the  settlement  of 
pile  foundations  is  believed  to  be  negligible,  a 
combination  of  piled  and  unpiled  foundations  is 
not  considered  to  be  safe  and  sound. 

The  insight  which  has  been  gained  into  modern 
foundation  design  somehow  seems  obviously  to  be 
forgotten  as  soon  as  piling  comes  into  the 
picture.  Much  could  be  gained  if  only  the 
principles  of  geotechnical  engineering  applied 
in  other  connections,  e.g.  in  the  design  of 
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shallow  foundations,  wore  also  apolied  in 
connect  ion  with  pilina.  Some  examples  of  this 
were  demonstrated.  bv  Hansbo  (19R4),  Rurlcond 
(l^Sh),  Kasai:  et  al.  (1487)  and  Peaker  et  al. 
(19  8')  . 

In  the  followina,  an  examole  of  the  damaqe 
caused  bv  pil^  drivina  in  nnn-..o.ies ive  soil  wii^ 
bo  a!\'er’..  "^he  possibilitv  of  usina  sh.allow 
foundati.ons  in  comib  ina  t  ion  with  deep  foundations 
(on  piles)  ,  will  be  discussed  —  a  combination 
which  is  less  harmful  to  the  surroundina  build- 
xnas.  In  suDonr*:,  another  case  record  will  be 
presented  where  the  subsoil  conditions  are  quite 
similar.  In  this  latter  case  pile  foundations 
and  shallow  foundations  were  used  in  combina¬ 
tion.  Settlement  prediction  and  oerformance  were 
in.  cTOod  acreem.ent. 

COMVFA'TION'.M.  PILFD  FOl’N’D.ATION’S 

Puildinos  in  the  hyerkikaren  block 

A  number  of  new  buildinas,  Fia.  1,  were  to  he 
erected  in  the  ^i-erkikaren  block,  which  is 
situated  in  the  centre  of  Stockholm  on  the 
southern  em.bankment  of  I.ake  Miilaren.  The  build¬ 
ings  considered  in  this  report  are  designated  B 
and  C,  Fios  1-2. 


The  buildings  are  situated  on  the  esker  which 
passes  through  the  central  parts  of  Stockholm. 
The  osker  material  at  the  site  consists  of  sand 
and  gravel  of  varying  relative  densitv  and 
stratification.  Its  surface  level  is  indicated 
in  Fig.  2.  In  connection  with  previous  building 
activity  it  had  been  filled  up  with  different 
kinds  of  material,  partly  organic,  and  unsuit¬ 
able  for  building  purposes.  The  bedrock  level  is 
given  in  Fig.  2.  The  groundwater  level  is 
subjected  to  annual  variations  from  around  -0.8 
to  +0.5. 

Building  B 

The  ground  level  before  excav'ation  varied 
between  maximum  +20  m  in  the  south  and  minimum 
+10.5  m  in  the  north.  Around  60%  of  the  building 
area  was  at  level  +19.9  m.  The  foundation  level 
of  the  building  (basement  floor  level  +3.01  is 
below  bed-+ock  surface  in  its  southernmost  part 
while  in  its  northernmost  part  the  depth  to 
bed-rock  is  around  22  m. 


Fig.  2.  Site  plan  of  the  new  buildinas.  Broken 
lines  indicate  bed-rock  level,  broken 
and  dotted  lines  indicate  level  of 
unpor  surface  of  natural  esker  mate¬ 
rial. 


The  soil  investiaation  for  Building  B  consisted 
or  Swedish  weight  soundina  and  ram.  sounding. 
Because  of  strong  variations  in  sounding  resi¬ 
stance,  the  consultant  decided  that  foundation 
on  piles  should  be  used  in  the  part  of  the 
building  underlain  bv  osker  material,  and  that 
the  pile  tips  should  be  carried  down  to  bed¬ 
rock  . 

Building  C 

The  around  lev'el  before  excavation  varied 
between  maximum  +12.6  in  the  south  and  minimum 
+  5.5  in  the  north.  Within  the  main  part  of  the 
buildina,  the  ground  level  was  between  +10.0  and 
+12.6. 

The  soil  investigation  for  Building  C  consisted 
of  v/oight  sounding  (5  boreholes) ,  ram  sounding 
(14  boreholes)  and”  CPT  (5  boreholes).  Disturbed 
soil  samples  were  taken  in  7  boreholes  for  soil 
identification.  After  excavation  the  first  soi i 
investigation  was  supplemented  by  another  set  of 
weight  and  ram  soundinas  and  soil  samplina  for 
soil  identification.  The  main  purpose  of  the 
soil  sampling  was  to  identify  the  interface 
between  fill  and  natural  esker  material. 

As  in  the  case  of  Buildina  B,  there  were  larae 
variations  in  soundina  resistance,  indicating 
great  differences  in  the  relative  densitv  of  the 
soil.  The  lowest  resistance  was  obtained  lust 
below  the  groundwater  table.  An  example  of  the 
results  of  the  soil  investigation  (Section  I-I, 
Fig.  2)  is  given  in  Fig.  3.  The  results  of  the 
CPT,  which  perhaps  bent  reflect  the  firmness  of 
the  soil,  also  show  areat  variation  in  penetra¬ 
tion  resistance.  The  lowest  point  resistance, 
obtained  in  two  borehole.s  in  the  sand  layers 
■)ust  below  the  groundwater  table,  :s  2-4  MPa 
(the  lower  value  probably  due  to  nearby  driving 
of  two  cas inas  )  . 

With  the  chosen  basement  floor  lei’el  (+3.n), 
approximately  20%  of  the  basement  area  in  the 
northernmost  part  of  the  building  was  underlain 
by  fill  material.  In  this  area  foundation  on 
piles  was  undoubtedly  required.  For  the  remain- 
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inq  part,  a  settlement  analysis  carried  out  by 
the  consultant  on  the  basis  of  empirical  corre¬ 
lations  between  compression  moduli  and  sounding 
resistance  (Peradahl  and  Eriksson,  1983),  gave 
an  estimated  settlement  of  shallow  footings  of 
12-13  cm.  Since  such  a  large  settlement  would 
lead  to  unacceptable  distortion  between  the  part 
of  the  buildina  on  piles  and  the  part  on  shallow 
footings,  it  was  decided  that  the  whole  building 
should  be  founded  on  conventional  driven  piles. 
As  a  result,  382  precast  concrete  piles  were 
driven  to  an  averaae  depth  of  24.5  m. 


Fig.  3.  P,esult.s  of  soil  investigation  (ram 
sounding  and  weight  sounding)  along 
.Section  I-I,  see  Fig.  2.  Shaded  area 
represents  fill  material. 


settlement  of  the  old  houses  took  place.  How¬ 
ever,  the  most  serious  trouble  was  met  with  due 
to  the  pile  installation.  House  1  tilted  to  the 
north,  towards  Building  C,  and  House  19  to  the 
north-west.  Wide  cracks  opened  up.  Fig.  5,  and  a 
column  in  House  19  was  sheared  off  which  led  to 
the  collapse  of  the  concrete  roof,  Fig.  6,  just 
after  the  end  of  a  meeting  in  the  room  in 
question.  Settlement  observations  showed  that 
the  northwest  corner  of  House  19  had  settled 
about  13  cm  vertically  and  had  moved  about  3  cm 
horizontally  in  an  outward  direction,  Fig.  7. 
Most  of  the  settlement  was  obviously  caused  as  a 
result  of  reorientation  of  grains  into  a  denser 
state  (compaction  of  loose  esker  material)  bv 
vibrations  and  soil  displacement  during  pile 
driving . 


Damage  caused  bv  piling 


In  the  immediate  vicinity  of  Buildings  B  and  C 
there  were  two  existing  houses  of  great  histor¬ 
ical  and  architectural  interest.  They  were 
founded  on  shallow  footings  and  their  basement 
floor  levels  were  +7.1  (House  19,  Fig.  2)  and 
+10.0  (House  1,  Fig.  2).  Due  to  the  installation 
of  a  sheet-pile  wall  south  of  Building  C,  and 
installation  of  bored  piles  west  of  Building  D 
(Fig.  4)  prior  to  and  during  excavation,  certain 


Fig.  4.  View  of  supporting  bored  pile  wall 
against  House  19,  west  of  Building  B. 


Fig.  5.  Crac)cs  in  the  western  fafade  of  House 
19  caused  by  settlements  due  to  piling. 


Fig.  6.  Remainders  of  concrete  roof  which 
collapsed  after  a  supporting  column  had 
been  sheared  off. 


Fig.  7.  Settlements  of  Houses  1  and  19  during 
foundation  work  for  Buildings  B  and  C. 


COMMON  SENSE  FOUNDATION 

Buildings  in  the  Overkikaren  block 

Knowing  the  result,  one  is  forced  to  ask 
oneself  if  the  choice  of  foundation  method  was 
well-founded.  Above  all,  no  investigation  of  the 
deformation  properties  of  the  natural  esker 
material  had  been  carried  out  and,  consequent!'', 
a  very  conservative  settlement  analysis  was  made 
on  an  empirical  basis.  Moreover,  no  regard  was 
paid  to  the  positive  influence  on  settlement  of 
unloading  due  to  excavation.  As  shown  by  Jamiol- 
kowski  et  al.  (1985),  the  correlation  between 
sounding  resistance  and  deformation  moduli  in 
sand  is  very  much  dependent  on  the  overconsoli¬ 
dation  ratio. 

For  Building  B  unloading  due  to  exca',ation 
caused  a  stress  release  of  between  0.20  and  0.35 
MPa.  There  is  therefore  no  doubt  that  foundation 
of  Building  B  on  shallow  footings  would  have 
been  possible.  To  minimize  differential  settle¬ 
ment,  overblasting  of  the  bed-rock  in  the  part 
of  the  foundation  area  with  exposed  bed-rock 
surface  could  have  been  carried  out  as  an  extra 
safety  measure. 

More  interesting,  however,  is  the  question  as  to 
what  possibilities  existed  for  using  another 
type  of  foundation  for  Building  C  which  would 
have  been  less  dangerous  for  the  adjacent 
buildings.  To  investigate  this,  pressuremeter 
tests  were  later  carried  out  in  two  boreholes, 
one  immediately  east  and  the  other  immediately 
west  of  Building  C.  In  order  to  be  able  to 
correlate  the  pressuremeter  values  with  the 
sounding  resistance  in  the  original  investiga¬ 
tion,  weight  sounding  was  also  carried  out  in 
the  immediate  vicinity  of  the  pressuremeter 
holes.  The  weight  sounding  results  in  these  new 
boreholes  were  very  similar  to  those  previously 
obtained,  and  therefore,  the  pressuremeter 
values  can  be  considered  as  being  representative 
of  the  original  soil  conditions. 


Now,  a  settlement  analysis  based  on  the  results 
of  the  pressuremeter  tests  (cf.  Eaguelin  et  al., 
1978)  shows  that  a  mixed  foundation  partly  on 
shallow  footings  and  partly  on  piled  footings 
would  have  been  possible.  Piled  footings  would 
only  have  been  required  where  the  foundation 
level  was  in  fill.  Choosing  the  foundation  level 
±0,  and  a  permissible  average  ground  pressure 
for  the  footings  of  0.3  MPa,  settlements  were 
calculated  to  vary  between  0.02  and  0.03  m.  In 
the  settlement  calculation,  the  pressuremeter 
moduli  at  stresses  below  the  preconsolidation 
pressure  (re-bound  values)  were  assumed  to  be  3 
times  the  measured  "virgin"  values  and  o  values 
applicable  to  overconsolidated  soil  were  chosen. 
To  minimize  differential  settlements  between 
unpiled  and  piled  footings,  the  piles,  according 
to  settlement  analysis  based  on  the  pressure¬ 
meter  results  (cf.  Sellgren,  1985),  should  not 
be  driven  deeper  into  the  esker  material  than  15 
m.  By  choosing  this  foundation  method  a  total 
settlement  of  maximum  4  cm  and  a  maximum  differ¬ 
ential  settlement  of  less  than  2  cm  could  be 
expected.  These  settlements  would  have  been 
quite  acceptable.  As  a  result,  the  compaction 
effects  on  the  esker  material  underneath  Houses 
1  and  19  would  have  been  considerably  reduced. 
Moreover,  apart  from  the  lesser  risk  of  damage 
to  the  adjacent  buildings,  the  mixed  foundation 
suggested  would  have  resulted  in  considerable 
saving  in  foundation  costs. 

Sollentuna  hospital 

The  mixed  type  of  foundation  suggested  above  for 
Building  C  in  Overkikaren  had  already  been 
carried  out  in  a  previous  project,  the  Sollen¬ 
tuna  hospital.  Fig.  8.  The  subsoil  conditions  on 
the  site  of  this  hospital  are  very  similar  to 
those  prevailing  at  the  site  of  Building  C,  with 
the  exception  that  in  part  of  the  building  area 
the  esker  material  is  covered  by  clay  instead  of 
fill.  Fig.  9.  The  maximum  thickness  of  the  clav 
layer  wedging  into  the  building  area  from  the 
south  is  5-8  m.  Its  undrained  shear  strength 
varies  between  10  and  30  kPa.  The  esker  material 
consists  mainly  of  sand.  Typical  results  ob¬ 
tained  outside  and  inside  the  clay  area  are 
given  in  Fig.  10. 

With  the  chosen  basement  floor  level  +23.5  it 
was  no  doubt  necessary  to  found  the  part  of  the 
hospital  underlain  by  clay  on  piles.  Then,  from 


Fig.  8.  The  Sollentuna  Hospital 


1340 


Fig.  9.  Location  of  boreholes  and  site  plan  of 
the  Sollentuna  Hospital.  Dashed  area 
shows  the  clay  layer  wedging  into  the 
hospital  site. 


the  traditional  point  of  view,  due  to  fear  of 
detrimental  differential  settlement,  piled 
foundations  would  have  been  considered  as  being 
the  most  natural  choice  for  the  whole  building, 
including  the  part  resting  on  non-cohesive  soil. 
However,  a  settlement  analysis  based  on  the 
pressuremeter  results  showed  that  it  was  pos¬ 
sible  to  use  a  mixed  foundation,  partly  on 
shallow  footings  and  partly  on  piled  footings. 
With  the  aim  of  minimizing  the  differential 
settlements  between  piled  and  unpiled  footings  a 
limit  was  set  to  the  depth  of  pile  driving  into 
the  sandy  esker  material. 

For  example,  using  the  results  of  the  pressure- 
meter  tests  shown  in  Fig.  10,  we  find  for  a 
driven  pile  with  a  cross-sectional  area  of 
0.275x0.275  m^  driven  5  m  into  the  esker,  a 
failure  load  of  (cf.  Sellgren,  1985) 

Pj=  5x4x0.275x0.080  +  2.7x2.2x0.275^=  0.9  MN 

The  settlement  of  the  pile  head  can  be  estimated 
from  the  relation  (Sellgren,  1985) 


^  1+(B/eEpb)tanh(ei) 

b  8-r(9E  b)  tanh(ei) 

P 

8=  ISEp^/d.Vg) 


Inserting  E 


we  find 


=  elastic  modulus  of  pile  = 

=  30.000  MPa 

=  width  of  pile  =  0.275  m 
=  length  of  pile  in  gravel  =  5  m 
=  pressuremeter  modulus  =  17  MPa 
=  Poisson's  ratio  of  soil  =  0.3 
=  0.007  mm/MN 


Consequently,  the  settlement  under  a  load  of  450 
kN  can  be  estimated  at  6  mm. 

For  a  square  footing  with  2.5  m  width,  founded 
at  1  m  depth,  the  settlement  can  be  calculated 
from  the  relation  (Baguelin  et  al.,  1978). 


1  .1x2.5. 


Inserting  E  ,^  =  pressuremeter  modulus  in  zone 
governed  by  deviatoric  stress 
condition  =  15  MPa 

E  ,,  =  pressuremeter  modulus  in  zone 
"  governed  by  isotropic  stress 

condition  =  12  MPa 

we  find  for  an  average  ground  pressure  of 
0.5  MPa  (safety  against  failure  around  3)  a 
settlement  of  11  mm. 


For  the  suggested  foundation  and  the  actual 
loading  conditions,  a  maximum  differential 
settlement  of  10  mm  and  a  maximum  total  settle¬ 
ment  of  15  mm  was  predicted.  70%  of  the  settle¬ 
ment  was  assumed  to  take  place  during  the 
construction  period. 


Fig.  10.  Typical  results  of  CPT  soundings  (total 
of  point  resistance  and  skin  friction) 
and  MSnard  pressuremeter  tests. 


In  order  to  persuade  the  client  to  accept  what 
he  thought  would  be  an  unsafe  and  untried  type 
of  foundation,  the  building  was  carefully 
monitored  with  settlement  gauges.  If  some  large 
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deviations  from  prediction  should  arise,  then 
these  could  be  blamed  on  the  consultant.  The 
settlements  were  followed  up  during  the  const¬ 
ruction  of  the  building  and  also  for  a  subse¬ 
quent  period  of  2  years.  At  the  end  of  that 
time,  settlement  seemed  to  have  terminated.  The 
final  settlements  are  aiven  in  Fig.  11.  The 
results  of  settlement  observations  show  very 
good  aareement  with  prediction.  From  the  end  of 
the  construction  period  until  2  years  later  the 
average  relative  increase  of  settlement  was 
about  38%  (from  about  20%  to  about  80%). 


Fig.  11.  Settlements  (in  mm),  measured  2  years 
after  the  completion  of  the  building. 
The  footings  shown  black  are  placed  on 
piles.  Maximum  differential  settlement 
around  1:800. 


CONCLUSION 

The  first  case  record  presented  in  this  paper 
shows  the  detrimental  effects  on  nearbv  build¬ 
ings  that  can  be  caused  by  pile  driving.  It  also 
shows  that  most  probably  a  foundation  which  was 
both  more  economical  and  less  liltely  to  cause 
damage  to  nearby  buildings  would  have  been 
possible  —  had  more  sophisticated  soil  investi¬ 
gations  been  carried  out  in  order  to  determine 
the  deformation  characteristics  of  the  soil. 

The  second  case  record  is  an  example  of  a 
successful  application  of  a  mixed  foundation, 
partly  on  shallow  footings  and  partly  on  pile 
footings  where  the  piles  were  designed  in  such  a 
way  so  as  to  minimize  differential  settlement. 
It  also  shows  that  acceptable  agreement  between 
prediction  and  actual  behaviour  can  be  obtained 
provided  that  the  in-situ  deformation  characte¬ 
ristics  of  the  subsoil  have  been  satisfactorily 
investigated . 

The  moral:  continue  to  use  your  geotechnical 
l<now-how  and  common  sense  even  when  piling  comes 
into  the  picture. 
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SYNOPSIS:  Five  case  histories,  where  the  ultimate  bearing  capacity  of  the  piles  was  evaluated  by  both  dynamic  measurements  and  static 
load  tests  in  Southern  Ontario,  Canada,  are  presented.  The  ultimate  bearing  capacity  of  the  piles  obtained  by  both  methods  are 
compared  and  found  that  the  ultimate  bearing  capacities  evaluated  by  dynamic  measurements  are  within  1  to  1  5  percent  of  the  static 
load  test  results  analysed  by  the  Offset  Limit  Load  Criterion.  In  four  of  the  six  piles  evaluated,  the  dynamic  analysis  results  are  within 
10  percent  of  the  static  load  test  results.  The  correlations  have  shown  that  dynamic  analysis  of  pile  capacity  by  dynamic  measurements 


is  an  excellent  alternative  to  static  load  test. 

INTRODUCTION 

Since  pile  driving  causes  failure  of  the  soil,  it  is  therefore 
logical  to  use  dynamic  measurements  made  during  pile  driving 
to  estimate  the  ultimate  bearing  capacity  of  the  pile.  The  use 
of  dynamic  measurements  to  predict  pile  capacity  was  put  in 
use  in  the  early  1970's,  and  since  then  the  use  of  dynamic 
measurements  to  predict  pile  capacity  has  been  gaining  wide 
acceptance  by  practicing  civil  engineers.  In  the  field,  the 
ultimate  static  bearing  capacity  of  the  piles  was  evaluated 
from  the  strain  and  acceleration  measurements  by  the  case 
method.  The  ultimate  static  bearing  capacity  was  also 
estimated  in  the  laboratory  by  the  CAPWAP  analysis.  In  the 
CAPWAP  analysis,  the  hammer-pile-soil,  and  resistance 
distribution  on  a  pile  was  modeled  and  compared  with  the  strain 
and  acceleration  measurements  obtained  in  the  field. 

Ontario  is  a  province  located  in  the  mid-eastern  portion  of 
Canada.  The  southern  part  of  Ontario  has  close  to  80  percent 
of  the  population  of  Ontario.  The  area  was  covered  by  ice 
sheets  a  million  years  ago  and  the  subsoil  generally  consists  of 
glacial  tills.  The  glacial  tills  are  generally  competent  to 
support  a  building  by  the  conventional  type  of  shallow 
foundation.  However,  there  are  areas  with  deep  deposits  of  fill, 
softer  clay,  loose  silt  or  sand,  where  deep  foundations  are 
required.  In  these  instances,  driven  piles  or  augered  in-place 
caissons  are  used  to  support  the  proposed  structures. 

The  estimation  of  the  ultimate  static  bearing  capacity  of  a 
driven  pile  is  highly  theoretical.  Some  engineers  use  basic  soil 
mechanic  analysis  to  estimate  the  frictional  and  end  bearing 
resistances  of  a  driven  pile.  Others  used  various  kinds  of 
dynamic  formulae  to  estimate  the  ultimate  bearing  capacity  of 
piles  when  the  driving  system,  pile  type  and  size  are  known. 
When  E.A.L.  Smith  (1)  introduced  wave  propagation  theory  in 
the  1930’s  to  be  applied  to  a  pile  during  driving,  a  new  chapter 
had  opened  in  the  analysis  of  the  ultimate  bearing  capacity 
evaluation.  With  the  evolution  of  the  digital  computers  and 
various  instruments  for  the  measurements  of  strain  and 
acceleration  during  pile  driving,  the  dynamic  monitoring  of 
piles  was  put  into  use  in  the  early  70's.  This  paper  presents  the 
results  of  the  dynamic  analysis  of  piles  at  five  sites  where 
static  load  tests  were  also  undertaken. 

THEORETICAL  BASIS 

The  dynamic  evaluation  of  pile  capacity  using  Smith's  wave 
propagation  theory  has  been  reported  by  Rausche,  Goble  and 
Likins  (1975).  In  the  driving  of  a  pile,  the  strain  and 
acceleration  of  the  pile  induced  by  the  pile  driver  are 


measured.  From  the  strain  measurement,  the  force  at  the  pile 
top  can  be  obtained  once  the  pile  material  and  cross  sectional 
area  is  known.  From  the  acceleration  measurement,  the 
velocity  of  the  pile  being  driven  into  the  ground  can  be 
integrated.  From  the  force  and  velocity  obtained  at  the  pile 
top,  the  static  capacity  of  the  pile  can  be  estimated  by  the  case 
method: 

RSP  =  (FI  +  F2)/2  +  MC/2L  (VI  -V2)  -J 
Where:  RSP  =  Ultimate  Static  Bearing  Capacity 

F 1  =  Force  at  Impact 

F2  =  Force  at  Time  2L/C 

M  =  Mass  of  Pile 

C  =  Wave  Speed 

L  =  Length  of  Pile 

VI  =  Velocity  at  Impact 

V2  =  Velocity  at  Time  2L/C 

3  =  Damping 

The  ultimate  static  bearing  capacity  of  the  pile  can  also  be 
evaluated  by  another  method  in  the  laboratory  called  CAPWAP 
analysis.  In  this  analysis,  the  measured  force  at  the  pile  top  is 
used  as  input  into  the  program.  Values  for  the  soil  parameters, 
resistance  distribution  on  each  pile  elements  are  assumed  and  a 
dynamic  analysis  is  performed  to  obtain  the  required  force  at 
the  point  of  measurement  to  generate  the  imposed 
acceleration.  The  various  parameters  are  changed  in  an  effort 
to  match  the  computed  top  force  to  the  measured  top  force  as 
close  as  possible.  When  the  computed  top  force  is  matched  to 
the  measured  top  force,  the  field  condition  is  simulated  and  the 
ultimate  static  bearing  capacity  of  the  pile  can  be  obtained. 

TEST  METHOD 

The  dynamic  measurements  were  carried  out  by  using  two  sets 
of  gauges  and  a  portable  computer  called  a  Pile  Driving 
Analyser.  The  gauges  consisted  of: 

The  instrumentation  for  the  Pile  Driving  Analyser  was  attached 
near  the  top  of  the  pile.  This  consisted  of  two  reusable  strain 
gauges  and  two  accelerometers  securely  bolted  near  the  top  of 
the  pile.  For  each  hammer  blow,  electrical  signals  were  fed 
into  the  preprogrammed  Pile  Driving  Analyser  and  the  basic 
measurements  of  strain  and  acceleration  were  converted  into 
force  and  velocity  parameters  as  a  function  of  time.  From 
these  parameters  the  ultimate  (mobilized)  bearing  capacities 
were  automatically  computed.  In  addition,  the  maximum 
forces,  the  developed  energies  and  the  hammer  blow  rate,  etc., 
are  some  of  the  output  from  the  Analyser.  The  force  and 
velocity  wave  traces  were  continually  observed  in  the  field  and 
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their  analog  signals  were  recorded  on  magnetic  tape  by  an  FM 
instrumentation  tape  recorder. 


capacity  evaluated  by  CAPWAP  analysis  to  the  Offset  Limit 
Load  Criterion  (Davisson)  was  within  one  percent. 


After  the  dynamic  measurements  were  completed,  the  piles 
were  subjected  to  static  load  test.  The  static  load  test  was 
generally  carried  out  in  accordance  with  the  ASTM  D1 143-81 
procedures.  With  the  exception  of  Site  A  and  Site  E,  all  tests 
were  carried  out  with  the  standard  loading  procedures  of  the 
ASTM  D-1 143-81  standard.  At  Site  A  and  E,  the  quick  load  test 
option  outlined  in  the  ASTM  procedures  was  used.  The  load  on 
the  pile  was  placed  incrementally  with  a  hydraulic  jack  to  twice 
the  design  load  or  to  failure.  A  load  cell  was  used  in  addition  to 
the  pressure  gauge  to  monitor  the  load  imposed  on  the  pile.  In 
cases  where  the  pile  held  twice  the  design  load,  the  load  was 
maintained  for  a  period  of  24  hours  prior  to  unloading. 

SITE  A 

A  single  storey  parking  structure  was  constructed  at  a  site 
located  in  North  York,  Ontario.  The  contractor  elected  to  use 
three  different  pile  sizes  to  suit  the  various  column  loads  in 
order  to  minimize  the  number  of  piles  to  be  used.  The 
contractor  proposed  a  driving  criteria  for  the  various  pile  types 
using  a  35  Kn  drop  hammer  falling  a  distance  of  1.2  to  1.5  m  to 
drive  the  three  types  of  piles. 

The  piles  used  at  this  site  consisted  of: 


Pile 

Type 

Pile  Size 
O.D.  mm 

Wall  Thickness 
mm 

Design  Load 
kN 

Steel  Pipe 

194 

8.3 

55 

Steel  Pipe 

244 

8.9 

1000 

Steel  Pipe 

298 

8.5 

1140 

The  subsoil  at  this  site  consisted  of  a  fill  of  variable  thickness 
overlying  a  compact  to  very  dense  sand.  The  fill  consisted  of 
clayey  silt,  sand,  rubble  and  organics  and  extended  to  a  depth  of 
10  to  11  m  depth.  The  wet  sand  extended  to  a  depth  of  22  to  26 
m  where  the  boreholes  were  terminated.  All  test  piles  were 
terminated  in  the  sand.  The  soil  conditions  are  shown  in 
Figure  1,  Borehole  Log  A. 

The  dynamic  results  for  the  load  test  pile  are  presented  in 
Table  1.  The  laboratory  CAPWAP  analysis  results  are  shown  in 
Table  2.  The  pile  was  driven  to  a  final  driving  resistance  of  19 
blows  per  25  mrn  under  54  KJ  of  driving  energy.  However,  the 
pile  top  was  slightly  damaged  when  the  blow  counts  were  taken. 
The  following  day,  after  the  pile  top  was  trimmed  to  sound 
steel,  the  pile  was  restruck  and  the  penetration  resistance  was 
measured  at  11  blows  per  25  mm.  An  input  energy  of  75  k3  was 
used  during  the  restrike. 

The  ultimate  bearing  capacity  of  the  load  test  pile  evaluated  by 
the  dynamic  analysis  was  2180  kN.  The  pile  was  statically  load 
tested  to  a  maximum  load  of  2240  kN.  The  load  test  was 
carried  out  in  accordance  with  the  quick  load  test  option  of  the 
ASTM  D-1 143-81  procedures.  At  the  maximum  load,  the  pile 
top  settled  a  distance  of  24.71  mm.  The  offset  limit  load 
criterion  for  this  pile  was  reached  at  a  load  of  2170  kN.  It 
appeared,  from  the  load  test  curve,  that  the  pile  would  plunge 
to  failure  beyond  the  maximum  load  of  2240  kN.  The  results  of 
the  load  test  for  the  pile  at  this  site  are  plotted  in  Figure  2. 

SUMMARY  OF  RESULTS  FOR  CASE  A 

In  situations  where  different  pile  sizes  are  used,  dynamic 
monitoring  can  be  used  to  correlate  the  capacities  of  different 
pile  sections  once  a  correlation  with  at  least  one  static  load 
test  is  established.  The  static  load  test  result  can  be  used  to 
establish  the  soil  damping  factor  to  be  used  in  the  case  method 
analysis.  Provided  that  the  remaining  piles  are  founded  in 
similar  soil,  the  capacity  of  the  remaining  piles  can  be 
evaluated  with  reasonable  confidence.  The  ultimate  bearing 
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the  lilt  and  the  penetration  resistance  increased  abruptly  to  10 
blows  per  g  mm  or  less  on  or  slightly  into  the  shale  bedrock. 
The  maximum  design  load  for  the  piles  w-as  800  kN  with 
majority  of  the  piles  carried  a  load  of  500  kN  or  less. 

At  the  early  stages  of  the  project,  four  piles  were  driven  around 
the  site  so  that  a  load  test  pile  could  be  selected.  During  the 
restrike,  however,  it  was  apparent  that  relaxation  (a  Jecr"ase 
in  bearing  capacity  between  the  end  of  driving  and  restrike)  of 
the  piles  on  the  shale  bedrock  occurred.  The  magnitude  of  the 
relaxation  of  the  piles  however,  varied  from  pile  to  pile,  even 
after  three  to  four  restrikes.  Dynamic  monitoring  was 
therefore  suggested  to  evaluate  the  capacity  of  the  piles  under 
the  relaxation  conditions. 

Based  on  the  10  piles  dynamically  tested  during  restriking,  the 
estimated  ultimate  bearing  capacity  ranged  from  MO  to 
1015  kN.  The  penetration  resistance  of  the  piles  upon 
restriking  ranged  from  3  to  8  blows  per  25  mm,  whereas  the 
piles  were  ail  driven  to  a  final  resistance  of  greater  than  an 
equivalent  of  30  blows  per  25  mm. 


Figure  2 


SITE  B 

All/2  storey  industrial  type  building  was  constructed  at  a  site 
in  Mississauga.  Ontario.  The  subsoil  at  this  site  consisted  of 
flyash  fdi  overlying  a  Georgian  Bay  shale.  The  building  was  to 
be  supported  by  steel  pipe  driven  through  the  fill  and  founded 
on  or  slightly  into  the  shale  bedrock.  The  fill  depth  ranged  in 
thickness  from  9  to  1 1  m  in  thickness.  The  soil  conditions  are 
presented  in  Figure  3,  Borehole  Log  B. 

The  piles  were  244  mm  O.D.  with  12  mm  wall  thickness  closed- 
ended  steel  pipes.  The  piles  were  driven  with  a  berminghammer 
B-300  single  acting  open-ended  diesel  hammer.  The  hammer 
has  a  rated  energy  of  46  K3.  The  pile  was  driven  easily  through 


The  load  test  pile  achieved  an  equivalent  penetration  resistance 
of  8  blows  per  25  nim.  Upon  restriking,  the  ultimate  bearing 
capacity  as  evaluated  by  CAPWAP  analysis  on  the  first  hammer 
blow  was  880  kN. 

The  static  load  test  was  carried  out  in  accordance  with  the 
standard  loading  procedures  of  the  ASTM  D-l  143-81  standard. 
A  maximum  load  of  1600  kN,  equal  to  twice  the  maximum 
design  load,  was  jacked  onto  the  pile.  The  maximum  load  was 
held  for  a  period  of  24  hours.  Under  this  load,  the  pile  top  had 
settled  a  distance  of  30.65  mm.  The  net  settlement  of  the  pile 
top  was  17.60  mm  after  the  load  was  removed.  During  the 
loading,  the  pile  did  not  achieve  a  settlement  rate  of  0.25  mm 
per  hour  or  less  beyond  a  load  of  800  kN.  The  Davisson 
criterion  for  this  pile  was  reached  at  a  load  of  1020  kN. 
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Figure  4 


Figure  3  _  _ 
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SUMMARY  OF  RESULTS  FOR  CASE  B 

In  situations  where  there  is  relaxation,  dynamic  monitoring  can 
be  used  to  compare  the  ultimate  bearing  capacity  of  piles  under 
different  relaxation  conditions.  The  capacity  evaluated  by  the 
dynamic  monitoring  in  this  case  was  low  by  approximately 
14  percent.  This  could  be  attributed  to  the  fact  that  in  pile 
relaxation  conditions,  each  restiike  may  improve  the  capacity 
of  the  pile.  Consequently,  the  capacity  of  the  pile  evaluated 
from  the  dynamic  analysis  was  low  when  compared  with  the 
load  test  result. 

SITE  C 

A  test  program  was  undertaken  at  a  site  in  Owen  Sound, 
Ontario,  to  evaluate  the  allowable  bearing  capacity  of  piles 
founded  in  two  slightly  different  sou  strata.  The  subsoil  at  this 
site  consisted  of  4  to  5  metres  of  sandy  fill  overlying  a  thick 
stratum  of  clayey  to  sandy  silt  to  a  depth  of  44  metres.  This 
silt  is  generally  compact  with  a  very  dense  zone  near  32  to 
34  m  depth.  Beneath  this  silt  stratum  is  a  very  dense  bouldery 
till.  The  soil  condition  is  shown  in  Figure  4,  Borehole  Log  C. 

The  two  test  piles  were  244  mm  O.D.  with  13.8  mm  wall 
thickness  closed-ended  steel  pipe  piles.  The  piles  were  driven 
with  a  Bermmghammer  B-400  single  acting  diesel  hammer  with 
a  rated  energy  of  62  k3.  The  two  test  piles  were  dynamically 
monitored  to  the  end  of  the  driving  as  well  as  during  the 
restrike  on  the  following  day. 

The  long  pile  was  driven  to  a  depth  of  46.96  m  where  it 
achieved  a  penetration  resistance  of  20  blows  per  25  mm.  The 
short  test  pile  was  driven  to  a  depth  of  33.5  m  where  a 
penetration  resistance  of  8  blows  per  25  mm  was  achieved. 
During  the  restrike,  the  penetration  resistance  of  the  two  test 
piles  was  measured  to  be  40  and  14  blows  per  25  mm  lor  the 
long  and  short  piles  respectively. 


The  ultimrte  bearing  capacity  ol  the  two  test  piles  as  evaluated 
by  CAPWAP  analyses  was  2375  and  1525  kN  for  the  long  and 
short  piles  respectively. 

The  static  load  tests  were  carried  out  in  accordance  with  the 
standard  loading  procedures  of  the  ASTM  D-1143-S1  standard. 
Both  piles  were  load  tested  to  plunging  failure.  For  the  long 
pile,  a  maximum  load  of  2950  kN  was  jacked  onto  the  pile.  A 
maximum  load  of  2000  kN  was  jacked  onto  the  short  pile.  The 
Offset  Limit  Load  Criterion  was  reached  at  2400  kN  for  the 
long  pile  and  1630  kN  for  the  short  pile. 

SUMMARY  OF  RESULTS  FOR  CASE  C 

The  ultimate  bearing  capacity  of  the  two  test  piles  was 
successfully  estimated  by  dynamic  testing  method  at  this  site. 
During  the  dynamic  monitoring  of  the  first  pile,  it  was  evident 
that  the  estimated  ultimate  bearing  capacity  of  the  pile  at  the 
higher  level  would  be  substantially  less  than  the  2600  kN  lor 
which  the  designer  had  hoped.  As  a  result,  a  second  pile  was 
driven  to  a  lower  depth. 

The  results  obtained  from  the  dynamic  monitoring  of  the  two 
test  piles  when  compared  with  the  static  load  test  results  were 
within  I  percent  for  the  long  pile  and  7  percent  for  the  short 
pile.  The  test  program  proved  to  be  an  advantageous  exercise 
since  the  capacity  of  the  short  pile  expected  by  the  designer  did 
not  materialize.  Had  the  production  piling  been  carried  out 
with  the  high  design  load,  significant  redesigning  and  extra  cost 
for  the  piling  and  delay  to  the  other  subtrades  would  have 
occurred.  This  would  be  not  only  costly  to  the  owner  but  would 
have  also  caused  delay  to  the  contruction. 

SITE  D 

A  two-storey  building  was  to  he  constructeri  in  the  island  area 
in  Lake  Ontario  in  Toronto,  Ontario.  The  subsoil  consisted  ol 
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SUMMARY  OF  RESULTS  FOR  CASE  D 


11  to  12  metres  of  h)draulic  fill  overlying  shale  bedrock.  The 
hydraulic  fill  consisted  of  loose  to  dense  fine  to  medium  sand. 
The  subsoil  conditions  are  presented  in  Figure  5,  Borehole 
Log  D. 


Figure  5 

Log  of  Borefiote 
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The  piles  consisted  of  32^*  mm  O.D.  with  if.S  mm  wall  thickness, 
closed-ended  steel  pipe  piles.  The  piles  were  to  be  driven  to 
the  shale  bedrock  to  carry  a  design  load  of  600  kN.  The  shale 
bedrock  in  this  area  is  known  to  have  relaxation  problems  for 
small  diameter  pipe  piles  and  H-piles.  (Thompson  and 
Thompson,  1985;  Likins  and  Hussein,  198'»).  Initially,  the 
contractor  used  a  MKT  9B3  air  hammer  to  drive  the  piles. 
However,  the  hammer  proved  to  be  too  small  for  the  324  mm 
piles  and  the  subsoil  condition  at  this  site  as  the  penetration 
resistance  was  in  excess  of  50  blows  per  25  mm  at  shallow 
depths.  bubsequently,  a  Delmag  D-12  single  acting  diesel 
hammer  was  used  to  drive  the  piles.  A  total  of  seven  piles  were 
monitored  at  this  site;  a  group  of  four  piles,  a  group  of  two 
piles  and  a  single  pile. 

Based  on  the  dynamic  test  on  CAPWAP  Analysis  results, 
presented  in  Table  1  and  2,  the  single  pile  was  selected  for 
static  load  test.  This  pile  was  found  to  have  the  lowest 
ultimate  bearing  capacity,  primarily  due  to  the  fact  that  the 
shaft  resistance  was  lower  for  the  single  pile,  as  the  sand  did 
not  densify  from  the  pile  driving  in  the  same  magnitude  as  the 
pile  groups.  The  final  penetration  resistance  for  this  pile  at  the 
end  of  driving  was  15  blows  per  25  mm.  Upon  restriking,  the 
penetration  resistance  increased  to  an  equivalent  of  50  blows 
per  25  mrn.  The  ultimate  bearing  capacity  estimated  by  the 
dynamic  analysis  for  this  pile  was  920  kN.  The  Offset  Limit 
Load  criterion  was  met  at  a  load  of  1080  kN.  Comparatively, 
the  result  was  15  percent  low.  The  static  load  test  curve  is 
shown  in  Figure  2. 


The  ultimate  bearing  capacity  of  the  pile  predicted  by  the 
dynamic  analysis  was  expected  to  be  low  in  tliis  situation.  The 
main  reason  for  the  low  capacity  was  the  fact  that  the  pile  did 
not  move  under  the  hammer  blows;  i.e.,  very  high  penetration 
resistance.  Similar  to  a  static  load  test  where  the  failure  loads 
was  not  jacked  into  a  pile,  the  ultimate  bearing  capacity  of  a 
pile  could  not  be  assessed  in  such  cases.  Another  point  of 
interest  at  this  site  was  that  relaxation  was  not  experienced  by 
the  324  mm  diameter  pipe  piles  driven  to  the  shale  bedrock. 
This  could  be  an  indication  that  relaxation  of  piles  on  shale 
bedrock  is  localized  and  that  relaxation  problems  for  layer 
diameter  pipe  piles  are  either  non-existent  or  not  as  severe  as 
small  diameter  pipe  piles. 

SITE  E 


A  major  steel  plant  was  expanding  the  steel  making  facilities  in 
Hamilton,  Ontario.  More  than  5000  piles  were  required  to 
support  the  proposed  structure.  Up  to  six  pile  drivers  were  used 
at  the  site  at  any  one  day  and  some  pile  drivers  were  working 
double  shifts  in  order  to  increase  the  piling  production.  The 
quality  control  for  the  piling  included  inspection  of  piles,  static 
load  tests  and  periodic  dynamic  testing  of  randomly  selected 
piles. 


The  subsoil  at  the  site  consisted  of  13  metres  of  fill  overlying  a 
layer  of  very  stiff  to  hard  silty  clay  and  very  dense  sandy  silt 
till  to  a  depth  of  18  metres.  The  piles  were  terminated  in  a 
very  dense  silt  till  belov'  18  rnetres.  The  subsoil  conditions  are 
summarized  in  Figure  6,  Borehole  Log  E. 


Figure  6 

Log  of  Borehole 
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The  piles  installed  at  this  site  were  "^24  inin  O.D.  with  9.5  rnm 
wall  thickness  closed-ended  pipe  piles  des4;ned  for  an  allowable 
load  of  1780  kN.  The  piles  were  driven  to  the  founding  level 
with  three  Deirnag  D30-13  or  D30-23  single  acting  diesel 
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hammers.  The  ultimate  bearing  capacity  of  the  piles  was 
confirmed  in  a  test  program  consisting  of  dynamic  testing  and 
static  load  test  prior  to  the  production  piling.  A  second  static 
load  test  was  also  carried  out  at  the  beginning  of  the  production 
piling  to  confirm  the  ultimate  bearing  capacity  of  the  piles. 
From  the  test  program,  it  was  established  that  the  piles  would 
have  to  be  driven  to  refusal  f20  blows  per  25  mm),  in  the  silt  till 
stratum  ith  a  minimum  developed  stress  level  during  the  final 
driving  of  230  MPa. 

During  a  routine  dynamic  testing  on  some  randomly  selected 
piles,  the  penetration  resistance  of  some  of  the  piles  was  found 
to  be  less  than  the  specified  20  blows  per  25  mm  upon 
restriking.  The  evaluated  capacity  of  the  piles  was  also  less 
than  the  a.erage  experienced  at  this  site.  More  dynamic 
testing  was  therefore  carried  out  and  the  results  indicated  that 
the  Deliiiag  D30  hammers  were  pre-igniting  during  installation 
of  the  piles  and  consequently  a  false  penetration  resistance  was 
observed.  A  static  load  test  was  requested  by  the  owner  on  a 
pile  driven  with  a  pre-igniting  hammer  in  order  to  confirm  the 
findings  in  ttie  dynamic  testing. 

The  result  of  the  dynamic  testing  are  presented  in  Table  1.  The 
corresponding  CAPWAP  analysis  of  the  load  test  pile  is  shown 
in  Table  2.  Tlie  static  load  test  curve  is  shown  in  Figure  2.  Tlie 
estimated  ultimate  bearing  capacity  of  the  piles  based  on  the 
dynamic  analysis  was  2715  kN.  The  Offset  Limit  Load 
Criterion  for  the  pile  was  met  at  2935  kN.  The  ultimate 
bearing  capacity  oi  the  piles  evaluated  by  dynamic  analysis  was 
7  percent  low. 

SUMMARY  OF  RESULTS  FOR  CASE  E 

The  static  load  test  of  the  pile  at  this  site  confirmed  that  under 
pre-igniting  conditions  of  a  diesel  hammer,  the  ultimate  bearing 
capacity  of  the  pile  was  significantly  reduced.  From  a  routine 
visual  inspection  point  of  view,  there  was  nothing  unusual  about 
the  pile  since  the  specified  piston  rise  and  the  penetration 
resistance  was  met  for  all  the  pile  driven  with  the  pre-igniting 
hammer.  Dynamic  measurement,  however,  revealed  the  pre¬ 
ignition  and  found  that  the  energy  and  force  delivered  to  the 
pile  was  considerably  reduced,  primarily  due  to  the  cusliioning 
effect  on  the  piston  due  to  tiie  fuel  was  pre-igniting  in  tiie 
combustion  chamber. 

he  ultimate  bearing  capacity  estimated  by  the  dynamic 
analysis  was  found  to  be  7  percent  lower  than  the  Offset  Limit 
Load  Criterion.  However,  in  this  case,  the  Offset  Limit  Load 
Criterion  was  not  conservative  as  the  pile  plunged  to  failure 
shortly  after  tiiis  load.  The  information  obtained  at  this  site 
further  reinforced  the  need  for  dynamic  testing  so  that  the 
hammer  pcrfc  mance  could  be  evaluated. 

CONCLUSIONS 

The  dynamic  testing  and  the  static  load  test  at  the  five  sites 
resulted  in  tne  following  conclusions: 

1.  Dynamic  testing  is  an  excellent  alternative  for 
fstirnating  the  ultimate  bearing  capacity  of  a  driven 
pile. 

2.  In  order  to  evaluate  the  ultimate  bearing  capacity  of  a 
driven  pile  by  dynamic  method,  the  hammer  blow 
analysed  must  produce  a  permanent  displacement  of  the 
pile  into  the  soil  in  the  order  of  7  mm  per  blow,  if  the 
permanent  displacement  due  to  the  hammer  blow  is 


low,  dynamic  analysis  would  under-estimate  the 
ultimate  bearing  capacity  of  the  pile  unless  furtlier 
analyses  were  made. 

3.  Dynamic  analysis  can  be  utilized  in  situations  wliere 
different  pile  sizes  were  used  to  carry  different  design 
load.  By  performing  a  static  load  test  on  one  pile  size, 
the  ultimate  bearing  capacity  of  the  other  pile  sizes 
can  be  evaluated  dynamically  with  a  similar  degree  of 
confidence. 

4.  In  situations  where  tliere  is  relaxation,  the  ultimate 
bearing  capacity  of  the  piles  can  best  be  evaluated  by 
dynamic  riietliod  of  analysis  for  tiie  various  degree  of 
relaxation. 

5.  Dynamic  testing  can  be  used  to  evaluate  hammer 
performance  and  to  identify  problem  hammers. 

6.  Dynamic  testing  can  be  used  to  test  many  piles  in  one 
day,  whereas  the  conventional  method  of  static  load 
test  can  obtain  information  for  only  one  pile  after  a 
test  period  of  1  to  2  days. 

7.  By  monitoring  the  piles  for  the  end  of  initial  driving  and 
restriking,  real  or  apparent  relaxation  can  be 
differentiated. 

S.  Relaxation  of  pipe  piles  on  shale  bedrock  tends  to  be 
localized  and  may  be  dependent  on  the  pile  diameter. 
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SYNOPSIS 

The  plant  site  is  located  on  a  terrace  of  ancient  Lake  Bonneville.  The  underlying  soils  consist  of  collapsible 
clays  and  silts,  low-density  dune  sands  and  coarse-grained  colluvial/alluvicil  deposits  with  an  abundemt  fines 
matrix.  Most  of  the  structures  'were  originally  founded  on  footings  and  mats.  After  a  number  of  wetting  incidences, 
settlements,  both  rapid  and  gradual,  occurred.  Most  of  the  structures  have  been  underpinned  since  1982  by  means  of 
piles,  hand-dug  caissons,  and  compaction  grouting.  Most  of  the  underpinning  took  place  wiiile  the  plant  was  in 
operation.  Performance  and  operation  have  been  satisfactory  since  remedial  work  was  completed. 


INTRODUCTION 

Idle  cement  plant  is  located  about  five  miles  east  of 
Leamington,  rjtah  on  Highway  132.  Most  of  the 
construction  was  completed  during  1981,  and  the  plant 
was  placed  in  operation  in  early  1982.  Settlenent  of 
some  structures  has  been  evident  since  their 
iiTdividual  completion.  Other  structures  have  shown  no 
signs  of  movement  or  distress. 

The  facility  consists  of  a  number  of  structural  units 
including  storage  silos,  high  steel  towers,  conveyors, 
mill,  rotary  kiln  and  other  ancillary  buildings. 
Several  of  these  units,  raw  materials  silos,  conveyor 
bents  and  finish  cement  silos,  were  founded  on  pipe 
piles  at  the  time  of  original  construction.  Most  of 
the  remaining  structures  v«re  founded  on  spread 
footings  or  mats.  At  one  structure,  the  mobile 
equipment  repair  shop,  overexcavation  and  compaction 
of  the  nataril  soils  was  acccmpli.'^ned. 

In  March  1981,  the  first  of  a  -  mber  of  wetting 
incidences  occurred.  A  fairly  direct  relationship  can 
be  followed  through  the  history  of  the  plant  site  with 
s'ubsequent  wetting  incidences.  These  have  occurred  as 
a  result  of  natural  phenomenon,  mechanical  leaks,  and 
operation.  Settlements  causing  concern  have  ranged 
from  as  little  as  1  inch  to  as  much  as  32  inches  in 
the  past  five  years.  Settlements  have  occurred  as  a 
result  of  rapid  consolidation  of  collapsing  soils  as 
,«11  as  slower  aind  lower  magnitude  settlements  of 
coarse-grained  soils.  There  appears  to  be  a  direct 
relationship  between  the  type  of  wetting,  type  of  soil 
and  magnitude  of  settlemer 

Seme  of  the  structures  have  undergone  distress  vhich 
required  complete  removal  and  reconstruction,  whereas 
others  have  been  underpinned  while  remaining  in 
operation  and  others  have  undergone  aimoet  no 
distress.  51everal  methods  have  been  used  to  underpin 
the  striKhures,  and  the  subsequent  perfomance  has 
generally  been  good.  Negative  skin  friction  is  a 
factor  that  needs  to  be  fully  appreciated  for  such 
conditions.  InstrLnentation  has  been  placed  in  some 
of  the  new  foundation  elements  to  try  to  gain  a  better 
understanding  of  negative  skin  friction  and  the 
transmission  of  stress  to  the  foundation.  These  have 


not  been  completely  successful.  The  cost  of  the 
remedial  measures  has  totaled  about  $20  million  to 
date.  A  very  positive  point  is  the  plant  has  remained 
in  operation  throughout  most  of  the  time  since 
construction  was  complete. 

SITE  GEOLOGY 

The  site  is  located  on  a  northwest-facing  terrace 
feature  south  of  the  Sevier  River.  The  plant  site 
elevation  is  just  below  the  4900-foot  contour,  and  the 
topographic  feature  probably  corresponds  to  an  old 
shoreline  or  near-shoreline  of  the  Provo  stage  of 
ancient  Lake  Bonneville.  The  site  is  situated  at  the 
mouth  of  a  drainage.  A  higher  terrace,  Bonneville 
level,  is  preminent  around  the  site.  The  lake  level 
fluctuated  during  climatic  changes.  The  sediments 
resulting  frem  the  changing  envirorment  of  deposition 
are  extremely  conplex  and  heterogeneous.  They  vary 
from  lacustrine  s^iments  to  near-shore  dune  sands  to 
colluvial/cilluvial  gramular  soils.  The  water  table 
occurs  at  a  depth  close  to  the  elevation  of  the  Sevier 
River  at  about  4790  feet. 

To  provide  construction  pads,  the  site  has  been  graded 
into  two  major  levels.  The  upper  level  at  elevation 
4895  contai'ns  raw  material  silos,  raw  mill,  blending 
silos,  kiln  and  other  structures.  The  lower  level, 
which  varies  from  elevation  4880  to  4885,  contains  the 
substation,  machine  shop,  finish  mill,  control  rexxn 
and  storage  silos.  The  levels  have  been  created  by  a 
combination  of  cut  on  the  south  side  and  shallow  fill 
on  the  north  side.  Surface  drainage  has  been  provided 
by  means  of  interception  ditches  on  the  south, 
culverts  and  general  site  grading.  The  latter  is  the 
means  of  discharging  surface  water  through  the  two 
main  levels  of  the  plant.  Figure  1  shows  the  location 
of  the  various  structures. 

SIBSOIL  CONDITIONS 

Several  different  series  of  test  holes  have  been 
drilled  at  the  site  by  various  geotechnical 
consultants.  The  test  holes  have  been  advanced  with 
rotary  methods,  solid  auger,  hollow  stem  auger  aind 
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cercussLor'.  Ory  samplinq  with  auqer  or  osiriq 

air  rrtaiv  tO''-  .TV-r'iohs  -anployei  in  tho  studies 

for  rer.’.txi;  i'. 

The  soil  ror.f.ir  io'v-  rrj  oxtr*oni.'ly  i?rr=>tic.  As  a 
qenera;  :''iar  H  t i oot  i ,  ‘:he  upper  soils  can  be 
describel  as  :  n  n-xi  on  the  west  side  and 

C'Oars'^-x;roi;-, oi  on  t:»  o-a.-'t  side.  .An  approx i.TOte  line 
showirso  tf.s  oen. 1  o.aoion  is  shown  on  Fiq.  1.  Ttie 
locations  of  t  osv  rv'l ’s  and  survey  points  discussed 
ar-o  also  a-,,  ......  o;  ,  _  •_  piqure  2  shows  the  loqs  of 

three  n  l  aa  'n  "'.n  i  '  i.  ly  represent  the  areas  across 


low-density  clays  and  sa.nds  received  considerable 
attention  in  the  early  reports.  Hie  consolidation 
characteristics  of  the  upper  coarse-q rained  soils  on 
tile  east  side  of  the  site  received  less  attention. 
Hiqh  penetration  resistance  and  the  coarse-grained 
nature  of  the  soils  led  the  investigators  to  believe 
that  it  was  a  competent  nnaterial.  Measured  settlement 
of  structures  founded  on  the  coarsegrained  soils  lei3 
to  a  suspicion  that  they  were  also  moisture-sensitive. 

Several  types  of  laboratory  tests  were  performed  on 
undisturbed  samples  of  fine-grained  soils  and  remolded 
samples  of  the  coarse-grained  soils.  On  Fig.  3  is  a 


Fig.  '  Site  Plan 


The  soils  or:  ‘hr  wf:  aide  of  tne  site  can  be 
qeneralixrri  ts  an  iprr'r  lay^r  of  stiff  clay  and  silt 
with  int-  rl  lyerixi  dense,  fine  sand  overlying 

very  de^-ai.'  '.ani  arri  gravel  below  depth  55  feet.  The 
soils  or.  the  'west  -l  ie  r,‘  the  site,  v^ich  consists  of 
‘he  major;’ y  of  t'-r-  struct- ures,  consist  of  about 
4j  fort  of  do'.t.so  *10  ve.-y  dense  sand  and  gravel  with 
some  coboles  ov'c lyi  .ntj  an  intermediate  stiff  clay  with 
sand  lonS"S  wtii'ih  in.  ‘  in  overlies  a  very  dense  gravel 
and  cobbh’  strat.ri  below  derith  100  feet.  The  water 
table  is  generally  a‘  ‘his  depth  also.  On  the  extreme 
ea.stern  side  of  ‘he  sit”,  the  upper  soils  are  much  the 
same  a.s  1  i.s‘  ies^'rilx-i,  but  the  fine-grained  soils 
'i‘xt.end  ‘r  a  -rjct  greater  depth.  The  coarse-grained 
cobble-gravel  str  i‘ it  was  not  found  at  depth  160  feet 
in  Thst  ‘lole  K-2a. 

The  irxier  f  1  ae- ‘ira;  0")  soils  on  the  west  side  of  the 
site  have  been  nerxinizeri  sine-  the  first  studies  to 
be  mnis‘:ire-sens;‘ ;ve.  m^e  collapse  potential  of  the 


plot  of  the  results  of  consolidation  tests  for  two 
samples  of  the  fine-grained  soils.  They  show  two 
different  characteristics  for  a  similar  type  soil. 
Thst  Hole  C-19  was  drilled  in  an  area  that  had  not 
been  wetted  and  represents  close  to  the  pre¬ 
construction  conditions.  The  soil  can  be  termed  a 
collapsing  one,  since  it  consolidated  about  7A  upon 
wetting.  The  sample  fcom  Test  Hole  C-21  was  in  an 
area  that  was  affected  by  a  waterline  break  and  shows 
that  the  soil  has  a  high  moisture  content  from  tiie 
wttinq  incident,  does  not  collapse  but  does 
consolidate  to  a  hiqh  deqr<>e  upon  loading.  In  fact, 
the  net  consolidation  is  the  same  for  both  samples. 
These  soils  were  laminaterl  and  appeared  to  be  of 
lacustrine  origin.  The  same  consolidation  character¬ 
istics  can  be  expected  of  the  upper  clay  and  sand 
which  occurs  on  the  west  side  of  the  site. 

Although  the  upper  granular  soils  on  the  e.vst  side  of 
the  site  appear  to  be  very  dense,  the  low  moisture 
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Fig.  3  Consolidation  Tost  Results 


oontcr.':  and  rol.it  i'.'ely  hcTn  fines  content  S',iggest  they 
''^'c  ha'.'-?  rA>'‘n  detx)sit-?d  tcr-e  under  the  infl'jenre  of 
gravity  t.n.in  by  -water.  Sanples  of  the  upper  granular 
soils  'were  compacted  into  a  6-inch  diameter  mold  and 
loaded  to  5,000  psf  and  then  wetted.  Initial  moisture 
content  'was  33,  and  the  dry  density  was  124  ocf.  '/Jhen 
wetted,  t'ne  sarr.ple  consolidated  1  1/2%.  At  the  sane 
time,  the  effe-cts  of  'cibration  wsre  also  observed,  but 
they  'were  small  compared  to  the  settlement  observed 
for  wetti ng . 

The  standard  properties  of  the  soils  are  shown  on 
Table  I.  These  samples  are  specific  from  the  test 
iiolen  sho'*r,  on  Fig.  2,  and  there  was  a  -wider  range  of 
nropirty  '/aiij*?s  than  indicated  by  the  specific 
tests.  ■[h'--  generalization  is  that  pre-construction 
condition  consisted  of  dry  soils  with  a  high  strength 
and  penetration  resistance.  After  w?ttinq,  the  fine¬ 
grained  soils  become  soft  and  consolidate,  whereas  the 
coarser-grained  soils  still  are  relatively  dense  but 
consolidate  slightly. 

AMAL'fSIS 

The  reaction  of  the  eoil  to  wetting  had  been  tested  as 
discussed  abcve,  and  the  next  question  was  the  source 
of  wetting.  There  were  several  readily  identified 
wetting  incidences  that  allow  good  correlation  to 
immedi-ate  settl°ment  events.  There  was  al.so  a  more 
subtle  settlement,  particularly  in  the  coarse-grained 
soils  v^ere  specific  sources  could  not  be  identified 
but  a  general  migration  of  rhe  wetting  front  from 
another  area  occurred.  This  type  of  settlgnent 
occurred  inside  the  mill  buildirg,  at  the  preheater 
and  bag  !tou.s>?. 

Correlating  the  various  structures,  subsoils  and  the 
wetting,  two  generalizations  ware  evident. 


(1)  Where  a  point  discharge  of  water  occurs,  there  is 
a  rapid  settlement.  The  fine-grained  soils  show 
a  large  magnitude  on  the  order  of  several  inches, 
whereas  the  coarse-grained  soils  show  a  lower 
magnitude,  on  the  order  of  1  to  2  inch.,  s. 

(2)  Where  an  advancing  front  of  moisture  occurs,  the 
settlements  are  gradual  and  long-term.  The 
magnitude  is  greater  in  the  fine-grained  soils 
than  in  the  coarse-grained  soils. 

Examples  of  the  first  generalization  occurred  at  the 
southeast  corner  of  the  machine  shop  where  a  fireline 
broke  and  aporoximately  18  inches  of  settlement 
occurred  irmediately.  Examples  of  the  second 
generalization  occur  in  the  ground  surface  area 
between  the  mill  building  and  machine  shop. 

RfWBDIAL  MEASURES 

Design  Considerations 

Early  in  the  remedial  study,  several  options  were 
considered  to  provide  a  fix  to  the  structures.  Since 
only  a  few  structural  elements  were  showing  signs  of 
sePrlonior.e  a  fix  on  an  as  needed  basis  was 
considered.  Deep  foundations  appeared  to  be  the  laest 
solution,  but  there  was  an  initiail  concern  about 
driving  piles  through  the  upper  dense  sands  and 
gravels.  This  prcved  to  be  relatively  easy,  and  no 
pile  refusal  was  encountered  in  that  stratim.  H-piles 
were  selected  as  the  best  means  of  achieving  small 
displacement  and  high  bearing  capacity.  HP  8x36  and 
HP  12x53  piles  were  used  initially.  As  underpinning 
progressed,  a  heavier  section,  HP  12x74,  was  used. 

The  pile  design  capacity  was  determined  both 
statically  and  dynamically.  It  was  planned  that  each 
pile  would  be  driven  to  its  ultimate  capacity  based  on 
dynamic  measurements  in  the  field.  Static  design 


TABLE  I.  Properties  of  Typical  Soil  Groups 

Dry  Silt 


Soil 

Group 

Sample 

Hole/Depth 

Blow 

Count 

Moist . 
% 

Dens. 

pcf 

Gravel 

% 

sand 

% 

Clay 

% 

LL 

PI 

Remarks 

CL-1 

C2/10 

18 

8 

90 

28 

72 

26 

13 

Consolidated  6%  on  wetting 

CT--2 

4/60 

34 

11 

105 

22 

78 

32 

16 

Consolidated  2%  on  wetting 

ML 

K29/1  10 

54 

25 

95 

14 

86 

30 

10 

SC-CL 

K29/70 

45 

5 

100 

Tr. 

61 

39 

NP 

SM-1 

C2/30 

22 

2 

89 

71 

29 

21 

4 

Consolidated  7%  on  wetting 

SM-2 

4/100 

45 

12 

116 

17 

C34 

K29/15 

50 

7 

45 

27 

28 

22 

7 

SPT  sample,  some  cobbles  present 

GP-OM 

4/130 

100 

7 

35 

49 

16 

NP 

SPT  sample,  cobbles  present 

considered  the  working  load,  a  safety  factor  of  2, 
negative  skin  friction  and  a  freeze  effect.  HP  8x36 
sections  vrere  driven  to  100  tons,  HP  12x53  sections 
were  driven  to  200  tons  and  HP  12x74  were  driven  to 
250  tons.  Negative  skin  friction  was  taken  as  about 
35%  of  the  ultimate  pile  capacity.  This  was  based  on 
the  type  of  soil,  its  thickness  and  estimated  depths 
of  wetting.  Working  loads  varied  from  45  to  80 
tons.  The  freeze  effect  was  found  to  be  at  least  10% 
of  the  ultimate  pile  capacity.  This  was  obtciined  by 
allowing  the  pile  to  set  up  and  restriking  vdth  the 
dynamic  aneilyzer  attached.  The  field  dynamic  tests 
were  compared  to  WEAP  aricilysis  performed  in  the 
office,  and  a  curye  was  developed  giving  blows  per 
foot  vs.  ultimate  capacity. 

Construction  Considerations 

Driving  the  piles  throughout  the  project  required 
judgment  and  careful  consideration  of  the  tip 
elevation  and  driving  stress.  Hamners  consisted  of 
Vulcan  010  and  014,  Raymond  3/0  and  Kobe  35.  Hanmer 
energy  on  the  order  of  40,000  ft. /lbs.  was  needed  to 
drive  the  piles  to  their  desired  capacities. 
Protective  tips  were  used  on  eill  piles.  It  was 
desired  to  drive  the  piles  through  the  upper  granular 
layers  and  into  the  lower  dense  sand-gravel-cobble 
stratim  at  or  below  the  water  table.  Although 
considerable  information  had  been  developed  on  the 
subsoil  conditions,  erratic  lengths  of  piles  occurred 
in  the  short  distances.  As  an  example,  at  Kiln  Pier  2 
pile  lengths  varied  from  88  feet  to  173  feet,  in  a 
horizontal  distance  of  20  feet.  At  the  beginning  of 
each  series  of  pile  driving,  the  Case-Goble  analyzer 
was  used  to  correlate  blow  count  and  capacity.  Using 
this  method,  it  was  possible  to  assess  pile  damage  and 
separate  out  the  driving  resistance  due  to  the  soils, 
the  actual  bearing  capacity  of  the  pile  and  the  freeze 
effect.  During  driving,  consideration  for  overdriving 
and  damaging  the  pile  was  made  cis  well  as  the  tip 
elevation  of  the  pile,  vJiich  was  desired  to  be  near 
the  water  table. 

The  underpinned  structures  included:  Substation, 
No.  1  electrical  rocm,  lab  and  control  building, 
glycol  sump,  machine  shop,  finish  mill  building 


and  will,  bag  house,  raw  mill,  preheater,  kiln  and 
burner/cooler  baghouse. 

Negative  Skin  Friction 

Although  the  underpinning  is  deemed  successful  and  the 
buildings  and  equiprent  are  functional,  there  has  been 
some  small  settlement  since  underpinning.  This  is 
attributed  to  the  real  effect  of  negative  skin 
friction  which,  with  the  subsiding  ground,  is  still 
creating  stress.  A  notable  failure  occurred  at  the 
northeast  corner  of  the  finish  mill  building.  That 
corner  had  been  underpinned  with  two  piles  in  February 

1983.  The  piles  were  driven  to  a  danth  of  about 
98  feet.  Settlement  had  been  very  minor  until  October 

1984.  After  that  time,  approximately  3  inches  of 

settlement  occurred  over  the  next  two  months.  There 
had  been  a  spill  of  water  in  a  mixing  room  at  that 
location  about  the  same  time.  During  November,  survey 
readings  showed  the  settlement  to  increase,  and 
distress  was  appearing  in  the  pavement  at  this 
corner.  In  November,  a  hole  was  cut  tlirough  the 
pavement  and  a  void  beneath  the  pavement  of  6  inches 
was  measured.  In  Jcmuary  1985,  this  same  void 

increased  to  12  inches.  The  origineil  pile  design  was 
for  a  200-ton  ultimate  capacity  with  about  a  60-ton 
working  load.  Considering  freeze-up,  approximately 
100  tons  would  have  been  availeJole  for  negative  skin 
friction.  In  January,  the  pile  cap  was  excavated,  and 
it  was  found  the  easterly  pile  had  separated  from  the 
pile  cap  and  there  was  am  8-inch  gap  between  the 

two.  The  pile  cap,  ^*iere  the  survey  point  wais 

located,  was  in  effect  cantilevered  on  the  west 
pile.  This  pile  and  the  cap  were  still  intact.  A 
test  hole  was  drilled  adjacent  to  the  ecist  pile  emd 
indicated  wetting  to  almost  the  water  table,  depth 
100  feet. 

It  was  concluded  that  the  spill  from  the  mixing  rocm 
hcxJ  flowed  into  the  soil  around  the  east  pile, 

creating  a  local  area  of  negative  skin  friction.  The 
pile  was  pulled  out  of  the  pile  cap  by  the  downward 
settlement  of  the  soil.  Shimming  and  jacking  were 
used  to  support  the  pile  cap  for  ehe  next  severed 
months.  In  May  1985,  three  HP  12x74  piles  were  driven 
to  support  this  corner  of  the  building.  Prior  to 
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driving  the  piles,  the  top  50  feet  of  the  subsoils 
were  predrilled  and  cased  with  a  20-inch  diaraeter 
steel  casing.  A  bentonite  slurry  consisting  of  one 
pound  of  bentonite  per  gallon  of  nater  was  placed  in 
the  annulus  between  the  casing  and  the  pile.  Lime  was 
added  to  the  mixture  to  raise  the  pH  value  to  at  least 
8.  Since  underpinning,  this  corner  has  shown  only 
1/2-inch  of  initial  settlement  and  then  nil  for  the 
last  year. 

Before  underpinning  was  ccmplete,  a  test  was  made  of 
the  tailed  pile.  Two  of  the  newly  driven  piles,  v^ich 
had  a  length  of  about  150  feet,  were  used  for 
reaction.  A  hole  was  cut  in  the  pile  cap  and  an 
extension  welded  to  the  failed  pile,  tind  the  extension 
in  turn  welded  to  an  H-beam  between  the  two  reaction 
piles,  A  one  hundred  ton  jack  at  each  reaction  pile 
applied  a  tensile  load  to  the  failed  pile.  A  load  of 
182  tons  had  been  applied  for  32  minutes  with  a 
displaceirent  of  0.4-inch.  At  this  time,  the  splice 
weld  broke  and  testing  was  discontinued.  This  test 
showed  that  the  pile  was  probably  intact  and  that  the 
skin  resistance  was  in  excess  of  182  tons.  It  was 
concluded  the  pile  failed  in  tip  bearing  and 
penetration  due  to  negative  skin  friction. 

West  Mill  Pier 

One  of  the  most  challengirq  pile  underpinnings  was  the 
west  finish  mill  pier,  \«hich  was  underpinned  in  July 
1982.  The  mill,  14  feet  disineter  by  40  feet  long  Md 
weighing  150  tons,  was  rolled  onto  a  separate  carriage 
that  could  be  moved  out  of  the  way.  Motor  eind  drive 
assemblies  were  dismantled  and  removed.  The 
reinforced  concrete  pier  was  then  removed  by 
controlled  explosive  demolition.  Because  of  the 
overhead  restriction,  piles  were  driven  in  8-foot 
sections  that  were  butt-spliced  together.  The  pile 
lengths  were  about  95  feet.  Two  of  the  piles  were 
instrumented  with  strain  gauges;  however,  by  the  time 
the  driving  was  ccmplete,  the  strain  gauges  were 
inoperative.  It  was  S'  pected  that  the  many  splices 
and  working  around  the  clock  had  an  effect  on  the 
quality  of  the  electrical  connections. 

Control  Room 

The  control  room  had  been  moved  in  the  fall  of  1982 
aixi  wet:  founded  on  piles  driven  into  the  upper  gravel 
stratum  with  lengths  on  the  order  of  35  feet.  In 
November  1984,  settlement  began  occurring  at  the 
southwest  corner  of  this  structure.  The  building  was 
underpinned  in  early  1986.  Support  included  piles 
driven  along  the  building  perimeter  emd  steel  beams 
placed  in  tunnels  under  the  building.  Because  of  the 
high  working  load  of  the  piles,  100  tons,  the  upper 
40  feet  of  the  pile  was  protected  with  a  casing  and 
the  annulus  between  the  pile  aind  the  casing  was 
backfilled  with  bentonite  slurry.  During  the  remedial 
work  a  drain  connection  was  found  to  toe  faulty,  and 
during  drilling  of  the  casing  extremely  vet  conditions 
were  found  in  the  southwest  corner. 

Hand-exjq  Caissons 

Movement  of  about  1  1/2  inches  with  a  differential  of 
1  inch  had  occurred  at  the  preheater  tower.  This  is  a 
200-foot  high  steel  frame  structure.  Column  Ic"  s  are 
on  the  order  of  1,500  kips.  The  kiln  .  ..d  i^s 
supporting  three  piers  extend  to  the  east  of  the 
structure.  There  was  a  concern  with  this  movement 
that  both  the  tilting  of  the  preheater  tower  and 
misalignment  of  the  kiln  piers  would  occur  in  time. 


Studies  were  made  by  Kaiser  Engineers  to  determine  the 
best  method  of  underpinning  of  these  structures  cis 
well  as  the  raw  mill.  Pile  driving  was  the  preferred 
method  because  it  was  felt  that  a  certain  confidence 
factor  can  be  obtained  by  driving  piles  to  high 
resistance.  However,  with  the  overhe^  obstruction, 
ccmplete  shut  dowm  and  expensive  dismantling  would  be 
required.  Caisson  support  would  be  satisfactory  if 
the  desired  bearing  stratun  could  be  identified. 
Spencer,  White  &  Prentis  was  engaged  to  help  with  the 
design.  They  developed  a  scheme  of  hand-dug  caissons 
which  would  allow  the  plant  to  remain  in  operation 
during  the  remedial  wrork.  An  extensive  exploration 
program  wes  initiated  to  provide  more  positive 
information  on  the  bearing  elevation  and  the  nature  of 
the  soils  below  that  depth.  Drilling  was  undertaken 
at  locations  ais  close  to  the  specific  caissons  as 
possible.  The  holes  were  advanced  with  hollow  stem 
augers  and  by  air  rotary,  and  testing  was  performed  as 
the  holes  advanced.  Near  the  bearing  elevation, 
pressuremeter  tests  as  well  as  penetration  tests  were 
taken  both  before  and  after  wetting.  The  bearing 
stratum  at  a  depth  of  about  100  feet  weis  identified  as 
being  satisfactory  to  support  the  caissons.  A  bearing 
capacity  of  20  ksf  was  assigned  to  the  gravel-cobble 
stratum. 

Construction  of  the  caissons  went  very  smoothly.  TWo 
dewatering  wells  were  installed  where  the  bearing 
elevation  wras  at  110  feet,  about  10  feet  below  the 
water  table.  Excavation  for  the  caissons  consisted  of 
an  access  pit  at  the  edge  of  the  mat,  a  tunnel  to  the 
centerline  of  the  column,  aix3  vertical  4'x4' 
excavation  to  the  bearing  elevation.  Lagging  was  used 
as  the  caisson  was  extended.  In  some  cases,  fine  sand 
ran  into  the  shaft  but  improved  mining  techniques 
overcame  this  difficulty.  Once  the  caissons  reached 
their  proposed  bearing  elevation,  the  soils  were 
inspected  eind  probed.  At  that  time,  a  12x2  bell  was 
constructed.  After  the  bearing  stratan  was  approved, 
dowels  were  placed  in  the  bottom  of  the  mat  ai>3  a 
reinforcement  cage  approximately  35  feet  long  was 
installed  in  the  shaft.  The  shaift  and  bell  were  then 
backfilled  with  concrete  to  within  a  few  inches  of  the 
bottom  of  the  mat  foundation.  This  space  was  then  dry 
packed  with  grout.  Construction  of  the  caissons 
continued  on  a  one  by  one  basis  for  each  structural 
unit.  Approximately  three  weeks  were  required  by  two 
4-men  crews  to  ccmplete  the  caissons.  A  total  of 
twenty-two  caissons  were  installed  in  this  manner.  In 
twe  of  the  caissons,  instrumentation  was  placed  to 
neasure  strain  and  calculate  stress.  Although  extreme 
care  was  used  in  placing  the  gauges  and  securing  them, 
only  about  50%  survived  the  concrete  placement. 
Readings  of  these  gauges  are  continuing.  The  cost  of 
a  caisson  was  about  $200,000. 

INSTRUMENTATION 

Very  ccmplete  long-term  settlement  measurements  have 
been  made  at  the  site.  These  readings  extend  from  May 
1982  through  the  present.  Figure  4  shows  six  plots 
that  are  selected  for  discussion.  The  locations  of 
these  survey  points  are  shown  on  Fig.  1. 

Point  25  is  the  northeeist  corner  of  the  finish  mill 
building  that  has  been  previously  discussed.  A  total 
of  less  than  an  inch  of  settlement  occurred  at  this 
point  until  October  1984.  From  October  1984  to 
February  1985,  approximately  3  inches  of  additional 
settlement  occurred.  Underpinning  was  completed  in 
June  1985,  and  settlement  has  been  nil  since  that 
time. 
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Pig.  4  Settlement  Plots 


Points  121  and  122  show  settlement  of  the  glycol 
area.  This  area  had  become  sotted  early  in  the 
ranedial  work  during  a  heavy  rainstorm  when  surface 
drainage  had  not  been  conpleted.  A  considerable 
amount  of  v«ter  flovred  toward  this  area.  The 
resulting  wetting  of  the  granular  soils  caused  gradual 
settlement  of  the  sump  and  fan.  Point  121  shows 
result  of  an  advancing  wetting  front  in  the  granular 
soils.  Approximately  10  inches  of  settlement  occurred 
from  mid-1982  to  the  fall  of  1984.  About  the  same 
iragnit'jde  of  settlement  occurred  at  the  fan.  In 
December  1984,  the  glycol  snip  ;i0s  underpinned  with 
six  piles.  Settlanent  since  that  time  has  been  very 
snail.  the  fcin,  on  the  other  hand,  is  founded  on  a 
footir^  cind  was  not  underpinned.  In  November  1985, 
rapid  settlement  of  this  point  began  to  occur.  It  was 
also  discovered  severed  weeks  later  that  a  line  in  the 
glycol  sunp  had  broken  and  a  several  thous^lnd  gallon 
spill  occurred.  The  settlement  curve  for  Point  122 
represents  the  reaction  of  the  voting  which  extended 
through  the  upper  granular  soils  to  the  lower 
fine-grained  soils.  A  large  magnitude  rapid 
settlanent  occurred  at  the  time  of  the  spill. 
Approximately  12  inches  of  settlement  occurred  over 
the  next  six  months.  The  rate  of  settlement  is 
gradually  decreasing. 

Point  28  represents  the  west  side  of  the  west  clinker 
silo.  This  structure  was  first  loaded  in  November 
1982.  Settlement  of  about  8  inches  had  been  predicted 
for  the  two  silos.  The  silos  have  a  12-inch  thick 
reinforced  concrete  wall,  cind  are  80  feet  diameter  and 
140  feet  high.  Each  silo  can  hold  25K  tons  of 
clinker.  The  sharp  increase  in  settlanent  on  each 
loading  can  be  seen  through  1984.  It  is  believed  that 
some  of  the  e;  ly  settlement  noted  here  is  the  result 
of  wetting  from  the  waterline  breeOc  near  Iisst  Hole 
C-21  emd  poor  surface  drainage.  There  is  gradueil 
settlement  but  at  a  decreeising  rate  until  late  1985. 
Detailed  examination  of  the  settlement  readings  shows 
there  is  a  slight  elastic  rebound  when  the  silos  are 


unloaded,  but  the  general  trend  is  downward.  Again  in 
late  1985,  as  a  result  of  the  glycol  spill,  there  was 
cin  increased  settlement  which  occurred  with  each 
loading.  Total  settlenent  at  this  point  is  about 
32  inches  on  the  west  side  and  12  inches  on  the  east 
side.  This  curve  also  indicates  deep  wetting  of  the 
fine-grained  soils  which  was  proved  by  subsequent 
drilling  and  sampling.  It  is  estimated  that  another 
12  inches  of  settlement  is  possible  here  without 
further  wetting,  and  an  unpredictable  amount  of 
settlement  could  occur  if  further  wetting  takes 
place.  The  silos  have  been  instrumented  with  strain 
gauges  which  have  not  indicated  any  excessive  hoop 
stress.  The  tops  of  the  silos  v«re  reinforced  with  a 
ring  beam  two  years  ago. 

Point  91  is  on  the  northwest  corner  of  the  preheater 
tower.  Approximately  1  1/2  inches  of  settlenent 
occurred  in  two  years  from  mid-1982  to  mid-1984.  The 
structure  was  underpinned  with  caissons  and  since  that 
time  has  shown  only  about  1/2-inch  of  settlement. 

Point  193  represents  a  paved  surface  between  the 
finish  mill  building  and  the  machine  shop.  This  is  a 
drainageway  and  was  previously  unpaved.  In  addition 
to  wetting  from  surface  drainage,  a  leaky  sump  and 
drain  lines  have  also  been  a  problem  here.  The 
settlement  curve  is  one  of  a  general  wetting  that  has 
taken  place  over  a  period  of  time.  Total  settlement 
here  is  about  9  inches  in  five  years.  Compare  this  to 
the  description  of  the  northeast  corner  of  the  mill 
building  where  settlement  of  3  inches  occurred  in  a 
two-month  period  of  time  as  a  result  of  a  point 
discharge. 

It  should  also  be  noted  that  structures  such  as  the 
alkali  by-pass,  blending  silos  and  rrobile  equipment 
shop  are  on  spread  footings  or  mats  and  have  not  been 
underpinned  and  show  only  minor  movement. 

Several  attanpts  were  made  to  instrument  piles  and 
caissons  with  only  marginal  success.  Two  piles  cind 
two  caissons  have  strain  gauges  that  are  still 
providing  reasonably  reliable  data.  These  data  show 
what  might  be  expected.  The  loads  are  increasing  at 
the  top  of  the  element  and  a  more  gradually  increasing 
load  at  depth.  This  is  particularly  so  with  the 
caissons  at  the  preheater  unit.  The  large  mat 
foundation  initially  took  some  of  the  load  but 
gradually  became  less  support  and  the  caissons  by  now 
are  assuming  all  of  the  load. 

CONCLUSIONS 

The  amount  of  detail  collected  at  this  site  will 
provide  data  for  sign' 'leant  analysis  for  some  time. 
In  evaluation  of  a  site  in  an  unproven  a-ea,  the  mode 
of  origin  of  soils  should  be  considereo  as  well  as 
their  relative  densities  as  determined  by  SPT.  Soils 
that  appear  to  be  rapidly  deposited  aind  have  a  high 
fines  matrix  should  be  held  in  suspect.  Positive 
means  of  site  grading  and  controlling  discharges  need 
to  be  considered.  Where  settling  soils  have  o<x:urred 
or  could  occur,  negative  skin  friction  is  a 
significant  factor  which  can  easily  be  understated. 
The  sleeve  methexJ  of  protecting  the  upper  portion  of 
the  piles  seems  to  be  very  effective.  Hand-dug 
caissons  were  constructed  wiith  ease  and  provide 
excellent  support  for  the  units  so  underpinned.  It  is 
hoped  that  a  better  knowledge  of  the  soils  performeince 
and  wetting  can  be  passed  cilong  to  other  engineers  to 
prevent  problems.  It  is  with  this  intent  that  we  wish 
to  share  this  information  with  the  profession. 
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SYNOPSIS:  The  Southern  California  Edison  Company  (SCE)  has  utilized  cone  penetrometer  test  (CPT)  data  for  design  of 
concrete  drilled  shafts  and  driven  piles  at  various  facilities  over  the  plast  seven  years  with  substantial  cost 
savings  in  field  exploration  and  foundation  design.  This  paper  incorporates  a  performance  evaluation  of  drilled 
shafts  and  driven  piles  to  predict  the  uplift  load  versus  deflection  curves  based  on  the  embedded  length  to  diameter 
ratio  of  earn  foundation.  A  revised  design  methodology  is  presented  to  correlate  the  side  friction  values  from  CPT 
data  with  field  uplift  load  test  results  in  granular  and  cohesive  soils. 


INTRODUCTION 


The  Southern  California  Edison  Company  (SCE)  has 
utilized  cone  penetrometer  test  (CPT)  and  exploratory 
boring  results  for  design  of  concrete  drilled  shafts 
and  driven  piles  a’ong  transmission  line  routes  and 
other  facilities  within  its  service  territory  over  the 
past  seven  years.  Substantial  cost  savings  have  been 
achieved  ir  field  exploration  and  foundation  design. 

A  performance  evaluation  was  made  incorporating  SCE 
uplift  load  tests  performed  over  the  past  50  years. 
Normalized  curves  are  presented  which  utilize  the  peak 
uplift  resistance  or  ultimate  uplift  capacity  at  a 
vertical  displacement  of  one  inch  (2.5  cm).  Thus,  the 
uplift  capacity  of  drilled  shafts  and  driven  piles  may 
be  predicted  with  associated  deflections  based  on  the 

shape  of  the  foundation. 

A  revised  design  methodology  is  presented  in  this  paper 
for  use  with  CPT  side  friction  values.  Correlation 
charts  are  given  for  drilled  shafts  and  driven  piles  to 
obtain  the  total  side  friction  resistance  of 
foundations  in  granular  and  cohesive  soils. 

LOCATION  OF  FIELD  LOAD  TESTS 

A  total  of  30  uplift  load  tests  were  performed  at  21 
sites  within  the  SCE  service  territory.  The  location 

of  three  transmission  lines,  Hagunden-Pastoria,  Mira 
Loma-Serrano  and  Devers-Palo  Verde  are  shown  in  Fig.  1, 
along  with  the  Westminster  facilities.  Also,  nine 
uplift  load  tests  were  conducted  along  the 
Intermountain  Power  Project  (IPP)  transmission  line  at 
four  sites  in  Utah,  Nevada  and  California  by  the  Los 
Ahgeles  Department  of  Water  and  Power  (LAOWP). 

SOIL  CONDITIONS 

The  soil  conditions  at  the  four  test  sites  along  the 
Hagunden-Pastoria  transmission  line,  southeast  of 
Bakersfield,  consisted  of  loose  to  medium  dense  silty 
sands  and  silts.  Along  the  Mira  Loma-Serrano 

transmission  line,  these  same  conditions  were 

encountered  at  Sites  4XX  and  14AX.  Sites  17  and  29X 
were  comprised  of  surficial  silty  sands  overlying 
intermixed  silty  sand  and  clay  layers  to  a  depth  of 
30  feet  (9.1m),  Site  27  consisted  of  medium  stiff  clay 


FIGURE  1.  LOCATION  OF  SCE  UPLIFT  LOAD  TfSTS 


to  a  depth  of  15  feet  (4.6m).  At  site  159,  a  stiff 
clay  stratum  was  noted  from  3  to  6  feet  (0.9  to  1.8m) 
overlying  dense  sands  with  gravel  to  a  depth  of  10  feet 
(3.0m). 

During  construction  of  the  Oevers-Palo  Verde 
transmission  line,  loose  dune  sands  were  encountered  at 
Sites  4018  and  4107,  east  of  Palm  Springs.  Extreme 
caving  was  noted  at  Site  4018,  so  a  cement  slurry  was 
placed  in  the  excavation  and  the  test  pier  was 
constructed  by  drilling  through  the  slurry  to  the 
design  depth.  Between  Sites  4722  to  4747,  west  of 
Blythe  near  the  Colorado  River,  the  subsurface 
conditions  consisted  of  loose  silty  sands  overlying 
Intermixed  sand  and  clay  strata  to  depths  up  to  15  feet 
(4.5m).  Medium  dense  to  dense  sands  were  encountered 
at  depths  from  15  to  40  feet  (4.6  to  12.2m). 
Groundwater  was  located  from  10  to  15  feet  (3.0  to 
4.6m)  below  the  ground  surface  in  this  area. 

At  the  Westminster  facilities,  medium  dense  silty  sands 
were  encountered  in  the  upper  five  feet  (1.2m) 
overlying  intermixed  silty  sand,  silt  and  clay  layers 
to  a  depth  of  25  feet  (7.6m).  From  25  to  50  feet  (7.6 
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to  18.3ni),  dense  sand  strata  were  encountered  wUh  thin 
layers  of  soft  clay  at  various  depths.  These  dense 
sand  layers  required  predrilled  holes  so  that  the 
precast  concrete  piles  could  be  driven  to  the  design 
depths. 

Along  the  Intermountain  Power  Project  transmission 
line,  the  Delta  and  Alamo  sites  in  Utah  consisted  of 
stiff  to  very  stiff  overconsolidated  clay.  The 
Caliente  site  in  Nevada  and  Baker  site  in  California 
were  characterized  by  cemented  silty  sands  overlying 
sands  and  gravels  to  a  depth  of  20  feet  (6.1m). 
Detailed  soil  conditions  for  the  IPP  sites  along  with 
pressuremeter  data  are  presented  by  Briand,  et  al. 
(19B4). 

CONE  PENETROMETER  TEST  RESULTS 

The  CPT  soundings  were  performed  by  Earth  Technology 
Corporation  and  Pioneer  Consultants  using  a  standard 
electric  cone  pushed  at  a  “ate  of  0.8  in/sec  (2  cm/sec) 
using  a  20  ton  (178  kN)  reaction  truck.  Both  side 
friction  and  point  resistance  profiles  were  recorded 
continuously  and  used  in  computing  the  friction 
ratios . 

UPLIFT  LOAD  TEST  PROCEDURES 

Uplift  load  tests  were  performed  on  30  drilled  shafts 
and  driven  piles  by  SCE  personnel  using  a  portable 
steel  tripped  test  frame.  This  frame  is  10  feet  (3.0m) 
high  and  has  three  legs  spaced  18  feet  (5.5m)  apart  at 
120  degree  angles  from  each  other.  A  double  acting 
hollow  plunger  hydraulic  jack  with  150  ton  (1335  kN) 
capacity  and  8  inch  (20.3  cm)  stroke  was  used  to  apply 
the  tensile  loads.  The  jack  has  a  3  1/8  inch  (7.9  cm) 
diameter  hole  through  its  center  and  rests  on  a  1  inch 
(2.5  cm)  thick  steel  plate  at  the  top  of  the  tripod.  A 
1  3/8  inch  (3.5  cm)  diameter,  high  strength  Dywidag  bar 
extends  through  the  jack  and  was  attached  to  the  top  of 
the  foundation. 

Load  tests  were  conducted  by  applying  a  tensile  load  to 
the  Dywidag  bar  in  Increments  of  approximately  25 
percent  of  the  design  load.  The  load  was  rebounded  to 
zero  from  25,  50  and  75  percent  of  the  design  load, 
then  the  load  was  re-applied  until  failure  was  reached 
prior  to  a  final  rebound,  if  possible. 

Deflections  at  the  top  of  the  test  foundations  were 
measured  by  th-'  use  of  generally  three  dial  gauges, 
with  an  acc  y  to  0.0001  inch  (0.00025  cm),  located 
at  120  degr  _  spacing  around  the  circumference  of  the 
top  of  the  pile.  The  dial  gauges  were  mounted  to  a 
rigid  frame  which  was  supported  outside  the  perimeter 
of  the  load  test  frame. 

BASIC  CONSIDERATIONS 

In  principle,  the  uplift  capacity  of  drilled  piers  in 
granular  soils  is  shown  in  Fig.  2a  and  may  be  computed 
from  the  following  vertical  equilibrium  equation: 

Qu  '  W  +  Os  +  Ot  (1) 

with  Qu  •  ultimate  uplift  capacity,  W  *  foundation 
weight.  Os  •  side  resistance  and  Ot  *  tip 

resistance.  The  side  resistance  varies  depending  on 
the  shearing  surface  and  shearing  resistance  of  the 
granular  materials.  The  tip  resistance  can  be 
developed  from  tension  and  suction  stresses  at  the 
bottom  of  the  foundation.  During  drained  loading, 
suction  is  not  present  and  tip  tension  Is  normally  very 
low  for  cast-in-place  concrete  drilled  shafts  as 
described  by  Kulhawy  (1985).  Since  the  tensile 
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A)  FORCE  DIAGRAM  B)  SIDE  AND  TIP 

RESISTANCE 


FIGURE  2.  DRILLED  PIER  IN  UPLIFT 

strength  of  granular  soils  is  usually  low,  the  tip 
resistance  for  the  drilled  shafts  and  driven  piles  was 
assumed  to  be  zero. 

The  side  resistance,  0$.  Is  shown  in  Fig.  2b  and  may 
be  expressed  as: 

L 

Os  =  Ou  -  W  '  Ot  =  ^  (AsX^s)  dz  (2) 

0 

where  Aj  =  Surface  area  of  soil-shaft  interface,  fj 
=  Average  skin  friction  along  soil-shaft  interface  and 
L  =  Embedded  length  of  foundation.  The  side  resistance 
varies  in  a  parabolic  manner  along  the  shaft  to  a 
minimum  value  at  the  tip  of  the  shaft  based  on  load 
test  results  from  Reese,  et  al.  (1976),  Vesic  (1970) 
and  others. 

For  cast-in-place  concrete  drilled  piers,  the 
soil-shaft  interface  occurs  adjacent  to  the  perimeter 
of  the  shaft.  Along  transmission  line  routes,  belled 
piers  are  typically  used  due  to  increased  uplift 
resistance  as  compared  to  drilled  piers  of  the  same 
length.  The  generalized  failure  surfaces  for  belled 
piers  are  shown  in  Fig.  3a  depehding  upon  the  embedded 
length  to  shaft  diameter  (L/D)  ratio.  An  equivalent 
force  diagram  using  a  cylindrical  shear  failure  surface 
is  shown  in  Fig.  3b  for  belled  piers  in  normally 
consolidated  soils  where  the  uplift  "breakout  cone"  is 
not  likely  to  develop  based  on  recent  studies.  The 
mean  diameter  for  belled  piers  may  be  obtained  from  the 
following  relationship: 

l^mean  '  ^shaft  (Obeli  "  Oshaft)  (0) 

where  Dj)^aft  '  Average  shaft  diameter  and  0(,gn  = 
Diameter  at  base  of  pier. 

FOUNDATION  PERFORMANCE  EVALUATION 

The  performance  of  drilled  shafts  and  driven  piles  have 
been  described  by  many  authors  in  various  soil 
conditions.  For  this  study,  field  uplift  tests  by  SCE 
were  evaluated  based  on  the  foundation  geometry  (L/0 
ratios)  where  the  peak  capacity  was  reached.  When  the 
peak  capacity  occurred  at  larger  displacements,  the 
ultimate  capacity  was  selected  at  a  vertical  deflection 
of  one  inch  (2.5cm).  This  deflection  criteria  has  been 
used  by  SCE  in  design  of  foundations  for  transmission 
line  towers  and  substation  steel  structures  after  tower 
failures  occurred  in  high  winds. 
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A)  GENERAL  FAILURE  MOOES  FOR  BELLED  PIERS  B)  EQUIVALENT  FORCE  DIAGRAM 


FIGURE  3.  BELLED  PIER  IN  UPLIFT 

The  load-deflection  curves  have  been  normalized  based  load  at  small  deflections  was  compared  to  the 

on  the  peak  or  ultimate  capacity  for  drilled  shafts  and  normalized  uplift  curves  based  on  the  type  of 

driven  piles,  as  shown  in  Figs.  4  and  5,  respectively.  foundation  and  embedded  length  to  diameter  (L/D) 

A  method  was  developed  to  estimate  the  ultimate  uplift  ratio.  The  ultimate  uplift  capacity  could  then  be 

capacity  for  test  foundations  where  the  peak  uplift  estimated  using  procedures  given  by  the  author  (1987) 

resistance  was  not  reached  during  field  load  tests  by  for  use  in  this  evaluation, 

using  these  normalized  curves.  The  measured  uplift 


0  0.2  0.4  0  6  0  8  1.0  1.2  0  0.2  0.4  0,6  0.8  1.0  1.2 


VERTICAL  DISPLACEMENT  lINCHES)  VERTICAL  DISPLACEMENT  (INCHES) 

A)  DRILLED  PIERS  B<  BELLED  PIERS 

FIGURE  4.  NORMALIZED  UPLIFT  LOAD  RELATIONSHIP  FOR  CAST -IN-PLACE 
CONCRETE  DRILLED  SHAFTS  (1  INCH=2.54  CM) 
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VERTICAL  DISPLACEMENT  (INCHES) 


VERTICAL  DISPLACEMENT  (INCHES) 


A)  CO,\'CRETE  SQUARE  PILES 


B)  RAYMOND  STEEL  STEP-TAPERED  PILES 


FIGURE  5.  NORMALIZED  UPLIFT  LOAD  RELATIONSHIP  FOR  DRIVEN  PILES  (1  1NCH=2.54  CM) 


Belled  piers  typically  require  larger  displacements  to 
mobilize  the  ultimate  uplift  capacity,  due  to  the 
"breakout  cone"  failure  surface,  for  piers  with  L/D 
ratios  less  than  six.  Also,  uplift  tests  on  slender 
steel  and  concrete  driven  piles  in  sand  and  clay  soils 
indicate  that  the  peak  uplift  capacity  occurred  at 
vertical  deflections  greater  than  one  inch  (2.5  cm). 
Since  most  structures  are  not  designed  to  acconmodate 
these  large  foundation  displacements,  the  use  of  a 
deflection  criteria  to  evaluate  the  design  foundation 
capacity  was  incorporated. 


FIELD  UPLIFT  LOAD  TEST  RESULTS 

Field  uplift  load  tests  were  performed  on  16  drilled 
piers  and  13  belled  piers  using  cast-in-place  concrete 
construction,  as  well  as  10  prestressed  concrete  driven 
piles.  The  field  load  test  results  are  given  in 
Tables  1,  2  and  3  for  the  drilled  piers,  belled  piers 
and  driven  piles  in  granular  soils,  respectively,  The 
field  load  test  results  on  drilled  shafts  in  cohesive 
soils  are  listed  in  Table  4. 
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TA6-E  3.  RESULTS  Of  UPlIET  ^ESTS  ON  DRIVEN  CONCRETE  PILES  IN  GMNULAR  SOUS 
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The  total  uplift  capacities  in  these  tables  represent 
the  peak  resistance  from  the  load  tests  at 

displacements  less  than  one  inch  or  the  estimated 
ultimate  capacity  at  a  vertical  deflection  of  one  Inch 
(2.5  cm)  based  on  the  normalized  curves  1n  Figs.  4  and 
5.  The  net  uplift  capacity  corresponds  to  the  side 
resistance  along  the  soil-shaft  Interface. 


friction  ratiqs.  An  electric  cone  penetrometer  was 
used  at  all  sites  in  this  study.  The  computation  of 
shaft  friction  using  CPT  data  was  described  by 
Schmertmann  (1978)  using  the  relationship: 
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FRICTIONAL  CAPACITY  PRfOlCTlON  U5iNG  CPT  OATA 

The  CPT  soundings  provide  tip  resistance  and  side 
friction  values  of  subsurface  materials  with  associated 


where  Q^p  =  Predicted  side  friction  resistance  using 
CPT  data,  Kj  (.  =  f^  correlation  factors  -  in 

sand  layers,  in  clay  layers,  I  =  Depth  to  f, 

value  considered,  0  =  Shaft  diameter,  f^  =  Unit  local 
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TABLE  4,  RESULTS  OF  ^PLIFT  TESTS  ON  DRILLED  SHAFTS  IN  COHESIVE  SOILS 
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Notes  ' n  od’enchesis  are  fiasea  on  estimated  ultimate  upUft  capacity  at  a  vertical  deflection  of  one  inch 

NE  »  not  '-ecommended .  Values  computed  using  equation  8.  n.O  k.ip  .  4.45  <N,  \  Foot  «  30.48  cm.  1  Inch  =  2. 54  cmi 


side  friction  resistance  from  CPT  data,  Aj  = 
Pile-soil  contact  ares  per  f^  depth  interval,  and 
L  =  Total  embedded  length  of  pile. 

The  <5  and  ''alues  are  shown  in  Fig.  6  from 
Schmertmann  (1978).  Kj  represents  a  correction 
factor  to  be  utilized  with  granular  soils  and  is 


dependent  on  embedded  length,  pile  diameter  and  type  of 
material.  The  correction  factor.  Kj,  for  granular 
materials  was  derived  from  load  tests  on  smooth  and 
rough  model  piles  by  Nottingham  (1975).  The  rough 
piles  produced  much  higher  Kj  values  than  results 
from  smooth  pile  tests.  The  stress  history  and 
coefficient  of  earth  pressure  at  rest.  Kg,  may  be 


A)  STEEL  PIPE  PILES  IN  SAND  B)  CONCRETE  SQUARE  PILES  C)  STEEL  AND  CONCRETE  PILES 

IN  SAND  IN  CLAY 


FIGURE  6.  SIDE  FRICTION  CORRELATION  FACTORS  FOR  ELECTRICAL  PENETROMETER 
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evaluated  using  Standard  Penetration  Test  (SPT) 
blowcounts,  CPT  results  or  pressuremeter  tests,  as 
described  by  Kulhawi,  et  al .  (1984). 

The  Kq  value  represents  a  correction  factor  for 
cohesive  soils  which  is  primarily  dependent  upon  the 
shear  strength  of  the  fine  grained  so'l.  Many  axial 
load  tests  in  clay  soils  have  been  performed  to 

evaluate  the  adhesion  factors  for  soft  to  stiff  clays 
on  wood,  steel  and  concrete  piles.  The  correction 
factor,  !<,(■,  for  clay  soils  shown  in  Fig.  6  was  based 
on  test  results  from  Tomlinson  (1957)  and  others  where 
the  soil  adhesion  is  compared  to  the  undrained  shear 
strength  of  the  clay  soils,  as  well  as  1  .  nited  model 

tests  by  Nottingham  1975). 

The  predicted  frictional  resistance,  Qjp,  from  CPT 
data  was  computed  using  Eq.  4  with  K^.  values  from 
Fig.  6  and  Kj  values  set  equal  to  one  for  each  clay 
and  sand  layer,  respectively.  The  pile-soil  contact 
area  for  each  interval  was  calculated  using  the  average 
diameter  for  drilled  piers  and  driven  piles  and  mean 
diameter  for  belled  piers.  The  side  friction  values, 
fj,  were  selected  for  two  cases;  (1)  f^lfi  where 

f]  =  1.2  tsf  (kg/sq.cm.)  and  (2)  f^  =  Actual  values 
from  CPi  data.  The  limiting  side  friction  value,  f] , 
was  proposed  oy  Schmertmann  based  on  methods  used  by 

Dutch  engineers. 

The  peak  and  estimated  ultimate  uplift  capacities  from 
field  load  tests  were  compared  to  the  predicted  side 
resistance  capacity  from  Eq.  4  using  the  following 


relationship; 


^soil  ”  Osu/r^ 


X  (k/BD) 
1=0 


(fs)(As)  +Z(fs)(As) 
8D 


(5) 


where  Kjoil  =  Correlation  factor  for  granular 
materials  and  Qjy  =  Ultimate  side  friction  resistance 
from  uplift  load  tests.  The  kjgii  values  are  listed 
in  Tables  1,  2  and  3  and  are  shown  graphically  in 

Fig.  7  along  with  the  original  design  curves  from  Fig. 
6.  For  the  case  with  f^  £  fp  =1.2  tsf,  the  field 
uplift  test  results  cc”'relate  well  with  Schmertmann ' s 
curve  for  drilled  oecs  and  driven  piles  with  t./D 
ratios  greater  than  1C.  Drilled  shafts  with  L/0  ratios 
less  than  10  yield  much  higher  actual  capacities  than 
predicted  based  on  model  tests  by  Nottingham  (1975). 
When  the  actual  cone  friction  values  are  incorporated 
into  Eq.  4,  the  field  test  results  are  lower  than  the 
original  design  curve  for  foundations  with  L/D  ratios 
greater  than  lO  and  somewhat  higher  for  drilled  shafts 
with  L/D  ratios  less  than  nine.  These  conclusions  from 
SCE  field  load  tests  are  consistent  with  results  from 
Horvitz,  et  al.  (1981)  and  others. 


REVISED  DESIGN  METHODOLOGY 


The  predicted  side  frictional  resistance  of  drilled 
shafts  and  driven  piles  from  Eq.  4  incorporates  an 
k/8D  reduction  factor  to  thr  side  friction  values 
from  CPT  soundings.  Uplift  load  tests  or.  model  piles 


soil 


soil 


1 


0  1  2  3  4  5  6 


j - 

- _ 

— 

- H 

— 

,o 

1 

t 

h'  — ' 

.  . 

. A.. 

■A/: 

9.39  A-' 

— 

: : 

9.3SA*- 

9.45i^‘ 

[ra 

-6  A 

A 

^  i 

..  J 

...  J 

/ 

^  J 

„ _ 

o 

■^sc 

HMERTMANN  ( 

^  1 

1978)  j 

0 

a 

%  i. 

_ 

1 

L6Q6ND 

O  SCE  DRILLED  RIERS 
•  CADWP  DRILLED  PIERS 
see  BELLED  P'E  iS 

A  LAOWP  BELLED  *».ERS 

1 

i 

1 

H 

EO 

0 

J _ _ 

□  SCE  DRIVEN  PILES 

j 

0  1  2  3  4  5  6 


A)  WITH  f,<  f,  -1.2  TSF  OR  KG/Sa,CM. 


8)  WITH  f,- ACTUAL  VALUES 


FIGURE  7.  CPT  SIDE  FRICTION  CORRECTION  FACTOR.  K  ,  FOR  SANDS 
FROM  FIELD  UPLIFT  LOAD  TESTS 
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from  the  relationship: 


in  granular  soils  by  Das  and  Seeley  (1975),  Das  and 
Rozendal  (1983),  and  Meyerhof  0^73)  indicated  that  the 
unit  skin  friction  along  the  pile  increases  linearly  to 
a  limiting  value  at  a  critical  depth.  This  critical 
depth  is  dependent  upon  the  soil  relative  density, 
shear  strength,  pile  material  and  roughness  along  the 
soil-pile  interface.  Field  axial  load  tests  on  circular 
steel  pipe  piles  conducted  by  Vesic  (1970)  and  others 
show  that  distribution  of  skin  friction  along  pile 
shafts  is  generally  parabolic.  The  limiting  skin 
friction  values  occurred  at  embedded  length  to  diameter 
(L/D)  ratios  from  6  to  14  in  model  tests  and  2  to  30  in 
field  tests. 

Field  uplift  loads  tests  performed  by  SCE  over  the  past 
50  years  indicate  that  the  average  skin  friction 
decreases  as  the  L/D  ratio  becomes  larger  in  granular 
soils.  These  test  results  were  presented  by  the  author 
(1987)  and  are  shown  graphically  in  Fig.  8.  This  trend 
also  occurs  for  drilled  shafts  in  cemented  sand  and 
gravels  as  well  as  rock  materials. 

Granular  soils  -  Since  field  uplift  load  tests  on  full 
scale  foundations  in  granular  soils  show  that  a 
reduction  in  skin  friction  for  drilled  piers  with  L/0 
ratios  less  than  8  is  not  warranted,  the  computed  side 
friction  resistance  in  granular  soils  using  CPT  data 
may  be  obtained  from  the  relationship: 


•^sand 


(7) 


The  O55  and  Kj^nd  values  from  equations  6  and  7, 
respectively,  are  given  in  Tables  1,  2  and  3.  Again, 
two  cases  were  evaluated  regarding  the  CPT  side 
friction  values  using  a  limiting  condition  and  actual 
records  as  previously  discussed.  The  Ksand  values 
are  shown  graphically  versus  the  L/D  ratio  of  each 
foundation  in  Fig.  9.  The  range  of  values  from 

Eq.  7  is  much  less  than  corresponding  Kjgii  values 
from  Eq.  5,  indicating  that  the  use  of  Eq.  6  to  predict 
the  side  friction  resistance  with  CPT  data  gives  more 
consistent  results  as  compared  to  the  field  uplift  test 
results . 


Cohesive  Soils  -  In  cohesive  soils,  field  uplift  load 
test  results  on  drilled  shafts  by  SCE  and  LAOWP  are 
tabulated  in  Table  4.  The  average  skin  friction  value 
was  computed  for  each  pier  from  the  field  load  test 
results  using  the  shaft  diameter  for  drilled  piers  and 
the  mean  diameter  for  belled  piers.  The  average  side 
friction  value  from  CPT  data  v.is  calculated  at  each 
test  site  with  the  adherence  coefficient  obtained  from 
the  relationship: 


L 

Oss  =  '^sand  X  i^sX^s) 

0 

where  835  =  Total  side  friction 
and  kjjpij  =  Correlation  factor 
The  values  from  field  load 


(6) 


resistance  in  sands 
for  granular  soils, 
tests  were  computed 


"  ^ave^^ s  (®) 

where  m  =  Adherence  coefficient  in  cohesive  soils, 
^ave  ^  Average  skin  friction  along  shaft  from  field 
load  tests,  and  fj  =  Average  side  friction  value  from 
CPT  data.  These  values  are  listed  in  Table  4  and  are 


EFFECTIVE  FRICTION  ANGLE- 
0'  (DEGREES) 


EMBEDDED  LENGTH/SHAFT  DIAMETER  -  L/D 


FIGURE  8.  VARIATION  OF  AVERAGE  SKIN  FRICTION,  fs,  WITH  SHEAR  STRENGTH  AND 

FOUNDATION  GEOMETRY  FROM  SCE  UPLIFT  LOAD  TESTS  (1  nSF-0.5  KG/SQ.CM.) 
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shown  graphically  in  Fig.  10.  Field  load  test  results 
from  Tumay,  et  al.,  (1983)  and  O'Neill  (1986)  in  clay 
soils  are  also  shown  in  Fig.  10  and  compare  favorably 
with  the  SCE  and  LAOWP  test  results.  Thus,  for  drilled 
shafts  and  driven  piles  in  cohesive  soils,  the  side 
friction  resistance,  Qjj. .  can  be  computed  from  the 
relationship: 


L 

Qsc  =  Z  (mKfsKAj)  (9) 

0 


General  Equation  -  At  sites  where  the  soil  conditions 
are  predominately  sand  with  some  intermixed  clay 
layers,  the  general  equation  to  obtain  the  total  side 
friction  resistance,  Qst,  ^5  as  follows; 

L 

8st  ■  ^sand  Z  (hi) ( f  s ) ( ^s )  (10) 

0 

where:  1)  In  granular  soils,  m  =  1.0  and  Kjapq  is 
selected  from  Fig.  9  based  on  the  embedded  length  to 
shaft  diameter  (L/D)  ratio,  ahd  2)  Ih  cohesive  soils, 
l^sand  ^  ^  0  and  m  is  selected  from  Fig.  10  based  on 
the  average  side  friction  value  from  CPT  data  for  each 
distinct  clay  layer. 


CONCLUSIONS 

A  performance  evaluation  was  made  based  on  field  uplift 
load  test  performed  by  SCE  over  the  past  50  years. 
Normalized  curves  were  developed  for  drilled  shafts  and 
driven  piles,  shown  in  Figs.  4  and  5,  respectively, 
based  on  these  uplift  test  results.  The  ultimate 
uplift  capacity  was  selected  based  on  an  allowable 
vertical  displacement  of  one  inch  (2.5  cm)  from  field 
load  tests  where  the  maximum  uplift  resistance  was 
obtained.  These  curves  may  be  used  to  predict  the 
uplift  capacity  of  drilled  shafts  and  driven  piles  for 
various  embedded  length  to  diameter  (L/B)  ratios  of  the 
foundation . 

Field  uplift  load  tests  were  performed  on  16  drilled 
piers,  13  belled  piers  and  10  concrete  driven  piles  by 
SCE  and  LADWP  at  sites  with  CPT  soundings.  These  test 
results  are  given  in  Tables  1,  2  and  3  for  granular 
soils  and  Table  4  for  cohesive  materials.  The  measured 
uplift  capacity  or  estimated  ultimate  uplift  capacity 
from  normalized  curves  were  used  to  obtain  the  side 
friction  resistance  of  each  test  foundation. 

A  revised  design  methodology  was  presented  to  compute 
the  total  side  friction  resistance  of  foundations  using 
CPT  data.  The  general  relationship  is  given  by  Eq.  10 
for  granular  and  cohesive  soils  with  associated  side 
friction  correlation  factors.  The  correlation  factor 
for  qrannlar  soils.  r  wra  nhtJined  f'"o"'  Eq  7 
and  is  shown  in  Fig.  9  versus  the  L/D  ratio  of  test 
foundations.  In  cohesive  soils,  the  adherence 
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SYNOPSIS  -  The  St.Thomo.';  Church  was  built  in  1933  in  New  Delhi.  By  oversiqht  it  was  founded  on 
a  graveyard  having  graves  at  two  levels.  The  comparatively  heavy  rains  of  1958  and  1964  showed 
wide  spread  damage  by  differential  settlement  and  tilting  of  tower.  During  the  investigations  in 
1959  by  the  Central  Building  Research  Institute,  Roorkee,  the  earlier  history  of  the  site  and  church 
was  examined.  It  was  found  that  excessive  damage  had  occurred  in  1943  also  and  underpinning  of 
foundations  and  butressing  of  walls  was  done  to  arrest  ic.  Collapse  of  graves  below  the  foundations 
was  the  reason  for  damage  which  reocurred,  mainly  in  the  portions  which  were  not  underpinned  or 
partially  underpinned.  Effectiveness  and  feasibility  of  remedial  measures  vis-a-vis  the  soil 
investigations  are  discussed.  — ■«[» — 


THE  SITE 

Location  -  The  St.Thomos  Church  is  located 
on  Reading  Road,  now  known  as  Mandir  Mara 
fFig.l).  The  area  between  the  Mandir  Marg 
and  the  Upper  Ridge  Road  is  the  Eastern  slope 
of  the  Ridge.  The  church  and  the  adjacent 
buildings  are  situated  in  a  filled  up  shallow 
valley  near  the  junction  of  Panchkuin  Road 
with  Mandir  Marg.  The  Ridge  is  upto  25m  higher 
than  the  general  ground  level  in  the  Church 
compound  which  is  at  RL  221.3m. 

History  of  the  Site  -  Delhi  is  one  of  the 
most  ancient  and  historic  cities  of  India. 
The  earliest  reference  is  found  in  the  famous 
epic  .Mahabharta,  when  Delhi  was  known  by  the 
name  of  '  Indraprastha '  and  it  may  be  assigned 
a  period  of  15th  centuary  B.C. 

There  is  some  evidence  that  there  were  stone 
querry  pits  around  the  site  of  the  church. 

The  'Samadhis'  higher  up  the  slopes  indicated 
that  the  Hindus  used  to  cremate  there  while 
the  Muslims  started  using  the  shallow  valley 
as  burial  ground. 

Delhi  was  declared  the  capital  of  British 
India  in  1911  and  New  Delhi  was  laid  out. 
When  the  construction  of  the  residential 
quarters  in  1915  reached  as  far  as  the  site 

of  the  ''*•  '’’homos  Church  an  outcry  was  raised 
due  to  Muslim  graves.  As  a  result  the  graves 
were  covered  by  clean  soil,  site  was  left 

vacant,  and  the  construction  of  Clerk's  quarter.^ 
began  on  the  Northern  side  of  the  site.  This 
was  the  site  offered  to  Padre  Weller  and  was 
accepted.  The  church  was  built  in  1933  and 
Walter  George  was  the  architect  for  it.  It 
may  be  recalled  that  the  period  of  twenties 
".nd  thirties  was  a  periug  of  greau 
constructional  activity  in  New  Delhi.  The 
famous  Viceroy's  House,  now  known  as  the 
'Rashtrapati  Bhawan',  which  is  the  official 
residence  of  the  President  of  India,  was 
designed  by  Sir  Edwin  Lutvens  and  completed 

in  1929. 


I'-ig.!  LOCATION  OF  ST.  THOMOS  CHURCH,  NEW  DELHI 


'I'liE  BUTTDTNG 

The  church  is  103ftx56ft  ( 31 . 4mxl 7 . Im )  in 
plan  (Fig. 2).  It  is  a  brick  structure  in  lime 
mortar  with  a  vaulted  arch  roof.  The  stone 
masonrv.  in  local  ^tcue,  aa  segi.  w.t  the  outblCc 
(Fig.l)  IS  upto  4dt  Sin  (1.37m)  above  DPC. 
The  tower  was  61ft  lomn  (18.86m)  high.  The 
butresses  (Fig.l)  were  not  an  original  feature 
of  the  building  and  were  added  10  years  later 
in  1943.  The  tower  is  accessible  through  a 
winding  staircase  located  in  the  North  corner 
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of  •:h"  “  r-.- .  The  Nave  wa?  provided 

with  24f.  7'h-"'  dra'winqs  showed  that  strip 

footir.a  f  n  itda r  i  or-,=,  of  4ft  6in  (1.37m)  depth 
helov;  the  floor  wor'"'  used  oriqinallv  tor  the 
most  tart  of  tho.  huildinq.  At  oresent  the 
buildina  shows  no  siqns  of  damaqe  from  the 
outside  as  jt  has  'o^en  repaired  from  time 
to  ti:.,e.  However,  a  o loser  look  of  the  interior 
will  show  uneven  floors,  damaqe  to  the  railinq 
in  the  f  ron*-  of  the  sanctuarv,  broken  door 

sills  rand  iistorted  door  arches  -  indicating 
uneven  sink  i  no. 

NATiJhr,  f'r’  THi:  Phoh’.hM 

Widespro.arl  craokim  and  sinking  occurred  after 
the  heavv  rains  in  19aS.  The  problem  aggravated 
and  in  earlv  1959  the  Central  Building  Research 
Institute  was  aonroach^d  for  investigations. 
It  was  observed  that  the  tower  had  settled 

4in  to  fin  (lOcm  to  15cm)  showing  cracks, 

wider  at  nop  and  upto  ground,  at  its  junction 
with  longitudinal  and  transverse  walls  of 

the  church.  The  tower  tilted  away  from  the 
building  towards  the  West  corner.  There  was 
severe  cracking  of  walls  of  the  Clergy  Vestry, 
Fig. 3.  Floor  sills  of  stone  and  arches  over 

doors  and  window  also  showed  cracks.  The  entire 
portion  comprising  of  the  Choir  Vestry,  the 

Sanctuary  and  the  Clergy  Vestry  separated 
from  rgr  g.T'e  ty  tilti;  g  backward  and  showing 
through  crack  in  th  '  roof  arch.  Majority  of 

cracks  were  slant  along  the  diaaonals. 
CiffcrcuC  i -i,  s  or  floors  showing 
sinking  a  lo.ug  the  walls  and  heaved  up  centre 

were  consnicuoun. 

The  soil  investigatiotis  were  taken  up  in  March 
April,  1959  and  findings  were  reported. 


FIG. 3  CLERGY  VESTRY 


The  architect  of  the  church  provided  the 
1  ,  of  the  Drobicri  and  remedial  -eisures 
adopted  by  him  prior  to  1958. 

The  problem  of  similar  damaqe  was  again 
reported  in  1964  after  the  end  of  rainy  season. 
Cracking  reocurred  on  the  locations  reoaired 
earlier.  As  the  soil  investigations  had  already 
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OE»»TH- 


boon  carri-’!  out  in  onlv  the  settlement 

of  the  i-  :  i  lina  bv  ta<inq  levels  around  it 
'.v-as  tionitor-'u  and  was  discontinued  after  no 
chanqe  was  .'bs-’rved  in  !9f5  and  readinqs. 

TF!E  SOU, 

The  w’hoir  the  Panctuarv  and  the  Clerqv 

’.'estrv  w’-^i''  the  most  cracked  portions.  The 
soil  i  n '.'es  r  i  c  1 1  i  ons  wore  carried  out  near 
these  oroticns.  For  undisturbed  samplina  three 
ooen  pits  were  duq  and  five  static  cone 
!>enetration  tes“s  were  carried  out  (Fiq.4) 
in  March-'.nril  Idsa.  The  soil  test  data  are 
summaris'''d  in  Fiq.S.  Undisturbed  s<amples 

were  used.  for  oed.om'^ter  tests.  Additional 
two  pits  -lose  to  the  tower  faces  were  duq 
for  ascertaininq  the  actual  depth  of  the 

foundations  an !  tlv-  examination  oi  the  strata. 
The  depth  of  the  foundation  below  the  tower 
was  confirme!  at  4ft  fin  il.37m)  below  qround 
love!.  Ther-^  was  a  clear  evidence  of  filled 
■JO  soil.  in  oit  h'o .  4  qraves  were  encountered 
as  fft  fin  F2r!  and  Bft  6in  (2. fin)  and  in 
pit  No.  5,  t'neso  were  at  7ft  (2.1m)  and  8ft 

fiin  (2.6ml  denths  below'  qround  level. 


CONE  BESISTANCE-  Kj/Cm^ 


FIG.  4  TE.ST  LOCATIONS  8.  STATIC  CONE  RESISTANCE 

'"HE  PROBLEM  AND  REPAIRS  BEFORE  19  69 

During  fts.  course  of  investigations  by  the 
Central  Building  Research  Institute,  Roorkee, 
the  architect  provided  the  inform<ation  about 
the  repairs  of  the  church  building  since  its 
construction  in  early  thirtie.s.  It  was  reported 


DEPTH  BORE  DRY  ATTERBERCS  LIMITS  SILT  t  CLAY 
(tn)  LOG  DENSITY  «  (•/.) 


PIT -3 

FIG. 5  BORELOGS  &  SOIL  TEST  DATA 


that  severe  cracking  of  the  building  first 
occured  in  1942.  The  architect  resorted  to 
underpinning  of  the  foundations  as  shown  in 
some  of  the  sections  of  the  building  in  Fig. 
The  underpinning  was  not  done  below  the  tower 
and  the  Sanctuary.  The  Clergy  Vestrv  was 
partially  underpinned.  The  Nave  was  fully 
underpinned.  The  depth  of  underpinning, 
depending  upon  the  availability  of  firm  strata, 
varied  from  about  lift  (3.35ni)  to  14ft  fiin 
(4.4m)  below  the  qround  level. 

During  the  course  of  excavation  a  number  of 
qraves  were  encountered  as  indicated  in  two 
typical  sections  (Figs. 5  &  ■€)  .  Barring  a  few 

cases,  there  are  two  levels  of  burials  at 
about  2m  and  2.6m.  It  was  on  recGid  that  a 
pit  dim  at  the  Clergy  Vestry  near  the  West 
face  revealed  a  burial  at  lift  3in  (3.4m) 
alonqwith  a  earthen  pot  containing  an  eqg 
and  two  coins  of  1835  and  1838,  East  India 
Company.  The  typical  orientation,  head  towards 
West  (direction  of  the  holy  'Kaba')  was  clearly 
suggestive  of  the  Muslim  burials. 


1367 


WEST  WALL 

FIG.  6  .GECTTON  ON  AA 


FTG.7  SECTION  ON  BB 


After  undarp inni nq  operations  tho  butresses 
(Fig.l)  were  also  provided  for  additional 
support  for  the  longitudinal  walls.  The 
underpinning  of  the  Clergy  Vestrv  was  at  the 
outer  accessible  corner  only. 

DISCUS.SION  ON  REASONS  FOR  DAMAGE 

The  soil  sampling  from  the  open  pits  showed 
that  it  was  a  filled  up  ground.  However,  top 
yellowish  and  greyish  coloured  soils  with 
some  'Kankar'  could  be  easily  mistaken  to 
be  virgin  ground.  The  architect  reported  that 
no  soil  investigations  were  carried  out  as 
the  ground  unto  about  2m  depth  showed  firm 
deposit.  The  site  was  a  couple  of  feet  higher 
than  the  surrounding  ground  at  the  time  of 
construction ,  but  the  architect  concluded 
that  there  had  been  a  little  excavation  to 
get  a  uniform  slope  for  the  road.  Thus  the 
site  was  considered  good  enough  to  sustain 
a  pressure  of  1.5t/sq.ft  (1.5  kg/cm^) 
transferred  from  the  footings  of  the  building. 
Till  1942  when  cracking  occurred  and  remedial 
measures  by  under  pinning  were  taken  up,  the 
existance  of  graves  was  not  suspected. 

The  method  of  burial  is  such  that  a  hallow 
space  remains  at  the  top  of  shroud  and  it 
gets  filled  up  in  due  course.  The  major  reason 
for  the  collapse  of  these  hollow  spaces  seems 
to  be  the  seasonal  rise  in  water  table.  During 
the  investigations  in  April  1959  the  water 
table  was  at  a  depth  of  16ft  (5m)  and  it  was 
reported  to  he  about  6ft  (1.8m)  during  the 
rains,  which  is  quite  close  to  the  footing 
level.  The  receding  water  table  caused  the 


collapse  of  hollows  which  were  indicated  by 
the  penetration  test  showing  little  or  no 
resistance  at  certain  elevations  and  confirmed 
ijv  open  excavations.  The  scatter  of  curves 
indicate  variability  of  a  filled  up  ground 
( Fig . 4 ) . 

It  is  worth  noting  that  more  damage  of  sinking 
and  cracking  was  noticed  in  1958-59  in  the 
tower  and  sanctuary  portions  which  were  not 
on  foundations  strengthened  by  underpinning 
(Pig. 8).  The  Clergy  Vestrv  was  partially 
underpinned  at  the  corner  and  this  resulted 
in  substantial  damage.  The  underpinned  corner 
remained  in  position  while  the  adjacent  portions 
showed  sinking  along  with  the  backside  wall 
of  the  sanctuary. 


FIG. 8  SECTION  ON  CC 


Due  to  erratic  scatter  of  graves  at  two  levels 
it  is  difficult  to  make  a  realistic  settlement 
estimates.  On  3rd  March  1959,  the  tower  had 
settled  by  about  5. Sin  (14cm)  at  its  corner. 
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The  inclination  towards  South  and  West  were 
s.7Sin  fiSTiit)  and  4.5in  (limit)  resnect  i  ve  1  v . 
On  18  th  Soptomhor  tl’.c  til*-  towards  South  was 
8.  58ir.  lllmmi  showinq  t  recovery  of  4mm. 

In  June  1^84  settlement  of  the  huildinq  was 
monitorod  it  iQ  points  on  the  outer  walls. 
Th-’  settlements  were  active  unto  October  1964 
tnd  iurina  a  neriod  of  three  months  the  Tower, 
Sanctuary  and  Clerqy  Vestry  (excludinq  the 
unrie  rn  inned  corner)  showed  settlements  of 
the  order  of  about  8mn  while  for  the 
Iona  i  r  ud  ina  1  vyalls  it  was  less  than  2min.  In 
N'o'.’emher  1  964  settlements  stabilised  and  there 
was  no  further  sin)<im  upto  1965  when 
observation  were  discontinued.  It  is  worth 
not  ina  that  in  both  the  veers  19  58  and  1964, 
*■8.0  rainfalls  were  hiaher  thesn  the  averaqe. 

THE  PEMEDTAI,  MEASURES 

■As  stated  already  the  foundations  were 
underninn.ed  in  1941  from  the  firm  qround . 
But  the  Tower  and  sanctuary  were  left  as  such. 
This  led  uneven  support  from  the  hearinq  strata. 
Butresses  were  also  provided  in  1943,  however, 
tho'u  do  not  seem  to  fullfil  much  useful  purpose 
as  the  problem  is  more  of  downward  sinkinq 
rather  than,  the  outward  rotation  of  the  walls. 

In  1959-60  shoring  in  fiq.9  was  done  at  the 
two  outer  sides  of  the  tower  and  similarly 
at  the  Clerqv  Vestry  walls.  Tae  support  for 
shnrina  at  the  ground  is  derived  from  shallow 
co.icrete  filled  trenches.  This  shoring  has 
outlived  its  useful  life  and  as  seen  in  1986 
it  is  oartially  rotten  and  now  a  relic  from 
the  past. 
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FIG. 9  SHORING  AT  TOWER 

Apart  from  the  above  measures,  there  had  been 
a  discussion  on  the  feasibility  of  the  other 
permanent  measures  as  well.  Reducing  the  height 
of  tower  for  providing  a  relief  in  loading 
on  the  foundations  was  a  proposal  but  of 

marginal  help  as  architectural  look  was  to 

be  preserved.  Grouting  by  cement  slurry  and 
underpinning  by  piles  and  beams  were  considered. 
Grouting  was  rejected  because  the  strata  were 
predominantly  of  silt  and  clay,  80-90  percent, 
and  soil  will  not  accept  grout.  The  pile  and 

beam  proposal  was  not  implemented  due  to 

specialised  handling  and  the  economy 
considerations.  The  desirable  depth  for  support 
from  firm  strata  is  around  7m  as  seen  from 
penetration  records  (Fig. 4)  and  this  means 
working  below  water  level. 


In  view  of  tlie  above  no  special  remedial 
measures  after  those  of  1943  were  taken  up. 
The  superstructure  and  the  floors  were  repaired 
from  time  to  time.  The  building  is  in  continuous 
use . 

CONCLUDING  REMARK.9 

The  history  of  the  St.Thomos  Church  once  more 
focusses  the  attention  on  the  importance  of 
proper  soil  investigations  prior  to 
construction.  Also  the  foundation  treatment 
by  remedial  measures,  by  underpinning  should 
be  such  that  it  provides  uniform  support. 
Otherwise  the  untreated  portions  may  sink 
later. 
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o  r'.-,  Ic ;  Anchor  slab  retaining  wall  is  a  kind  of  retaining  structure,  which  consists  of  prei'abrl- 
cs.tei  rib-columns,  panel  slabs,  tie-bars  and  anchor  slabs  embedded  in  earth  fill.  Since  the  structure 
was  first  used  and  developed  in  C.hina  in  197'+,  many  such  structure  have  been  built  on  railways  and 
other  er.gir:eering  projects.  The  reviewer  of  Second  International  Conference  on  Case  Histories  in  Geo- 
tsch.nisal  Engineering  gave  a  comments  about  this  structure  as  follows:  "Chinese  method  anchor  slab 
t.he  construction  should  interest  t.he  western  world". 


3a-7u-wuar.  anchor  slab  retaining  wall  has  been  instrumented  to  measure  the  load  on  the  tie-bar, 
tne  horizontal  displacement  of  the  r Ib-coluinns ,  the  horizontal  earth  pressure  acting  at  the  panel 
suabo,  and  the  backfill  settlement  at  different  positions.  This  paper  presents  project  description, 
construction  of  the  project,  data  obtained  from  field  observations  and  the  comparison  result  with 
analysis  and  predicted  values. 

:;;r?!ODucr:oii 


3a-':'u-Juan  anchor  slab  retaining  wall  was  con¬ 
structed  in  the  yeai  of  198^1-86.  It  is  located 
in  3a-7u-Quan  harbour,  Liaoning  province.  The 
wall  was  constructed  for  the  purpose  of  retain¬ 
ing  the  fill  at  two  sections  of  a  railway,  each 
sectlcr.  is  a  100  m  anchor  slab  wall,  which  ap¬ 
proaches  to  an  overhead  street  bridge,  as  shown 
in  Fig.  1  and  Fig.  2,  so  as  to  save  a  great  quan¬ 
tity  of  cropland  that  is  very  expensive  at  the 
place  in  question. 


Fig.  1.  The  Whole  Gcene  of  Ba-7u-Quan  Anchor 
Slab  Retaining  Wall 


Fig.  2.  Photograph  of  Ba-Tu-Quan  Anchor 
Slab  Retaining  Wall 

assembled  retaining  structure. 

As  compared  with  reinforced  earth  structure, 
this  new  type  structure  Is  better  for  protection 
against  corrosion,  while  it  has  the  advantages 
of  light  weight  and  lower  cost.  It  is  suitable 
to  be  adopted  in  regions  of  low  bearing  capacity 
and  especially  promising  in  those  countries, 
where  reinforcing  steel  straps  is  in  short  supply. 


The  anchor  slab  retaining  wall  maintains  It-self 
stabilization  through  the  interaction  of  face 
panel,  rib-column,  tie-bar,  anchor  slab  and  back¬ 
fill,  In  other  words  anchor  slab  structure  is  an 


A  vibrostand  model  test  has  provided  information 
for  anchor  slab  structure  that  is  comparatively 
flexible  and  better  to  against  the  damage  of 
earthquake  than  masonry  retaining  walls. 
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The  ;'?.ce  parcel  of  “a-Vu-Tuan  anchor  olafc  wall 
oor.elsto  of  reinforcerrient  concrete  rib-column 
and  panel  slab.  Tne  rib-colunn  is  h  .n  in  hight 
and  with  dex2h  cm  rectangular  sec  n.  Specing 
of  rib-col, is  2  m  from  center-t  -center. 

The  panel  cat  is  a  trough  plate  l.Qo  m  in  leng¬ 
th,  o.t  m  in  width  and  20  cm  in  thicitness. 

Tne  foundation  of  rib-oolu.mn  is  a  strap  concrete 
footing.  C.o  T.  in  width,  i.2h  n  in  depth,  th-' 
bettom  of  foundation  is  0.25  m  beilow  frost  dep- 
tn. 

A  0^x25  c.m  0  r-pl ace  d  armoured  concrete  cross 
t-cn  is  placed  at  the  • cp  of  rib-cclumn  holding 
i t  in  place. 

One  ric-column  is  anchored  by  two  pieces  of  1.2 
m  su,.are  anchor  slab  with  0.25  ci  in  thickness 
emcedd-ed  in  tne  earthfill.  The  rib-column  and 
anchor  slat  are  joined  up  wi‘h  2/i>23  mm  bar 
stccK.  The  upper  tie-bar  is  d  m  and  the  lower 
one  is  m  in  iength,  the  cross  section  of  Ba- 
an  anchor  slab  wall  is  shown  in  Fig.  3. 


Fig.  3-  The  Section  of  Ba-Yu-Quan  Anchor 
Slab  Retaining  Wall 


In  design  the  soil  parameters  are  given  as 
follows , 

Unit  weight  of  backfill  Y  =1.90  kN/m’ ; 
Angle  of  internal  friction  (p  =30° ; 

Angle  of  wall  friction  6  =0.b4>\ 

Bearing  capacity  of  subsoil  B=120kPa. 

Rib-column,  panel  slab,  tie-bar  and  anchor  slab 
are  designed  according  to  lateral  pressure  ac¬ 
ting  on  panel  slab,  which  consists  of  Coulomb's 
active  earth  pressure  and  additional  lateral 
pressure  caused  by  external  concentrated  load. 
(Casagrande.  L. ,  1973)  Both  lateral  pressure 
mentioned  above  were  multiplied  by  a  experimen¬ 
tal  coefficient  of  1.2. 


The  allowable  carrying  capacity  of  an .  tx  ;•  slab 
embedded  in  backfill  was  ctiosen  as  100-i50  kU/m^ 
(Lu,  Z.J.  et.al  1965)  at  different  depth  respec¬ 
tively  . 

The  length  of  tie-bars  is  designed  to  exte.nd  no 
less  than  a  distance  of  ^,.5  B  beyond  the  imagi¬ 
nary  l.ne  of  rupture  of  active  earth  pressure, 
i.n  which  B  denotes  the  length  of  one  side  of  the 
needs  of  partial  and  whole  stability  analysis  of 
anchor  slab  wall. 

CONSTRUCTION 

Oue  to  Ba-Yu-',^uan  anchor  slab  wall  is  located  ir'. 
a  frigid  region,  a  pervious  blanket  of  1.25  " 
in  thickness  was  placed  at  *  he  back  of  facs 
panel  to  protect  the  wall  from  frost  heave. 

The  tie-bar  were  protected  again.tt  corrcci.ut  ly 
coating  two  layers  of  rust-resisting  paint  and 
winded  two  layers  of  spun  gla,jS  cloth  round  *  h-:- 
bar  stock  and  coated  with,  melted  pitch  a-  th.<‘ 
same  ti.me. 

According  to  the  authors’  experience,  in  order 
to  reduce  the  displacement  of  an  anchor  slat 
wall,  the  backfill  should  be  compacted  and  the 
foundation  must  not  be  very  sjft.  The  backfill 
was  constructed  by  a  total  of  9  stages,  which  is 
approximately  in  order  of(D-®marked  in  Fig.  j. 
Each  layer  of  earth  fill  should  not  be  more  than 
30  cm  and  compacted  'c  95?!,°^  optimum  density. 

After  the  surface  of  Till  reached  to  the  top 
level  of  anchor  slab,  a  ditch  cut  was  excavated 
in  backfill  to  put  the  tie-bar  and  anchor  slab 
in  place.  Plain  concrete  was  concreted  in  front 
gap  between  the  anchor  slab  and  ditch  wall,  then 
earthfill  was  placed  in  the  back  gap  and  coiti- 
pacted  to  the  stipulate  density. 

A  temporary  wooden  support  was  used  to  hold  the 
rib-column  in  right  place,  after  filling  the 
whole  backfill,  then  concreting  the  cross  beam, 
welding  the  banisters  and  stuffing  the  tie-bar 
ends  with  cement  morter  so  as  to  protect  against 
corrosion. 

FxELD  INSTRUMENTATION 

The  instrumented  areas  were  chosen  in  the  rib- 
columns  No.  21-22  and  No.  23-29.  Both  sections 
between  the  above  columns  was  sufficiently  dis¬ 
tant  from  bridge  to  make  the  analyses  of  data 
easier . 

Totally  30  vibrating  wire  transducers  were  ins¬ 
talled  on  above  sections,  along  the  rib-column 
to  measure  total  horizontal  earth  pressure  and 
its  distribution. 

On  each  of  the  instrumented  panel  slabs,  3  tran¬ 
sducers  were  mounted  between  the  rib-column  and 
the  panel  slab,  so  as  to  form  a  state  with  three 
sustainers . 

16  bar-stock  tensiometers  were  welded  on  the  end 
of  the  tie-bar  of  four  rib-columns,  located  at 
instrumented  area,  to  measure  total  tensile 
force. 

To  monitor  the  lateral  displacement  of  the  face 
panel  of  the  wall,  on  each  of  rib-columns  top 
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and  bott;'rr.  waj  mounted  a  mark,  in  the  mefntime 
a  refer-'nce  i  itie  for  displacement  measurement 
has  teen  establisned  when  the-  rib-column  was 
s'ssj  and  the  lace  of  backfill  reached  tc 
•he  h"i^h‘  of  half  panel  slab. 

A  s  .p  'ype  s-'’‘lemen-  ga..ges  were  also  em.bedded 
•  h^‘  anchor  slab  'op  's  m-'asure  its  settle- 
m-.-r;  •  In  t  h^  backfill. 


..•■emerf  have  bee:,  made  duririg  and 
itr.c'icr.  and  will  be  m^-asured  onco 
■ach  year  in  th-  near  futt.re. 


c  r, .  A  t,  r, .  ^ 


ITEb  .Adi''  MEAS'dl-'E! 


cJ  valu-  with  the  field 
-.o  important  aim  of  the 
•ensile  force  of  tie-bar 
:'ac-  panel  field  measure- 
tatisn  section  1,  which  is 
do.  13-24,  and  its  predi- 
;  r.  Table  1  and  Eig.  4. 


Eig.  4.  The  Earth  Pressure  Distrlbu'.ion  of 
Observation  Section 


.-r-  dieted  and  .Measured  Tie-Bar  .'’orce  and  Observed  Earth  Pressure 


— 

sigr.  Fore 

(kN) 

- 

Measurement 

Tie-Bar  Force 
(kN) 

Measurement 

Earth  Pressure 
(kN) 

Backfill 
'a  eight 
Only 

Incl  'uie 

Track 

Toad 

include 

External 

Toad 

After 

Earth 

Fill 

10  monthes 
After  Laying 
Rail 

After 

Earth 

Fill 

10  monthes 
Alter  Laying 
Bail 

The  '-'pper 
Tie-Bar 

. 7 

36.5 

43.7 

10?  .6 

The  Tower 
Tle-aa r 

::c." 

1^0.3 

202.2 

29.0 

102.5 

212.5 

Co.umn 

Bottom 

1 0  •  'j 

12.  S 

19.1 

21.5* 

2.4. 

99.2 

Total 

183.2 

227.1 

309.8 

77.7 

210. 1 

It  can  be  seen  from  Table  1  that  Just  at  the 
time  after  backfill  was  completed,  both  observa¬ 
tion  tie-bar  tensile  force  of  77. '7  kN  and  earth 
pressure  of  99-2  KN  are  about  less  than  a  half 
of  the  predicted  force  of  183.2  kN.  But  10  mon- 
thes  after  laying  rail  not  only  observation  tie- 
bar  tensile  force  of  210.1  kN  is  about  the  same, 
as  the  earth  pressure  of  212.5  kN ,  but  als  both 
the  above  force  are  the  same  with  design  tie-bar 
force  of  227.1  kN,  so  it  can  be  proved  that  the 
earth  pressure  graph  which  was  shown  in  Fig.  4 
and  its  quantity  adopted  in  design  are  conform 
to  the  actual  situation  on  the  whole. 

As  compared  the  actual  measurement  tie-bar  ten¬ 
sile  force  and  earth  pressure  as  mentioned  above 
with  total  design  force,  which  Including  the 
train  external  load  of  309-8  kN,  that  the  former 


Is  two-thirds  about  the  latter.  It  can  be  borne 
out  that  the  anchor  slab,  tie-bar,  rib-column 
and  panel  slab  are  all  in  a  state  of  safety 
enough. 

The  authors  i.tve  measured  the  tie-bar  force  at 
some  other  anchor  slab  projects  during  the  train 
was  Just  parked  on  the  top  of  earthflll  of  retai¬ 
ning  wall.  As  a  result  the  tie-bar  force  had  a 
extreme  little  increment  than  the  force  without 
the  train  load.  In  addition  the  first  author,  Z. 
S.  Zhang,  had  performed  finite  element  analysis 
on  some  of  the  anchor  slab  structures  including 
the  one  mentioni  above  (Zhang,  Z.S.  1985).  The 
results  of  finite  e?ement  analysis  has  shown  the 
same  phenomenon  ment.ioned  above. 

The  values  with  mark  »  in  Table  1.  is  the  calcu- 
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val  .e^  according  * o  the  measurement  of 
press\.r'-e  a:'.;  '  t'a.  tie'-bar  force,  that  is 
:c-  -h-  actual  measurement  tie-bar  force 
ne  actual  total  t.cu  curement  earth  pressure 
t-'  t  tie  force  suupcrted  by  the  column  bot- 
t.-r-'c.  hardly  any  di*'ference  between  the 


put  a  coj umn  into  a  shai- 
n,  ■  h.e  column  bottom  could 
:'--rte  support. 


anchor  slab  embedded 
io  agreed  with  the  re- 
.a  1  t,  nn?.- 1  vs  Is  • 


da-a  of  horizontal  dis- 
lo  shown  in  Fig.  5- 


is  18.03  and  the  avu-rag"  horizontal  deviation 
a*  column  bottom  is  b.bo  mm.  Du*:.-  to  t:t-  'op  as¬ 
sembling  deviation  is  cnly  it  ram  greater  tna.n 
that  of  bottom,  therefore  the  appearance  of  the 
face  panel  of  the  wall  is  re.m.ain  the  same  smootr.. 

The  last  actual  displacement  observation  is  10 
monthes  after  laying  rail,  thich  is  shown  in  .-'ig. 
h.  The  average  dir;plac!;ment  at  top  is  0 .  S  rnm  and 
the  average  dlsplace.m.ent  at  bottom  is  b.a  mm. 

It  can  be  deemed  •hat  the  column  is  oelong  to 
a  small  parallel  move.  This  phenomenon  and  dis¬ 
placement  values  are  aulte  close  to  •he  finite 
element  analysis  result. 


The  investigations  d-’seribed  in  this  paper  have 
shown: 


t  eo  c  cic  t>  U  t  s  s  h  -0  0,0".  u  U'’.  e  ejNe 

e.  .  e  •>  a  V,  N,  V-  e  c  P  '  e  n.  tif-  e 

sf  f  ^  t  h  t  e  h  >  t  ■  -.Ut.  J) 

Ti  >.■ 

'  I  i 


•»  p'^sos  lotas  «'h;S3  o  S’  a, ->  «;  Oj  "’'t  '.  u'S.p  a  t; 


rig.  5-  The  Horizontal  Displacement  Obser¬ 
vation  Da*a  of  Face  Panel 


When  the  backfill  was  j'u.st  completed,  the  maxi¬ 
mum  horizontal  displacement  01  the  face  panel 
Is  32  mm  arised  at  the  top  of  No.  3^  column 
which  is  near  the  end  of  the  wall.  It  has  good 
reason  to  say,  that  this  displacement  was  mainly 
forming  by  the  hoisting  and  assembling  deviation 
of  the  column. 

The  average  horizontal  deviation  at  column  top 


Anchor  slab  retaining  wall  is  a  kind  if  '’.ss’-m- 
bled  retaining  structure,  i'  has  the  a  ivafiges 
of  light  weight,  lower  co.tt  ar.d  better  for  pro¬ 
tection  against  corrosion. 

In  order  tc  reduce  the  displacemef  of  an  a:.chor 
slab  wall,  besiaes  •he  backfill  sheuli  .te  cem- 
pacted  and  toe  foundation  mus*  not  be-  very  soft, 
it  has  to  be  made  th-,-  each  other  gaps  between 
r ib-co lu.mr. ,  panel  slat,  tie-bar,  .anchor  .;lat  ’ifid 
backfill  as  close  as  possible  duri.ng  the  wall 
assembled  p'frlod. 

The  dimension  of  anchor  slat  must  be  calculated 
according  to  the  allowable  carrying  capacity  of 
■anchor  slab  embedded  in  backfill,  the  actual  si¬ 
tuation  of  the  project  maxec  clear  that  the  val¬ 
ue  of  iOO-150  kN/m*  used  in  design  with  ampth 
factor  of  safety. 

As  compared  the  actual  measurement  tie-bar  force 
and  earth  pressure  were  observed  in  the  project, 
tnat  can  be  concluded  •he  column  bottom  could 
not  be  formed  as  a  strong  support. 
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Drilled  Pier  Load  Test,  Fort  Collins,  Colorado 
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SYNOPSIS:  A  full-scale  compressive  load  test  was  conducted  on  a  drilled  pier  in  the  Pierre  Shale  Formation  near  Fort 
Collins,  Colorado,  to  verify  design  parameters.  The  test  pier  was  designed  based  on  presumptive  design  criteria  for 
both  end-bearing  and  skin  friction  in  the  shale.  The  maximum  test  load  of  6.7  MN  (750  tons)  resulted  in  a  deflection  of 
approxi mately  23C  nr  (9,0  in.).  Instrumentation  within  the  pier  allowed  determination  of  the  actual  end-bearing  and 
skin  friction  values  at  various  applied  loads.  Based  on  results  of  the  test,  production  piers  were  redesigned  for  skin 
friction  only  and  shear  rings  were  added  to  enhance  shaft  resistance. 


INTRODUCTION 

Construction  of  a  new  industrial  plant  approximately  80 
km  (59  miles)  north  of  Denver,  Colorado,  USA  just  east 
of  the  City  of  Fort  Collins,  Colorado  involved 
installation  of  approximately  750  drilled  piers  bearing 
in  the  Pierre  Shale  Formation  (Fig.  1).  Piers  were 
sized  to  support  column  loads  ranging  from  approximately 
2.2  to  8.0  MN  {250  to  900  tons).  Maximum  allowable 
settlement  of  each  pier  was  approximately  13  mm  (1/2 
in.).  To  optimize  foundation  design  rather  than  rely  on 
presumptive  bearing  pressures  thought  to  be 
conservative,  the  designers  recommended  that  a  full- 
scale  instrumented  load  test  be  conducted  on  at  least 
one  drilled  pier.  Considering  the  large  number  of  piers 
involved  it  was  anticipated  that  the  load  test  would 
result  in  cost  savings. 

SUBSURFACE  CONDITIONS 

The  site  is  underlain  by  Pleistocene  Age  glacial, 
alluvial  and  aeolian  deposits,  and  the  Cretaceous  Age 
Pierre  Shale  Formation.  The  profile  is  relatively 
consistent  across  the  site.  Conditions  near  the  test 
pier  based  on  test  borings  B-9  and  8-13  are  described  as 
follows  and  shown  in  Fig.  2. 

Aeolian  Deposits 

The  first  ±3  m  (10  ft)  of  soils  encountered  are  silty 
clays  with  a  trace  of  sand  or  gravel.  The  soils  are 
visually  classified  as  medium  strength  (stiff)  and  low 
plastic.  They  were  transported  and  deposited  by  wind 
and  can  thus  be  referred  to  as  loess.  The  upper  surface 
of  these  materials  has  been  modified  and  reworked  oy 
cultivation. 

Alluvial  Deposits 

The  clay  is  underlain  by  ±6  m  (20  ft)  of  alluvial  sands 
and  gravels.  In  general  these  materials  are  fine  to 
coarse-grained  sands  with  some  fine  gravel.  Layers  of 
silty  and/or  clayey  sands  are  noted.  Blow  counts 
indicate  medium  dense  to  dense  conditions.  Standard 
Penetration  Test  (N)  values  range  from  16  to  58  in  the 
two  adjacent  borings.  Groundwater  was  encountered  at 
the  top  of  this  layer  in  both  of  the  adjacent  borings 
and  in  the  test  and  reaction  piers. 


Shale 

The  sand  and  gravel  is  underlain  by  the  Pierre  Shale  to 
the  depth  of  exploration,  28  m  (90  ft).  The  upper 
portion  of  the  shale  has  weathered  to  very  stiff  to 
hard,  olive-tan,  highly  plastic  clay  with  very  fine 
sand.  This  weathered  zone  ranges  in  thickness  from 
about  1. 5  m  (5  ft)  at  the  test  pier  location  to  about 
2.4  m  (8  ft)  at  the  nearest  adjacent  boring.  The 
transition  to  the  unweathered  shale  is  gradual.  The 
unweathered  shale  is  a  hard,  dark  gray,  thinly  bedded 
shale  with  some  thin  sandstone  layers.  Blow  counts  from 
the  Standard  Penetration  Test  range  from  about  50  blows 
for  150  im  (6-in.)  of  penetration  to  about  50  blows  for 
64  mm  (2.5  in.)  of  penetration.  Pressuremeter  and 
unconfined  compression  tests  in  other  borings  indicates 
the  average  undrained  shear  strength  of  the  unweathered 
shale  is  about  1.91  MPa  (20  tsf).  The  water  content  of 
the  unweathered  shale  averages  16  percent  with  a  dry 
density  of  2.22  Mg/m^  (139  pcf).  The  Pierre  Shale  is 
reportedly  2,440  to  3,660  m  (8,000  to  12,000  ft)  thick 
and  is  interbedded  with  sandstones. 

Groundwater 

Groundwater  was  encountered  at  or  near  the  top  of  the 
sand  layer  (el  1,525  m).  The  alluvial  deposit  is  an 
aquifer  used  by  local  farmers  for  irrigation. 

LOAD  TEST  SET  UP 

Reaction  for  the  load  test  was  provided  by  two  nominally 
762  rtm  (30-in.)  diameter  drilled  piers  each  located  3.05 
m  (10  ft)  on  center  from  the  test  pier  as  shown  in  Fig. 
2.  Reaction  piers  were  drilled  to  depths  of  20  m  (65 
ft)  forming  rock  sockets  in  the  Pierre  Shale  about  9.2  m 
(30  ft)  long.  A  2.1-m  (6.5-ft)  deep  reaction  beam 
centered  over  the  test  pier  spanned  between  the  reaction 
piers. 

The  reference  beams  consisted  of  two  W8x35  beams,  one  on 
each  side  of  the  test  pier  cap  oriented  normal  to  the 
alignment  of  the  test  and  reaction  piers.  The  reference 
beams  were  supported  on  two  457  m  (18-In.)  diameter  by 
3.05  m  (10  ft)  deep  drilled  piers  located  3.05  m  (10  ft) 
on  center  from  the  test  pier. 
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Fig.  1  Vicinity  Map  and  Site  Plan 
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LOAD  TEST  CONSTRUCTION 


DRILLED  PIER  DESIGN 

Drilled  piers  were  designed  on  empirical  rules  based 
largely  on  Standard  Penetration  Test  results.  From 
previous  experience  with  shale  in  the  Denver  area, 
empirical  values  for  the  allowable  end-bearing  and  skin 
friction  are  calculated  as  follows  (units  are  in  tons 
per  square  foot): 

qa  =  Allowable  end-bearing  pressure  =  iL  (tsf)  (1) 

4 

qa  should  not  exceed  30  tsf  (2.9  MPa) 

fs  =  Allowable  skin  friction  =31  (tsf)  (2) 

10 

Jubenville,  et  al  indicates  the  same  equations,  although 
no  limiting  values  were  given. 

The  Standard  Penetration  resistance  fn  the  unweathered 
shale  was  generally  in  the  range  of  50  blows  for  75  to 
100  millimeters  of  penetration  (3  to  4  in.)  or  an 
equivalent  N-value  of  150  to  200.  Considering  this, 
design  values  of  qa  and  fs  were  2.9  MPa  and  0.29  MPa 
(30  tsf  and  3  tsf),  respectively. 


Construction  of  the  load  test  consisted  of  three  primary 
components:  1)  construction  of  the  test  pier  and  two 
reaction  piers  with  pier  cap,  2)  placement  of  the 
reaction  beam,  and  3)  fabrication  of  the  deflection 
reference  system. 

Installation  of  the  drilled  piers  began  on  October  11 
and  was  completed  on  October  13,  1983.  Piers  were 
installed  by  personnel  and  equipment  of  the  Meredith 
Drilling  Company.  The  contractor  used  a  Williams  LDH 
pier  drilling  rig  to  advance  the  shafts.  Conventional 
flight  augers,  fitted  with  50  imi  (2-in.)  wide  high- 
strength  steel  teeth  were  used  to  excavate  both  the  soil 
overburden  and  the  shale  bedrock.  A  457-mm  (18-in.) 
diameter  auger  was  used  to  excavate  the  test  pier,  and  a 
813-mm  (32-1n.)  diameter  auger  was  used  to  drill  each  of 
the  reaction  piers.  To  provide  clearance  for  the 
temporary  steel  casings,  a  50  mn  (2-in.)  wide,  angled 
"side  cutter"  tooth  was  inserted  on  the  augers  to 
increase  the  actual  upper  excavated  shaft  diameters  to 
508  and  864  mm  (20  and  34  in.),  respectively. 

Temporary  steel  casings  were  used  in  each  of  the  three 
piers.  A  9.75  m  (32-ft)  long  by  508  mm  (20-in.)  (O.D.) 
by  6.35  ttm  (0.25-in.)  thick  steel  casing  was  used  for 
the  test  pier  and  a  10.2  m  (33.4-ft)  by  813  mm  (32-in.) 
(O.D.)  by  6.35  nm  (0.25-in.)  thick  steel  casing  was  used 
for  both  reaction  piers. 
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Fig.  2  Test  Pier  Subsurface  Profile 


Similar  drilling  procedures  were  used  to  construct  each 
of  the  three  piers.  The  augers  were  initially  advanced 
through  the  surficial  silty  clay  layer  (3  m  thick)  to 
the  top  of  the  sand/grav''!  f’yer  m  thick)  where 
groundwater  first  entered  the  shaft.  At  this  depth  the 
contractor  added  water  to  the  excavation  and  mixed  a 
drilling  slurry.  Varying  amounts  of  the  surficial  clay 
spoil  were  added  to  increase  the  consistency  of  the 
slurry.  Drilling  continued  through  the  sand/gravel 
layer  and  into  the  weathered  shale  (±1.5  m  thick)  by  the 
slurry  method.  At  a  penetration  of  approximately  0.6  to 
1  m  (2  to  3  ft)  into  the  weathered  shale,  the  temporary 
steel  casing  was  set  and  turned  an  additional  0.3  to  0.6 
m  (1  to  2  ft)  into  the  weathered  shale  to  form  a 
watertight  seal.  The  contractor  then  mechanically 
bailed  out  the  slurry  and  continued  drilling  with  the 
auger  in  the  dry  hole  to  the  desired  bearing 
elevation.  The  effectiveness  of  the  casing/shale  seal 
varied.  Water  flow  through  the  unweathered  shale  into 
the  excavated  shafts  was  noted  in  the  east  reaction  pier 
and  in  the  test  p^er. 

To  minimize  water  softening  of  the  base  of  the  test 
pier,  the  drilling  contractor  halted  drilling  0.6  to  1  m 
(2  to  3  ft)  above  the  desired  bearing  elevation  until 
the  instrumented  reinforcing  cage  was  set  and  concrete 
arrived  on-site.  Prior  to  the  final  setting  of  the 
reinforcing  cage,  the  electrical  Instrumentation  and 


telltale  were  attached  to  the  inside  of  the  steel 
cage.  After  the  instrumentation  was  attached  to  the 
steel  reinforcement,  the  cage  was  lifted  out  of  the 
hole,  the  remaining  0.6  to  1  m  (1  to  3  ft)  of  shale  was 
excavated,  and  the  cage  was  reinserted  into  the  hole. 
The  delay  between  final  drilling  of  the  pier  and 

placement  of  concrete  was  about  30  minutes.  Concrete 
was  then  placed  continuously  to  the  bottom  of  the  pier 
cap.  In  an  effort  to  minimize  the  potential  for 

disturbance  of  the  electrical  instrumentation,  a  full- 
length,  "Elephant  Trunk"  was  used  to  limit  free-fall  of 
the  concrete.  A  log  of  the  test  pier  is  given  in  Fig.  3. 

Concrete  Testing 

A  total  of  six  concrete  cylinders  were  cast  from  the 
test  and  reaction  piers.  Cylinders  were  cured  in  both 
the  field  and  laboratory  and  tested  for  strength  and 
modulus  at  curing  periods  of  approximately  seven  to 
eight  days,  sixteen  to  eighteen  days,  and  twenty-two  to 
twenty-four  days.  The  average  compressive  strength  and 
modulus  at  the  time  of  the  load  test  were  47.2  MPa  and 
9,930  MPa  (6,840  psi  and  1,440,000  psi),  respectively. 
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INSTRUMENTATION 

The  instrumentation  used  on  the  pier  load  test  was 
divided  into  three  primary  categories:  1)  pier 
deformation  measurement  devices,  2)  pier  butt 
displacement  measurement  devices,  and  3)  load 
measurement  devices.  The  two  types  of  pier  deformation 
measurement  devices  were  strain  gages  and  “Carlson 
Reinforced  Concrete  Meters."  Pier  displacement 
measurements  were  made  using  a  wire  gage,  telltale, 
Brunson  automatic  level  with  optical  tooling  attachment 
and  four  optical  scales,  and  three  dial  gages  to  measure 
the  vertical  displacement  of  the  test  pier  cap.  Load 
measurements  were  made  using  a  hydraulic  pressure  gage 
and  a  8.9  MN  (1,000-ton  load  cell). 

Strain  Gages  Devices 

Five  strain  gages  were  installed  in  the  test  pier;  one 
in  the  center  of  the  test  pier  cap,  one  at  the  top  of 
the  weathered  shale,  one  at  the  interface  between  the 
weathered  and  unweathered  shale,  one  1.5  m  (5  ft)  below 
the  interface,  and  2.7  m  (9  ft)  below  the  interface  (0.3 
m  above  the  bottom  of  the  pier).  The  strain  gage  device 
numbers  and  locations  are  shown  on  the  Test  Pier  Log 
(Fig.  3). 

The  strain  gage  located  1.5  m  (5  ft)  below  the  interface 
of  the  weathered  and  unweathered  shale  was  found  to  be 
defective  during  the  initial  loadings  and  the  data  are 
not  presented  herein. 

The  purpose  of  the  strain  gages  was  to  measure  axial 
deformation  of  the  piers  at  discrete  locations.  These 
measurements  were  then  used  to  evaluate  load  transfer 
with  depth.  The  strain  gages  ("Micro  Measurements"  CEA- 
06-125UT-120)  were  mounted  on  13  mm  (0.5-in.)  square 
bars  300-rm  (12-in.)  long  suspended  vertically  in  the 
center  of  the  reinforcing  cage.  The  linearity  and 
calibration  factors  for  each  of  the  gages  were 
determined  in  the  laboratory  using  a  specially  made 
loading  frame.  The  results  of  the  strain  gage  device 
calibration  program  showed  that  the  devices  were  linear 
and  within  the  tolerances  published  for  each  of  the 
gages. 

Carlson  Reinforced  Concrete  Meters 

Three  Carlson  Reinforced  Concrete  Meters  (Carlson  gages) 
were  used  to  measure  axial  deformations  in  the  test 
pier.  The  first  gage  was  placed  near  the  center  of  the 
test  pier  cap.  "^he  second  gage  was  installed  at  the  top 
of  the  weathered  shale  and  the  third  gage  was  installed 
at  the  interface  between  the  weathered  and  unweathered 
shale. 

The  locations  of  the  Carlson  gages  are  shown  in  the 
Test  Pier  Log  (Fig.  3).  The  Carlson  gages  were 
installed  at  the  same  elevations  as  strain  gages  3A,  3B, 
and  3C.  The  purpose  of  the  Carlson  gages  was  to  provide 
alternate  measurements  of  the  axial  deformations  at 
three  locations  to  verify  the  measurements  of  the  strain 
gage  devices.  A  Strain  Gage  Bridge  was  used  to  monitor 
the  output  from  the  Carlson  Gages.  The  Carlson  gages 
were  factory  calibrated  for  stress,  strain,  and 
temperature.  Factory  calibrations  checked  in  the 
laboratory  prior  to  use  on  the  project  indicated  that 
the  Carlson  gages  were  operating  properly. 

Telltale 

A  telltale  was  Installed  inside  the  reinforcing  cage  of 
the  test  pier.  The  purpose  of  the  telltale  was  to 
monitor  the  displacement  of  the  pier  tip. 


LEGEND: 

•  Denotes  location  of  Carlson  Gage 

0  Denotes  location  of  Strain  Gage  mounted  on 
13mm  X  13mm  Steel  Rod 


NOTE: 

Pier  Diameter  508mm  (20-in.)  to  depth  of 
6m  (20ft.);  457mm  (18-in.)  diameter  below 
20  ft.  Top  of  pier  of  1.2m  (4  ft.)  below  grade 

Fig.  3  Detailed  Test  Pier  Log  and  Instmmentation 


The  telltale  consisted  of  a  25  mm  (1  in.)  I.D.  steel 
pipe  which  ran  the  length  of  the  test  pier  at  its  center 
with  a  13  im  (0.5-in.)  square  bar  inside.  The  bar 
exited  the  pier  horizontally  through  a  pipe  tee  in  the 
pier  cap.  Movement  of  the  bar  was  monitored  by  a  dial 
gage  mounted  on  the  reference  frame. 

Load  Measurement  Devices  and  Jack 

Applied  load  was  monitored  by  a  calibrated  hydraulic 
pressure  gage  on  the  jack  and  a  8.9-HN  (1,000-ton) 
capacity  electric  load  cell.  Unfortunately  the  load 
cell  malfunctioned  during  the  test,  necessitating  use  of 
the  pressure  gage  to  monitor  load.  The  test  loads  were 
applied  by  a  10.7-MN  (1,200-ton)  hydraulic  jack.  An 
automatic  hydraulic  pump  was  used  to  increase,  decrease, 
and  maintain  constant  loads  throughout  the  test  using 
nitrogen  gas. 

To  iraintain  a  fairly  constant  temperature  throughout  the 
duration  of  the  test  and  to  provide  protection  for 
instrumentation  and  read-out  devices,  the  test  area  was 
enclosed  with  reinforced  polyurethane.  A  thermo¬ 
statically  controlled  propane  heater  was  used  as 
required. 


1378 


LOAD  (MNI 


0  100  200  300  400  bOO  600  700  300 


LOAD  (tons) 

»  Total  sKin  triclion  assumed  to  be  the 
difference  between  applied  load  and 

Fig.  4  Load  -  Deflection  Curves  f'P 


As  the  test  progressed,  it  was  necessary  to  modify 
TEST  PROCEDURE  certain  ASTM  procedures.  These  modifications  regarded 

the  duration  of  time  for  maintaining  constant  load  at 

The  testing  system  and  loading  procedures  followed  steps  each  increment  and  the  12-hour  holding  period  at  200 

outlined  by  the  ASTM  standard  01143-81  "Piles  Under  percent  of  design  load.  To  better  define  the  time-rate 

Static  Axial  Compressive  Load".  Loading  procedures  used  of  settlement  and  load-transfer  relationships,  certain 

during  the  test  were  in  general  agreement  with  those  load  increments  were  held  in  excess  of  the  two  hour 

outlined  in  Sections  5.1  and  5.3  of  the  ASTM  standard,  limit  defined  in  the  above  standard.  The  12-hour 

"Standard  Loading  Procedures"  and  "Loading  in  Excess  of  holding  period  for  200  percent  of  the  design  load  was 

Standard  Test  Load",  respectively.  dropped  from  the  test  procedure  as  a  result  of  the 

magnitude  of  settlement  already  experienced  and  because 
the  pier  was  later  to  be  reloaded  to  failure. 
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LOAD  (MN) 


Another  deviation  from  the  ASTM  standard  regarded  the 
percentage  of  design  load  to  be  applied  in  excess  of  the 
standard  test  load.  Load  increments  of  25  percent 
design  load  instead  of  10  percent  were  used  to  define 
the  load-settlement  curve  for  those  loads  in  excess  of 
the  standard  test  load.  This  was  done  because  of  the 
relatively  high  maximum  test  load. 

TEST  CHRONOLOGY 

The  load  test  ran  throug'i  the  weekend  of  November  4,  5, 
and  6,  1983.  The  initial  load  was  applied  at  11:13  a.m. 
on  Friday,  November  4,  and  the  test  was  completed  7:30 
p.m.  Sunday,  November  6,  1983.  The  pier  was  loaded  In 
0.45  MN  (50-ton)  increments  to  3.57  MN  (400  tons),  or 
200  percent  of  the  design  load.  Each  load  increment  was 
maintained  until  the  rate  of  axial  deflection  (herein 
called  axial  strain  rate)  was  less  than  0.25  mm  (0.01 
in.)  per  hour.  The  load  was  then  removed  in  0.89  MN 
(100-ton)  increments  to  zero  load.  A  minimum  period  of 
one  hour  was  used  for  each  of  the  increments  during  the 
unload  cycle.  The  pier  was  left  unloaded  for  one  hour 
prior  to  the  second  load  cycle. 

During  the  second  load  cycle,  the  pier  was  loaded  in 
0.89  MN  (100-ton)  increments  to  3.57  MN  (400  tons). 
Each  load  increment  was  maintained  until  the  axial 


strain  rate  was  less  than  1.27  mm  (0.05  in.)  per  hour. 
From  3.57  MN  to  6.7  MN  (400  to  750  tons),  the  loads  were 
added  in  0.45  MN  (50-i.on)  increments.  The  axial  strain 
rate  at  6.25  MN  (700  tons)  held  constant  at  2.5  mr  (0.10 
in. )  per  hour. 

The  pier  experienced  rapid  and  large  axial  displacement 
at  the  maximum  load  of  6.7  MN  (750  tons).  The  load  was 
maintained  until  the  instrumentation  could  be  read 
(about  30  minutes).  The  load  was  then  removed  in  0.89 
MN  (100-ton)  increments  to  1.34  MN  (150  tons)  with  the 
last  unload  increment  from  1.34  MN  to  zero  load.  The 
unload  increments  were  maintained  until  the  axial  strain 
rate  was  less  than  0.25  inn  (0.01  in.)  per  hour 
(typically  less  than  20  minutes). 

LOAD  TEST  RESULTS 

Results  of  load  test  are  given  in  Figs.  4  and  5  and 
information  for  selected  loads  are  summarized  in  Table 
1.  These  data  are  based  on  loads  calculated  from  the 
strain  gauges  and  top-of-pier  (butt)  deflections  from 
dial  gauge  readings.  Strain  gauges  and  Carlson  gauges 
were  used  to  estimate  load  distribution  within  the 
pier.  Values  between  corresponding  devices  agreed 
within  about  ±10  to  20  percent.  Only  the  strain  gauge 
data  are  shown  because  the  greater  number  of  strain 
gauges  provided  more  information.  Deformation 
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TABLE  1 

Summary  of  Rock 
and  End-Bearing 

Socket  Stress 
Stress  for  Several 

Loads 

Butt 

Rock  Socket 

End-Beari ng 

Load 

Di splacement 

Bond  Stress 

Stress 

MN 

mn 

MPa 

MPa 

(tons) 

(in.) 

(tsf) 

(tsf) 

Remarks 

1.79 

11.3 

0.17 

0.11 

Design  Load 

(200j 

(0.443) 

(1.8) 

(1.19) 

3.17 

59.4 

0.27 

3.62 

Twice  Design  Load 

(40U) 

(2.34) 

(2.8) 

(37.8) 

5.36 

138.2 

0.34 

9.46 

Three  Times  Design 

(600) 

(5.44) 

(3.5) 

(98.8) 

Load 

6.70 

226.1 

0.62 

10.8(2) 

Ultimate  Load 

(750) 

(8.90) 

(6.5) 

(112.4) 

Notes:  1.  The  data  for  1.79  and  3.57  MN  are  during  the  first  load  cycle. 

2.  Maximum  end-bearing  stress  occurred  at  a  total  load  of  6.25  MN 
(700  tons)  compared  to  6.7  MN  (750  tons)  for  the  maximum  rock- 
socket  bond  stress. 


measurements  from  the  dial  gages,  wire  and  scale,  and  approximately  0.62  MPa  (6.5  tsf).  This  maximum  bond 

Brunson  Level  were  all  similar.  Movement  of  the  tip  stress  corresponds  to  about  33  percent  of  the  undrained 

determined  by  the  telltale  was  suspect  and  the  telltale  shear  strength  of  the  shale, 

was  not  functional  beyond  a  movement  of  132  imi  (5.16 
in.).  DISCUSSION 

Data  indicate  that  at  the  design  load  of  1.79  MN  (200  The  load-deflection  relationship  up  to  the  design  load 

tons)  butt  deflection  was  approximately  11.2  imi  (0.44  of  1.79  MN  (200  tons)  was  within  the  criteria 

in.)  or  about  2.2  percent  of  the  butt  diameter  of  the  established  by  the  client.  However,  above  the  design 

shaft.  Load  at  that  point  was  carried  predominantly  by  load  deflections  became  much  greater.  These  larger 

skin  friction  with  negligible  contribution  from  the  pier  deflections  are  believed  to  have  been  caused  by  slippage 

tip.  Loading  to  twice  the  design  load  or  3.57  MN  (400  of  the  shaft  in  the  socket.  Air  and  water  slaking  of 

tons)  increased  butt  deflections  to  59.1  mm  (3.3  in.)  or  the  pier  shaft  during  construction  may  have  contributed 

16.5  percent  of  the  butt  diameter.  At  3.57  MN  (400  to  shaft  slippage, 

tons),  the  load  was  resisted  primarily  by  skin  friction 

although  the  end-bearing  contribution  had  begun  to  The  test  results  raised  concern  that  production  piers 

Increase  between  approximately  2.2  to  2.7  MN  (250  to  300  might  experience  large  settlements  if  constructed  with  a 

tons)  and  by  twice  design  load  was  0.60  MN  (67  tons).  smooth  socket.  To  limit  settlement,  it  was  felt  that 

The  large  deflection  (16.5  percent  of  the  butt  diameter)  the  shearing  resistance  between  the  pier  shaft  and  shale 

necessary  to  mobilize  end-bearing  suggests  slippage  must  be  increased.  A  practical  means  to  accomplish  this 

within  the  rock  socket  and  possible  compression  of  was  by  use  of  shear  rings  which  would  "key"  the  pier 

debris-  or  water-softened  shale  under  the  pier  tip.  shaft  into  the  shale.  Shear  rings  would  also  mobilize  a 

greater  percentage  of  the  shear  strength  of  the  shale  as 
After  loading  to  3.57  MN  (400  tons),  the  pier  was  shown  by  Horvath,  et  al.  Tests  by  Horvath,  et  al  (1983) 

unloaded,  then  reloaded  to  failure.  Approximately  50  mm  showed  that  skin  friction  of  40  to  60  percent  of  the 

(2  in.)  of  permanent  set  occurred  upon  unloading  from  shear  strength  of  the  rock  or  .76  MPa  (8tsf)  to  1.15  MPa 

3.57  MN  (400T).  During  reload,  the  load  deflection  (12  tsf)  in  this  case  was  reasonable  using  roughened 

relationship  increased  at  nearly  a  constant  rate  with  sockets.  Tests  on  piers  with  shear  rings  by  Glos,  et  al 

approximately  two-thirds  of  the  load  resisted  in  skin  indicated  that  up  to  90  percent  of  the  shear  strength  of 

friction  and  about  one-third  in  end-bearing.  Between  the  rock  was  mobilized.  On  the  other  hand,  it  was  felt 

6.25  and  6.7  MN  (700  and  750  tons)  strain  rate  Increased  that  there  was  little  that  could  be  done  practically  to 

indicating  failure.  Also  at  that  point,  the  end-bearing  increase  end-bearing,  especially  at  small  deflections, 

contribution  decreased  and  skin  friction  within  the  rock 

socket  increased.  The  maximum  end-bearing  load  of  Based  upon  the  results  of  this  load  test  and  the 

approximately  1.78  MN  (199  tons)  occurred  at  a  total  references  cited,  the  design  parameters  were  revised  for 

load  of  6.25  MN  (700  tons).  This  corresponds  to  a  the  production  piers.  It  was  recommended  that 

maximum  end-bearing  stress  of  approximately  10.7  MPa  production  piers  be  designed  for  skin  friction  only, 

(112  tsf).  The  maximum  skin  friction  in  the  rock  socket  based  on  an  allowable  value  of  the  0.48  MPa  (5  tsf)  and 

was  2.46  MN  (276  tons)  which  occurred  at  the  maximum  that  shear  rings  be  installed  in  each  pier.  It  was 

applied  load,  6.7  MN  (750  tons).  The  maximum  bond  recommended  that  shear  rings  be  spaced  at  approximately 

stress  within  the  rock  socket  at  that  load  was  610  mm  (24  in.)  along  the  rock  socket  and  that  each 


shear  ring  be  approximately  50  mm  (2  in.)  deep  by  100  mm 
(4  in.)  high.  A  minimum  socket  length  of  3  m  (10  ft) 
was  specified. 

In  addition,  it  was  recommended  that  piers  be  concreted 
immediately  up^n  excavation  of  the  rock  socket  to 
minimize  deterioration  of  the  shale  by  slaking. 

PRODUCTION  DRILLED  PIER  CONSTRUCTION 

Approximately  750  drilled  piers  varying  in  diameter  from 
610  mm  (24  in.)  to  1.22  m  (48  in.)  were  constructed 
between  February  21  and  '-lay  2  of  1985.  Typical 
production  using  4  rigs  was  18  piers  per  day  with  a 
maximum  production  rate  of  33  piers  per  day.  Piers  were 
installed  by  similar  techniques  as  the  test  pier,  i.e., 
slurry  drilling  and  casing  through  the  loessial  and 
granular  formations  and  drilling  the  rock  socket  in  the 
dry  using  earth  augers.  Shear  rings  were  cut  with 

simple  attachments  to  the  drill  tools  with  a  minimal 
increase  in  time  and  cost  over  drilling  a  smooth  rock 
socket. 

The  cost  of  the  drilled  pier  load  test  including 

engineering  was  approximately  $100,000.  The 

modification  in  the  design  resulting  from  the  load  test, 
however,  was  estimated  to  have  reduced  construction  cost 
by  about  $400,000. 

CONCLUSIONS 

This  study  leads  to  the  following  conclusions. 

The  Pierre  Shale  is  apparently  sensitive  to 
air  and  water  slaking  which  can  increase 

deflections  of  smooth-socketed  drilled  piers 
beyond  tolerable  values. 

Designing  based  on  empirical  rules  in  the 
Pierre  Shale  could  lead  to  piers  which 
experience  excessive  deflections. 

Shear  rings  are  recommended  on  drilled  piers  in 
the  Pierre  Shale  to  increase  bond  resistance 
and  minimize  deflections.  The  contribution  of 
end-bearing  at  small  deflections  is  negligible. 

A  well  instrumented  load  test  for  a  major 
project  may  result  in  a  safer  design  and  cost 
savings. 
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SYNOPSIS:  The  Sohio  Corporate  Headquarters  building  foundations  in  Cleveland,  Ohio  are  relatively 
unique,  involving  as  they  do  some  of  the  deepest  caissons  on  record,  combined  with  a  socket  friction 
design. 

This  paper  reports  the  performance  of  a  full-scale  load  test  and  the  results  of  instrumentation  programs 
performed  to  evaluate  the  design  and  performance  of  240-ft  (73  m)  deep  rock  socket  caissons  at  the  Sohio 
Corporate  Headquarters  bui3^<--  -"'-i-ct.  The  load  test  was  carried  out  to  2.5  times  the  theoretical 
design  capcacity  and  the  results  are  reviewed  in  terms  of  both  total  capacity  and  the  individual  design 
parameters,  such  as  socket  friction.  Details  of  the  instrumentation  program  used  to  evaluate  concrete 
strain  and  corresponding  load  transference  as  a  function  of  applied  load,  caisson  depth,  and  time  are 
also  presented.  In  addition  to  the  load  test,  the  installation  details  and  results  of  a  production 
caisson  instrumentation  program  to  permit  long-term  monitoring  of  concrete  stress  and  strain  levels  are 
rev  i  eweti  . 


INTRODUCTION 


Construction  of  the  Sohio  Corporate  Headquarters 
building  in  Cleveland,  Ohio  began  in  early 
spring  of  1983  and  was  completed  in  the  spring 
of  1985.  Due  to  the  subsurface  conditions  at 
the  site,  caisson  (drilled  pier)  type 
foundations  were  required  to  support  the 
46-story  tower  section  of  the  building.  Due  to 
the  known  gas  conditions  in  and  over  the  shale 
bedrock  (the  anticipated  bearing  stratum),  it 
was  anticipated  that  hand  clean-up  and  physical 
bottom  inspection  of  the  caissons  would  not  be 
practical  and  that  it  might  be  necessary  to 
construct  the  caissons  under  water.  For  this 
reason,  a  design  based  on  extending  sockets  into 
the  shale  sufficiently  to  carry  a  major  portion 
of  the  load  in  socket  friction  was  developed. 
The  loads  on  the  caissons  range  from  3,000  to 
14,000  kips  (13  MN  to  62,3  MN )  including  wind 
loads,  resulting  in  caissons  extending  to  a 
depth  of  up  to  250  ft  (76  m)  below  street  level 
with  shaft  diameters  of  3.5  to  7  ft  (1.1  to  2.1 
m)  at  the  socket. 

To  substantiate  the  design,  a  full  scale  caisson 
load  test  with  a  planned  test  load  at  the  socket 
of  2.5  times  the  design  load  was  performed.  To 
obtain  the  required  loads,  the  test  setup 
required  a  reaction  load  of  1250  tons  (11.1  MN). 
The  purpose  of  the  full  scale  caisson  load  test 
was  to  determine  how  the  load  would  be  carried 
by  the  caisson  and  socket,  and  to  confirm  the 
design  capacity,  both  total  capacity  and  the 
individual  design  parameters,  such  as  socket 
friction.  To  further  evaluate  the  design,  one 
of  the  major  production  caissons  was  fully 
instrumented  to  permit  long-term  monitoring  of 
stress  levels  along  the  full  depth  of  the 
caisson,  both  during  construction  and  after 
completion  of  the  building. 

In  this  paper,  a  detailed  description  of  the 
caisson  load  test  is  presented,  including  the 


physical  setup  and  instrumentation.  The  results 
obtained  are  reviewed  and  conclusions  resulting 
from  the  analysis  are  presented.  Also  included 
are  details  of  the  instrumentation  program  for  a 
production  caisson  and  an  analysis  of 
measurements  taken  as  of  this  writing.  The 
results  of  the  load  transfer  measured  in  both 
the  load  test  caisson  and  the  production  caisson 
are  then  compared. 


PROJECT  DESCRIPTION 

Subsurface  Conditions:  The  subsurface  profile 
at  the  site  is  shown  in  Figure  1.  As  the  figure 
shows,  the  subsurface  conditions  consisted  of 
silty  sand  to  a  depth  of  approximately  30  to  40 
ft  (9  to  12  ra),  lacustrine  clays  and  silts  to  a 
depth  of  about  170  ft  (52  m),  glacial  till 
overlying  silty  sand,  gravel  and  cobbles  to  a 
weathered  shale  at  a  depth  of  190  ft  (58  m), 
with  competent  shale  at  a  depth  of  220  ft  (67 
m).  The  surface  water  table  was  located  at  a 
depth  of  approximately  20  ft  (6  m)  with  a  deep 
water  table  in  and  over  the  weathered  shale  at  a 
depth  of  approximately  70  to  90  ft  (21  to  27  m). 
To  develop  sufficient  socket  friction,  the 
caissons  were  designed  to  extend  from  1  to  2 
diameters  into  the  competent  shale  layer. 

Load  Test  Setup:  The  physical  load  test 
arrangement  is  depicted  in  Figure  2.  The  plan 
for  the  load  test  consisted  of  constructing  a  3 
ft  (0.9  m)  diameter  load  test  caisson,  a 
non-production  caisson,  between  two  production 
caissons  which  serve  as  anchor  caissons.  The 
load  test  caisson  was  designed  to  transfer  all 
of  the  applied  load  directly  to  the  rock  socket 
by  isolating  the  caisson  shaft  from  the 
surrounding  earth  all  the  way  down  into  the 
shale  socket.  This  was  achieved  by  placing  a  3 
ft  diameter  casing  inside  the  normal  top, 
intermediate  and  bottom  casings  required  to 
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construct  a  normal  caisson.  The  3  ft  diameter 
inner-casing  was  braced  at  the  top  to  minimize 
lateral  movement  and  at  the  third  points  to 
protect  against  buckling. 


FIGURE  2.  CAISSON  LOAD  TEST  SET-UP 


Several  problems  occurred  during  construction 
that  had  an  influence  on  interpretation  of  the 
test  results.  A  leak  developed  beneath  the  top 
casing  which  inadvertently  resulted  in  sand  and 
silt  in  the  annular  space  between  the 
intermediate  casing  and  the  inner-casing. 
Bottom  cleaning  and  sounding,  although 
performed,  were  hindered  by  the  close  steel  cage 
and  concern  for  instrumentation  damage. 
Finally,  an  overrun  in  concrete  yardage  by  6 
yards^  (4.6  m^)  indicated  the  possibility  that  a 
tight  seal  was  not  achieved  between  the 
inner-casing  and  the  shale  socket  so  that  some 
concrete  leakage  could  have  occurred  underneath 
the  casing  into  the  annular  space  outside  the 
inner-casing.  It  is  also  possible  that  the 
socket  drilled  in  the  shale  was  larger  in 
diameter  than  assumed  because  of  wobble  in  the 
drill  auger  as  the  hole  is  drilled.  These 


possibilities  become  very  important  later  when 
analyzing  load  transfer  to  the  socket. 

INSTRUMENTATION  SETUP 

The  instrumentation  setup  is  depicted  on  Figure 
3  and  consisted  of;  two  (2)  sets  of  Carlson 
strain  gauges  placed  at  four  different  levels  in 
the  rock  socketjWire  extensometers  access  casing 
for  non-destructive  testing,  and  a  seismic  pulse 
transducer  (G-Cell).  The  Carlson  gauges  are 
referenced  as  either  D-gauges  or  A-gauges.  The 
D-gauges  are  approximately  30  inches  (760  mm)  in 
length.  As  strains  are  averaged  out  over  the 
full  length  of  the  gauge,  they  are  more 
representative  of  average  conditions.  The 
A-gauges  are  8  inches  (200  mm)  in  length  and 
while  more  sensitive,  can  be  misleading  because 
they  measure  strain  over  a  very  short  distance 
and  may  indicate  abnormalities  rather  than 
average  conditions.  The  gauges  were  wired  to 
the  cage  prior  to  placement 

RGURE  i  INSTRUMENTATION  ARRANGEkCNT 


In  order  to  be  able  to  monitor  the  tip  movement 
of  the  caisson  during  loading,  special 
tell-tales  or  wire  extensometers  were  ins  ailed 
as  shown  in  Figure  3. 

The  movement  of  the  caisson  bottom  was  monitored 
by  measuring  the  movement  of  the  wire  cable 
attached  to  a  plate  at  the  bottom  of  an  outer 
protective  pipe  weight  pulling  on  a  wire  cable. 

Unfortunately,  in  cutting  the  caisson,  the  wires 
to  the  G  cell  were  destroyed,  rendering  it 
inoperable 

LOAD  TEST  RESULTS 

The  load  test  procedure  consisted  of  loading  the 
caisson  on  the  first  load  cycle  in  increments  of 
100  tons  (890  kN)  up  to  1,000  tons  (8.90  MN)  and 
in  increments  of  50  tons  (450  kN )  above  1,000 
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tons  (8.90  MN )  to  the  planned  maximum  of  1,200 
tons  (10.7  MN)  and  then  unloading  the  caisson  in 
three  equal  increments  of  400  tons  (3.56  MN). 
The  load  vs.  deflection  was  recorded  with  time 
using  two  dial  gauges  attached  to  a  reference 
beam  with  gauges  located  on  opposite  sides  of 
the  caissons.  The  dial  gauge  readings  were 
checked  using  a  wire  scale  and  mirror 
arrangement  with  the  wire  attached  to  a  separate 
reference  from  the  dial  gauges.  The  load  was 
increased  at  one  (1)  hour  increments  or  when  the 
load  vs.  deflection  tended  to  level  off  if  it 
occurred  in  less  than  one  (1)  hour. 

On  unloading  from  the  first  load  cycle,  a  small 
seating  load  of  70  tons  was  maintained  on  the 
caisson  until  commencing  the  second  load  cycle 
the  next  day.  On  the  second  load  cycle,  the 
first  load  increment  was  to  200  tons  (1.78  MN) 
and  then  each  load  increment  thereafter  was  200 
tons  (1.78  MN)  up  to  1,200  tons  (10.8  MN ) .  With 
approval  of  the  contractor’s  engineer,  who 
designed  the  reaction  frame,  an  additional  50 
tons  (  450  kN )  was  applied  making  the  maximum 
load  on  the  second  load  cycle  1,250  tons  (11.1 
MN).  The  unloading  sequence  was  to  800  tons 
(7.12  MN),  400  tons  (3.56  MS)  and  0  ()  MN)  tons. 

LOAD  TEST  RESULTS  AND  ANALYSIS 


Load  Test:  The  load  test  results  are  summarized 
on  Figure  4  and  show  the  observed  deflection  of 
the  top  of  the  caisson  versus  load.  Also 
plotted  on  the  curve  are  two  elastic  lines  for 
the  concrete.  The  lower  elastic  line  assumes 
that  all  the  load  is  carried  from  the  top  of  the 
concrete  shaft  to  the  bottom  of  the  concrete 
with  no  load  dissipation  and  no  deflection  at 
the  tip.  The  upper  elastic  line  assumes  full 
load  carried  in  the  concrete  shaft  to  a  depth  of 
20  ft  (6.1  m)  without  dissipation  and  then 
gradual  linear  dissipation  of  the  load  to  the 
bottom  of  the  caisson.  The  modulus  of 
elasticity  to  develop  the  elastic  lines  was 
obtained  by  performing  laboratory  tests  on 
concrete  cylinders  that  were  cast  at  the  time  of 
placement  of  the  concrete  in  the  caisson. 
Allowing  for  the  confinement  effect  of  the  steel 
casing  and  reinforcement,  a  modulus  of 
elasticity  for  the  concrete  in  the  caissons  of 
3.2  million  psi  (22,000  MPa)  was  utilized. 

It  is  evident  from  the  load  deflection  plot  that 
the  points  plot  way  above  the  bottom  elastic 
line.  This  would  indicate  that  load  is  being 
taken  out  in  friction  very  quickly  well  above 
the  shale  socket  where  the  load  was  attempted  to 
be  transmitted. 


In  spite  of  the  load  apparently  carried  by 
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elastic  line  indicating  movement  of  the  tip.  On 
unload,  a  net  deflection  of  0.8  inches  (23  mm) 
was  recorded  and  the  slope  of  the  unload  curve 
is  much  flatter  than  the  lower  elastic  line 
indicating  significant  locked  in  friction.  This 
will  be  discussed  further  in  later  sections. 


Extensometer  Results:  The  caisson  bottom  or  tip 
movement  as  indicated  by  the  tell-tale  or 
extensometer  data,  is  shown  on  the  bottom  half 
of  Figure  4.  On  the  initial  loading  cycle,  it 
appeared  that  not  all  of  the  slack  was  taken  out 
of  the  wire  lines  and  that  a  certain  amount  of 
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RGURE  4  CAISSON  LOAO  TEST  RESULTS  -  LOAD 
VERSUS  SETTLEMENT  CURVE 

this  slack  gradually  was  pulled  out  as  the  test 
progressed.  Apparently,  kinks  in  the  line  that 
developed  during  the  wire  unwinding  in 
installation  wera  not  adequately  pulled  out  by 
the  weights  that  maintained  tension  in  the 
lines.  As  this  was  discovered  during  the 
progress  of  the  tests,  greater  effort  was  put 
into  pulling  the  slack  out  of  the  line  before 
taking  readings  for  the  second  load  cycle. 
Thus,  the  first  load  cycle  is  believed  to 
over-indicate  the  amount  of  tip  movement.  Since 
the  measured  top  movement  in  the  second  load 
cycle  went  almost  to  the  exact  deflection  under 
maximum  load  as  the  first  load  cycle,  there 
could  not  have  been  significant  increases  in  the 
tip  deflection  of  the  second  load  cycle.  Thus, 
the  difference  in  tip  deflection  measured  on  the 
second  load  cycle  using  the  tell-tales  was  an 
indication  of  slack  taken  out  of  the  tell-tale 
system.  It  is  even  possible  that  not  all  of  the 
slack  was  yet  taken  out  so  that  the  measured 
maximum  tip  deflection  of  0.8  inches  (20  mm) 
could  still  be  on  the  high  side.  This  compares 
with  a  calculated  tip  movement  using  elastic 
line  analysis  and  top  measured  deflection  of 
slightly  less  than  0.7  inch  (18  mm). 

Strain  Gauge  Results;  The  presumed  concrete 
modulus  of  3.2  million  psi  (22,000  MPa)  was  also 
used  to  calculate  the  stress  level  in  the 
concrete  at  the  strain  gauge  locations.  These 
results  are  shown  in  Figure  5. 

The  stress  levels  were  then  multiplied  by  the 
transformed  area  of  the  caisson  shaft  at  the 
strain  gauge  location  and  the  load  distribution 
curves  plotted  as  depicted  in  Figure  6.  The 
A-strain  gauges  and  the  D-strain  gauges  agree 
reasonably  well  for  the  top  2  strain  gauge 
locations.  The  second  gauges  from  the  bottom 
appear  to  not  be  functioning  properly  at  either 
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the  A  or  D  locations  since  negligible  changes  in 
readings  occurred  throughout  the  loading 
sequence.  At  the  bottom  gauge  locations,  the 
A-gauge  and  D-gauge  are  markedly  different  with 
the  A-gauge  indicating  an  illogical  increase  in 
loading  as  compared  to  upper  gauges.  The 
D-gauge  indicates  a  reasonable  distribution.  A 
possible  explanation  for  the  large  strain 
observed  in  the  A-gauge  could  be  contamination 
of  the  concrete  in  the  area  of  the  gauge 
resulting  in  a  much  lower  modulus  than  actually 
used  to  calculate  the  stress.  Since  the  D-gauge 
is  larger  and  averages  more  concrete,  it  is 
believed  to  be  more  representative  of  the 
conditions  and  forms  the  basis  of  our  subsequent 
analysis  on  socket  friction.  Subsequent 


non -des t rue t i ve  testing  with  a  nuclear  gamma 
logger  supported  the  possibility  of  bottom 
contaminat ion . 

Measurements  during  the  load  test  indicated  that 
sand  and  silt  had  flowed  in  all  the  way  up  to 
approximately  20  ft  (6.1  m)  from  the  top  of  the 
caisson.  In  order  to  see  if  the  observed 
deflections  could  be  theoretically  calculated, 
based  on  reasonable  soil  resistance  factors,  an 
analysis  was  performed. 

Since  the  observed  deflection  was  even  flatter 
than  the  upper  elastic  line  which  assumes 
gradually  increasing  soil  resistance,  it  is 
conduced  that  some  load  must  be  taken  by  the 
bracing  system  used  between  the  inner  casing  and 
outer  casing  to  avoid  lateral  deflections  and  to 
protect  against  buckling.  By  assuming  100  kips 
(450  kN)  load  carried  in  the  braces  (obtained  by 
straight  line  extension  of  the  initial  points 
back  to  0)  and  assuming  reasonable  soil  friction 
parameters  of  30  degrees  for  friction  angle  and 
0.45  for  earth  pressure  at  rest,  and  by  further 
assuming  that  a  maximum  friction  value  is 
reached  at  approximately  20  caisson  diameters 
(60  ft  (18.3  m)  of  soil  surface  or  80  ft  (24.4  m) 
below  the  top  of  caisson^  ("STS  Consultants,  Ltd., 
1983)  a  reasonable  check  was  made.  The 

calculated  deflection  is  shown  by  an  "X"  plotted 
on  the  load  deflection  curve  in  Figure  4.  The 
calculated  deflection  almost  plots  exactly  on 
the  curve.  This  indicates  a  maximum  load  being 
taken  in  soil  friction  and  bracing  friction  of 
1180  kips  (5270  kN)  leaving  1220  kips  (5410  kN) 
of  load  reaching  the  socket  at  the  point  of 
maximum  loading.  This  agrees  reasonably  well 
with  the  maximum  load  indicated  by  the  strain 
gauges  of  1190  kips  (5310  kN). 


Socket  Friction  Analysis:  In  order  to  confirm 
the  design  basis  for  the  caissons,  a  socket 
friction  analysis  was  made.  Calculations 
indicated  that  the  1.3  ft  (0.40  m)  of  competent 
shale  above  the  bottom  gauges  carries  an  average 
friction  of  190  psi  (1300  KPa )  or  well  above  the 
design  assumption  of  160  psi  (1100  KPa).  If 
this  same  friction  is  assumed  to  continue  for 
the  next  1  ft  (0.3  m)  of  competent  shale  socket, 
a  load  of  only  162  kips  (  720  kn)  is  left 
remaining  for  the  bottom  1  ft  (0.3  m). 
Theoretically,  this  should  all  be  carried  in  the 
bottom  1  ft  (0.3  m)  and  there  should  be  no  tip 
movement.  Since  an  observed  and  calculated  tip 
movement  on  the  order  of  0.7  inch  (18  mm)  was 
believed  to  have  occurred,  the  data  indicates  a 
soft  bottom.  One  possible  explanation  is  that 
several  inches  of  sand  leaked  into  the  bottom 
underneath  the  casing  prior  to  concrete 
placement  (as  previously  indicated).  Such  a 
possible  sand  bottom  would  be  consistent  with 
observed  data,  particularly  with  regard  to  the 
second  load  cycle  performance  and  the  reaction 
of  the  A-gauge  at  the  bottom  of  the  caisson.  In 
the  second  load  cycle,  the  compressed  bottom 
appears  to  behave  almost  elastically  and  similar 
to  concrete.  This  is  the  way  confined  sand 
would  behave  as  increasing  load  were  applied. 
If  the  A-gauge  were  partially  or  entirely 
embedded  in  sand,  the  sand  modulus  would  be  much 
lower  than  the  concrete  modulus  used  to 
calculate  the  stress  of  the  gauge.  Thus  a  much 
lower  stress  similar  to  that  obtained  from  the 
D-gauge  would  be  obtained. 
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Another  interpretation  of  the  data  could  have  a 
major  part  of  the  loaL.  on  the  socket  carried  at 
uhe  tcp  of  the  socket  because  of  the  fact  that 
the  casing  is  3  ft  (0.9  m )  in  diameter  and  the 
theoretical  socket  diameter  is  30  inches  (760 
mm).  The  gauge  reading  3  ft  (0.9  m)  below  the 
casing  appears  to  confirm  a  major  load  transfer 
occurring  in  the  top  3  ft  (0.9  m)  of  the  socket. 

CORRELATION  OF  CAISSON  LOAD  TEST  TO  PRODUCTION 
CAISSONS 

Concerning  the  data  and  analysis  from  the  load 
tesr,  the  i  nterp-etat i ons  presented  appear  to  be 
reasonable  on  the  oasis  ot  the  observed  data. 
Other  assumptions  might  vary  the  load 
distribution  calculated,  but  would  not  effect 
the  ultimate  fact  tliat  the  caisson  was 
successfully  loaded  to  2.5  times  it  theoretical 
design  capacity  and  that  at  maximum  load,  the 
total  system  was  behaving  almost  elastically 
with  not  even  the  first  signs  of  approaching 
capacity  limits.  Further,  whether  a 
d i s p r opor t i o na t e  amount  of  load  is  taken  out  at 
the  top  of  the  socket  ir  whether  it  is  averaged 
over  the  thickness  of  the  socket  is  academic  as 
far  as  the  design  the  production  caisson  is 
concerned,  since  the  pr’oduction  caissons  have 
the  s  a  “  e  j  e  n  e  r  -a  1  ;  c  .  m  e  t  r  /  with  regard  to  the 
casing  diameter  being  6  inches  (ISO  mm'  larger 
than  the  socket  diameter.  However,  to  provide  a 
clearer  picture  of  tb.  e  actual  load  transfer 
mechani.sm,  a  production  caisson  was  fully 
i nst  runented  . 

I  nst  rumentat  ion _ Program  :  For  the 

instrumentation  program,  one  of  the  large 
caissons  which  was  required  to  carry  the  largest 
loads  and  would  involve  the  most  significant 
change  in  loading  condition  under  high  wind 
loads  was  selected.  The  particular  caisson 
extended  to  a  depth  of  approximately  24S  ft 
(74.7  m)  below  street  level  with  a  7  ft  (2.1  m) 
diameter  rock  socket  extending  17  ft  (5.2  m) 
into  competent  shale. 

Figure  7  depicts  the  instrumentation  setup. 
Strain  cells  were  located  at  six  different 
levels  in  the  caisson;  namely,  near  the  top  of 
the  caisson,  near  the  top  of  the  deep  dense  till 
layer,  at  the  bottom  of  the  bottom  casing,  at 
the  top  of  the  socket  penetration  into  the 
competent  shale,  at  the  middle  of  the  socket, 
and  at  the  bottom  of  the  socket.  In  addition,  a 
load  cell  was  located  near  the  top  of  the 
caisson.  For  redundancy  and  checking  purposes, 
three  (3)  different  strain  lages  were  located  at 
each  level.  The  same  short  and  long  Carlson 
gauges  (8"  long  A-gauges  and  30"  long  D-gauges) 
used  in  the  load  test  were  selected  along  with 
Geokon  vibrating  wire  embedment  strain  gauges. 
One  of  each  type  ot  gauge  was  installed  at  each 
level.  A  Geokon  vibrating  wire  total  pressure 
cell  was  installed  at  the  cold  joint, 
approximately  20  ft  below  the  top  of  the 
caisson.  This  allowed  for  careful  hand 
placement  of  the  gauge  and  the  embedding  it  in 
non-shrinking  grout. 

Instrumentation  Results:  Figure  8  and  Figure  9 
show  the  results  to  date  (over  two  years  after 
completion)  of  the  calculated  stress  levels  in 
the  concrete  at  the  strain  gauge  locations. 
These  results  were  calculated  using  a  presumed 


FIGURE  7  SCHEMATIC  OF  INSTRUMENTATION 
FOR  PROOuenON  CAISSON 


I  -  CARLSON  "n" GAUGE 
:  -  CARLSON  A  ’  GAUGE 
’  -  GEOKON  vibrating 

Wire  gauge 
NOT  TO  scale 


figure  8.  A-GAUGES 
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FIGURE  9  0-G«UIGES 


STRESS  LEVELiPSlI 


concreLe  inodalus  of  i.i  rnilLion  psi  (  22,000 
MPa).  Consideration  for  creep  effects  and 
modulus  increase  due  to  age  were  not  included 
due  to  '•valuation  difficulties.  Creep  under  a 
sustained  load  would  result  in  an  apparent 
increase  in  strain  while  increase  in  modulus 
would  cause  an  actual  decrease  in  measured 
strain.  As  the  influences  are  somewhat 

offsetting,  the  relative  trend  of  stress 
transfer  should  not  have  been  highly  influenced. 


The  data  shown  in  the  figures  indicates 
comparable  stress  transfer  obtained  from  both 
gauges.  One  obvious  anomaly  is  the  negative 
stress  results  obtained  from  the  bottom  socket 
gauges.  The  data  shown  was  calculated  from  a 
presumed  0  strass  level  prior  to  load 
application.  However,  internal  stresses  can  be 
built  into  the  concrete  and  gauges  during 
thermal  changes  in  the  concrete.  If  a  high 
residual  stress  were  built  into  the  caisson 
during  thermal  expa.ision,  this  stress  may  not  be 
relieved  as  rapidly  as  upper  level  stresses 
since  the  socket  portion  of  the  caisson  is 
confined  by  relatively  incompressible  rock. 
This  stress  should  be  relieved  witn  time  and  it 
may  be  that  through  relaxation  the  suress  levels 
are  decreasing  faster  than  load  is  actually 
.being  applied.  For  some  as  yet  unexplained 
reason,  there  continues  to  be  an  increase  in 
negative  values.  As  it  is  apparently  under  no 
load,  the  co.ntinued  increase  in  negative  values 
at  the  base  may  be  attributed  to  minimal 
concrete  shrinkage  with  age  below  the  level  at 
which  load  is  being  carried. 


Several  gauges  are  inoperative  at  this  time 
including  most  of  the  vibrating  wire  strain 
gauges  (apparently  damaged  during  construction). 


the  D-gaugo  at  the  top  of  the  till  and  the 
D-gauge  at  the  base  of  the  caisson.  The 
A-gauge  and  the  D-gauge  at  the  top  of  the 
competent  shale  rock  socket  are  markedly 
different  with  the  A-gauge  indicating  an 
illogically  high  stress  as  compared  to  the  upper 
gauges  and  the  applied  load. 

Even  with  the  interpretation  problems  mentioned 
above,  the  data  does  show  certain  trends 
consistent  with  the  previous  load  test  data.  It 
definitely  appears  that  significant  load  is 
taken  out  of  the  caisson  above  the  socket  and 

that  no  load  is  being  transferred  to  the  base  of 
the  caisson. 

CONCLUSIONS 

The  full  scale  instrumented  test  caisson  was 
successfully  loaded  to  120  tons  (11.1  MN)  which 
was  2.5  times  the  theoretical  design  capacity, 
thus  confirming  the  design  for  the  production 
caissons.  However,  the  actual  stress  at  the 
base  of  the  caisson  was  much  less  than 
anticipated  by  design  indicating  substantial 
load  support  through  friction  in  the  till  and 
weathered  shale  layers. 

The  instrumentation  of  a  production  caisson 
correlates  well  with  the  load  test  results  in 
that  negligible  load  has  been  recorded  at  the 
base  of  the  caisson  socket  even  though  the  full 
design  building  load  has  been  in  place  for 
several  years.  Continued  monitoring  of  the 
production  caisson  will  certainly  reveal  more 
information  as  to  the  actual  Ir  g-tern  support 
mechanisms  including  uplift  forces  under  high 
wind  loading  conditions. 

The  results  of  thir  testing  may  allow  for  an 
even  greater  increase  in  the  allowable  bearing 
capacity  of  caissons  in  the  Cleveland  area  with 
confidence  that  they  will  provide  the  necessary 
load  carrying  capacity.  Hopefully,  these 
results  can  also  be  correlated  with  other  tests 
and  design  theories  on  other  projects.  Only 
tr.rough  such  hard  physical  data  can  theories  be 
\erified  or  modified. 
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S\  NOPSIS.  A  lowriso  otfi'  c  building  was  constructed  on  a  mat  foundation  over  a  thick  peat  deposit  that  had  been  preconsolidated  beneath 
surface  till.  Environmental  restrictions  prevented  use  of  deep  foundations  for  fear  that  penetration  through  an  aquaclude  would  permit 
contamination  of  a  deeper  water  table.  This  paper  describes  the  laboratory  testing  and  field  instrumentation  programs,  as  well  as  the 
special  geotechnical  and  structural  analysis  undertaken  for  the  design  and  construction  of  this  project.  Included  in  the  program  were 
long-term  consolidation  tests,  pressuremeter  tests,  use  of  heave  markers,  inclinometers  and  pore  pressure  piezometers.  A  site  history 
was  also  developed  to  define  the  extent  and  nature  of  the  surficial  fill.  To  achieve  much  of  the  anticipated  initial  settlement,  the 
basement  was  temporarily  fiooded,  thus  preloading  with  the  full  building  weight.  Water  was  removed  as  construction  proceeded  so  that 
the  full  building  weight  was  always  maintained.  Actual  settlement  was  observed  to  agree  fairly  well  with  predicted  settlements. 


INTRODUCTION 

Construction  over  organic  soils  has  hisforicallv  been  a  problem 
due  to  the  typically  low  strength  and  high  compressibility  that 
is  common  to  these  materials.  Designs  usually  cail  for 
supporting  the  total  structure,  including  floor  slabs,  on  deep 
foundations  extending  through  the  compressible  deposits. 
However,  this  often  leads  to  difficulties  with  entering 
utilities  and  any  attached  structures.  Altemativelv .  if  the 
structure  is  floated  over  the  organic  soils  in  an  effort  to  try 
to  have  everything  settle  together,  there  is  the  difficulty  of 
predicting  the  magnitude  and  rale  of  the  anticipated 
settlement, 

In  the  winter  of  1984,  STS  Consultants.  Ltd.  undertook  a 
project  in  conjunction  with  KKBNA.  Inc.  and  Lohan  Associates  to 
act  as  the  geotechnical  consultant  for  a  proposed  office 
building  to  be  constructed  in  upstate  New  York.  The  building 
location  was  to  be  located  over  a  peal  hog  buried  beneath  old 
surface  fill.  The  design  height  was  to  be  four  'tcrii  •vith  a 
basement,  covering  approximately  .f2.-‘i00  square  feet  with  column 
base  sizes  of  30  feet  by  30  feet.  The  estimated  maximum 
interior  column  loads  ranged  from  800  to  1000  kips  and  the 
exterior  maximum  column  loads  ranged  from  550  to  700  kips. 

Because  of  pollutants  in  the  surface  fill  and  the  fear  of 
groundwater  contamination  if  deep  foundations  were  used  which 
would  puncture  the  clay  aquaclude  underlying  the  organic 
deposit,  only  shallow  foundation  solutions  could  be  considered. 


SITE  HISTORY 

A  history  of  the  project  area  was  developed  indicating  that  the 
site  was.  at  one  time,  occupied  by  a  chrome  tannery  plant  with 
operations  dating  back  to  the  early  1900  s,  According  to  early 
drawings  of  the  site,  it  appteared  that  the  majority  of  the  area 
was  occupied  by  hide  houses,  tannery  buildings,  small  storage 
sheds  and  above  grade  storage  tanks.  The  hide  houses  were 
construclet'  in  1910  and  many  of  the  storage  buildings  were 


constructed  in  the  I930's.  At  the  time  of  the  soil  boring 
exploration  program  for  the  current  structure,  no  buildings 
were  standing  on  the  site.  However,  there  were  remnants  of 
floor  slabs  and  foundation  walls  throughout.  It  was  discovered 
from  discussions  with  local  people  that  the  buildings  were 
supported  on  relatively  shallow  spread  fooling  foundations  and 
that  no  deep  foundatioii  systems  had  been  used  on  the  site.  It 
was  also  determined  that  the  practice  existed  at  one  time  of 
covering  the  tannery  waste  in  the  storage  pits  with  clay  fill 
to  minimize  odors. 


SUBSURFACE  CONDITIONS 

Analysis  of  the  geologic  activity  in  the  region  indicated  a 
thick  stratum  of  outwash  sand  and  gravel  deposited  by  glacial 
stream  channels  overlying  till  and  bedrock  at  a  depth  of  about 
65  feel.  Following  deposition  of  the  outwash.  it  appeared  that 
a  channel  flowing  roughly  in  a  north-south  direction  was  eroded 
in  the  outwash  by  a  tributary  of  a  nearby  river.  This  channel 
appears  to  have  been  naturally  dammed  giving  rise  to  a  quiet 
depositional  environment  in  which  clay  and  silt  were  laid  down. 
The  clay  is  discontinuous  and  appears  to  have  been  breached  by 
a  rejuvenated  stream  which  resulted  in  deposition  of  coarse 
grained  alluvial  sand  and  silt.  In  more  recent  geologic  time, 
organic  soil  accumulated  in  a  swampy  environment  associated 
with  the  channel.  Aside  from  this,  shallow  and  deep  deposits 
of  fill,  associated  with  the  old  tannery,  were  found  at  various 
locations. 

Fortunately,  although  organic  deposits  and  peal  bogs  can  vary 
widely  in  their  physical  and  chemical  properties,  depending 
upon  the  percent  of  organic  matter  and  water  content,  at  this 
site  the  organic  deposit  was  generally  fine  grained  and 
contained  significant  percentages  of  nonorganic  solids.  The 
thickness  of  the  deposit  ranged  from  0  to  25  feel  in  the 
building  location  and  typical  water  contents  were  on  the  order 
of  100  percent.  Due  to  the  age  of  the  tannery  plant,  it  was 


as'^umed  that  the  organic  tiepc'sit  harl  been  consolidating  under 
the  weight  ot  10  to  15  teet  <i|  fdl  that  had  heen  in  place  for 
appro\itnatel\  80  sears  I'heretore.  the  scope  of  this  studv  was 
limited  to  the  less  compressihle  end  of  the  organic  deposit 
range  and  also  to  a  deposit  that  had  heen  suhjeci  to 
signiticani  preconsolidation.  ,A  ispical  soil  protile  through 
the  huilding  site  is  shown  on  Figure  I  and  the  range  of 
thickness  td  peat  helow  the  toundaiion  is  shown  in  Fiuure  2. 
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Aserage  Values  for  the  Peal 


Water  Content:  92'Ti  (range  b4%-\4h% .  2h  samplesi 
Dry  Densils;  30  pcf  (range  19  pcf-89  pcf.  22  samplesi 
Uncontined  Compressise  Strength:  0.34  isf  (range  0.1  isf-I.O 
tsf.  23  samplesi 

Organic  Content:  6.2'';  (range  2.6';  I  ■!.  I .  2.3  samplesi 
Alterherg  Limits  LL:  73  (range  44-1 12.  6  samplesi 
PI;  18  (range  14-24.  5  samplesi 
Grain  Size  Distrihution 

.002mm  :  I5''r  passing  (range  lO'? -2 1 .  3  samplesi 
.005mm  :  2.3'?-  passing  (range  Ih*?  .34‘3,  3  samplesi 
#200  siese  :  80't  passing  (range  72'F-99c}-.  3  samples! 
#10  siese  :  98“';  passing  (range  94'';-IOO';.  3  samplesi 
#4  siese  :  IOO'y  passing  (range  99'';  -IOO'V.  3  samplesi 
Consolidation  Test  Results-Slandard  Method 

P,  :  0.81  tsf  (range  0.67  isf-0.93  Isf.  2  saniplesi 
C^  :  1.8  (range  0.8-3.37.  2  samplesi 
C^  ;  0.13  (range  0.1-0  2.  2  samplesi 
Pressuremeler  Test  Resiilis 

Pj  :  1.3  tsf  (range  I..3  tsf- 1.7  tsf.  .3  iesisi 
Pj  :  2.8  tsf  (range  2.3  tsf-.3.0  tsf.  .3  lesisi 
:  23  Isf  (range  21  tsf- .32  tsf.  .3  tests) 

E-I-:  .36  tsf  (range  31  tsf-43  tsf.  .3  lesis) 


Fig.  I  'Fspical  Si'il  Protile 


Fig.  2  Peal  Thickness  Below  the  Foundation 


LABORATORY  AND  FIELD  TESTING  PROGRAM 

I  he  testing  program  consisted  of  performing  water  conienl. 
density,  unconfined  comp'essise  strength,  organic  content. 
Atlerberg  Limits.  consolidation  tests  and  grain  size 
distrihution  tests  on  representative  soil  samples.  In 
addition,  in-situ  pressuremeler  tests  were  performed  to  obtain 
information  on  the  deformation  propenies  of  the  organic  soils 
in  situ  Average  values  for  the  peat  are  shown  on  Table  I. 


Since  anticipated  settlement  of  the  organic  soils  was  of 
primary  interest,  two  tv  pcs  of  consolidation  tests  were 
performed.  The  standard  consolidation  (est  using  a  load 
increment  ratio  of  one  and  a  24  hour  loading  sequence  was 
performed,  as  well  as  second  type  of  test  in  which  the 
anticipated  design  loading  condition  was  placed  direcilv  on  the 
sample  and  left  there  for  the  duration  of  the  test. 

Initial  analysis  of  the  standard  consolidation  test  data  did 
not  indicate  anything  unusual.  The  deposit  appeared  to  be 
fully  consolidated  under  the  current  overburden.  The  estimated 
preconsolidation  pressure  was  approximately  equal  to  the 
calculated  overburden  pressure,  In  addition,  the  time 
settlement  curves  showed  fairly  normal  S  or  C  type  curves. 

In  the  more  unconventional  single  load  long-temi  lest,  the 
results  showed  signs  of  A  steepening  in  the  slope  i>f  the 
secondary  compression  curve  at  about  10.000  minutes.  The 
results  of  this  test  are  shown  in  Figure  3. 


ELAPSED  TIME  IN  MINUTES 


Fig.  .3  Single  Load  Consolidation  Test 
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STRl'CTURAL  DESIGN  CONSIDERATIONS 

The  project  consisted  ol  two  L  shapeil  hnikling  facing  each 
other  to  embrace  a  well  landscaped  court,  uith  a  bridge  link  at 
each  end  ol  the  building.  Because  of  site  limitations,  one 
building  (Building  A)  was  located  on  natural,  medium  dense 
granular  soils,  while  the  other  i  Building  B)  was  resting  on  the 
deep  organic  deposit. 

Structurally,  the  lloor  was  concrete  fill  on  composite  metal 
deck  supponed  by  composite  beams  and  steel  columns.  The 
lateral  loads  were  resisted  by  the  frames.  The  ilecision  to  use 
this  system  was  based  on  a  cost  comparison  of  manv  concrete  and 
steel  lloor  framing  schemes. 

During  the  foundation  analysis,  the  deep  foundation  altematise 
was  eliminated  to  avoid  penetration  through  the  underlying 
aquaclude.  In  addition,  the  construction  schedule  could  not 
allow  for  removing  and  replacing  over  ,13.  000  cubic  cards  of 
organic  material.  Therefore,  the  mat  foundation  became  the 
apparent  solution  for  Building  B  and  conventional  spread 
footings  were  used  for  Building  A. 

Two  major  structural  problems  had  to  be  resolved: 

1.  How  to  maintain  a  stable  flcior  elevation,  especiallv  at 
bridge  links  between  the  two  buildings,  and 

2.  How  to  eliminate  or  minimize  the  stress  induced  to  the 
steel  moment  frames  above  by  the  foundation  movenent  (or 
differential  movementi, 

■A  mat  foundation  on  top  of  the  organic  soil  would  cause  large 
initial  and  continual  long  term  (over  50  years)  settlements. 
These  large  settlements  are  difficult  to  predict  with  the 
accuracy  desired  by  the  architect  and  structural  engineer.  To 
solve  these  problems,  the  following  steps  were  undertaken: 

.A.  To  maintain  a  stable  building  elevation  after 
construction; 

A  full  basement  was  proposed  under  Building  B.  even 
though  the  project  required  only  a  partial  basement  for 
mechanical  equipment.  The  basement  was  designed  to  be 
water  light  and  was  utilized  as  a  floating  foundation. 
It  was  placed  at  a  calculated  depth  to  balance  the 
weight  of  the  excavated  soil  and  the  total  weight  of  the 
proposed  building  and  its  foundation,  plus  lOO'H  of  the 
superimposed  dead  loads  and  10%  of  the  live  loads  (the 
design  live  load  was  80  psf).  The  anticipated  initial 
settlement  due  to  future  transient  live  load  was 
acceptable. 

B.  To  conliol  the  elevation  of  Building  B  during 
instruction  and  to  minimize  the  effects  of  heave  from 
excavation  of  the  organic  deposit  and  the  lime  required 
for  reconsolidation: 

Water  was  poured  into  the  basement  as  soon  as  the 
basement  slab  and  walls  were  completed.  The  amount  of 
water  was  equal  to  the  weight  of  the  superstructure  plus 
10%  of  the  live  load.  It  was  intended  to  start  the 
reconcoiiHqijon  as  early  as  possible  so  that  it  could 


reach  a  stable  condition  hy  the  lime  all  floors  were 
installed.  Immediately  after  each  floor  was  completed, 
the  same  amount  of  water  by  weight  was  pumped  out  from 
the  basement  to  avoid  any  over  consolidation. 

Because  the  organic  deposit  was  not  at  a  unilomi  depth 
beneath  the  building,  the  reconsolidation  was  not 

uniform.  In  fact,  a  maximum  of  I -.1/4"  differential 
setllemenl  was  estimated.  In  order  to  maintain  all 
floors  level,  extra  long  anchor  bolls  were  installed 

under  each  steel  column  with  double  nuts  for 

adjustments.  Adjustments  were  not  made  until  just 
before  the  moment  frames  were  connected  together. 

C.  To  avoid  or  to  minimize  initial  stress  in  the  moment 
frames  caused  by  the  differential  settlements: 

During  the  steel  erection,  all  beams  to  column 

connections  were  partially  tightened  initially.  Surveys 
were  made  monthly  to  determine  the  rale  of  increase  in 
foundation  setllemenl.  Final  column  height  adjustments 
and  lightening  of  all  loose  bolts  were  made  after  the 
settlements  were  considered  to  be  relatively  stable. 


SETTLEMENT  ANALYSIS  AND  PREDICTION 

Since  the  design  concept  was  based  on  setting  grades  such  that 
the  weight  of  the  excavated  soil  was  equal  to  or  greater  than 
the  total  weight  of  the  proposed  building  including  the  weight 
of  the  planned  mat  foundation,  it  was  planned  that  settlements 
would  be  limited  to  reconsolidalion  of  any  rebound  occurring 
during  excavation  for  the  mat  foundation  plus  continuing 
long-term  secondary  compression.  Using  both  the  consolidation 
test  data  and  the  pressuremeier  test  data,  calculations  were 
made  for  the  predicted  rebound  and  resettlement  under  building 
load.  These  calculations  indicated  rebound  and  resettlement 
of  Just  over  4  inches. 

Based  upon  past  experience  of  rebound  being  less  than 
predicted,  a  heave  and  resettlement  of  1  inches  was  predicted 
where  the  organic  deposit  was  greater  than  20  feet,  with  an 
additional  long-term  settlement  of  1  inches  over  the  next  30 
years  as  a  result  of  continuing  .secondary  compression. 
Initially,  this  3  inch  settlement  prediction  was  based  on 
extrapolation  of  the  straight  line  portion  of  the  secondary 
compression  line  on  the  long-term  load  test.  However,  as  the 
long-term  load  test  results  continued  to  be  obtained,  a 
disconcerting  trend  of  ever  steepening  slope  on  the  secondary 
compression  line  was  noted.  Extension  of  this  slope  would 
result  in  substanlially  increased  settlement  at  30  years. 
However,  if  it  were  assumed  that  the  real  current  starting 
pt>inl  should  be  the  80  year  line  so  that  the  true  settlement  of 
interest  would  be  the  time  frame  of  80  years  to  110  years,  the 
predicted  50  year  setllemenl  is  only  1  inches.  Thus,  the  50 
year  prediction  for  secondary  compression  was  maintained  at  a 
maximum  of  1  inches. 


CONSTRUCTION  INSTRUMENTATION  AND  PERFORMANCE 

In  order  to  monitor  building  performance,  7  heave  markers  were 
installed  prior  to  excavation.  These  consisted  of  concrete 
plugs  with  slightly  protruding  steel  bars  placed  in  large 
diameter  boreholes  to  a  level  just  below  the  planned  mat 
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excavation  level.  The  boreholes  were  backfilled  with  a  bright 
dye  to  facilitate  finding  the  heavy  markers  after  excavation. 
Despite  precautions,  some  of  the  heave  markers  were  destroyed 
during  excavation. 

Inclinometers  were  also  installed  just  outside  the  perimeter  of 
the  planned  excavation  to  monitor  any  lateral  movements. 
Unfortunately,  the  contractor  elected  to  use  much  steeper 
excavation  slopes  than  recommended  and  a  classic  slope  failure 
occurred  destroying  the  inclinometers,  indications  of  which  can 
be  seen  in  Figure  4  and  5. 

After  excavation  and  prior  to  mat  construction,  several  pore 
pressure  measuring  units  were  installed  so  that  pore  pressure 
build  up  could  be  observed  and  pore  dissipation  monitored 
during  building  construction.  Typical  results  as  compared  to 
the  \enical  movements  measured  by  the  heave  markers  are  shown 
on  Figure  6. 

Surveys  of  elevations  at  the  top  of  all  concrete  piers  were 
made  at  the  time  when  the  basement  was  completed;  at  th^  time 
the  basement  was  filled  with  water,  and  monthly  aftriward.  The 
building  elevation  reached  reasonably  stable  conditions  after 
the  third  floor  steel  and  metal  deck  were  installed.  Column 
adjustments  and  final  tightening  of  connections  were  made  at 
that  time. 
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Fig.  4  Inclinometer  Movement.  North  Side 


Fig.  5  Inclinometer  Movement.  East  Side 


Fig.  6  Typical  Heave  Marker  and  Pore  Pressure  Results 
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COMPARISON  OF  PREDICTION  AND  PERFORMANCE 


CONCLUSIONS 


The  comparison  of  prediction  and  pertotmance  up  to  ,'S  months 
following  building  completion  was  remarkahly  close  considering 
the  nature  of  organic  soil.  Representative  heave  markers 
heased  approximately  ^  inches  and  reconsolidation  under  a  full 
building  load  tactual  average  load  of  about  1200  pounds  per 
square  foot)  was  also  in  the  2  to  inch  range  where  the 
organic  deposit  was  thickest 

There  were  two  exceptions  to  this  general  perfonnance.  The 
First  occurred  at  the  northeast  corner  of  the  building  where  a 
major  slide  had  taken  place  during  exeaxation.  At  this  comer 
there  was  a  sharp  increase  in  settlement  during  the  water 
loading  stage  to  a  point  where  it  appeared  that  active  bearing 
capacity  failure  was  occurring.  In  order  to  decrease  the  load 
at  that  comer,  it  was  necessary  to  excavate  a  portion  of  the 
backfill  placed  against  the  basement  walls  and  replace  the 
heavy  backfill  with  light  weight  fill.  When  this  operation  was 
completed,  the  rapid  increase  in  the  rate  of  settlement  in  the 
comer  decreased  to  the  same  rate  as  the  rest  of  the  mat  over 
comparable  organic  soil  thickness.  It  appeared  that  the  slope 
failure  had  so  weakened  the  organic  soil  as  to  create  the 
obsened  rapid  settlement  phenomenon. 

The  other  anomaly  was  at  the  southeast  comer  of  the  building 
where  the  observed  settlement  was  moderately  greater  than 
predicted  but  where  there  was  not  the  excess  of  backfill 
surcharge.  However,  a  major  sump  pit  and  pump  had  been  located 
at  this  comer  and  it  is  believed  that  dewatering  occurring  at 
this  comer  may  have  created  additional  consolidation  effects. 

Predicting  how  long  primary  consolidation  should  take  was 
difficult  because  of  significant  variations  in  the  laboratory 
results.  The  time  for  100  percent  primary  consolidation  varied 
from  less  than  I  minute  to  more  than  10  minutes,  Thus, 
calculations  of  80  percent  primary  consolidation  occurred  in 
time  frames  ranging  from  weeks  to  months.  A  best  gue.ss  was 
made  during  construction  that  80  percent  pore  pressure 
dissipation  occurred  within  a  two  month  period.  Interpretation 
of  the  data  was  difficult  because  dewatering  was  going  on 
during  initial  mat  construction  and  initial  pore  pressure 
observation  readings.  At  first,  pumping  was  going  on  out  of 
two  separate  pits.  Once  the  mat  and  building  walls  were 
constmeted.  pumping  on  the  north  side  of  the  building  stopped 
but  continued  for  a  while  on  the  south  side.  Thus,  there  was  a 
tendency  for  the-  water  table  to  build  up  on  the  north  side  of 
the  building  and  the  pore  pressure  readings  rose  independent  of 
any  building  load  increase. 

During  the  months  following  construction,  estimates  of  the 
actual  secondary  compression  settlement  were  difficult  since 
100  percent  primary  consolidation  had  not  fully  occurred  and 
the  magnitud''  of  settlement  over  that  time  had  been  within  the 
up  and  down  accuracy  of  the  surveyors.  However,  it  would 
appear  that  secondary  compression  was  occurring  at  a  rate  no 
greater  than  predicted. 


From  the  data  presented  herein,  it  can  be  concluded  that  heaxe 
and  resettlement  can  reasonably,  but  conserxalixely.  be 
predicted  in  organic  soils  using  consolidation  or  pressuremeter 
theory  as  long  as  the  preconsolidation  pressure  in  the  soil  is 
not  exceeded.  Furthermore,  the  secondary  compression  in 
organic  soil  does  not  appear  to  plot  as  a  consistent  straight 
line  ''n  a  semi-log  plo’  but  raiher  as  an  initial  straiitht  line 
followed  by  a  suddenly  increasing  slope  after  2  to  4  weeks 
followed  by  a  decrease  again  after  an  extended  period  of  6 
months  to  a  year  on  a  laboratory  I  inch  sample.  Finally,  the 
importance  of  long-term  measurements  in  the  laboratory  and  in 
the  field  must  be  stressed  as  it  is  necessary  to  determine  if 
there  are  universal  relationships  that  can  be  applied  to  the 
specific  organic  soils  at  a  given  project  site. 
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SYNPOSIS:  A  rational  approach  is  presented  for  evaluating  differential  settlement  of  structures 

at  nuclear  power  plants  where  settlement  monitoring  and  the  associated  documentation  are  impor¬ 
tant.  In  nuclear  plants,  allowable  differential  settlement  is  governed  by  the  necessity  to 
prevent  architectural  and  structural  damage,  equipment  malfunction,  touching  of  adjacent  build¬ 
ings  during  an  earthquake,  and  damage  to  buried  utilities.  Measurements  of  actual  settlement  of 
the  plant  should  be  taken  on  a  regular  basis  from  start  of  construction  and  compared  with  the 
allowable  values.  A  description  is  given  of  methods  for  calculating  allowable  values  for 
differential  settlements,  and  a  comprehensive  program  for  obtaining  actual  settlement  data  at  a 
nuclear  site  is  outlined.  The  ratio  of  measured  to  allowable  differential  settlement  at  which 
remedial  action  may  be  required  is  discussed. 

A  case  history  of  differential  settlements  at  a  nuclear  plant  is  presented.  The  settlc,-nent 
patterns  exhibited  by  the  major  structures  can  be  correlated  with  foundation  conditions  at  the 
plant  site.  Measured  differential  settlements  are  small,  generally  less  than  0.25  inch,  com¬ 
pared  with  values  of  allowable  differential  settlement  which  are  mainly  greater  than  0.75  inch. 


INTRODUCTION 

Predicted  settlements  for  structures  are 
required  for  a  number  of  reasons.  Chiefly, 
the  engineer  needs  assurance  that  each 
structure  is  stable  and  can  function  properly 
within  the  predicted  settlement  range  for  its 
design  life.  Since  predicted  settlement  is  a 
function  of  the  foundation  configuration, 
depth,  loading  and  soils,  it  generally  bears 
little  relationship  to  the  allowable  settle¬ 
ment,  which  is  a  measure  of  the  settlement 
the  structure  can  tolerate  before  damage  in 
one  form  or  another  is  incurred.  For  safety- 
related  (Category  I)  structures,  allowable 
and  measured  settlement  should  be  compared  to 
ascertain  what  margin  of  safety  exists,  and 
if  remedial  action  is  required.  Since 
settlement  monitoring  of  foundations  for 
safety-rela.  d  structures  at  nuclear  plants 
is  a  requirement,  then  the  main  task  is  to  be 
able  to  compute  allowable  differential 
settlements . 

This  paper  attempts  to  set  forth  methods  and 
criteria  for  determining  allowable  differen¬ 
tial  settlements  at  nuclear  plants  and 
describes  a  program  for  the  regular  monitor¬ 
ing  of  settlement  markers  to  obtain  actual 
differential  settlment  values.  A  case  history 
is  presented. 

ALLOWABLE  DIFFERENTIAL  SETTLEMENT 

In  nuclear  power  plants,  allowable  differen¬ 
tial  settlement  is  governed  by  the  necessity 


to  prevent: 

o  Architectural  or  structural  damage 

or  equipment  malfunction 

o  Adjacent  buildings  touching  during 

an  earthquake 

o  Damage  to  utilities  between  adja¬ 
cent  buildings  and  utilities 
entering  buildings  from  the  soil 

Architectural  or  Structural  Damage 

Three  situations  resulting  from  differential 
settlement  are  considered  under  this  heading, 
namely:  damage  to  the  base  or  frame  of  the 

structure;  damage  to  the  cladding  or  paneling 
of  the  structure;  and  equipment  malfunction. 
Although  these  three  situations  are  perhaps 
the  most  obvious  consequences  of  differential 
settlement,  they  are  also  the  most  difficult 
to  define  in  quantitative  terms  since  each 
building  or  piece  of  equipment  will  respond 
in  a  different  manner  to  differential  settle¬ 
ment  . 

For  safety- related  structures  in  nuclear 
plants,  the  range  of  tolerable  settlements  is 
in  line  with  industry  standards  for  well- 
engineered  structures,  i.e,  from  0.0015  to 
0.003  radians  of  slope  settlement  profile 
(Navfac  DM-7.1,  1982);  this  range  covers 
structural  damage  and  damage  to  cladding  or 
paneling. 
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The  most  sensitive  pieces  of  equipment  in  a 
nuclear  plant  are  the  reactor  pressure  vessel 
and  the  turbines.  Construction  tolerances 
for  the  pressure  vessel  can  be  less  than  0.01 
inch  level  difference  over  the  base  of  the 
vessel.  Turbines  have  traditionally  pre¬ 
sented  foundation  problems  as  a  result  of 
vibrations  caused  by  out-of-balance  forces 
which  can  develop  during  operation.  Because 
of  the  very  conservative  standards  adopted  by 
equipment  manufacturers,  both  the  reactor 
pressure  vessel  and  the  turbines  should  be 
able  to  tolerate  more  differential  settlement 
under  operating  conditions  than  is  allowed 
during  construction.  However,  actual  values 
will  depend  on  the  equipment  used. 


Adjacent  Buildings  Touching 


The  situation  of  adjacent  buildings  touching 
during  an  earthquake  arises  where  individual 
buildings  are  separated  by  only  inches,  as 
frequently  occurs  in  the  plant  powerblock 
(usually  incorporating  the  reactor,  control, 
turbine  and  radwaste  buildings).  During  an 
earthquake,  the  gap  between  adjacent  build¬ 
ings  will  widen  and  narrow  as  a  function  of 
ground  movement.  If  the  buildings  have 
previously  settled  towards  each  other  result¬ 
ing  in  a  narrowed  gap  between  the  top  of  the 
buildings,  seismic  movement  may  cause  the 
buildings  to  make  contact.  The  calculation 
procedure  for  allowable  differential  settle¬ 
ment  under  these  conditions  is  demonstrated 
on  Figure  1.  Settlement  values  are  calcu¬ 
lated  from  the  angle  of  rotation  required  to 
close  one-half  of  the  remaining  gap  after 
deducting  the  seismic  movements  of  the  two 
buildings  from  the  original  gap.  For  each 
building,  allowable  slopes  along  both  axes 
need  to  be  considered. 


VHEREl  «  ■  ALLOVABLE  SLOK  OF  THE  BUILOINC 

0  ■  U.L0KABI.E  HORIZONTJU.  COFTONEHT  OF 
TILT  TOVAflDS  AN  ADJACENT  BUILDING 

n  -  height  OF  BUILDING 


S|  -  SEISMIC  DEFLECTION  OF  BUILDING  AT  TOP 

S2  -  SEISMIC  deflection  OF  ADJACENT 
BUILDING  AT  SAIC  ELEVATION 

Fig.  1  Determination  of  AllowsUale  Differential 
Settlement  for  the  Case  of  Adjacent 
Buildings 


Allowable  settlement  values  calculated  by  the 
above  method  represent  the  worst  case.  In 
order  to  touch  during  an  earthquake,  differ¬ 
ential  settlement  must  be  such  that  the 
buildings  represented  in  Figure  1  lean 
towards  each  other,  and  both  must  reach  or 
exceed  the  allowable  tilt  simultaneously. 
Thus,  the  fact  that  a  building  has  reached 
the  maximum  allowable  tilt  value  is  only  one 
necessary  condition  for  touching  to  occur 
during  an  earthquake. 

Utilities  Damage 

Buried  piping  can  range  from  8  to  15  percent 
of  the  total  piping  within  a  nuclear  plant 
and  can  account  for  as  much  as  100,000  linear 
feet  in  the  bigger  units.  The  piping  ranges 
from  large-diameter  lengths  such  as  cooling 
water  from  the  intake  structure  or  steam  to 
the  turbines,  to  small  diameter  service 
piping.  Since  the  piping  system  is  basically 
the  sole  method  of  transporting  vital  mate¬ 
rials  within  the  plant,  it  is  essential  to 
ensure  that  overstressing  and  possible  pipe 
fracturing  does  not  occur  under  any  circum¬ 
stances.  One  potential  cause  of  overstress¬ 
ing  of  the  piping  as  it  enters  a  structure 
(referred  to  as  a  "penetration”)  is  movement 
of  the  structure  relative  to  the  penetration. 
This  can  take  the  form  of  differential 
settlement  between  structure  and  soil  in 
cases  of  isolated  structures,  or  differential 
settlement  between  adjacent  structures.  The 
amount  of  differential  settlement  each 
penetration  can  withstand  before  the  pipe 
becomes  overstressed  is  calculated  from  the 
allowable  pipe  stress  criterion  (ASME,  1977): 

S  3.0 

2 


where 


1 
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=  Stress  intensification  factor 
=  Pipe  section  modulus 
=  Moment  due  to  building  settle¬ 
ment 

=  Allowable  stress  in  cold  condi¬ 
tion 


In  addition  to  the  pipes  themselves,  pipe 
anchors  and  pipe  supports  must  be  considered; 
the  moments  and  stresses  due  to  building 
settlement  must  not  exceed  the  anchor  and 
support  design  moments  and  stresses.  In  many 
cases,  the  allowable  moment  in  the  anchor  or 
pipe  support  will  be  the  governing  factor. 

Once  the  critical  moment  is  established  for 
the  penetration,  the  amount  of  building 
settlement  which  will  produce  this  moment  is 
computed.  The  authors'  experience  is  that 
the  bending  moment  and  corresponding  level  of 
stress  produced  by  actual  differential 
settlement  of  nuclear  plant  structures  on 
properly  designed  foundations  is  well  below 
the  critical  overstressing  level  for  most  of 
the  penetrations.  Only  in  isolated  cases 
where  the  penetration  design  is  tailored  to 
satisfy  a  particular  requirement  is  over- 
stressing  liable  to  occur.  The  most  feasible 
approach  to  calculating  allowable  building 
settlement,  therefore,  is  to  perform  for  each 
penetration  simple  hand  computations  of 
structure  movement  corresponding  to  the 
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critical  bending  moment;  these  computations 
make  simplifying  assumptions  which  produce 
conservative  results,  i.e.,  the  computations 
will  indicate  critical  bending  moments  that 
are  smaller  than  they  would  be  in  reality. 
Nevertheless,  the  settlements  calculated  by 
the  simplified  analysis  will  in  most  cases  be 
considerably  more  than  the  predicted  or 
measured  settlement. 

For  the  few  cases  where  the  allowable  settle¬ 
ments  computed  by  the  simplified  manual 
procedure  are  close  to  or  less  than  the 
predicted  or,  in  some  cases,  the  measured 
structure  settlements,  more  sophisticated 
analyses  are  used.  These  usually  take  the 
form  of  a  computer  solution,  where  factors 
such  as  anchor  rigidity,  assumed  complete  in 
the  simplified  procedure,  is  relaxed  to  a 
realistic  level  to  produce  a  less  conserva¬ 
tive  result.  If  this  sophisticated  analysis 
produces  allowable  settlements  still  less 
than  the  measured  or  predicted  settlements,  a 
design  to  include  possible  remedial  measures 
is  the  next  step.  In  most  cases,  a  simple 
modification  to  the  existing  design  will 
increase  the  allowable  settlement  to  a 
suitable  level.  Generally,  a  change  of 
position  or  detail  change  in  design  of  an 
anchor  or  support  will  suffice.  It  should  be 
noted,  however,  that  any  change  in  the  design 
of  one  part  of  a  piping  system  will  usually 
entail  re-analysis  of  the  whole  system 
affected  by  the  modified  part;  this  may 
include  reanalyzing  the  system  for  seismic 
effects  as  well  as  static  loading. 

In  summary,  the  steps  involved  in  estimating 
and  dealing  with  the  allowable  differential 
structure  settlement  with  respect  to  each 
pipe  penetration  are; 

1.  Determine  the  bending  moments  in  pipe, 
anchors  and  supports  corresponding  to 
allowable  stress. 

2.  Determine  which  part  of  the  system  is 
critical . 

3.  Compute  the  building  settlement  required 
to  cause  critical  bending  moment  using 
simplified  conservative  manual  proce¬ 
dures  . 

4.  For  penetration  where  settlement  estab¬ 
lished  by  3  is  too  small,  employ  more 
sophisticated  analyses  using  less 
conservative  parameters. 

5.  For  penetrations  where  settlement 
established  by  4  is  too  small,  consider 
design  of  remedial  measures. 

MEASUREMENT  OF  DIFFERENTIAL  SETTLEMENT 

Before  the  start  of  construction  of  a  nuclear 
plant,  the  location  of  settlement  markers 
should  be  carefully  planned  to  optimize  the 
amount  of  information  obtained  from  the 
measurement  program.  Markers  should  be  set 
at  the  four  corners  and  at  the  center  of  each 
structure.  Additional  markers  may  be  re¬ 
quired  where  spacing  between  markers  is  much 
more  than  100  feet.  This  placement  program 
will  enable  detection  of  overall  tilt  or 


localized  sag  of  the  structure;  the  center 
marker  should  also  give  an  indication  of  the 
structure  rigidity.  The  markers  should  be 
set  into  the  top  of  the  foundation  mat  as 
soon  as  feasible  after  the  mat  is  poured. 
Since  readings  will  be  taken  with  conven¬ 
tional  surveying  equipment,  it  will  be 
advantageous  to  make  the  marker  points  as 
accessible  as  possible.  Where  the  top  of  the 
foundation  mat  becomes  difficult  to  reach 
after  construction  of  additional  floors, 
e.g.,  where  the  foundations  are  placed  in 
deep  excavations,  then  it  may  be  advisable  to 
transfer  the  markers  to  an  elevation  near 
ground  level.  The  inaccuracies  involved  with 
transfer  of  the  settlement  marker,  and  the 
differences  in  settlement  measured  above  the 
building  base  compared  with  at  the  base,  will 
probably  be  less  than  the  inaccuracies 
generated  by  trying  to  survey  points  at 
inaccessible  locations.  It  is  important  that 
any  change  in  marker  location  or  elevation, 
even  if  it  involves  only  a  slight  modifica¬ 
tion  of  the  marker  itself,  be  fully  docu¬ 
mented  . 

Measurement  Across  Structures 

The  maximum  differential  settlement  across 
structures  must  be  measured  as  a  basis  of 
comparison  with  allowable  differential 
settlement  established  from  structural  or 
architectural  damage  criteria,  equipment 
malfunction,  or  adjacent  buildings  touching 
during  an  earthquake.  It  is  important  to 
ascertain  the  reference  dates  of  the  markers, 
i.e.,  the  date  after  which  differential 
settlement  will  affect  the  performance  of  the 
structure  or  equipment.  In  other  words,  the 
amount  of  differential  movement  that  has 
occurred  before,  say,  the  turbines  are 
installed,  will  not  affect  the  turbine 
operation  since  the  turbines  will  be  leveled 
during  installation.  Similarly,  any  differ¬ 
ential  movement  that  occurs  before  construc¬ 
tion  of  the  upper  floors  of  the  taller 
structures  will  be  compensated,  since  each 
wall  will  be  plumbed  during  construction.  At 
the  end  of  construction  the  gap  between  the 
buildings  will  be  as  specified,  regardless  of 
what  movement  has  already  occurred.  Thus, 
differential  settlements  of  the  markers  will 
normally  be  measured  with  reference  to  the 
date  of  equipment  installation  or  structure 
completion,  not  to  the  date  of  marker  instal¬ 
lation. 

As  discussed  previously,  a  minimum  or  limit¬ 
ing  allowable  differential  settlement, 
corresponding  to  a  governing  factor  such  as 
equipment  malfunction,  can  be  calculated  for 
each  axis  of  each  building.  An  additional 
factor,  namely  the  reference  date  for  measur¬ 
ing  this  movement  must  also  be  considered. 

For  example,  the  limiting  allowable  settle¬ 
ment  may  be  0.5  inch  between  markers  on  the 
north  and  south  ends  of  the  turbine  struc¬ 
ture,  established  to  prevent  the  turbine 
building  and  adjacent  reactor  building 
touching  during  an  earthquake.  The  differen¬ 
tial  settlement  between  north  and  south  ends 
allowed  with  respect  to  satisfactory  perfor¬ 
mance  of  the  turbine  is,  say,  0.75  inch. 
However,  if  the  turbines  were  installed  12 
months  before  completion  of  the  reactor 
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building,  then  the  reference  date  for  turbine 
operation  criterion  would  be  12  months 
earlier  than  for  the  building  touching 
factor.  It  must  now  be  established  whether 
more  or  less  than  0.25  inch  of  north-south 
differential  settlement  occurred  within  these 
12  months.  If  less  occurred,  the  0.5  inch 
allowable  to  prevent  the  buildingt  touching 
still  governs;  if  more  occurred,  the  allow¬ 
able  settlement  of  the  turbines  will  now  be 
the  governing  factor. 

Measurement  of _ P ene t r a t ion  Settlement 

The  maximum  differential  settlement  between 
structures  must  be  measured  as  a  basis  of 
comparison  with  allowable  differential 
settlements  established  for  penetrations 
between  structures.  The  penetration 
locations  will  not  necessarily  be  close  to 
the  settlement  markers.  It  should  be  suffi¬ 
cient,  however,  to  assume  that  the  movement 
of  the  penetrations  will  be  similar  to  the 
movement  of  the  nearest  marker.  Again,  it  is 
critical  to  establish  the  completion  date  of 
the  penetration.  It  is  common  to  install  the 
penetrations  during  construction  of  the 
basement  walls  prior  to  backfilling  but  to 
wait  until  nearer  plant  completion  before 
anchoring  the  penetrations.  Therefore, 
completion  of  penetrations  can  occur  over  a 
wide  time  range. 

For  movements  of  penetrations  entering 
buildings  from  the  soil  (as  opposed  to 
entering  from  an  adjacent  building)  it  is 
again  sufficient  to  assume  that  the  movement 
of  each  penetration  is  similar  to  that  of  the 
nearest  marker.  In  these  cases,  only  one 
marker  has  to  be  considered  instead  of  two 
markers  for  penetrations  between  buildings. 

As  with  other  penetrations,  it  is  essential 
to  establish  the  date  on  which  the  penetra¬ 
tions  were  completed.  For  all  of  the  pene¬ 
trations,  the  structure  settlement  in  ques¬ 
tion  does  not  have  to  be  differential  across 
the  structure  since  a  uniform  settlement  will 
produce  the  same  stresses  in  the  pipes  and 
anchors . 

In  calculating  the  allowable  differential 
settlement  between  penetration  and  soil,  it 
is  usual  to  assume  that  the  soil  adjacent  to 
the  building  is  unaffected  by  the  pipe 
settlement.  In  fact,  some  settlement  of  the 
soil  in  the  direction  of  the  pipe  settlement 
will  occur,  especially  the  soil  immediately 
adjacent  to  the  building.  If  no  soil  settle¬ 
ment  is  assumed,  a  larger  than  actual  differ¬ 
ential  settlement  between  building  and  soil 
will  be  recorded.  It  may  be  possible  to 
detect  movement  of  the  soil  surface  adjacent 
to  the  building;  however,  movements  will  be 
so  small  and  the  soil  surface  so  irregular 
that  measurement  may  be  precluded.  In  any 
case,  some  allowance  should  be  made  for  soil 
settlement  in  order  to  reduce  the  amount  of 
conservatism  to  realistic  levels. 

REMEDIAL  ACTION 

During  plant  design,  if  predicted  differen¬ 
tial  movements  exceed  allowable  values,  then 
design  modifications  are  made.  If,  during 
plant  operation,  the  ratio  of  measured  to 


allowable  differential  settlement  approaches 
unity,  then  some  form  of  remedial  action  must 
be  considered.  Considerable  judgment  is 
called  for  in  deciding  when  and  what  kind  of 
action  is  necessary.  In  this  respect,  the 
trend  of  settlement  versus  time  is  most 
important.  This  trend  will  be  a  function  of 
the  foundation  type  and  the  foundation  soil. 
For  shallow  foundations  in  mainly  granular 
soil,  most  of  the  settlement  will  occur 
during  construction;  in  clays,  consolidation 
settlement  may  occur  steadily  for  months  or 
years  after  construction  is  completed.  Thus, 
in  sands,  if  the  ratio  of  measured  to  allow¬ 
able  differential  settlement  is,  say  40 
percent  after  construction,  it  is  very 
possible  that  the  ratio  will  never  reach  much 
more  than  50  percent.  On  the  other  hand,  if 
the  ratio  in  clays  is  40  percent  immediately 
after  construction  and  reaches  60  percent  3 
months  after  construction,  serious  considera¬ 
tion  should  be  given  to  making  plans  for 
remedial  action  in  the  near  future.  In  any 
case,  under  all  conditions,  if  the  ratio  of 
measured  to  allowable  differential  settlement 
exceeds  about  75%,  an  engineering  investiga¬ 
tion  should  be  undertaken.  Similarly,  if  the 
rate  of  settlement  of  a  marker  begins  to 
consistently  increase  over  a  period  of 
several  months,  the  cause  should  be  examined. 
It  is  important,  therefore,  that  measured 
settlement  data  be  plotted  on  a  settlement 
versus  time  chart  as  it  is  accumulated,  and 
that  the  chart  be  reviewed  regularly  by  a 
geotechnical  engineer  familiar  with  the 
foundation  design  and  subsurface  conditions 
to  determine  if  any  action  is  required. 

CASE  STUDY 

To  illustrate  an  example  of  differential 
settlement  computation  and  marker  measure¬ 
ment,  the  differential  movement  history  of 
the  foundations  of  a  nuclear  power  plant  in 
the  southeastern  portion  of  the  United  States 
will  be  described  and  discussed. 

The  plant  has  two  units,  each  having  a 
capacity  of  approximately  600  MW.  The 
settlement  study  examined  the  Unit  2  reactor, 
turbine,  control  and  radwaste  buildings  in 
the  powerblock  area,  and  the  intake  struc¬ 
ture,  diesel  generator  building,  and  main 
stack  outside  the  powerblock  area.  For  this 
case  study,  only  the  powerblock  area  will  be 
considered . 

The  powerblock  area  is  shown  in  plan  view  in 
Figure  2.  All  of  the  structures  considered 
were  either  seismic  Category  I  or  related 
structures.  The  settlement  study  entailed 
computing  the  minimum  or  limiting  allowable 
differential  settlement  of  each  structure  and 
comparing  this  with  measured  values  of 
settlement. 
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of  the  reactor  buildings  for  Units  1  and  2 
were  predicted  at  about  2.5  inches.  Pre¬ 
dicted  or  estimated  differential  settlements 
were  on  the  order  of  0.75  to  1  inch. 
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Fig.  2  Plan  of  Powerblock  Area 


Foundation  Conditions 


The  site  topography  prior  to  construction  was 
gently  rolling,  with  elevations  ranging  from 
about  125  to  145  feet  MSL  with  a  finished 
plant  grade  of  129  feet  MSL.  The  plant  site 
is  part  of  the  Atlantic  Coastal  Plain  physio¬ 
graphic  province.  Relatively  unconsolidated 
materials  at  the  site  extend  approximately 
4.000  feet  to  a  basaltic  basement  rock  of 
pre-Cretaceous  age.  No  structural  features 
offset  the  material  underlying  the  site  nor 
do  any  major  or  minor  fault  zones  exist  near 
the  site. 
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Fig.  3  Typical  Subsurface  Conditions 


Allowable  and  Measured  Differential  Settle¬ 
ments 


In  the  powerblock  area,  the  predominant 
foundation  soils  are  medium  dense  to  very 
dense  clayey  fine  sands,  extending  to  about 
zero  elevation;  clay  layers  are  found  through¬ 
out  much  of  the  stratum  and  the  sand  is 
partially  cemented  between  about  Els.  120  and 
75  feet  MSL.  Hard  silty  clays  exist  below 
the  clayey  sand.  The  powerblock  structures 
are  built  on  mat  foundations,  the  deepest 
being  that  of  the  reactor  at  El.  74  feet  MSL. 

A  subsurface  profile  through  a  portion  of  the 
powerblock  structures  is  shown  in  Figure  3. 

Two  distinct  water  levels  exist  within  the 
upper  formations.  The  upper  (unconfined) 
level  is  a  "perched"  water  table  which 
roughly  parallels  the  surface  topographhy 
running  5  to  20  feet  below  the  ground  sur¬ 
face.  The  lower  (confined)  aquifer  exists 
below  about  El.  110  feet;  the  natural 
potentiometric  surface  in  this  aquifer  is 
around  El.  70  feet  in  the  powerblock  area. 

P r edicted  Settlements 


Allowable  differential  settlements  (tilt) 
across  and  between  structures  were  computed 
by  the  methods  explained  previously.  Table  1 
summarizes  the  differential  settlements 
allowed  across  each  structure  in  each  direc¬ 
tion.  Prevention  of  buildings  touching 
during  an  earthquake  governs  allowable  tilt 
in  the  powerblock  area.  Outside  the  power- 
block  area,  the  allowable  tilt  is  limited  by 
structural  and  architectural  considerations. 
Computation  of  the  amount  of  tilt  tolerable 
to  installed  equipment  was  beyond  the  scope 
of  this  paper.  Table  2  shows  the  differen¬ 
tial  settlements  allowable  for  penetrations 
between  Unit  2  reactor  and  turbine  buildings. 
Similar  calculations  were  made  for  penetra¬ 
tions  between  other  buildings  in  the  power- 
block,  and  between  buildings  and  the  soil. 

For  the  majority  of  the  penetrations,  the 
anchor  system  governs  the  amount  of  settle¬ 
ment  allowed.  A  summary  of  the  critical 
differential  settlements  between  adjacent 
powerblock  buildings  and  between  buildings 
and  soil  are  shown  on  Table  3. 


The  predicted  settlement  was  computed  using 
an  equation  based  on  elastic  theory  (Bowles, 
1968)  with  an  average  elastic  modulus  value. 
This  modulus  was  estimated  from  laboratory 
unconsolidated  undrained  (UU)  and  consoli¬ 
dated  undrained  (CU)  triaxial  shear  tests  and 
also  from  field  standard  penetration  test 
N-values.  The  foundation  soils  were  modeled 
as  one  layer  with  a  single  modulus  value, 
resting  on  a  rigid  base.  Total  settlements 


The  locations  of  the  settlement  markers  are 
shown  in  Figure  2.  In  some  cases,  the 
original  markers  were  preserved.  In  other 
instances,  the  markers  had  to  be  transferred 
to  make  them  accessible  as  construction 
proceeded.  Sometimes  the  location  of  the 
marker  was  preserved,  but  the  original  bolt 
had  to  be  replaced,  resulting  in  a  small 
change  of  levels.  The  elevations  of  the 
markers  were  normally  recorded  once  a  month. 
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but  sometimes  at  longer  intervals.  Note  that  variations  associated  with  optical  surveying, 

settlement  markers  could  not  be  placed  at  the  including  seasonal  variation  with  tempera- 

center  of  each  structure;  thus,  no  record  is  ture.  A  similar  pattern  was  noted  for  the 

available  of  possible  center  sag  and  its  other  buildings, 

relation  to  structure  rigidity. 


TABLE  I.  Summary  of  Differential  Settlements  Across  Structures 


Structure 

Reference 

Date 

Direction 
Of  Tilt 

Between 

Benchmark 

Numbers 

Differential 

Settlement 

Inches 

Allowable  Measured 

Ratio  Of 
Measured 

To  Allowable 
Percent 

Reactor 

5-76 

N-S 

1  and  2 

0.40 

0.01 

3 

Building 

N-S 

3  and  4 

0.41 

0.02 

6 

Unit  No.  2 

E-W 

1  and  3 

1.67 

0.12 

9 

E-W 

2  and  4 

1 . 61 

0.11 

7 

Radwaste 

10-75 

N-S 

5  and  6 

1.85 

0.30 

16 

Bui Iding 

N-S 

7  and  8 

1.92 

0.30 

16 

Unit  No.  2 

E-W 

5  and  7 

1.58 

0.02 

2 

E-W 

6  and  8 

0.96 

0.02 

3 

Control 

1-75 

N-S 

9  and  10 

1.00 

0.07 

7 

Building 

N-S 

11  and  12 

0.95 

0.16 

16 

E-W 

9  and  11 

3.01 

0.23 

8 

E-W 

10  and  12 

3.46 

0.14 

4 

Turbine 

5-76 

N-S 

13  and  14 

2.69 

0.22 

8 

Building 

N-S 

15  and  16 

2.46 

0.34 

14 

Unit  No.  2 

E-W 

13  and  15 

2.96 

0.22 

7 

E-W 

14  and  16 

3.37 

0.13 

3 

TABLE  II.  Summary  of  Penetration  Differential  Settlements 

Reactor  Building  Unit  2  and  Turbine  Building  Unit  2 


Reference 


Nearest 

Benchmark 


Differential 
Settlement  -  Inches 


Measured 


Allowable 


Ratio  of 
Measured 
to  Allowable 
Percent 


Penetration 

Date 

Numbers 

to  Date 

Pipe 

Anchor 

Pipe 

Anchc 

10  in.  No.  43 

5-78 

4 

and 

13 

0.08 

2.12 

1.68 

4 

5 

4  in.  No.  44 

1-78 

4 

and 

13 

0.06 

1.30 

-- 

5 

-- 

3  in.  No.  57 

11-77 

4 

and 

13 

0.08 

4.17 

-- 

2 

-- 

18  in.  No.  57 

7-77 

4 

and 

13 

0.07 

9.55 

1.59 

1 

5 

24  in.  No.  57 

9-76 

4 

and 

13 

0.19 

25.13 

10.59 

1 

2 

(El.  154.46) 

24  in.  No.  57 

9-76 

4 

and 

13 

0.19 

22.54 

9.05 

1 

2 

(El.  154.55) 

8  in.  No.  84 

2-77 

4 

and 

13 

0.10 

1.13 

1.01 

8 

10 

10  in.  No.  90 

1-78 

4 

and 

13 

0.06 

2.51 

1.77 

2 

3 

3  in.  No.  92 

12-77 

4 

and 

13 

0.04 

1.78 

1.55 

2 

2 

Figures  4  and  5  show  the  marker  settlement 
profiles  for  the  Unit  1  and  2  reactor  build¬ 
ings,  respectively,  from  the  start  of  con¬ 
struction  to  the  present.  After  about  June 
1977,  the  general  downward  settlement  trend 
ceased  with  no  measurable  movement  taking 
place.  The  slight  cyclic  movements  taking 
place  are  probably  due  to  the  inherent 


A  comparison  of  calculated  allowable  and 
actual  measured  differential  settlements  is 
also  included  in  Tables  1  through  3.  For 
tilt  of  the  buildings,  the  ratio  of  allowable 
to  measured  settlement  is  less  than  20 
percent  in  all  cases.  Since  present  trends 
(see  Figures  4  and  5)  indicate  only  a  small 
Increase,  if  any,  in  settlement  values,  there 
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TABLE  III.  Summary  of  Critical  Differential  Settlements 

Between  Adjacent  Structures  and  Structures  and  Soil 


Structure 

to 

structure 

Reference 

Date 

Nearest 

Benchmark 

Numbers 

Differential 

Settlement 

Inches 

Allowable  Measured 

Measured  to 
Allowable 
Percent 

Reactor 

2 

to 

Turbine  2 

2-77 

4 

and 

13 

1.01 

0.10 

10 

Reactor 

2 

to 

Control 

1-78 

3 

and 

10 

0.62 

0.20 

32 

Reactor 

2 

to 

Radwaste  2 

11-77 

2 

and 

5 

1.07 

0.11 

10 

2-77 

4 

and 

5 

0.88 

0.05 

6 

Reactor 

2 

to 

Reactor  1 

1-78 

1 

and 

29 

0.53 

0.05 

9 

Reactor 

2 

to 

Soil 

1-78 

1 

0.72 

0.11 

15 

1-78 

2 

0.56 

0.18 

32 
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Fig.  4  Reactor  Building  Settlement  -  Unit  1 
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Fig.  5  Reactor  Building  Settlement  -  Unit  2 


seems  to  be  no  cause  for  concern  regarding 
tilt,  either  now  or  in  the  future.  For 
penetration  differential  settlements,  the 
ratio  of  allowable  to  measured  differential 


settlement  in  the  majority  of  cases  is  less 
than  20  percent. 

Discussion 


The  case  studied  provides  reassuring  results 
concerning  the  settlement  characteristics  and 
trends  at  a  major  nuclear  plant.  The  plant 
rests  on  mat  foundations  on  dense  clayey 
sands.  Due  to  these  foundation  conditions, 
measured  differential  settlements  are  much 
less  than  the  computed  allowable  settlements 
in  almost  all  cases.  Assuming  present 
settlement  trends  continue,  there  appears  to 
be  little  chance  that  structures  or  penetra¬ 
tions  will  become  overstressed  due  to  differ¬ 
ential  settlement  within  the  lifetime  of  the 
plant.  However  the  study  revealed  a  number 
of  points  regarding  the  design  of  the  plant 
and  the  existing  settlement  monitoring 
program. 

First,  the  differential  settlement  modes 
described  in  this  paper  were  not  specifically 
taken  into  account  in  the  design  of  either 
the  structure  or  the  penetrations.  Although 
predicted  differential  settlement  values  were 
provided  by  the  geotechnical  consulting 
engineer  during  the  plant  design,  allowable 
differential  settlements  were  not  computed. 

Second,  there  was  a  lack  of  consistency  in 
the  time  of  placement  of  the  settlement 
markers  in  relation  to  construction.  For 
most  of  the  structures,  the  markers  were 
placed  in  the  foundation  mat;  in  some  cases, 
however,  markers  were  placed  several  floors 
above  the  foundation.  Comparison  of  settle¬ 
ment  of  structures  was  difficult  in  these 
cases . 

And  third,  although  marker  data  were  recorded 
and  documented  monthly,  no  backup  information 
was  provided.  A  most  useful  addition  for 
reviewing  and  analyzing  the  marker  movements 
would  have  been  a  record  of  the  construction 
phase  and  activities  at  the  time  of  measure¬ 
ment.  An  attempt  could  then  have  been  made 
to  correlate  settlements  with  events  such  as 
start  of  excavation  for  adjacent  foundations, 
end  of  construction  dewatering,  etc. 
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CONCLUSIONS  AI'D  RECOMMENDATIONS 

This  paper  has  described  procedures  for 
obtaining  values  of  allowable  differential 
settlement  at  a  nuclear  plant  and  for  measur¬ 
ing  actual  settlements  on  a  regular  basis.  A 
case  history  of  differential  settlement  at  an 
existing  nuclear  plant  has  been  presented. 

The  following  recommendations  are  made 
concerning  computation  and  measurement  of 
differential  settlement  at  nuclear  power 
plants : 

(1)  During  plant  design,  in  addition  to 
predicting  differential  settlements  of 
major  structures,  computations  should  be 
made  of  the  allowable  differential 
settlement  governed  by  architectural  and 
structural  considerations,  equipment 
design,  touching  of  buildings  during  an 
earthquake,  and  overstressing  of  pene¬ 
trations  . 

(2)  Prior  to  plant  construction,  a  detailed 
plan  should  be  developed  to  place 
settlement  markers  in  the  foundation 
mats  of  the  major  structures.  As  a 
minimum  requirement,  there  should  be 
markers  at  the  corners  and  centers  of 
each  structure. 


(3)  During  and  after  plant  construction,  the 
settlement  markers  should  be  monitored 
on  a  monthly  basis.  The  monthly  report 
should  contain  all  relevant  information 
on  construction  activities  relating  to 
the  major  structures.  The  settlement 
data  should  be  plotted  versus  time,  and 
then  reviewed  by  a  geotechnical  engineer 
who  is  familiar  with  the  foundation 
design  and  subsurface  conditions. 
Whenever  differential  settlement  at  a 
marker  consistently  accelerates  over  a 
period  of  months,  or  measured  differen¬ 
tial  settlement  reaches  75  percent  of 
the  allowable  value,  an  engineering 
investigation  should  be  performed  to 
find  the  causes  of  settlement  and  if 
remedial  action  is  necessary. 
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SYNOPSIS:  .Although  it  is  a  well-known  fact  that  buildings  can  settle,  it  is  often  not  known  how  much 
settlement  has  occurred  since  the  construction.  Three  case  studies  in  the  Netherlands  are  presented 
which  deal  with  the  following  questions:  has  the  settlement  process  stopped  or  is  it  co.itinuing  and 
if  so,  what  settlements  can  still  be  expected  in  the  future?  All  three  cases  show  large  settlements 
of  up  to  a  maximum  of  0.8  m  since  construction.  This  paper  shows  how  the  magnitude  of  the  settlement 
since  the  construction  can  be  reconstructed  by  anal.vsing  settlement  data,  covering  only  a  relatively 
short  period  of  time. 


INTRODUCTION 


SETTLEMENT  THEORY 


The  fact  that  a  building  is  settling  is  often 
only  recognizable  after  damage  to  the  walls 
becomes  visible  or  other  harmful  effects  have 
been  discovered.  Questions  then  arise  about  the 
future  c.'  the  building,  and  usually  only  then  is 
a  measuring  program  initiated.  The  amount  of 
settlement  which  has  occurred  since  construction 
is  normally  not  known.  Nonetheless  the  measuring 
program  is  required  to  lead,  as  soon  as 
possible,  to  an  answer  to  the  question;  what  is 
the  present  rate  of  settlement?  Extrapolation  oi 
this  measured  rate  usually  makes  it  possible  to 
predict  the  settlements  to  be  expected  in  the 
future. 

- _,NEAP  time  scale — i» 


—  logarithmic  timt  scale  — 

i  !  -  S  lO  20  too  Idjysl 


Fig.  1  Settlement  according  to  Keverling 
Buisman,  shown  at  linear  and 
logarithmic  time  scales 


The  settlement  of  a  building  is  related  to  the 
properties  of  the  subsoil.  In  1938  Keverling 
Buisman  presented  the  following  settlement 
formula  which  takes  into  account  secular 
effects.  Figure  1;  the  formula  is  based  on  a 
study  of  time-settlement  diagrams  of  both 
structures  and  laboratory  samples. 
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total  settlement  of  the  soil  layers 
considered,  at  time  t 
thickness  of  the  particular  soil 
1  ayer 

settlement  property  of  this  soil 
layer,  representing  the  direct 
effect 

settlement  property  of  this  soil 
layer,  representing  the  secular 
effect 
time 

load  increment  on  the  particular 
soil  layer  (the  moment  of 
application  of  the  load  is  taken  as 
time  =  1 ) 


Keverling  Buisman  states  that  the  settlement 
process  only  agrees  with  this  formula,  if  the 
excess  pore  water  pressure  in  the  respective 
soil  layers  dissipates  in  a  short  period  like  in 
a  laboratory  test.  In  reality,  because  of  the 
thickness  of  the  soil  layers,  this  will  not  be 
the  case,  and  the  increase  of  the  effective 
stress  and  therefore  the  settlement  process  will 
be  delayed.  In  practice  an  increase  in  load  on 
the  subsoil  will  also  take  place  in  a  certain 
period  of  time.  Keverling  Buisman  therefore 
introduced  the  term  "equivalent  t  tericr  loading 
time"  meaning  that  (imaginary)  point  of  time 
when,  in  the  long  term,  an  exterior  load, 
suddenly  applied,  would  lead  to  a  settlement 
process  identical  to  that  which  occurs  when  an 
exterior  load  is  applied  gradually,  for  example 
a  sand  fill. 
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Keverling  Bulsman  sees  the  gradual  increase  of 
the  (internal)  effective  stress,  due  to  the 
decrease  of  the  excess  pore-water  pressures 
during  the  hydrodynamic  period,  as  if  it  were 
the  result  of  a  comparable  external  increage  of 
the  load.  An  "equivalent  internal  loading  time" 
can  now  be  introduced  as  a  zero  value  for  the 
time  in  the  logarithmic  settlement  process  in  a 
similar  way  as  for  the  external  load.  The 
equivalent  internal  loading  time  occurs  later 
than  the  equivalent  external  loading  time.  In  an 
analysis  of  settlement  behaviour,  it  will  make 
little  difference  if  the  point  of  time  to  be 
considered  is  taken  with  regard  to  the  start  of 
loading  or  with  regard  to  the  equivalent 
internal  loading  time,  as  long  as  the  point  of 
time  to  be  considered  occurs  a  long  time  after 
the  equivalent  internal  loading  time.  The 
settlement  formula  proposed  by  Keverling  Buisman 
was  used  in  the  three  following  case  studies. 


CASE  STUDY  1:  KAMPEN 

Hanze  is  a  post-war  extension  of  the  city  of 
Kampen  built  in  the  surrounding  polder.  The  site 
was  raised  with  several  metres  of  sand  in  19*t9 
before  the  construction  of  houses.  The  majority 
of  the  buildings  are  two  and  three  storey  low- 
rise  blocks  of  flats  founded  on  continuous 
footings.  Some  blocks  have  raft  foundations. 

Many  of  the  original  30  blocks  were  built  on 
filled-in  ditches  in  the  period  1952-1957.  The 
majority  of  these  blocks  show  differential 
settlements  and  cracks  in  the  brickwork.  For 
this  reason  one  of  the  blocks  was  pulled  down  in 
1962.  The  following  soil  layers  occur; 

the  sand  fill  which  was  used  for  raising 
the  site  the  thickness  of  which  varies 
between  3  and  6  m; 

compressible  layers,  consisting  of  mainly 
peat  and  with  some  clay,  the  thickness  of 
which  varies  between  1  and  4  m 
a  pleistocene  sand  layer;  the  level  of  the 
top  of  this  layer  varies  between  1  and  7  n 
below  New  Amsterdam  Level. 

The  ground  surface  is  at  present  about  3  m  above 
New  Amsterdam  Level.  The  sand  fill  and  the  sand 
layer  show  different  pore-water  pressures.  There 
have  been  no  major  changes  in  the  groundwater 
regime  since  the  construction  of  the  houses. 


Building  deformation 

Levels  of  four  flat  blocks  have  been  taken  over 
a  long  period;  one  of  these  blocks  was  pulled 
down  in  1962.  The  measurements  of  this 
particular  block  were  started  in  1957-  In  this 
period  11  sets  of  measurements  were  made. 
Measurements  of  the  other  three  blocks  started 
in  1961  and,  in  the  period  1961-1983.  19  sets  of 
measurements  were  made.  The  measurements  show  a 
continuing  settlement  process.  The  magnitude  of 
the  settlements  in  the  period  196I-I983  varied 
between  0.05  and  0.14  m.  Soil  investigations 
have  shown  that,  by  raising  the  site  with  the 
sand  fill,  the  original  thickness  of  the 
compressible  layers  was  reduced  by  30  to  40X. 
This  means,  depending  on  the  magnitude  of  the 
original  thickness  of  the  compressible  layers,  a 
settlement  of  the  compressible  layers  of  0.5  to 
3  m.  The  largest  part  of  this  settlement  took 
place  before  the  flats  were  constructed. 


Settlement  analysis 

The  available  data  indicate  that  the  continuing 
settlement  process,  and  the  related  increase  in 
the  differential  settlements  in  each  block  of 
flats,  was  mainly  caused  by  the  continuing 
settlement  of  compressible  layers  due  to  raising 
the  level  of  the  site  before  construction.  The 
settlements  of  the  block  which  was  pulled  down 
and  the  other  three  blocks  were  checked  to  see 
if  they  varied  logarithmically  with  time.  It  was 
assumed  in  this  investigation  that  the 
hydrodynamic  period  ended  before  the  measuring 
period  and,  therefore,  that  a  secular  settlement 
process  took  place  according  to  the  formula  of 
Keverling  Buisman.  The  following  formula  was 
used  for  the  analysis: 

l(t)  =  a  -  b  log  t/t^  (2) 

where:  l(t)  =  level  of  the  reference  point  at 

time  t  (m  to  New  Amsterdam  Level) 
a  =  constant  (m  to  New  Amsterdam 
Level ) 

b  =  constant  (m) 

t^  =  unit  of  time  (1  year) 

t  =  time  of  measurement  in  years  after 

*'1 

tj^  =  equivalent  internal  loading  time 

The  equivalent  point  of  time  of  the  application 
of  the  external  load  could  be  determined  rather 
accurately  from  the  available  data,  but  the 
equivalent  internal  time  of  loading,  due  to  the 
hydrodynamic  period  of  the  compressible  layers, 
occurs  some  time  later  and  is  much  more 
difficult  to  determine.  The  relationship  between 
the  level  of  the  reference  point  and  the  time, 
that  is,  the  determination  of  the  constants  a.  b 
and  t,,  was  therefore  investigated  for  a  number 
of  different  points  of  'e  tj  .  Figure  2  gives 
the  results  of  the  regression'*  analysis  for  one 
measuring  point.  The  results  of  the  calculations 
show  a  good  to  very  good  relationship  between 
the  level  of  the  reference  point  and  the 
logarithm  of  the  time.  The  equivalent  internal 
loading  time  has  been  determined  as  1st  January 

1953  for  two  blocks  of  flats  and  as  1st  January 

1954  for  the  other  two. 


Fig.  2  Time-Settlement  behaviour  of  a 
measuring  point 


CASE  STUDY  II:  VLAARDINGEN 
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Fig.  3  Determination  of  the  absolute 
settlement  since  construction 

Because  the  four  blocks  were  built  around 
1953/195*3.  the  absolute  settlement  of  each 
measuring  point  since  construction  can  be 
derived  directly  from  the  calculated  level  of 
the  reference  points  on  1st  January  1953  or 
195*1.  Figure  3-  The  settlement  for  the  three 
remaining  blocks  of  flats,  is  about  0.4  m 
maximum.  The  constant  a  in  the  Keverling  Buisman 
formula  which  is  the  calculated  level  of  the 
reference  point  in  metres  relative  to  New 
Amsterdam  Level  on  1st  January  1953.  should  be 
the  same  for  each  block,  because  the  reference 
points  have  been  placed  in  the  same  bed  joint. 

In  fact,  however,  there  are  differences  of  up  to 
70  mm.  Figure  3-  An  accurate  prediction  of 
future  settlements  has  been  made,  based  on  the 
reconstruction  of  the  settlement  process. 
Extrapolation  of  the  present  logarithmic  with 
time  settlement  process  indicated  future 
settlements  which  vary  between  1  and  3  mm/year. 
The  analysis  shows  the  load  on  the  compressible 
subsoil  as  if  recorded  in  a  long  duration 
settlement  test  which  satisfies  the  formula  of 
Keverling  Buisman.  The  measured  settlement  of 
the  buildings  serves  as  an  accurate  indication 
of  the  settlement  process  of  the  subsoil.  Such 
long  duration  tests  are  not  practicable  in  the 
laboratory.  It  is  therefore  striking  that  an 
empirical  formula.  Introduced  about  50  years  ago 
and  mainly  based  on  short  duration  laboratory 
tests,  can  describe  the  settlement  process  of 
the  houses  in  Hanze,  which  has  been  going  on  for 
more  than  30  years,  so  accurately. 


Fig.  ll  Settlements  in  the  period  December  I98O 
to  January  1983 


The  ROMI  factory  was  originally  a  sugar  refinery 
which  was  built  on  a  site  outside  the  dikes  of 
the  New  Meuse  at  Vlaardingen.  The  level  of  the 
site  was  raised  shortly  before  construction.  The 
oldest  part  of  the  building  dates  from  I898.  One 
wing  of  the  building  was  extended  after  1900, 
the  other  after  1909:  the  factory  was  partially 
rebuilt  in  1937.  The  building  is  founded  on 
tapered  timber  piles  about  20  m  in  length  and 
with  a  diameter  at  the  top  of  280  mm.  The 
brickwork  of  the  building  is  seriously  cracked. 
The  following  soil  layers  occur: 

the  sand  fill  which  was  used  for  raising 
the  site  the  thickness  of  which  varies 
between  4  and  5  m; 

compressible  layers,  mainly  consisting  of 
clay  and  peat,  with  a  thickness  of  about 
17  m; 

a  pleistocene  sand  layer  in  which  the  piles 
have  been  founded;  the  level  of  the  top  of 
this  layer  is  about  I9  m  below  New 
Amsterdam  Level. 

The  ground  surface  is  at  present  about  3  m  above 
New  Amsterdam  Level.  The  phreatic  groundwater 
level  is  about  New  Amsterdam  Level.  The 
piezometric  level  of  the  groundwater  in  the  sand 
layer  below  the  compressible  layers  is  2  to  3  m 
below  New  Amsterdam  Level. 


Building  deformation 

Levels  of  reference  points  fixed  on  the  outside 
walls  have  been  taken  in  the  period  December 
1980  to  January  1983-  The  measured,  total, 
settlements  varied  between  1  and  11  mm  in  25 
months.  Figure  4.  During  the  rebuilding  in  1937 
the  lower  part  of  the  north-west  front  was 
replaced,  the  upper  part  being  maintained. 

Levels  were  taken  of  the  top  of  a  decorative 
"header"  course  of  bricks  laid  in  the  brickwork 
walls  constructed  in  the  period  I898-1909. 

Levels  were  also  taken  of  a  bed  joint  laid  above 
the  part  that  was  renewed  in  1937.  Figure  5-  It 
is  assumed  that  the  bed  joint  and  the  header 
course  were  horizontal  at  the  time  of 
construction,  and  that  the  extensions  of  1900 
and  1909  were  connected,  as  far  as  the  level  of 
the  brickwork  is  concerned,  to  the  existing 
building.  Measurements  will  therefore  give  a 
clear  picture  of  the  differential  settlements 
since  the  construction:  the  maximum  settlement, 
up  to  1982,  was  about  575  mm. 


Fig.  5  Differential  settlements  in  the  walls 
constructed  in  the  period  I898-I909 
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Fig.  6  Differential  settlements  of  the  wall 
rebuilt  in  1937 


Levels  were  also  taken  of  the  part  of  the 
building  renewed  in  1937.  Figure  6.  The  maximum 
differential  settlement  ia  the  period  1937"1982 
was  about  110  mm. 


Settlement  analysis 

The  measured  differential  settlements  of  the 
building  are  very  large  for  a  foundation  on 
piles.  The  settlement  behaviour  is,  in  fact, 
more  like  that  of  a  spread  foundation.  It  is 
sometimes  possible  to  relate  the  settlement  of 
piles  due  to  negative  skin  friction  to  the 
settlement  of  the  surrounding  soil  (Hannink  and 
Talsma,  1984).  The  formula  of  Keverling  Buisman 
has,  therefore,  also  been  used  to  analyse  this 
case.  First  the  rate  of  settlement  in  the  period 
1980-1983  was  determined  for  each  measuring 
point  as  accurately  as  possible.  The  assumption 
that  settlement  is  linear  with  time  is 
reasonable  here.  The  rate  of  settlement  varies 
between  1  and  5  mm/year.  Because  only 
differential  settlements  were  known,  it  was  also 
necessary  to  assume  here  that  the  lines  which 
represent  the  settlement  process,  for  each 
measuring  point,  according  to  the  formula  of 
Keverling  Buisman.  intersect  each  other  at  the 
zero  of  the  absolute  settlement,  '='igure  7.  The 
figure  shows,  for  each  measuring  point,  the  same 
ratio  between  the  absolute  settlement  since  the 
construction  and  the  present  rate  of  settlement 
Figure  8  shows,  for  each  measuring  point  on  the 
walls  constructed  in  1698-1909.  the  rate  of 
settlement  in  the  period  I98O-I983  (x-axis)  and 
the  differential  settlement  since  the 
construction  up  to  1982  (y-axis).  The  result  is 
a  rectilinear  relationship.  At  x  =  0  the  y-value 
can  be  read  from  this  relationship  which  should 
be  added  to  the  differential  settlement  for  each 
measuring  point  in  question  to  obtain  the 
absolute  settlement  since  the  construction  up  to 
1982.  The  results  show  that  this  value  amounts 
to  between  24  and  68  mm  depending  on  the  number 
of  measuring  points  accepted.  Figure  8.  The  sane 
approach  has  been  used  for  the  part  renewed  in 
1937.  The  results  show  that,  depending  on 
whether  three  or  four  measuring  points  are 
considered,  83  or  98  mm  should  be  added  to  the 
differential  settlement  to  get  the  real 
settlement  in  the  period  1937-1982.  Figure  9- 


Fig.  7  Assumption  for  the  settlement  process 


Fig.  8  Relationship  between  the  rate  of 
settlement  and  the  differential 
settlement  in  the  period  I898-I982 


Fig.  9  Relationship  between  the  rate  of 
settlement  and  tne  differential 
settlement  in  the  period  1937-1982 
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Because  of  the  assumptions  which  were  necessary, 
the  ratio  between  the  absolute  settlements  since 
the  construction  up  to  1982.  and  the  settlements 
in  the  period  1937"1982  for  the  part  of  the 
building  renewed  in  1937.  was  checked  for  each 
measuring  point  to  determine  whether  or  not  it 
was  the  same  everywhere,  Figure  10.  This  ratio 
is  indeed  everywhere  the  same  and  because  the 
line  determined  by  regression  analysis  should  go 
through  the  intersection  of  the  axeses,  leads 
even  to  more  accurate  results.  The  minimum 
settlement  of  the  building,  in  the  period  since 
the  construction  up  to  1982,  amounts,  according 
to  the  calculations,  to  68  mm,  and  the  maximum 
settlement  to  about  650  mm.  Figure  11.  In  the 
period  1937"1982  the  minimum  settlement  of  the 
renewed  wall  was  83  mm,  and  the  maximum 
settlement  about  190  mm.  Further  analysis  showed 
that  the  part  renewed  in  1937  since  1937  has 
settled  almost  linear  with  time  and  not, 
according  to  Keverling  Buisman,  logarithmically 
with  time.  Tracing  the  cause  of  this  discrepancy 
was  beyond  the  scope  of  the  investigations. 
Possible  causes  are  a  change  of  load  on  the 
foundation  piles  in  1937,  effects  of  drainage  of 
the  pleistocene  sand  layer  and  creep  of  the 
timber  piles.  However,  the  same  ratios  presented 
in  Figure  7  also  apply  when  the  settlement 
process  is  linear  with  time,  and  the  results  of 
the  calculations  will  therefore  not  change.  A 
continuation  of  the  settlement  process,  measured 
in  the  period  1980-1983,  can,  for  the  larger 
part  of  the  building,  be  expected  in  the  near 
future  with  a  rather  large  amount  of  certainty. 
Settlements  which  vary  between  1  and 
5  mm/year  must  be  reckoned  with. 


Fig.  11  Calculated  absolute  settlements  up  to 
1982 
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Fig.  12  Settlement  of  the  front  side  since 
construe  t ion 
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Fig.  10  The  absolute  settlement  in  the  periods 
1898-1982  and  1937-1982  for  the  part  of 
the  building  renewed  in  1937 


CASE  STUDY  III:  DELFT 

The  flat  block  in  the  De  Colignystraat  was  built 
in  1946/1947  and  is  founded  on  raft  foundations. 
The  flat  block  is  a  three,  locally  four  storey 
building  and  contains  58  flats.  The  flat  block 
is  divided  into  two  by  a  gate,  and  has  a 
basement  floor  which  is  partly  below  ground 
level.  Figure  12.  The  basement  floor  does  not 
continue  under  the  gate.  The  ground  level  was 
raised  by  0.7  to  1.0  m  of  sand  at  both  sides  of 
the  building  during  the  construction.  The 
building  brickwork  is  seriously  cracked  near  the 
gate.  The  following  soil  layers  occur  below  the 
building: 

-  compressible  layers  down  to  about  10  m 

below  New  Amsterdam  Level,  consisting  of 
clay,  sandy  clay  and  peat;  a  sand  layer  was 
encountered,  however,  between  about  3  and  6 
m  below  New  Amsterdam  Level  at  the  southern 
part  of  the  building; 

sandy  clay  and  clayey  sand  between  10  and 
14  m  below  New  Amsterdam  Level; 
compressible  layers  between  14  and  17  m 
below  New  Amsterdam  Level; 

a  pleistocene  sand  layer  below  17  m  below 
New  Amsterdam  Level. 

The  groundlevel  at  present  is  about  2  m  below 
New  Amsterdam  Level. 

Building  deformation 

Since  construction,  levels  of  the  building  have 
been  taken  in  1947.  1948,  1949  and  1952.  A  new 
measuring  program  was  started  in  1982.  This  case 
differs  from  the  preceedlng  cases  because  the 
zero-situation  is  known,  and  the  following 
absolute  settlements  of  the  building  were 
observed  for  the  period  1947-1983.  Figure  12: 
south  end  (front):  300  mm 
middle  (front):  65O  mm 
middle  (back)  :  600  mm 
north  end  (front):  510  mm 
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the  construction  of  the  building  and  the  present 
rate  of  settlement,  similar  to  that  assumed  in 
the  analysis  of  the  settlement  of  the  ROMI 
factory.  The  continuing  settlement  process  and 
the  related  increase  in  differential  settlements 
are  caused  by  a  continuing  settlement  of  the 
compressible  layers.  The  smaller  settlement  at 
the  south  end  of  the  building  is  a  consequence 
of  the  locally  better  soil  conditions.  Average 
rates  of  settlement,  based  on  different 
starting-points,  are  presented  in  Table  I. 


TABLE  I:  Comparison  of  rates  of  settlement  {in 
mm/ year ) 


average  from 
measurements 

present 
rate  by 
extra¬ 
polation 
via 

Keverling 

Buisman 

1953-1983 

1982-1984 

south  end 

( front ) 

5 

2 

2 

middle 

( front ) 

7 

5 

3 

middle 

( back ) 

10 

4 

4 

north  end 

( front ) 

8 

3 

3 

The  results  show  that  the  rate  of  settlement  is 
decreasing  as  may  be  expected  from  the  formula 
of  Keverling  Buisman.  Present  rates  of 
settlements,  derived  from  the  measurements  in 
the  period  1982-1984  and  obtained  by  a 
logarithmic  with  time  representation  of  the 
settlements  since  the  construction,  agree  rather 
well.  Figure  l4.  The  measurement  results  seem  to 
indicate  that  the  rate  of  settlement  of  the 
middle  part  (front)  has  been  increasing  over  the 
recent  years.  In  Figure  14  it  has  been  assumed 
that  the  point  of  time  t^  coincides  with  the 
point  of  time  of  the  first  measurement.  A 
different  time  of  loading  and  the  presence  of  a 
hydrodynamic  period  has  not  been  taken  into 
account.  However,  the  formula  of  Keverling 
Buisman  is  also  very  useful  in  this  case  for 
settlement  predictions.  The  expected  settlements 
vary  between  about  2  and  4  mm/year. 
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Fig.  14  Time-Settlement  diagram 


Fig.  13 


Settlement  of  the  front  side  in  the 
period  September  1982  up  to  March  1984 


CONCLUSIONS 

The  settlement  of  buildings  after  construction 
may  amount  to  many  decimeters.  If  this  is  the 
case,  the  building  will  almost  certainly  crack, 
because  settlements  are  never  uniform.  The 
causes  of  settlement  may  vary.  In  the  present 
cases  the  load  of  sand  fill  has  played  the  major 
role  in  addition  to  the  weight  of  the  building 
itself.  Accurate  measurements  are  essential  for 
the  analysis  of  a  settlement  process.  A  period 
of  at  least  two  years  is  often  necessary  to 
establish  a  rate  of  settlement  with  sufficient 
accuracy.  An  assumed  time-settlement  behaviour 
of  a  building  may  deviate  from  the  measured 
results  because  of  inaccuracies  in  the 
measurements,  varying  groundwater  levels  and 
temperature  effects  during  the  measurements.  A 
settlement  process,  once  started,  continues  and 
can  usually  be  described  correctly  by  means  of 
the  settlement  formula  of  Keverling  Buisman.  The 
three  case  studies,  described  here,  indicate 
that,  even  30  years  or  more  after  construction, 
the  rates  of  settlement  can  be  5  mm/year.  They 
also  show  that  the  same  ratio  exists  between  the 
settlement  since  the  construction  and  the 
Instantaneous  rate  of  settlement  for  the 
different  measuring  points.  Measuring  data,  data 
about  structural  history,  the  building  itself 
and  the  subsoil  are  indispensable  for  back¬ 
dating  the  settlement  behaviour  of  a  building 
since  its  construction.  A  complete 
reconstruction  of  the  settlement  history  of  a 
building,  since  the  construction,  is  the  best 
base  for  predicting  settlements.  Whether  there 
is  an  acceleration  of  the  settlement  process  can 
be  discovered  in  this  way,  so  that  measures  can 
be  taken  in  time. 
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SYNOPSIS:  In  1983  it  was  es 
large  horizontal  displaceme 
adjacent  quay  and  as  a  resu 
foundation  piles  of  the  hou 
these  large  horizontal  move 
was  feared.  This  paper  desc 
the  quay  and  foundations  of 
horizontal  displacement  pre 

INTRODUCTION 

In  1983  the  Road  Management 
Department  of  Rotterdam  Public  Works  discovered 
that  six  blocks  of,  in  total,  4l  terrace 
houses  at  the  north  side  of  a  quay,  the 
Zes tienhovensekade .  had  undergone  large 
horizontal  displacements,  Figure  1.  Research  by 
the  Department  on  previous  measurements 
indicated  that  the  horizontal  displacements, 
given  in  Table  I.  must  have  occurred  since  the 
houses  were  constructed.  The  degree  of  accuracy 
of  the  absolute  displacements  up  to  1975  was 
estimated  at  within  0.1  m.  The  degree  of 
accuracy  of  the  displacements  in  the  periods 
1975  ■  1983  and  1983  ■  1984  was  estimated  at 
within  0.02  m.  To  be  more  certain  about  what 
appears,  at  first  sight,  to  be  incredible 
figures,  the  magnitude  of  the  displacements  was 
also  established  from  aerial  photos  taken  for 
mapping  purposes.  Based  on  these  measurements, 
it  was  concluded,  beyond  doubt,  that  large 
displacements  had  occurred,  and  that  the 
maximum  rate  of  displacement  was  about 
0.10  m/year . 


Fig.  1 
Situation 


Block 

House 
No  . 

Year  of 
construction 

Horizontal 
displacement  (m) 

up  to 
April 

1975 

up  to 
Sept . 

1983 

up  to 

July 

1984 

0 

439 

1962 

0.8 

0.865 

0.865 

0 

447 

1962 

0.3 

0.310 

0.310 

1 

449 

1957 

0.5 

0.525 

0.530 

1 

473 

1957 

1.3 

1.505 

1.520 

2 

475 

1958 

1.7 

2.070 

2 . 150 

2 

487 

1958 

1.8 

2.440 

2.540 

3 

489 

1938 

1.2 

1.525 

1.560 

3 

499 

1938 

0.8 

1.065 

1 .  100 

4 

501 

1935 

0.4 

0 . 460 

0.465 

4 

507 

1935 

0.1 

0.210 

0.210 

5 

509 

1938 

0.5 

0.630 

0.630 

5 

519 

1938 

- 

1-5 

1.730 

1.750 

It  one  of  the  blocks  had  moved  as  much  as  2. 
ses  were  not  designed  to  resist  any  horizontal  loading.  As 
ments  the  piles  had  deflected  to  such  an 
ribes  the  remedial  measures  that  were  tat 
the  houses.  The  present  displacement  be! 
dieted  from  creep  analysis. 
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TABLE  I:  Horizontal  displacements  since 
construction 
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Cause  of  the  displacements 


The  cause  of  the  displacements  must  be  sought 
in  a  combination  of  the  following 
circumstances,  Figure  2: 

-  the  level  of  the  ground  surface  in  front  of 
the  houses  and  behind  the  houses  differs  by 
2.5  m  to  3-0  m 

-  fill  with  a  unit  weight  of  I8  to  20  kN/m’ 
occurs  at  the  front  of  the  houses  down  to  a 
level  of  between  5  m  and  6  m  below  the  ground 
surface  and  peat  with  a  unit  weight  of  about 
10  kN/m’  occurs  at  the  back 

-  the  clay  and  peat  layers  under  the  houses  are 
very  soft  and  have  unfavourable  friction 
properties 

The  effect  of  displacement  on  the  houses 

The  first  calculations  led  to  the  following 
conclusions  for  Blocks  1,  2,  3  and  5: 

-  the  foundation  piles  offer  no  resistance 
against  the  horizontal  movements  of  the  quay 

-  the  stresses  in  the  foundation  piles  have  far 
exceeded  the  allowable  values 

-  the  remaining  safety  margin  of  the  foundation 
is  difficult  to  assess.  Complete  failure  in 
the  near  future  must  be  feared  unless 
remedial  measures  are  taken. 

Remedial  measures 

Measures  which  would  eliminate  the  cause  of  the 
displacements  were  given  high  priority.  Two 
possible  solutions  were  presented; 

1.  The  removal  of  the  inciting  load  by 
excavating  about  2.5  t  of  the  heavy  quay 
material  and  replacing  it  by  lightweight 
material.  This  solution  will  be  explained 
below . 

2.  The  absorption  of  the  load  by  installing  an 
anchored  sheet  piling  along  the  front  side 
of  the  blocks.  This  solution  was 
subsequently  not  found  to  be  technically 
feasible  and  is  not  discussed  further. 
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An  inspection  of  the  condition  of  the 
foundations  was  necessary,  which  included 
investigating  the  top  of  the  foundation  piles. 
It  was  planned  to  repair  the  foundations  of  the 
six  blocks,  if  shown  to  be  necessary,  after 
implementing  the  remedial  measures  for  the 
quay.  The  study  of  the  measures  was  backed  by 
extensive  soil  investigations  and  displacement 
measurements.  The  soil  investigations  included 
field  and  laboratory  work.  The  field  work 
consisted  of  cone  penetration  tests  and  borings 
in  several  cross-sections  of  the  quay  as  well 
as  the  installation  of  piezometers,  and 
measurements  of  the  pore-water  pressure. 

Cell  tests  and  consolidation  tests  on 
undisturbed  samples  taken  in  the  cross-section 
with  the  largest  displacements,  were  carried 
out  in  the  laboratory.  Measurement.-  of  the 
horizontal  displacements  of  the  blocks  were 
started  on  13th  July  1984.  Initially  these 
measurements  were  performed  weekly,  and  then 
monthly.  The  vertical  displacements  of  Block  2 
were  measured  from  12th  February  1985.  and  of 
the  other  five  blocks  from  25th  March  I985.  The 
frequency  of  these  measurements  was  almost  the 
same  as  for  the  measurements  of  the  horizontal 
displacements. 


IMPROVEMENT  OF  THE  STABILITY  OF  THE  QUAY 

Figure  2  shows  the  composition  of  the  subsoil 
in  a  cross-section  of  the  quay.  The  subsoil 
consists  of  soft  holocene  clay  and  peat  layers 
to  a  depth  of  I6  m  below  New  Amsterdam  Level. 
Below  this  level  fine  to  rather  coarse 
pleistocene  sand  is  found.  The  in-situ  pore- 
water  pressure  was  measured  in  front  of  Block  2 
and  an  excess  pore-water  pressure  of  about  25 
kN/m*  was  found  between  10  to  13  t  below  New 
Amsterdam  Level.  The  soil  investigations 
confirmed  that  the  holocene  layers  have  very 
low  shear  strength.  The  lowest  values  occur 
behind  the  blocks  where  the  overburden  pressure 
is  small.  A  preliminary  stability  analysis 
showed  that  a  slip  circle  through  the  soft  clay 
layers  around  11  m  below  New  Amsterdam  Level, 
which  takes  into  account  the  excess  pore-water 
pressure,  gives  the  lowest  factor  of  safety. 
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Remedial  measures 

The  remedial  measures  selected,  to  ensure  the 
stability  of  the  quay,  are  as  follows.  Over  a 
total  length  of  300  m  the  existing  fill  was 
removed  and  replaced  by  lightweight  material. 
Figure  3-  The  original  fill  had  a  unit  weight 
of  18  to  20  kN/m’ .  The  backfill  consists  of 
light  expanded  clay  aggregate  with  a  unit 
weight  of  6  kN/m'  and  polystyrene  foam  with  a 
unit  weight  of  less  than  1  kN/m’.  Polystyrene 
foam  and  blast  furnace  slag  was  placed 
underneath  the  road  to  ensure  an  adequate 
foundation.  With  these  measures  the  surcharge 
on  the  subsoil  was  reduced  by  35  kN/m'  over  a 
width  of  at  least  12  m.  To  evaluate  the  effect 
of  the  remedial  measures  and  to  find  the 
reasons  for  the  large  displacements  of  the 
quay,  it  was  necessary  to  establish  the 
deformation  behaviour  and  the  magnitude  of  the 
factor  of  safety  in  the  present  and  future 
situation.  Two  types  of  analyses  were  carried 
out : 

-  stability  calculations  according  to  Bishop’s 
method 

-  calculations  with  the  Finite  Element  Method. 
Bishop's  Method 

An  analysis  of  the  stability  of  the  situation 
before  remedial  measures  were  taken  gave 
factors  of  safety  which  varied  from  0.82  to 
1 . depending  on  the  assumed  pore-water 
pressure  conditions  under  and  behind  the 
houses.  All  slip  circles  go  through  the  deep 
clay  layer.  The  maximum  depth  of  these  slip 
circles  is  about  11  m  below  New  Amsterdam 
Level.  The  results  of  stability  calculations 
for  the  situation  after  the  remedial  measures 
show  that,  under  fully  drained  conditions,  the 
long  term  safety  factor  is  about  1.5  to  1.6. 

If.  however,  it  is  assumed  that,  immediately 
after  the  measures  are  implemented,  there  is 
still  excess  pore-water  pressure  underneath  the 
houses,  the  factor  of  safety  falls  to  between 
1.2  and  1.3-  The  required  factor  of  safety  for 
canal  and  river  dykes  in  The  Netherlands  is 
1.3-  Therefore  it  can  be  concluded  that  the 
proposed  remedial  measures  will  be 
satisfactory. 

Finite  Element  Method 

An  analysis  with  the  Finite  Element  Method  was 
carried  out  in  order  to  obtain  information 
about : 

-  the  actual  and  future  deformations 

-  the  influence  of  differences  in  stiffness 

-  the  factor  of  safety  for  non-circular  slip 
surf  aces . 


Fig.  4  Phase  2:  Displacements  and  plastic 
zones  after  loading 


The  analysis  was  carried  out  with  the  help  of 
the  DIANA  computer  program  (De  Borst,  1984). 
This  program  is  able  to  simulate  e 1  as  top  1  as 1 1 c 
soil  behaviour,  dilitancy,  softening  and 
hardening.  In  the  calculations  the  Mohr-Coulomb 
criteria  was  used  for  yield;  softening  and 
hardening  were  not  taken  into  account.  The 
element  mesh  and  soil  properties  are  shown  in 
Figure  4.  The  situation  of  the  quay  before  the 
houses  were  built  was  simulated  in  Phase  1. 
After  the  construction  of  the  houses,  the  quay 
is  subsequently  filled  which  is  simulated  in 
Phase  2  by  introducing  a  load  equal  to  the 
fill.  Figure  4  also  shows  the  load  schedule  and 
the  deformations  as  well  as  the  status  (elastic 
or  plastic)  of  the  elements.  As  can  be  seen 
there  is  a  continuous  surface  of  plastic 
elements  (the  last  iteration  step  in  the  Finite 
Element  calculation  did  not  converge). 

After  Phase  2  the  calculated  maximum  horizontal 
displacement  is  0.73  The  actual  maximum 
displacement,  however,  is  2.50  m.  This 
discrepancy  may  be  caused  by  an  incorrect 
choice  of  the  deformation  and  yielding 
parameters,  by  additional  horizontal 
displacement  caused  by  the  dead  load  on  the 
deflected  piles,  and  by  creep.  The  DIANA 
program  does  not  take  creep  into  account,  and 
the  magnitude  of  the  additional  horizontal 
displacements  are  unknown.  In  Phase  3  the  load 
on  the  quay  is  reduced  by  35  kN/m*  .  Figure  5 
shows  the  deformations  and  the  status  of  the 
elements.  Table  II  shows  the  maximum  vertical 
and  horizontal  displacements  in  three  cross- 
sections  for  the  different  phases. 


TABLE  II:  Maximum  vertical  (6  )  and  horizontal 

V 

(dj^)  displacements  (m) 


Cross- 

Section 

1 

2 

3 

Phase 

6 

<5k 

<5u 

V 

h 

1 

0.05* 

0 

0 

0.04* 

0 . 05* 

2 

0.63* 

0.21* 

0.31* 

0.73-> 

0.20t 

0.37* 

3 

0.54* 

0. 19-* 

0.22* 

0.71* 

0. 16* 

0.36* 

Fig.  5  Phase  3:  Displacements  and  plastic 
zones  after  unloading 
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For  the  elements  which  form  the  imaginary  slip 
surface,  the  factor  of  safety  is  estimated  by 
comparing  the  mobilized  shear  strength  with  the 
ultimate  shear  strength.  This  is  expressed  by 
the  following  equation: 

factor  of  safety  =  -  (1) 

s  1  n  ^  . 

mob 

where:  =  angle  of  internal  friction  at 

f  a i lure 

0'  ^  =  mobilized  angle  of  internal 

mob  .•  .... 


It  appears  that  the  elements  yielding  in  Phase 
2,  which  are  located  underneath  the  houses, 
have  a  factor  of  safety  varying  from  1.2  to  1.4 
in  Phase  3*  fbe  calculated  displacements  in 
Phase  3  are  shown  in  Table  II.  Compared  with 
Phase  2  there  is  only  a  small  decrease  in 
horizontal  displacements. 


C  reep 


A  general  relationship  between  the  creep  strain 
G  and  time  is  obtained  by  integration  of 
Equation  2 . 

e  =  Ae  t^  (m  ^  1)  (3) 

1  “•  m 

The  effect  of  unloading  on  the  relationship 
between  strain  and  time  is  illustrated  in 
Figure  7*  When,  at  time  t^  ,  a  soil  sample  is 
unloaded  from  deviator  stress  to  5*,  it  is 
assumed  that  the  sample  will  follow  the  strain 
rate  according  to  curve  at  time  tj  .  This  is 
shown  by  the  dotted  curve.  The  principle  of  the 
equivalent  time  concept  according  to  Hanrahan 
(1973)  is  used  here.  The  effect  of  unloading  on 
the  strain  rate  can  be  calculated  as  follows. 
The  imaginary  point  of  time  tz  is  found  by 
putting  the  strain  at  time  ti ,  according  to  Dj  , 
equal  to  the  strain  at  time  t^  ,  according  to 
Dj ,  in  Equation  3*  It  follows  that: 

Li.  =  (4) 


Singh  and  Mitchell  (1969)  presented  the 
following  general  function  for  soils  that 
expresses  the  strain  rate,  at  any  time  t. 
after  application  of  sustained  deviator  stress. 
Figure  6. 


The  ratio  between  the  strain  rates  follows  from 
Equation  2: 


t  ( )  .  p  a(5, -6,  )  -m 

6  (t,  )  •  ®  't,  ' 


.  .  qD  , 1 . m 

t  =  A  e  {-) 


(2) 


Combining  (4)  and  (5)  leads  to: 


where:  c  =  strain  rate 

A  =  projected  value  of  strain  rate  at 
zero  deviator  stress  on  logarithmic 
strain  rate  versus  deviator-stress 
plot  for  unit  time 

3  =  dimensionless  parameter  defined  as 
the  value  of  the  slope  of  the 
mid-range  linear  portion  of  the 
logarithmic  strain  rate  versus 
stress  level  curve,  all  points 
corresponding  to  the  same  time 
after  load  application 
5  =  normalized  stress  level,  defined  as 
the  ratio  of  the  deviator  stress  to 
the  deviator  stress  at  failure 
t  =  elapsed  time  divided  by  unit  time 
m  =  slope  of  a  logarithmic  strain  rate 
versus  logarithmic  time  straight 
line 


In 


(6) 


The  reduction  in  strain  rate  can  therefore  be 
calculated  from  Equation  6  if  the  parameters  a 
and  m  are  known,  and  if  the  factors  D,  and  D, 
have  been  calculated  by  a  stability  analysis. 
Future  strains,  after  time  t,  can  be  calculated 
with  Equation  3-  It  follows  that: 

The  imaginary  time  t,  follows  from  Equation  4. 
The  strain  at  a  selected  number  of  years  after 
t,  at  time  t,  follows  from  Equation  7  if  the 
strain  at  time  t,  is  known. 


Fig.  6  Relationship  between  strain  rate  and 
deviator  stress  at  given  time 


Fig.  7  Effect  of  unloading  on  the 

relationship  between  strain  and  time 
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Prediction  of  future  strain  rate  and  strain 


IMPROVEMENT  OF  THE  FOUNDATIONS  OF  THE  HOUSES 


In  order  to  make  the  predictions  extensive 
laboratory  investigations  are  required  to 
determine  the  parameters  a  and  m.  Since  only 
strain  rates  and  strains  before  and  after  the 
remedial  measures  have  to  be  compared,  it  was 
decided  that  indicative  calculations  would 
be  sufficient.  Therefore  values  given  by  Singh 
and  Mitchell  (1968,  1969)  were  used, 
complemented  by  data  from  tests  on  Oesterdam 
clay  carried  out  by  Delft  Geotechnics.  These 
data  indicate  that  the  parameter  a  varies 
between  1.9  and  6.7.  It  appears  that  the  value 
of  a  is  higher  for  soft  clays  than  for  stiff 
clays.  The  parameter  m  varies  between  0.70  for 
soft  soils  and  1 . 30  for  stiff.  The  worst  case 
approach  was  followed  for  predicting.  Therefore 
a  =  3  and  m  =  0.7  were  taken.  The  factor  Di -Dj 
is  derived  from  the  stability  calculations.  An 
increase  of  the  actual  safety  factor  from  1.0 
to  1.3  immediately  after  the  remedial  measures, 
indicates  D, -D,  =  0.23.  If  the  long  term  factor 

of  safety  is  taken  as  1.5,  it  follows  that 
D; -Bj  =  0.33.  Substituting  these  values  in 
Equation  6  it  appears  that  the  ratio  between 
the  strain  rates  before  and  just  after  the 
remedial  measures,  is  at  least  10.  This  ratio 
increases  to  at  least  30  in  the  long  term. 

To  predict  the  future  horizontal  displacements 
of  Block  2  the  strain  was  considered  for  a 
period  of  50  years  after  the  remedial  measures. 
The  magnitude  of  the  horizontal  displacement 
was  about  2.5  “>  in  the  period  1958  -  1989,  that 
is,  tj =  26  years  and,  from  Equation  9,  it 
follows  that  t; =  260  years  for  Di -Dj =  O.23. 
Taking  t, =  310  years  and  substituting  the 
values  in  Equation  7  it  appears  that  the  ratio 
between  the  strains  just  after  the  remedial 
measures,  and  50  years  later,  is  1.05.  The 
horizontal  displacement  of  Block  2  will 
therefore  increase  by  ,  being  O.13  m.  Taking 
D, -D, =  0.33  leads  to  a  ratio  of  1.02  and  an 
expected  horizontal  displacement  of  Block  2  of 
0.05  m.  A  horizontal  displacement  of  0.10  m  has 
been  taken  into  account  in  the  design  of  the 
new  foundations  for  the  blocks. 

The  observed  strain  rate  is  about  100  mm/year 
for  Block  2.  Immediately  after  the  remedial 
measures  the  strain  rate  should  reduce  to  10 
mm/year,  and  in  the  long  term  to  3  mm/year.  The 
analysis  of  the  future  strain  based  on  the 
actual  displacement,  indicates  a  strain  rate  of 
2.5  mm/year  immediately  after  the  remedial 
measures  and  1  mm/year  in  the  long  term.  The 
discrepancy  can  be  explained  by  the  fact  that 
the  observed  strain  rate  of  100  mm/year,  is  not 
in  agreement  with  Equation  2.  This  can  be 
explained  as  follows: 

-  Equation  2  is  only  valid  for  values  of  D 
between  0.3  and  O.9  and  not  for  the  near 
failure  conditions  which  occur  before  the 
remedial  measures  are  applied.  Figure  6. 

-  Additional  fills  to  compensate  settlements 
are  not  in  agreement  with  the  assumption  of 
sustained  deviator  stress. 

-  The  large  horizontal  displacements  cause  a 
secondary  horizontal  load  on  the  pile 
foundations  which  cannot  be  neglected  and 
therefore  an  increase  in  the  strain  rate. 

Equation  2  is  valid  for  conditions  after  the 
improvement  of  the  quay  and  the  foundations, 
and  the  prediction  of  the  future  strain  rate 
based  on  the  observed  horizontal  displacement 
is  reliable. 


Due  to  the  extreme  horizontal  displacements  the 
stability  of  at  least  9  of  the  6  blocks  of 
terrace  houses  was  in  danger,  the  more  so  since 
the  dead  load  of  the  houses  on  the  deflected 
piles  increases  the  displacements.  Data  from 
archives  and  inspection  of  some  foundation 
piles  showed  the  following: 

-  Block  1,  consisting  of  13  houses,  is  founded 
on  55  precast  concrete  piles,  0.35  i”  square, 
and  with  a  length  of  I9  m.  Six  pile  heads 
have  been  inspected.  The  upper  part  of  these 
piles  have  inclinations  varying  from  6  :  1 
till  30  :  1.  Several  pile  heads  show  serious 
cracks.  Figure  8.  Sonic  integrity  tests  on 
two  piles  demonstrated  that  these  piles  had 
no  cracks  on  deeper  levels. 


Fig.  8  A  cracked  concrete  pile 

-  Block  2,  consisting  of  7  houses,  is  founded 
on  tapered  timber  piles  with  a  precast 
concrete  upper  section  above  water  level. 

Four  out  of  five  upper  sections  inspected 
were  almost  vertical;  one  had  an  inclination 
of  6  :  1.  The  upper  part  of  the  timber  piles 
have  inclinations  of  3  :  1  to  6  :  1 . 

-  Block  3.  consisting  of  6  houses,  is  founded 
on  103  tapered  timber  piles.  The  upper  part 
of  the  piles  have  inclinations  varying  from  9 
:  1  till  6  :  1. 

-  Block  5,  also  consisting  of  6  houses,  is 
founded  on  93  tapered  timber  piles.  The  upper 
part  of  the  timber  piles  have  inclinations 
varying  from  2  :  1  till  3  :  1- 

The  following  sequence  of  improvements  was 
chosen  as  a  result  of  these  inspections:  Block 
2  and  then  Blocks  5.  3  and  1.  Measurements 
showed  that  the  houses  had  also  undergone 
vertical  displacements.  Absolute  displacements 
could  not  be  established,  but  the  differential 
displacements  since  construction  varied  from 
0.2  m  for  Block  3  to  O.7  o  for  Block  5-  It  was 
striking  that  despite  the  large  horizontal  and 
vertical  displacements,  the  blocks  showed  so 
little  cracks.  This  was  caused  by  the 
relatively  stiff  cellar  floor  that  was  present 
under  all  the  blocks. 
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Demands  on  the  foundations 

Measures  were  necessary  to  guarantee  the 
stability  of  the  terrace  houses  for  the  next 
fifty  years.  The  following  aspects  had  to  be 
taken  into  account  in  the  design  of  a  new 
foundation  or  in  the  re-use  of  the  existing 
one  : 

-  there  must  be  an  equilibrium  of  forces  and 
moments  without  large  deformations 

-  a  horizontal  displacement  of  0.1  m  is  to  be 
expected  in  50  years  after  the  remedial 
measures  for  the  quay  are  carried  out 

-  all  the  parts  of  the  construction  must  have 
sufficient  strength 

-  the  design  must  be  practicable. 

Injection  piles 

Already  in  an  early  stage  of  the  investigation 
it  was  decided  that  if  it  was  impossible  to  re¬ 
use  the  existing  piles  injection  piles  would  be 
installed  as  replacements.  An  injection  pile  is 
a  steel  tube  pile  filled  with  a  hardened  grout. 
During  installation  the  soil  is  pushed  aside, 
which  improves  the  bearing  capacity  of  the 
pile.  The  steel  tube  is  brought  to  the  right 
depth  by  hammering,  the  grout  being  injected  at 
the  same  time.  The  grout  is  forced  down  the 
tube  and  out  of  the  bottom  up  the  outside.  The 
grout  functions  as  a  lubricant  during  the 
installation,  and  in  this  way,  reduces  the 
resistance.  After  hardening  the  grout 
contributes  to  the  strength  and  the  stiffness 
of  the  pile,  transfers  a  part  of  the  load  to 
the  soil,  and  protects  the  steel  tube  against 
corrosion.  In  this  project  a  coupled  injection 
pile  was  used  with  an  external  diameter  of  the 
tuba  of  114.3  and  a  wall  thickness  of  5-4 
mm.  The  total  external  diameter  of  the  pile, 
inclusive  the  grout  will  finally  amount  to 
about  150  mm. 

Possible  solutions 

Two  possible  solutions  for  the  design  of  a  new 
foundation  were  considered.  In  the  first 
solution  the  installation  of  new  raking  and 
vertical  piles  was  studied.  Figure  9-  In 
principle  an  equilibrium  of  forces  is  reached 
if  the  magnitude  of  the  active  earth  pressure 
H,  and  the  passive  earth  pressure  H,  can  be 
determined  with  sufficient  accuracy.  However, 
this  solution  has  the  disadvantage  that  it 
contains  the  idea  of  fixing  the  position  of  the 
house,  while  some  horizontal  deformation  has  to 
be  taken  into  account. 


Fig.  11  Design  of  the  foundation  improvement 
and  principle  of  the  injection  pile 
(dimensions  in  mm) 
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Fig.  9  Solution  with  raking  and  vertical 
piles 
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Fig.  10  Solution  with  only  vertical  piles 

When  deformation  of  the  quay  takes  place,  the 
soil  tends  to  displace  more  than  the  house,  and 
H,  will  increase  and  H,  decrease.  This  solution 
requires  relatively  many  raking  piles  and 
therefore  extra  piles,  and,  as  a  result,  is 
less  attractive.  However,  in  the  case  of  a  new 
building  this  solution,  with  relatively  massive 
piles,  would  probably  be  selected.  In  the 
second  solution  only  the  installation  of 
vertical  piles  was  studied,  Figure  10.  An 
equilibrium  of  forces  is  reached  if  also  the 
soil  behind  the  upper  part  of  the  piles 
delivers  some  counter  pressure.  To  be  able  to 
deliver  extra  counter  pressure,  the  pile  and 
therefore  the  house  has  to  be  displaced 
horizontally  a  little  bit  more  than  the  soil. 
The  advantage  of  this  solution  is  that  H,  is 
smaller  than  in  the  first  solution,  and  H,  is 
larger.  The  horizontal  loads  and  the  moments 
and  shear  forces  on  the  piles  will  remain 
small.  This  solution  is  practicable  because  it 
requires  not  very  many  piles  and  no  massive 
piles.  In  addition  it  is  a  flexible  solution. 
One  condition,  however,  is  of  great  importance: 
the  total  horizontal  displacement,  after  the 
replacement  of  the  foundation  piles,  must  not 
be  excessive.  Based  on  the  calculations 
discussed  above  this  solution  was  selected  for 
the  replacement  of  the  foundation  piles. 

Design  of  foundation  improvements 

The  injection  piles  were  installed  from  the 
cellar  floor  at  both  sides  of  the  bearing  walls 
and  then  connected  to  the  walls  by  glued 
anchors  and  a  steel  beam.  Figure  11.  The 
designs  for  the  foundation  improvements  for  the 
various  blocks  were  based  on  the  various 
requirements  discussed  above.  The  result  was  a 
complete  replacement  of  the  bearing  function  of 
the  foundation  piles  under  Blocks  2,  3  and  5- 
The  design  for  Block  1  will  probably  consist  of 
partial  replacement. 
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Execution  of  foundation  improvements 


The  injection  piles  were  hammered  to  a  deeper 
level  than  the  existing  piles.  However,  no 
serious  problems  were  encountered  during  the 
executiori  of'  the  works.  One  aspect  is 
interesting.  The  blocks  of  terrace  houses  have 
not  been  displaced  horizontally  the  same 
amount.  Block  5.  in  fact,  shows  a  difference  in 
displacement  of  about  1  m  between  the  ends.  As 
a  result  new  piles  could  be  hammered 
accidental! on  to  the  existing  piles.  Figure 
12.  Although  this  was  taken  into  account  in  the 
design  as  much  as  possible,  it  did  occur  a  few 
times,  however  without  consequences.  The  step¬ 
wise  transfer  of'  loads  from  the  existing  piles 
to  the  new  piles  went  as  planned. 


Fig.  13  Horizontal  displacements  of  Block  2 


•  a.  •  ‘  i,  ■  '.0;  ••  J*  •  1/V-68 

Fig.  15  Horizontal  displacements  of  Block  5 


Fig.  16  Horizontal  Displacements  of  Block  1 


Fig.  12  Location  of  the  new  piles  relative  to 
old  piles 


Fig.  14  Horizontal  displacements  of  Block  3 


DISPLACEMENT  BEHAVIOUR  SINCE  1984 

Initially  the  measurements  of  the  horizontal 
displacements  were  made  relative  to  a  straight 
line.  Both  ends  of  this  line  were  situated 
outside  the  area  of  influence  of  the  soil 
movements.  Since  13th  January  1986  another 
system  has  been  used.  The  new  measuring  line  is 
defined  as  the  line  between  the  top  of  three 
inclinometer  tubes  installed  with  the  bottoms 
in  the  deep  Pleistocene  sand  layer.  The  results 
of  the  measurements  of  the  horizontal 
displacements  of  the  blocks  of  terrace  houses 
are  given  in  the  Figures  13  to  16.  The 
horizontal  displacements  of  the  top  of  the 
inclinometer  tubes  are  given  in  the  same 
figures.  The  vertical  displacements  of  Blocks 
1,  2,  3  and  5  are  given  in  Figure  17-  The 
following  periods  are  indicated  in  the  figures; 

-  reconstruction  :  03-10-1984  to  14-06-1985 
of  the  quay 

-  new  foundation  ;  14-05-1985  to  05-08-1985 
for  Block  2 

-  new  foundation  :  10-09-1986  to  10-11-1986 

for  Block  5 

-  new  foundation  :  02-03-1987  to  04-06-1987 
for  Block  3 
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Fig.  17  Vertical  displacements  of  Blocks  2, 

5 .  3  and  1 

Reduction  of  rate  of  horizontal  displacement 

Data  given  in  Table  I  and  those  measured  since 
July  1984  indicate  the  following  rates  of 
horizontal  displacements,  Table  III.  The  data 
since  July  1984  are  given  in  three  periods.  The 
division  in  periods  has  been  made  in  such  a  way 
that  temporary  influences  like  foundation 
improvements  occur  in  only  one  period. 


TABLE  III:  Rates  of  horizontal  displacement 
to  the  north  (mm/year) 


‘  ®  period  inrludes  'juay  i  aprov^apfi 

'»  »  period  includ<»s  fr.  iindat  ion  loproveoent 


The  period  1975  "  1983  is  taken  as  the 
reference  period  for  the  horizontal 
displacements  before  improvement  of  the  quay 
for  the  analysis  of  the  reduction  of  the  rates 
of  horizontal  displacement.  Table  III  shows, 
for  Block  2,  a  reduction  of  this  rate  by  a 
factor  of  3  to  10,  one  year  after  the 
improvement  of  the  quay  and  the  foundation.  One 
year  later  the  reduction  has  increased  to  a 
factor  of  25  to  40,  the  rate  of  horizontal 
displacement  amounting  to  1  to  3  mm/year.  The 
reduction  factor  for  Block  5  amounts  to  3  to  5» 
one  year  after  the  improvement  of  the  quay.  One 
year  later,  that  is  also  one  year  after  the 
improvement  of  the  foundt“  on,  the  reduction 
has  increased  to  a  factor  of  at  least  9.  the 
rate  of  horizontal  displacement  amounting  to  0 
to  3  mm/year. 


The  reduction  factor  for  Block  3  amounts  to 
about  2,  one  year  and  about  3f  two  years  after 
the  improvement  of  the  quay.  Improvement  of  the 
foundations  has  only  been  implemented  recently, 
and  future  measurements  will  indicate  the 
effect  on  the  magnitude  of  the  horizontal 
displacements.  House  No.  473  of  Block  1  shows  a 
reduction  factor  of  about  2  one  year  and  of 
abo\it  3  two  years  after  the  improvement  of  the 
quay.  Improvement  of  the  foundations  is  still 
in  the  design  stage.  The  inclinometer  tubes 
also  show  decreasing  rates  of  horizontal 
displacement.  Data  before  the  improvement  of 
the  quay  are  not  available.  Comparing  1987  with 
1986.  however,  shows  a  reduction  factor  of  2  to 
3  for  the  tops  of  Tubes  A  and  B.  Data  of  198? 
show  a  rate  of  horizontal  displacement  of  about 
3  mm.^year.  Tube  C  shows  a  variation  of 
measuring  results  between  the  two  periods,  and 
is  therefore  not  considered  here. 


CONCLUSIONS 

The  remedial  measures  have  resulted  in  a 
considerable  reduction  of  the  rate  of  the 
horizontal  displacement  of  the  houses.  The 
combined  effect  of  the  improvements  tu  the  quay 
and  the  foundations  is  a  reduction  of  this  rate 
by  a  factor  of  9  to  4o  for  Blocks  2  and  5  a 
period  of  two  years.  The  predicted  reduction 
amounted  to  a  factor  of  at  least  10  initially, 
subsequently  increasing  to  a*,  least  30. 
Prediction  and  observatio.i  therefore  agree 
rather  well.  The  new  foundations  were  designed 
on  a  horizontal  displacement  of  100  mm  to  be 
expected  in  50  years,  that  is  an  average  rate 
of  2  mm/year.  Although  the  rate  immediately 
after  the  implementation  of  the  remedial 
measures  turned  out  to  be  rather  large,  this 
rate  has,  in  the  mean  time,  reduced  to  0  to  3 
mm/year  for  Blocks  2  and  5*  The  present 
behaviour  therefore  is  satisfactory.  After 
improving  the  foundations  of  Blocks  2,  3  and  5 
the  settlement  process,  of  these  blocks, 
stopped.  The  inclinometer  tubes  show  some 
movement  of  the  new  quay,  but  the  rate  of 
horizontal  displacement  is  reducing  from  about 
8  mm/year,  one  year  after  the  improvement  of 
the  quay,  to  about  3  mm/year  one  year  later. 

The  measurements  will  be  continued  for  the  time 
being . 
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S  V :  r' N  I  >  ;  A  r  >  ;  y ;  c  i  p  p h  c  n  ,•  s  ‘p  p  r  f-i  i  c  t  i  n  y  pipe  aef  lections  dre  based  on  the  predetermined  pipe 
properties,  tne  anticipated  so'l  p''operties  and  on  the  assumption  that  the  specified  installation 
c  p  "  '  1  p  ^  1  t  1  ‘  n  can  Dr  met.  Hov, 'V-jr,  in-plii;e  pipe  deflections  On  often  deviate  from  the  predicted. 
This  paper  summarizes  tne  observations  made  from  more  than  twenty  case  histories  of  entrenched 
!  1  p  -  d  I  1  nr  t  e  r  flexiDle  high  density  p  o  I  y  e  t  hy  1  e  n  f  pipes  and  discusses  the  effects  of  construction 
metnocis  and  Site  conditions  on  pipe  performance.  Procedures  are  also  presented  on  how  site  condi- 
t'orj  ,.re  methods  can  n.=  a, -counted  for  when  using  the  TAMPiPE  (Texas  ArSM  PIPE)  method 

and  tne  spangle;  's  method.  P r  t ed u r e s  are  given  for  predicting  the  variability  of  pipe  deflections 
ir  -  r.i  M  i  .  Tnr  TeM^'PE  ne'-j'i  '  also  shown  to  oe  accurate  in  predicting  the  tong-term  deflec- 
t 1 0 r  of  t " e  pipe. 


A  n  a  I  /  *  1  ,  a  1  .n  e  t  h  0  a.  S  '.if  n  e  S  1  g  r  j  ri  g  I  .1  -  e  -  d  i  a  me  t  e  r 
buciefl  pipes  invariably  assume  tnat  the  pipe 
Cl"  0-  i"st ailed  ic cording  to  specifications, 
without  considering  tne  difficulties  posed  by 
t  "  e  a  r  t  u  a  1  site  c  o  n  l  i  t  i  o  n  .  For  x  i  m  p  I  e  ,  provi¬ 
ding  a  vertical  trench  wall  in  a  loose  soil  or 
a  1 1  e  opting  to  achieve  s  p  e  c i f i e  d  completion  in  a 
flooded  trench  are  both  difficult.  This  paper 
attempts  t  n  introduce  s  u  C  n  considerations  into 
tne  design  process  in  order  to  bridge  the  gap 
between  the  t  h  e  i)  r  e  t  i  c  a  1  and  the  practical. 

THEOP-  :iCAL  PREDICTIONS 


Ep  =  the  pipe  elastic  modulus  (psi). 

Ip  =  moment  of  inertia  of  the  pipe 
wall  (  1  n't  )  , 

U  =  pipe  diameter  (ins),  and 

E'  =  modulus  of  soil  reaction  (psi). 

TAMPIPE  Method 

The  TAMPIPE  procedure  considers  a  pipe  buried 
in  a  trench  of  any  width,  and  surrounded  by 
three  soil  zones  -  the  embedment  (or  bedding;, 
the  backfill  and  the  in  situ  sbils.  Figure  ' 
shows  a  typical  trench  condition. 


Tne  Spangier's  equation  (Spangler,  Hoi)  which  is 
a  semi-empirical  solution,  has  been  the  most 
popular  method  used  in  the  design  of  buried 
flexible  pipes  for  the  past  several  decades.  In 
recent  years,  fne  empnasis  nat  been  to  formulate 
muc  hanisTic  solutions.  The  TAMPIPE  Lr_exas  ^4^ 

P  1  e  E  J  sol  u"  ion  (Cnua  and  Ly*'fon,  lyrtfa)  which 
will  be  considered  here  is  one  sucn  method.  This 
is  an  analytical  regression -type  solution 
d^veloued  using  results  O0''ain;^d  from  a  nonlinear 
finitw  element  program  called  C  flqr)E  i.  C_ulvert 

lysis  and  i^siyn ]  (Katona  et.al.,  19/0).  This 
procedure  will  compute  tne  pip"  vertical  deflec¬ 
tion,  and  the  pipe  maximum  stress  and  strain  for 
ary  given  time  period. 


Trench  Width  Trench  Width 


Figure  1.  Trench  Con f i gu ra t i on s 


Span  yie  r ' s  M  e  t  n  o  d 


The  pipe  vertical  deflection  is  given  by: 


Tne  Spangler's  equation  (also  known  as  the  AD/0  =  Bf(l-Af)  yz  (1-Wf)  (2) 

Iowa  Formula)  is  as  follows:  HEpIp/il-vpiOA'’''  Cf  Ei' 


AD/O  = _ Oj _ kW^  _  (i) 

>5EpI  p/U  i  'a  U.Ohi  E  ' 

where:  tO/U  =  pipe  horizontal  deflection  (normally 
assumed  to  Oe  the  sam"  as  t h" 
vertical  )  , 

D  1  =  1 1  me  I  a  g  f  a  r.  t  0  r  , 

K  =  bedding  constant  (O.OH-i  -  0 . 1  1  )  , 

U  =  load  per  unit  lengtn  -t  [iipe 

(Ib/linear  inchi 


where:Bf  =  bedding  factor  (function  of  Poisson's 
ratio  of  soil), 

Aj  =  arching  factor  , 

'  =  unit  weight  of  soil, 

vp  =  Poisson's  ratio  of  pipe  material, 

Cf  =  a  coefficient  (function  of 
Poisson's  ratio  of  soil), 

Wf  =  a  factor  to  include  the  effects 
of  a  water  table,  and 
El'  =  soil  support  modulus  (psi). 
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Tne  initial  tangent  iiodiilus  of  the  soil 
mode  led  Py  TAMPlPt  (  s  i  in  i  1  j  r  to  CAMlt  '  is  given 

oy . 

E  1  =  K  (  j  ^  /  P  a  )  "  1  3  ) 

w  n  a  r  f  :  K  ,  =  soil  mo d  i:  I  u  s  n  j i;i b e  r  , 

n  ^  modulus  esaonent, 

P  ,1  =  ,1 1  mo  s  a  P I  ..  pnessure,  and 
'  d  =  :  >1  e  ■;  1  n  0  r  principal  stress. 

In  view  of  this,  the  TAMPIPE  procedure  will 
reg.irj  ,  <,  and  Kp  which  represent  the  embed¬ 
ment  soil,  ill  situ  soil  and  tr, e  backfill  soil, 

r  e  s  p  e  ::  t  I  V  L-  1  y  .  T  n  e  soil  support  modulus  E  i  '  , 

which  IS  a  tangent  modulus  is  calculated  for  the 
soil  .1  '  the  s  p  r  1  n  g  I  1  n  e  . 

The  time- depen  dent  predictions  made  with 
T  A  f1  P  1  P  E  consider  pipe  m  a  t  e  -  i  a  I  and  t  n  e  three 
soils  to  be  viscoelastic.  For  the  detailed 
development  of  the  lAMPlPE  procedure,  refer  to 
(Chua,  11)86;  Chua  and  Lytton,  i9B7b). 

A  PEVIEW  UF  CUN6TPUCT10N  PPACTICE 

Twenty  eight  projects  were  selected  from  a  period 
of  time  to  form  the  basis  of  this  study.  These 
projects  are  representative  of  the  practice  with 
large-diameter  high  density  polyethylene  profile 
wall  pipes.  The  pertinent  characteristics  of 
each  of  the  installations  are  summarized  in  Table 
1  wnicn  will  be  referred  to  in  the  following 
sections.  In  the  case  where  multiple  pipe  sizes 
were  used  at  different  depths,  only  one  repre¬ 
sentative  size  and  depth  was  chosen  and  consider¬ 
ed  in  the  analysis. 

Table  1.  Project  Descriptions 


Field  Measurements 

Pipe  del  I  net  ion  (  .'jj  /  D  )  was  determined  Oy  measur¬ 
ing  the  change  in  vertical  diameter  (;.D/D)  due  to 
earth  and  live  loading.  Typically,  two  to  four 
measurements  were  taken  per  20  ft  pipe  length 
with  the  total  number  of  dd*’a  points  per  project 
ranging  from  6u  to  several  hundreds.  Probability 
plots  of  d i ame t r i c a  1  measurements  approached  a 
straight  line,  indicating  that  the  standard 
deviation  assumes  a  normal  distribution.  In 
order  to  compare  projects,  the  coefficient  of 
variation  wnich  is  the  ratio  of  the  standard 
deviation  to  the  mean  is  used.  Figure  2  shows 
the  mean  pipe  vertical  deflections  as  well  as  the 
plus  one  and  minus  one  standard  deviation  obtain¬ 
ed  for  the  various  projects. 

Installation  Configuration 

Pipe  diainete'^s  considered  ranges  18“  to  72".  The 
pipe  stiffn-^ss  (defined  as  HEplp/u.lgy  D^!  consi¬ 
dered  ranges  from  6.4  psi  to  4g  psi.  A  trench 
width  to  diameter  ratio  of  between  1.2b  to  1.6  is 
usually  called  for  in  a  design,  but  as  can  be 
seen,  over-excavation  is  not  uncommon.  Depths  of 
cover  (measured  from  the  ground  surface  to  the 
spring  line)  considered  here  range  up  to  66  ft. 
Flexible  plastic  pipes  have  been  installed  to 
depths  of  over  100  ft  in  fills. 

The  vertical  and  tne  sloping  trenen  wall 
configuration  is  shown  in  Figure  1.  A  remov¬ 
able  trench  box  is  sometimes  used  during  con¬ 
struction  to  support  the  soil  in  order  to  keep 
the  trench  wall  vertical.  Column  12  shows 
whether  open,  sheeting  pr  braced  trench  con¬ 
struction  was  carried  out. 
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Site  Condition<; 


Coi'jp'n  /  dPscribPS  the  firmness  of  the  site  soil. 

The  soil  IS  classified  as  very  loose,  loose,  and 
medium  to  Stitt.  For  instance,  a  very  loose  soil 
indicate  a  collapsing  trench  if  left  open  and 
unsupported.  Column  h  snows  whether  a  water  table 
was  encountered  during  construction  and  whether 
dewatering  was  done. 
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Figure  2.  Observed  Pipe  Deflections 
and  Variability 

Embednent  Materials 

!n  about  bus  of  the  projects,  tamping  was  carried 
out  to  compact  the  embedment  (bedding)  materials. 
Shovel  slicing  accounts  for  2b t.  However,  for 
the  rest  of  the  projects,  the  embedment  materials 
were  simply  dumped  with  no  compaction.  This 
practice  should  be  discouraged  since  the  highest 
deflections  observed  in  this  study  were  dumped 
embedment  materials. 

Embedment  materials  used  include  sand,  crushed 
stone,  pea-gravel,  a  mixture  of  sand  and  stone, 
and  sea-shells.  In  one  case,  fat  clay  from  the 
site  itself  was  dumped  around  the  pipe  with  no 
compaction.  This  resulted  in  a  large  pipe  verti¬ 
cal  deflection  (Project  16). 

Other  Factors 

From  the  measured  pipe  deflection  shown  in  Table 
1,  it  is  evident  that  where  there  is  good  inspec¬ 
tion,  minimal  deflections  usually  occur.  The 
attitude  of  the  contractor  and  the  efficiency  and 
quality  of  the  construction  equipment  are  impor¬ 
tant  factors  and  should  be  considered.  The 
variability  of  pipe  deflection  is  probably  an 
indicator  of  how  conscientious  the  contractor  is. 

CUNSTRUCTION  C 0 N S I DE P AT  I U N S 

In  developing  the  construction  adjustments  which 
may  be  required  to  more  accurately  predict  the 
mean  pipe  vertical  deflection,  the  philosophy  is 
to  attempt  to  explain  the  field  data  by  modifying 
the  design  parameters  affected  rather  than  the 
common  approach  of  simply  using  "add-on"  deflec¬ 
tions. 

Figure  3  shows  the  pipe  vertical  deflections 
predicted  using  TAMPIPE  and  the  Spangler's 
equation  prior  to  adjusting  for  construction 
factors  versus  the  observed  values.  The  pre¬ 


dictions  made  using  Spangler's  equation  can  oe 
seen  to  be  generally  lower  than  the  field 
mea su  reinen  t  s  . 

Upon  reviewing  the  factors  which  may  contribute 
to  the  difference  between  the  predicted  and  the 
observed  deflections,  the  most  obvious  cause  is 
the  condition  of  the  trench.  That  Is,  whether  it 
is  a  loose  or  wet  or  both  and  whether  it  is 
sloped  (open  cut)  or  braced.  In  a  wet  and  loose 
trench,  uncleaned  wall  sloughs  and  compaction 
difficulties  may  lead  to  increased  deflections. 
These  problems  may  be  slightly  compounded  when  a 
portable  shield,  or  box,  is  used. 


PROJECT  NUMBER 

Figure  3.  Initial  Predictions  of  Pipe 
Def 1 ect i ons 


Recoraroendat i ons 
TAMPIPE  Method 

From  observations,  it  appears  that  the  only 
adjustment  required  for  TAMPIPE  is  in  the  modulus 
number  of  the  embedment  material.  Kg.  By  reduc¬ 
ing  Ke,  it  was  found  that  the  TAMPIPE  predictions 
can  be  improved  to  match  the  wet  trench  case,  and 
the  wet  and  unstable  trench  case.  For  cases  in 
which  remedial  action  such  as  dewatering  of  a  wet 
trench,  no  reduction  in  Kg  was  required.  Dewater¬ 
ing,  when  done  properly,  will  allow  the  installa¬ 
tion  to  be  carried  out  as  successfully  as  a  dry 
one.  The  Ke-value  can  be  multiplied  by  the 
factors  shown  in  Table  2.  These  factors  may  be 
used  in  CANDE. 

Table  2.  Recommendations  for  TAMPIPE 

Trench  Condition  Reduction  Factor 

Stable  and  Wet  Trench 

without  dewatering  0.66 

Unstable  and  Wet  Trench 

without  dewatering  0.5 


The  coefficients  In  the  Spangler's  equation 
were  determined  empirically  from  the  field 
which  may  explain  why  the  predictions  are 
reasonable  In  most  cases.  The  soil  modulus 
used  in  the  predictions  (Figure  3)  are  shown 
in  Table  3 . 
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Table  3.  USBR  Values 

0 ^  the 

Soi  1 

Modu 1  us 

E  ' 

Soil  Type  Compaction, 

%  Proctor 

Dumped 

85 

85-95 

>90 

Fine-Grained, 

CL,  ML,  ML-CL 
<25%  coarse-yrai ned 

50 

200 

400 

1000 

>25%  coarse-grained 
Coarse-Grained, 

100 

400 

1000 

2000 

GW,GC,SM,SC 
>12%  fines 

100 

400 

1000 

2000 

<25%  fines 

200 

1000 

2000 

3000 

C  rushed  Rock 

1000 

3000 

3000 

3000 

In  order  to  enhance  the  accuracy  of  the  pre¬ 
dictions,  the  following  recommendations  are  made. 

Table  4.  Additional  Values  of  E'  Values 
( psi )  for  Iowa  Formul a 

Crushed  Rock 

Dumped  in  wet  in  situ  soil  500 

Shovel  sliced 

only  under  haunch  1000 

in  soft  clayey  in  situ  soil  500 


Results 

Figure  4  shows  the  predictions  made  using  the 
TAMPIPE  and  the  Spangler's  equations  after  con¬ 
sidering  construction  conditions. 

PREDICTING  THE  VARIABILITY  OF  PIPE  DEFLECTION 
FOR  INDIVIDUAL  PROJECT 

The  coefficient  of  variation  for  the  each  project 
can  be  estimated  using  the  decision  tree  shown  in 
Figure  5 . 

The  standard  deviation  can  be  calculated  from  the 
coefficient  of  variation.  The  pipeline  engineer 
can  decide  from  standard  deviation  the  number  of 
pipe  sections  which  will  probably  exceed  the 
acceptable  deflection.  If  the  risk  is  unaccept¬ 
able,  the  engineer  can  either  (a)  ensure  that 
installation  specifications  are  strictly  follow¬ 
ed,  or  (b)  reduce  the  mean  deflection  by  using  a 
Stiffen  pipe  or  better  embedment  soil. 
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Figure  4,  Final  Prediction  of  Pipe 
Deflections 


Trench  Cond i t i o n 


Recommanded 
Coef.  of  Variation 
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Figure  5.  Determining  Variability  of  Pipe 
Def 1 ecti ons 

CONCLUDING  REMARKS 

Presented  herein  are  case  histories  of  projects 
involving  large-diameter  flexible  buried  pipe  in 
which  the  mean  pipe  vertical  deflections  as  well 
as  the  variability  of  the  measurements  are  avail¬ 
able.  Procedures  are  presented  in  which  input  to 
the  TAMPIPE  and  the  Spangler's  equation  can  be 
adjusted  to  reflect  the  construction  methods  as 
well  as  the  site  conditions  during  installation. 

A  method  of  predicting  the  variability  of  the 
pipe  deflections  in  the  field  is  also  presented. 

Several  factors  causing  in-place  pipe  deflec¬ 
tions  to  deviate  from  the  predicted  were  identi¬ 
fied.  The  most  critical  factor  involves  the 
condition  of  the  trench,  namely,  whether  the 
trench  wall  is  stable  and  whether  a  water  table 
is  present.  It  appears  that  appropriate  remedial 
actions  when  effectively  executed,  such  as  using 
a  trench  box  or  dewatering,  can  still  ensure  a 
proper  i n s t  a  1  1  a t i on  . 

This  study  once  again  underscores  the  fact 
that  proper  construction  procedure  is  just  as 
important,  if  not  more  important,  than  an 
accurate  design  procedure. 
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SYNOPSIS:  Seven  ground  anchors  were  installed  for  full  scale  field  tests  in  Taipei  Railway 

Underground  Project.  The  soil  at  job  site  can  generally  be  classified  as  silty  clay  or  clayey 
silt.  The  length  of  the  anchors  was  about  40  m  each,  including  23  m  bond  length.  The  borehole 
diameter  was  125  mm  and  the  designed  borehole  inclination  was  26  degrees  downward.  Each  of  the 
anchors  was  expected  to  share  approximately  300  to  400  kN  of  tie-back  force  to  support  the 
diaphragm  wall  during  excavation.  Investigation  of  the  borehole  inclination  was  carried  out  by 
using  horizontal  inclinometer.  The  distribution  of  skin  friction  along  the  bond  anchorage  was 
determined  from  strain  gauges  applied  on  the  anchoring  strands,  and  the  tensile  load  was  monitored 
by  load  cells.  It  was  observed  that  the  average  borehole  direction  deviated  with  an  angle  of  about 
1.5  degrees.  It  has  also  been  found  that  most  of  the  design  load  was  carried  by  the  first  10  m  of 
the  bond  length.  For  a  nearest  spacing  of  about  1.5  m  between  the  anchors,  the  group  effect  and 
the  stress  interaction  among  them  were  negligible. 


INTRODUCTION 

For  designing  an  anchor  in  soil,  it  is 
generally  assumed  that  a  constant  skin 
friction  distributes  over  grout-soil 
interface  along  bond  anchor  length. 
OSTERMAYER  and  SCHEELE  (1977)  have 
performed  the  full  scale  tests  on  anchors 
in  non-cohesive  soils.  They  have  found  that 
the  decrease  of  tendon  forces  from  the  front 
part  to  the  rear  part  of  the  bond  length 
corresponds  with  the  load  transmission 
from  the  tendon  into  the  grouted  body.  The 
maximum  skin  friction  shifts  from  the  front 
part  of  bond  length  towards  the  anchored  end 
when  the  tensile  step  loadings  were 
gradually  applied.  A  progressive  failure 
mechanism  was  used  to  explain  the  variation 
of  skin  friction  with  bond  length.  So  far, 
as  the  behavior  of  ground  anchors  in  silty 
or  clayey  soil  is  concerned,  the  limitations 
of  the  application  of  the  various 
theoretical  approaches  have  been  discussed 
by  Ou  (1986).  In  this  paper,  a  field 
investigation  on  the  behavior  of  ground 
anchors  in  Taipei  Sedimentary  Soils  is 
reported.  The  main  objectives  of  this 
research  are: 

(i)  to  observe  the  borehole  Inclination 
after  it  was  driven. 

(ii)  to  understand  the  stress  distribution 
along  fixed  anchor  length  and  its 
variation  with  respect  to  time, 

(iii)  to  understand  the  group  effect  of 
anchors  and  its  influence  on  stress 
distribution, 

FIELD  TESTS 

Among  the  many  anchors  installed  in  Taipei 
Railway  Underground  Project,  seven  were 
selected  for  full  scale  tests.  A  schematic 
arrangement  of  the  test  anchors  is  shown  in 
Fig.  1.  According  to  the  requirements  on 


this  research,  three  instrumentation 
systems,  i.e.,  horizontal  inclinometer, 
strain  gauges  and  load  cells,  were  used  in 
the  testing  program.  The  length  of  the 
anchors  was  about  40  m  each  including  about 
23  m  bond  length.  The  borehole  diameter  was 
125  mm  and  the  designed  borehole  inclination 
was  26  degrees.  The  simplified  geotechnical 
profile  of  typical  Taipei  Sedimentary  Soils 
is  shown  in  Table  I.  A  large  part  of  the 
bond  length  was  situated  at  a  layer  of  silty 
clay  or  clayey  silt  with  undrained  shear 
strength  (Su)  of  about  60  kN/m^ .  Some  part 
of  the  bond  length  was  located  in  the  layers 
of  silty  fine  sand  with  effective  internal 
friction  angle  of  31  to  32  degrees.  All 
test  anchors  were  installed  at  the  elevation 
lower  than  the  ground  water  table,  which  is 
normally  located  at  1  to  2  m  below  the 
ground  surface. 

Each  of  the  test  anchors  was  expected 
to  share  approximately  300  to  400  kN  of  tie- 
-back  forces  to  support  the  diaphragm  wall 
during  excavation.  Four  or  five  tension 
strands  with  diameter  12.7  mm  each  were  used 
for  anchorage.  The  temperature  compensating 
strain  gauges  were  attached  to  a  steel  bar 
(165  mm  in  length  and  20  mm  in  diameter). 
They  were  protected  by  several  layers  of 
waterproof  coatings  and  an  aluminum  tube  to 
prevent  from  stain  and  damage.  This  assembly 
was  then  connected  to  one  of  the  tension 
strands  at  the  pre-selected  points.  All 
instruments  were  calibrated  in  the 
laboratory  before  the  field  testing.  The 
following  are  the  procedures  of  installation 
and  measurement  in  the  testing  program: 

(i)  the  steel  casing  was  driven  down  to 
the  design  depth, 

(ii)  the  plastic  tubes  for  inclinometer 
were  inserted  into  the  casing  and  then 
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Fig.  1:  Test  Anchor  Arrangement  and  Instrumentation 
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iabale  I:  Simplified  Soil  Profile  and  Parameters 


Elevation 
range,  a 

Soil  Profile 
Description 

N 

kN/nP 

kN/jf 

<6 

deg. 

kN/nf 

deg. 

Su 

kN/»P 

Ground 

Level  to 
-2 

Asphalt  pave¬ 
ment.  balast 
backf i 1  led 
soil  and  si Ity 
clayey  or 
clayey  silt 

5 

■  1 
18.6 

20.6 

17 

0.0 

23.0 

24.5 

-2  to  -12 

silty  fine 
sand 

12 

19.0 

- 

- 

- 

31.0 

- 

-12  to  -19 

si Ity  clay  or 
clayey  silt 

7 

18.6 

L  . 

30.4 

15.5 

0.0 

28.0 

58.8 

-19  to  -28 

silty  fine 
sand 

12 

19.0 
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- 
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Note:  N:  blow  count  of  standard  penetration  test, 
total  unit  weight  of  soil, 

CiZ-  apparent,  effective  cohesion  intercept, 

:  apparent,  effective  internal  angle  of  shearing  resistance. 
Su:  undrained  shear  strength  of  soil. 

average  ground  surface  at  elevation  *4.3  m. 
permanent  ground  water  at  elevation  *2.0  m, 
temperary  ground  water  at  elevation  vS.b  m. 


the  borehole  inclination  was  measured, 

(iii)  the  wire  strands  with  strain  gauges 
were  inserted  into  casing, 

(iv)  the  borehole  was  grouted  from  bottom 
of  the  casing  while  retracting  the 
casing  simultaneously, 

(V)  in  the  free  length  part,  i.e.,  outside 
the  packer  of  borehole,  the  remaining 
cement  paste  was  flushed  out  with 
water, 

( vl )  the  load  cell  was  installed  after 
a  waiting  period  of  about  7  days  and 
then  tlie  tensile  force  was  applied. 

The  water/cement  ratio  of  the  grout  was  0.5 
and  the  grouting  pressure  was  kept  at  about 
0.2  to  0.5  MN/m*  .  The  pulling  force  was 
applied  in  steps  (LITTLEJOHN,  1981)  by  a 
hollow  ram  jack. 


TEST  RESULTS 
Borehole  Inclination 

Fig.  2  shows  a  typical  borehole  inclination 
(represented  by  dashed  lines).  According  to 
the  measurement  of  inclination  (sensor 
length  about  610  mm),  the  borehole 
inclination  at  each  advancing  length 
ranges  from  23.4  to  27.6  degrees.  The 
average  deviation  away  from  the  designed 
inclination  was  about  1.5  degrees  (Fig.  2). 
On  the  diaphragm  wall,  the  minimum  distance 
among  the  anchors  was  about  1.8  m.  While 
along  the  bond  length  of  each  anchor,  the 
minimum  spacing  calculated  from  the  measured 
inclination  was  about  1.5  m. 


DISTANCE  FROM  ANCHOR  HEAD.  M 


Fig.  2:  Borehole  Inclination  after  Driven 
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Distribution  of  Tensile  Load 


A  typical  distribution  of  tensile  forces  in 
strands  and  average  skin  friction  along 
grout-soil  interface  are  represented  in  Fig. 
3.  The  bond  length  indicated  on  the 
horizontal  axis  refers  to  the  position  of 
the  packer.  The  skin  friction  was  obtained 
from  the  difference  of  forces  at  two 
neighboring  points  divided  by  the 
circumferential  area  of  the  grouted  body.  It 
is  observed  that  the  transmitted  forces  have 
decreased  from  the  front  to  the  rear  part 
of  bond  length  (Fig.  3A)  and  the  distributed 
forces  have  increased  when  the  load  was  kept 
constant  for  a  period  of  time  ( about  5 
minutes).  It  is  also  found  that  as  the  load 
was  kept  constant  at  high  loading  steps,  the 
decrease  of  skin  friction  in  the  front  part 
is  accompanied  by  the  increase  of  skin 
friction  in  the  rear  part  of  bond  length 
(Fig.  3B ) .  It  must  be  kept  in  mind  that  the 
test  anchors  have  passed  through  non- 
-homogeneous  soils,  i.e.,  the  first  6  m  of 
bond  length  was  in  tlie  layer  of  medium  dense 
silty  fine  sand  and  the  remaining  16  m  was 
in  the  layer  of  silty  clay  or  clayey  silt. 
The  behavior  of  test  anchors  shows  a  similar 
phenomenon  as  that  disclosed  in  the 
research  for  non-cohesive  soils  (OSTERMAYER 
and  SCHEELE,  1977). 


-2.0  2.0  6.0  10.0  1«.0  16.0  22.0 
BOND  LENGTH,  M 


The  progressive  failure  phenomenon  was 
found  when  the  load  applied  was  approaching 
300  kN.  It  is  indicated  from  Fig.  3  that  the 
first  10  m  of  the  bond  length  was  enough  to 
carry  most  of  the  design  load.  An  important 
issue  is  to  maintain  the  grout-soil 
interface  well  bound. 

Continual  observations  on  this  field 
test  were  performed  from  February  to  June, 
1987  The  excavation  work  went  on  until  the 
end  of  April.  The  load  cell  readings  with 
respect  to  time  are  shown  in  Fig.  4.  There 
was  a  sudden  increase  of  tensile  force  in 
the  anchor  head  due  to  3  m  depth  excavation 
near  the  test  site  at  the  end  of  March  ( 40 
days  after  February  14).  The  readings  of 
strain  gauges  with  respect  to  time  are  shown 
in  Figs.  5,  6,  and  7.  It  was  observed  that 
the  influence  of  excavation  can  be 
immediately  detected  only  in  the  gauges  of 
anchor  number  6  (1.8  and  4.5  m  away  from 
packer  in  Fig.  7).  The  results  given  by  the 
other  strain  gauges  (over  7  m  away  from 
packer)  have  shown  that  the  tensile  force 
increased  gradually  at  beginning,  and  then 
became  steady  after  the  end  of  May  (about 


Fig.  4:  Load  Cell  Readings  with  Respect 
to  Time 
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Fig.  3:  Tensile  Load  and  Skin  Friction 
Distribution  along  Bond  Length 


Fig.  5:  Strain  Gauge  Readings  with  Respect 
to  Time  (Test  Anchor  No.  1) 
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iOO  days  after  February  14).  It  is  noted 
that  the  tensile  load  in  anchor  number  3 
decreased  after  excavation  (Fig.  4).  The 
readings  of  strain  gauges  at  7.6  m  from 
packer  were  also  affected  by  this  decrease 
of  tensile  load  (Fig  6).  It  has  also  been 
found  that  most  of  the  anchor  load  was  taken 
by  the  first  10  m  of  bond  length  at  long 
term  condition. 

Group  Effect 

In  order  to  know  the  group  effect  and  stress 
interaction  among  these  anchors,  the  stress 
condition  was  recorded  for  all  the  anchors 
when  one  of  the  anchors  was  being  loaded.  It 
is  worth  noticing  that  a  particular  test 
sequence  was  arranged  to  assure  meaningful 
comparison,  i.e.,  the  center  one  in  test 
group  (number  4  in  Fig.  1)  was  loaded  until 
all  the  others  had  been  Installed.  Comparing 
the  test  results  before  and  after  pulling 
the  anchor  number  4  (Table  II),  there  was  a 
very  small  difference  between  these  two  test 
data.  The  maximum  value  of  the  difference 
was  about  22  microstrains  (0.5  kN).  The  same 
phenomenon  was  also  detected  in  the  other 
test  cases. 
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Fig.  6;  Strain  Gauge  Readings  with  Respect 
to  Time  (Test  Anchor  No.  3) 


Fig.  7:  Strain  Gauge  Readings  with  Respect 
to  Time  (Test  Anchor  No.  6) 


Table  II:  Strain  Gauge  Readings  (microstrain)  Before  and  After 
Pulling  Test  Anchor  Number  4 


I - 1 - - - - - 1 

I  Test  I  Strain  Gauge  Position  measured  from  Packer,  m  ( 

I  No.  I  3.8  1  7.6  T  11.4  T  15.2  T  19.0  I 

I  1  I  -  I  938(932)  I  346(341)  I  200(205)  1  -  I 

I - 1 - 1 - 1 - 1 — - - 1 - 1 

I  2  I  -  I  593(598)  I  349(335)  I  122(139)  I  347(325)  I 

I  3  I  -  I  2376(2378)  1  -  I  -  11581(1583)1 

I  5  I  -  1  2162(2144)  I  1688(1676)  1  -  I  329(347)  I 

1  6  1  -20 (-14)  1  58(58)  I  -29  (-27)  I  -45  (-45)  I  -107  (-104)  ( 

I - 1 - 1 - ^..j - 1 - 1 - 1 

I  7  1  39(36)  I  6(5)  1  19(19)  1  -19  (-17)  1  -46  (-44)  I 

1 - ' - ' - ’ - ' - * - ( 

I  Note:  (  ):  reading  after  pulling  test  anchor  4.  I 

I _ _ _ _ _ I 


For  a  nearest  spacing  of  about  1.5  m 
along  bond  length,  the  stress  interaction 
among  the  test  anchors  was  very  small  when 
loading  and  unloading  each  one  of  them. 
Therefore,  the  influence  of  group  effect  was 
negligible. 

CONCLUSIONS 

After  investigating  the  behavior  of  ground 
anchors  in  Taipei  Sedimentary  Soil,  similar 
phenomenon  was  observed  as  that  in  non- 
cohesive  soil  (OSTERMAYER  and  SCHEELE, 
1977).  The  average  deviation  away  from  the 
designed  inclination  was  about  1.5  degrees. 
The  first  10  m  of  bond  length  can  carry  most 
of  the  maximum  tensile  load  if  the  grout- 
soil  interface  was  well  bound.  For  a  nearest 
spacing  of  about  1.5m  along  bond  length 
between  testing  anchors,  the  stress 
interaction  among  them  was  very  small  and 
the  influence  of  group  effect  was 
negligible.  After  five  month  observation, 
it  is  expected  that  these  long  term 
instrumentation  results  will  help  in 
understanding  the  behavior  of  ground  anchors 
due  to  excavation  effect.  Because  of  the 
limited  monitoring  period,  the  influence  of 
soil  creep  to  the  behavior  of  ground  anchors 
was  not  fully  understood  and  a  further  study 
is  recommended. 
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SYNOPSIS:  Due  to  severe  right  of  way  restrictions  associated  with  the  relocation  and  widening  of 
Interstate  8?  in  Atlanta  Georgia,  a  special  post- tens i oned  caisson  retaining  wall  was  constructed 
within  12  inches  of  an  adjacent  parking  garage  and  office  building.  National  Foundation  Company's 
design  for  the  twenty  foot  high  retaining  structure  was  used  in  lieu  of  an  L-shaped  cantilevered 
concrete  retaining  wall  that  required  extensive  temporary  shoring  for  cons t rue t i on .  The  caisson 
wall  was  instrumented  and  monitored  during  and  after  construction  using  slope  indicators  and 
optical  survey. 


PROJECT  BACKGROUND 

For  the  past  several  years,  the  Georgia 
Department  of  Transportation  has  been  involved 
in  a  rebuilding  program  requiring  major  widening 
of  the  existing  right-of-way  for  the  Atlanta 
freeway  system.  In  the  first  extensive  use  of 
Permanently  Anchored  Retaining  Walls  by  a  state 
highway  department,  Georgia  has  implemented  cost 
effective  alternatives  to  more  traditional 
methods  of  retaining  wall  construction. 


In  1981,  the  Georgia  Department  of 
Transportation  let  a  S63,000,000  contract  to 
rebuild  the  Brookwood  Interchange  where 
Interstates  75  and  85  meet  on  the  north  side  of 
Atlanta.  Part  of  the  work  involved  relocating 
portions  of  Interstate  85.  The  old  highway  was 
to  remain  in  service  parallel  to  the  new 
Interstate,  and  would  serve  as  a  four-lane 
feeder  road.  The  width  and  alignment  of  old 
1-85  were  changed  in  some  locations,  including 
the  area  of  the  subject  project.  Grade  at  this 


FIGURE  1.  PROPOSED  RETAINING  WALL  LOCATION 
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location  was  lowered  c’O  feet  bat  the  roadway 
shoulder  was  only  5-1/8  feet  from  an  existing 
masonry  wall.  Behind  this  wall  was  a  four  story 
parking  deck  servicing  an  attached  eleven  story 
□  ■^fice  building  (see  f-'igure  1.) 

The  original  design  drawings  issued  by  the 
Georgia  DOT  called  for  sheet  piling  to  be  driven 
to  refusal  adjacent  to  the  masonry  wall.  The 
contractor  was  requi’ed  to  design  the  bracing 
for  the  sheet  piling  to  temporarily  support  the 
excavation  while  a  concrete  cantilever  retaining 
wall  was  constructed.  The  cantilever  wall  was 
designed  as  an  L-shaped  structure  due  to  severe 
right-of-way  limitations  which  prevented 
construction  of  the  heel  of  the  footing.  To 
adequately  support  the  wall,  the  footing  was  to 
be  founded  on  bedrock  at  a  depth  of 
app r o X 1 ma te 1 y  40  feet  below  grade.  Figure  8 
illustrates  the  locations  of  the  proposed 
temporary  and  permanent  retaining  structures. 
Because  the  new  roadway  was  only  80  feet  below 
existing  grade,  SO  feet  of  additional  excavation 
below  design  subgrade  and  then  80  feet  of 
backfill  would  have  been  required  to  construct 
the  L-shaped  wall  on  rock. 

EXISTING 


FIGURE  2.  ORIGINAL  RETAINING  WALL  SCHEME 


The  contractor  designed  a  system  of  struts  and 
reaction  piles  to  support  the  sheeting  during 
construction  of  the  cantilevered  wail.  During  a 
review  of  the  shoring  design,  questions  arose 
concerning  the  magnitude  of  possible  lateral 


deflections.  The  Georgia  DOT  requested  tn^t  the 
contractor  investigate  the  use  of  temporary 
tiebacks  rather  than  struts  to  support  the 
sheeting.  It  was  believed  that  prestressed 
tiebacks  would  greatly  reduce  lateral  movements 
during  excavation.  Unfortunately,  the  owner  of 
the  adjacent  building  would  not  grant  subsurface 
easements  even  for  temporary  tiebacks. 

National  Foundation  Company  was  originally 
requested  to  prepare  a  cost  estimate  for 
installing  the  temporary  tieback  wall.  When  the 
subsurface  easement  problem  arose,  National 
Foundation  proposed  an  entirely  different  scheme 
to  limit  the  anticipated  deflections.  This 
scheme  vjas  based  upon  constructing  the  temporary 
and  permanent  walls  as  one.  The  proposed  design 
limited  the  required  excavation  to  cD  feet,  or 
only  the  amount  necessary  to  reach  road  grade. 
This  design,  which  the  Georgia  DOT  eventually 
accepted,  is  illustrated  on  Figure  3  and 
consisted  mainly  of  the  following  components: 

1.  Fifty  caissons,  48  inches  in  diameter, 
drilled  from  the  ground  surface  to  rock. 
These  reinforced  caissons  were  installed 
either  tangent  to  each  other  or  spaced 
18  to  15  inches  apart  to  form  a 
continuous  structural  wall. 

8.  Fifty  pos t - tens l oned  rock  anchor  tendons 
which  were  installed  through  a  draped 
conduit  cast  into  the  caissons.  Below 
the  caissons,  the  tendons  were  anchored 
into  the  underlying  granite  gneiss 
bedrock  which  was  drilled  through  the 
conduit  from  the  ground  surface.  When 
stressed,  the  draped  tendons  imposed  an 
eccentric  load  on  each  caisson.  This 
load  induced  a  moment  which  moved  the 
top  of  the  caisson  backward  towards  the 
bu i 1 d 1 ng , 

WALL  DESIGN 

The  wall  design  was  performed  by  Law/Geoconsu 1 t 
International  and  required  extensive 
coordination  between  geotechnical  and  structural 
personnel  due  to  the  complex  so i  1 /structure 
interaction  mechanisms  involved. 

Def lection  Ca 1 cu 1  at  ions 

Extensive  deflection  estimates  were  calculated 
to  assess  the  effectiveness  of  the  post- 
tensioned  caisson  concept  in  advance  of  design. 
These  estimates  were  based  on  elastic  analyses 
of  caisson  deflection  using  a  horizontal  modulus 
of  subgrade  reaction  recommended  by  Terzaghi  (1) 
and  compared  with  estimates  prepared  for  the 
sheet  pile  and  strut  system.  The  deflection 
estimates  for  the  wall  were  based  on  theory 
presented  by  Kocsis  (8). 

The  designers  estimated  that  the  temporary  sheet 
pile  and  strut  system  originally  designed  for 
the  site  would  deflect  about  1.4  inches  at  the 
top  of  the  wall.  The  Georgia  DOT  felt  that  this 
estimate  might  be  optimistic.  In  any  case,  they 
felt  that  deflections  should  be  less  than  about 
0.75  inches  to  keep  settlement  of  the  adjacent 
masonry  wall  within  acceptable  limits.  There 
was  also  concern  for  the  adjacent  parking  garage 
since  visual  inspection  of  the  drilled  shafts 
supporting  the  structure  indicated  deterioration 
and  cracking. 
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FIGURE  3  POST-TENSIONED  CAISSON  RETAINING  WALL 


Deflection  calculations  for  the  caisson  wall 
were  performed  using  super pos i t i on  of  elastic 
theory  for  the  combined  effects  of  surcharge, 
earth  pressure,  and  po s t - t ens i on i ng .  These 
effects  were  assumed  to  generate  movements 
related  to  c ant i 1  ever i ng  as  well  as  rotation  and 
deflection  expected  at  the  ground  line. 

Deflection  estimates  for  the  caisson  wall 
governed  the  caisson  diameter  and  spacing 
with  the  limited  right-of-way  as  the  critical 
factor.  Deflection  estimates  at  the  top  of  the 
wall  were  0.7  inches  for  the  final  design 
caisson  diameter  of  42  inches. 

Earth  Pr essure  Assump t i ons 


The  specified  at-rest  ( Ko )  earth  pressure 
distribution  was  added  to  calculated  surcharge 
loading  based  on  the  Boussmesq  (3)  strip 
loading  solution,  doubled  to  account  for  stress 
reflection.  Interestingly,  the  passive 
resistance  against  the  caissons  below  grade  was 
estimated  based  on  the  elastic  horizontal 
subgrade  modulus  reactions,  with  an  assumed 
point  of  fixity  at  the  bottom  of  the  caissons  or 
at  the  top  of  rock.  The  passive  effect  was 
considered  a  resistance  rather  than  an  actual 
load  since  the  point  of  fixity  was  assured  by 
the  pos t - 1 ens i on  1 ng  tendons  and/or  caisson  rock 
sockets.  The  resulting  passive  distribution  was 
triangular  shaped  with  zero  points  at  the 
excavation  line  and  at  the  rock  line.  The 
designers  were  comfortable  with  this 
conservative  assumption  since  they  felt  that 
this  distribution  better  modeled  the  actual 
loading  conditions.  It  was  felt  that  the 
classical  triangular  distribution  which 
increases  from  zero  to  a  maximum  at  the  bottom 
of  the  structure  might  overestimate  the  amount 
of  resistance  available. 

The  groundwater  table  was  located  far  below 
final  excavation  grade  near  to  top  of  the 
bedrock,  so  hydrostatic  pressures  we^'e  not  added 
to  the  earth  pressure  diagram.  However, 
positive  drainage  was  provided  through  the  wall 
to  prevent  any  accumulation  of  water. 

Sjt r  uc  tur a  1  and  Geo  techn  i  ca  I  Design 

The  structural  design  relied  on  theory  presented 
by  Kocsis  for  the  determination  of  shear  and 

moment.  The  specified  at-rest  earth  pressures 
and  the  assumed  surcharge  loads  were  used  to 
size  the  caisson  re i nf orcement  and  post¬ 
tensioning  loads.  The  location  of  the  post- 
tensioning  ducts  was  governed  by  the  caisson 
geometry.  The  ducts  were  placed  as  far  to  the 
rear  of  the  caissons  as  possible  to  maximize  the 
eccentricity  and  the  moment  generated  by  the 
tendons.  However,  the  ducts  were  moved  toward 
the  center  of  the  caisson  near  the  top  of  each 
shaft  and  reinforcing  was  added  to  overcome 
excessive  shear  at  the  back  of  the  caissons. 
Concrete  strengths  of  5000  psi  were  required  for 
the  caissons  to  resist  the  combined  stresses. 

The  rock  anchor  tendons  consisted  of  up  to  20- 
0.6  inch  diameter  steel  strands.  Maximum 
working  load  was  about  845  kips.  The  tendons 
were  up  to  88  feet  in  length  with  drill  holes 
extending  from  25  to  30  feet  into  sound  rock 
below  the  bottom  of  the  caissons. 

A  provision  was  made  for  caisson  rock  sockets 
when  calculations  indicated  that  fixity  could 
not  always  be  achieved  with  the  available  soil 
embedment  indicated  by  the  borings.  The  sockets 
were  designed  to  be  1  or  2  feet  deep,  depending 
on  the  depth  at  which  sound  bedrock  was 
encountered . 


Earth  pressures  were  calculated  using  assumed 
soil  parameters  based  on  standard  penetration 
testing  performed  in  the  silty  sands  and  sandy 
silts  located  at  the  site.  No  shear  strength 
tests  were  performed  on  samples  from  the 
borings.  However,  the  designers  had 
considerable  experience  in  these  soils,  so  the 
assumed  value  for  the  angle  of  shearing 
resistance  of  20  degrees  had  a  high  degree  of 
confidence  associated  with  it. 


Positive  drainage  was  provided  along  the  wall 
with  the  use  of  a  prefabricated  drainage  board 
placed  between  the  caissons  where  they  were  not 
tangent.  At  tangent  caissons,  slotted  PVC  pipes 
were  covered  with  filter  fabric  and  placed  in 
drilled  holes  at  the  point  of  tangency  at  5  foot 
vertical  intervals  and  attached  to  vertical  PVC 
pipes.  The  drainage  board  and  vertical  PVC 
pipes  were  connected  to  weep  holes  through  the 
New  Jersey  barrier  at  the  base  of  the  wall. 
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A  c as t -  1 n-p 1  ace ,  12  inch  thick  reinforced 

conc-ete  facing  was  designed  for  the  wall.  The 
facing  consisted  of  19  to  32  foot  wide  segments. 
These  segments  were  cast  around  steel  shear 
stads  that  were  drilled  and  epoxied  into  the 
caissons.  The  facing  was  provided  with  a 
rusticated  finish  to  architecturally  match  the 
adjacent  conventional  retaining  walls. 


CONSTRUCTION 

Construction  began  in  July  of  1984,  and  took  a 
total  of  8  months.  Five  months  were  required  to 
construct  the  caissons  and  rock  anchor  tendons. 
The  remaining  time  was  used  to  excavate  in  front 
of  the  wall  and  pour  the  concrete  facing.  The 
first  phase  of  work  was  to  drill  the  caissons, 
which  averaged  42  feet  long  from  the  ground 
surface  to  the  top  of  reck.  Forty-two  inch 
diameter  rock  sockets  in  the  hard  granite  gneiss 
were  cored  for  25  of  the  caissons.  The  sockets 
were  generally  1  or  2  feet  in  depth,  although 
three  of  the  caissons  had  sockets  of  4,  4.5,  and 
o  feet  in  length  where  seamy  rock  was 
encountered.  The  reinforcing  cages  were 
fabricated  in  advance  with  the  draped  metal 
po 5 1 - t ens 1  on i nq  ducts  tied  into  the  proper 
position.  The  cages  were  lowered  into  the  drill 
holes,  and  concrete  was  pumped  from  the  bottom 
UP,  maintaining  the  void  space  in  the  post- 
tensioning  ducts.  Ulhen  the  caisson  concrete  had 
sufficiently  cured,  a  rotary  hydraulic  drill  rig 
was  positioned  over  the  ducts  to  drill  the  rock 
anchor  sockets.  The  drill  tools,  consisting  of 
a  6  inch  diameter  down- the-ho 1 e  hammer  and  3 
inch  diameter  drill  rods  were  first  lowered 
through  the  draped  ducts  to  the  bottom  of  the 
caissons.  The  25  to  30  foot  sockets  were  then 
drilled  into  sound  bedrock. 


Water  pressure  tests  were  performed  in  the  rock 
anchor  sockets  to  determine  the  relative 
permeability  of  the  bedrock.  When  these  tests 
all  indicated  water  takes  beyond  the  specified 
limits,  the  holes  were  grouted  for  water 
tightness  and  redrilled. 


FIGURE  5.  ROCK  ANCHOR  TENDONS 


The  rock  anchor  tendons  were  prefabricated  and 
delivered  to  the  job  by  truck.  The  individual 
strands  were  "basketed"  around  centralizers  in 
the  bond  length  to  maintain  at  least  1/2  inch  of 
grout  cover  over  the  steel.  The  tendons  were 
placed  with  the  aid  of  a  crane.  Primary  grout, 
consisting  of  a  plain  cement-water  mix  was 
injected  through  a  plastic  tube  placed  to  the 
bottom  of  the  rock  anchor  sockets,  A 
predetermined  quantity  of  the  mix  was  injected 
to  fill  only  the  bond  length  of  the  anchor. 

After  allowing  the  primary  grout  to  cure, 
bearing  piate«H  were  installed  at  the  top  of  the 


FIGURE  4.  CAISSON  DRILLING 


FIGURE  6.  EXCAVATION  IN  FRONT  OF  WALL 


caisson's  at  an  angle  peroenai-i.iUiir  t  3  the  d»ape 
o the  tendofi^.  Tne  ■’oci*  ancrhoria  we^'e  tested  to 
1.5  ti-nes  desi;:r  load  ^^.ip  to  1 860  k  i  ps  > 

u  s  i  ng  a  large  ce-'!*‘pr  hole  hvr;''aulix':  jack,  wh  1  c  h 
pulled  all  of  the’  a^'^anos  s  1  1  t  aneous  1  v  .  Once 

the  anchors  vsiere  rested  and  locked  off  at  design 
load,  the  strands  were  cut  and  the  ducts 

were  filled  with  secor'idar,  Q'out.  "^he  beari  ng 
plates  and  anchor  heads  were  encased  in  non- 
Shrink  qrout  for  corrosion  protection. 


E  X c  a va  t i 
SOI  1  was 
two  sepa 
drainage 
and  tne 
ho  1 es  G r 
e  X  c  a  V  a  t  1 
for  the 
The  weep 
bar  r  1  er 


on  was  per 


:  h  r  ee  lifts. 


’■emoved  •^''on  the  face  of  the  caissons, 
rate  ope’' at  ions  took  place.  The 
hoard  or  PvC  drainage  pipes  were  placed 
steel  shear  studs  were  epoxied  into 
illed  into  the  caissons.  When  the 
on  was  cQhnlete,  the  reinfo-'cing  steel 
fascia  was  tied  and  the  facing  was  cast. 

holes  were  cast  through  a  New  Jersey 
which  was  slip-formed  along  the  base  of 


FIGURE  8.  CONSTRUCTION  OF  CONCRETE  FACING 


FIGURE  7.  CAISSONS  AND  DRAINAGE  BOARD 


FIGURE  9.  COMPLETED  RETAINING  WALL 


INSTRUMENTAT ION 

An  instrumentation  program  was  implemented  by 
the  Georgia  DOT  to  document  the  performance  of 
the  structure  and  to  provide  early  warning  of 
unexpected  behavior.  The  instrumentation  also 
provided  a  means  to  assess  the  adeauacy  of  the 
design  including  checking  design  assumptions. 

The  1  ns t r umen t a t 1  on  mainly  consisted  of  slope 
indicator  casings  placed  in  four  of  the 
caissons.  Caisson  numbers  16,  20,  37,  and  44 
had  steel  pipes  tied  to  the  reinforcing  steel 
cages  and  cast  into  the  shafts.  Inclinometer 
casings  were  then  grouted  inside  the  steel 
pipes.  Also,  optical  survey  measurements  were 
perfo^'med  at  various  locations  along  the  wall  to 
check  for  settlement  and  tilting. 


Several  inclinometer  measurements  were  made  at 
each  caisson  location  to  establish  a  baseline 
for  the  movements.  These  measurements  were 
taken  several  weeks  before  stressing  of  the 
post -tens i on  1 ng  tendons  or  excavation  in  front 
of  the  wall.  Three  readings  were  also  made  on 
the  day  that  the  instrumented  caissons  were 
stressed.  These  included;  1)  before  stressing, 
2)  at  150  percent  of  design  load,  and  3)  at 
design  load.  The  i nstrumentat 1  on  was  read  on  a 
weekly  basis  before,  during,  and  after 
construction  for  a  total  period  of  9  months. 

The  instruments  were  read  monthly  for  a  further 
period  of  5  months.  The  next  readings  were  made 
at  6  month  and  I  year  intervals.  The 
instruments  were  last  read  in  June  1997,  more 
than  2  years  after  the  completion  of 
cons t  rue  t i on . 


The  inclinometer  data  prcvidecl  the  deflected 
shapes  of  the  inst’'u.'rie:'*-ed  caissons.  Plots  of 
the  de'^lected  caissons  are  snown  on  Figures  10, 
11,  15,  and  13.  Ths^  exaggerated  horizontal 

scale  of  these  fiqu'-es  the  evolution  of  the 

deflected  profile  at  imc.c’'tant  milestones 
throughout  constructic-  and  up  to  the  most 
Current  readings. 

The  shafts  re^ocnded  to  the  po s t - t ens i on i ng  by 
bowing  Dac'-.warg  towar'js  toe  parking  ga’"aqe  at 
the  top  and  bulging  cut'-^a^d  at  ap  p  r  o  x  i  ma  t  e  i  v 
mia--depth.  Toe  r  esu  1  t  i  ng  shape  was  a  smooth 
Curve  which  locked  like  an  archery  bow.  When 
the  SO  ■^oot  excavatiQri  was  performed  to  road 
grade  in  front  of  the  wall,  the  released 
confinement  allowed  the  tops  oT  the  caissons  to 
bow  backwards  an  additional  amount  towards  the 
parking  garage  (especially  where  the  caissons 
were  not  tangent . )  The  caissons  then  deflected 
and  rotated  outward  in  n^^ponse  to  earth 
pressure  after  excavation.  However,  the  post- 
tensioning  forces  were  high  enough  to  maintain 
tne  caissons  in  a  permanently  bowed 
configuration.  Maximum  outward  deflections  of 
0.S5  to  0.30  inches  were  measured  app r o x i ma t e 1 y 
at  roadway  grade.  The  tops  of  the  caissons  are 
Currently  located  either  at  their  original 
installed  positions  or  slightly  more  towards  the 
parking  garage  than  when  first  installed. 


Approximately  55  to  65  pe-'cent  of  the  outward 
movement  of  the  caisso'^'s  uccurred  within  8  weei-s 
a'^'ter  excavation  was  ..  Oit:c  1  e  t  e  .  In  general, 
these  movements  orcurrpg  uniformly,  indicating  a 
gradual  applicatiori  o-t  earth  pressure  to  the 
wall  over  an  exter-ded  period  of  time. 

Caisson  5S  experienced  ,?  ^h  i  f  in  the 
inclinometer  casing  at  a  depth  of  37  feet, 

15  days  after  stressing.  This  caisson  contained 
the  deepest  rock  socket  i6  feet)  on  the  project. 
Very  seamy  rock  was  encountered  during  the 
drilling  of  this  caisso''  (a  verv  hard  zone  was 
drilled  immediately  above  a  soft  zone.)  The 
inclinometer  casing  shift  apparently  followed 
the  caisson's  response  to  the  application  of  the 
pos t - tens i on 1 ng  load  in  these  subsurface 
cond 1 t ions . 

CONCLUSIONS 

1.  The  design  and  c  O'^s  t  r  uc  t  i  on  of  the  wall 

provided  a  cost  effective  alternative  to  more 
traditional  methods.  The  scheme  used  for 
this  wall  was  advantageous  because: 

a.  The  wall  was  built  from  the  "top  down.' 
No  temporary  shoring  was  necessary 
Pecause  the  caissons  and  rock  anchor 
tendons  were  jn  place  and  functioning 
prior  to  the  start  of  excavation. 
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FIGURE  10  SLOPE  INDICATOR  RESULTS 


FIGURE  11.  SLOPE  INDICATOR  RESULTS 
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FIGURE  12  SLOPE  INDICATOR  RESULTS 

b.  ! +:  not  neces^-ary  to  excavate  20  feet 

of  the  40  foot  Cut  originally  planned. 
This  was  significant  because  a  sensitive 
structure  was  located  immediately  behind 
the  !.■;  a  I  I  . 

c.  The  rock  anchor  tendons  did  not  extend 
behind  the  rear  face  of  the  wail.  This 
feature  is  noteworthy  in  urban 
environments  where  it  is  often  difficult 
to  obtain  easements  under  adjacent 
prope’’  t  les. 

2.  The  wall  did  not  deflect  outward  at  the  top 
as  much  as  anticipated,  although  the  pre- 
excavation  response  to  pos t - t ens i on i ng  was 
predicted  accurately  during  iesign.  The 
caissons  responded  to  the  pos t - 1 ens 1  on i ng  by 
deflecting  baci<  towards  the  parking  garage  at 
the  top;  and  bv  bulging  outward  at 
approximately  mid-depth.  The  bowed  shap*-’ 
became  more  pronounced  after  excavation  was 
performed  in  front  of  the  wall.  The  post- 
tensioninq  force  was  apparently  large  enough 
to  retain  the  bowed  shape  throughout  the 
project,  even  after  the  application  of  earth 
pressure.  This  loc^ed-in  shape  was 
responsible*  for  the  reduced  outward 
deflections  observed  at  the  tops  of  the 
c  a  1 sso  ns . 


FIGURE  13.  SLOPE  INDICATOR  RESULTS 
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Model  Test  of  Reinforced  Earth  Retaining  Wall 
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SYNOPSIS:  Reinforced  Earth  techniques  are  fast  growing  procedures  within  geotechnical  engineering 
practice.  The  case  and  flexibility  of  the  techniques  make  them  widely  accepted.  In  the  last  two 
decades,  considerable  advances  have  been  realized  in  utilization  of  concepts  in  retaining  struct¬ 
ures.  The  analysis  and  design  procedures  for  earth  reinforced  retaining  walls  had  been  exercised 
within  Rankin  and  Mohr  Coulomb  theory.  An  earth  retaining  model  wall  was  designed  according  to  Mohr 
Coulomb  theory  with  minimum  factor  of  safety.  The  wall  was  constructed  in  the  laboratory  in  much 
the  same  way  as  the  large  walls  in  the  fields.  The  wall  was  then  brought  to  failure  by  surcharge 
loading,  during  which  wall  behavior  was  monitored.  The  maximum  surcharge  load  that  induced  failure 
and  the  mode  of  failure  was  observed.  Stresses  in  the  reinforcement  strips  were  compared  with  those 
predicted  by  the  theory.  The  efficiency,  usefulness  and  conservativity  of  the  technique  was  out- 
1 ined . 


INTRODUCTION 

In  the  last  five  years,  thousands  of  miles  of 
first  class  highways  were  constructed  in  Saudi 
Arabia.  Some  were  found  along  the  desert  flats 
and  others  were  located  in  steep  mountainous 
terrain.  Due  to  the  rapid  construction  of  this 
comprehensive  development,  a  great  need  for 
flexible,  inexpensive  con ve n i e n t - to-bu i Id 
retaining  structures  arose.  Some  of  these 
structures  were  constructed  quickly  and 
occasionally  on  poor  foundation  conditions. 

Reinforced  eartii  retaining  walls  were  consider¬ 
ed  at  various  locations.  Reinforced  earth  is  a 
construction  material  composed  of  soil  fill 
reinforced  with  rods  bars  of  the  like  to 
strengthen  the  soil  and  increase  its  frictional 
resistance.  Vidal  since  the  early  sixties 
developed  the  concept  of  reinforced  earth;  and 
demonstrated  the  beneficial  effects  of  adding 
small  amount  of  fibrous  material  to  soil. 

DESCRIPTION  OF  THE  STRUCTURE 

A  sketch  of  the  key  component  of  a  representa¬ 
tive  earth  reinforced  model  is  shown  in  Figure 
1.  The  main  items  of  the  wall  are  the  backfill 
materials,  face  units  and  the  reinforcing  ele¬ 
ments.  The  backfill  material  is  characterized 
by  its  friction  properties  and  density.  Face 
units  need  not  be  of  a  particular  strength  so 
that  fabric,  metal  or  precast  concrete  units 
are  commonly  used  and  generally  referred  to  as 
the  skin  (Lee,  Adams  and  Vagneron  1973).  The 
size  and  type  of  the  face  elements  is  determin¬ 
ed  by  handling  convenience,  esthetics,  cost  and 
technique  employed.  The  reinforcing  elements 
which  are  normally  known  as  ties  are  selected 
by  their  resistance  to  corrosion  and  must  be 
strong  enough  to  prevent  failure  by  breaking  in 
tension.  They  are  sized  in  such  a  way  as  to 
prevent  failure  of  the  structure  by  preventing 
extraction  of  the  ties  (pull  out  resistance). 

FAILURE  MODES  OF  THE  WALL 

Failure  of  reinforced  earth  retaining  wall  may 


B 


Fig,  1  Design  e' ament  of  the  wall 


take  place  due  to  one  or  more  of  the  modes 
described  below. 

Failure  of  the  wall  by  slipage  along  a  sliding 
wedge  in  the  soil  mass  due  to  either  failure  in 
bond  and/or  tension  of  the  reinforcing  ties. 
This  mode  of  failure  seems  to  be  the  most 
commonly  occuring  mode  of  failure  observed  from 
model  test  results  (Lee  et  al  1973  ,  Lee  1976  , 
Banerjee  1975,  Al  Hussaini  and  Perry  1978, 
Ingold  1981,  1982). 

Other  failure  mode  of  the  reinforced  earth 
retaining  wall,  may  be  due  to  failure  of  its 
foundation.  Such  failure  may  occur  when  the 
load  intensity  on  the  foundation  becomes  more 
than  the  allowable  bearing  pressure  of  the 
foundation  material.  Skin  units  may  also  fail 
due  CO  increased  lateral  earth  pressure  from 
possible  rise  of  pore  water  pressure  developed 
in  the  backfill  material,  if  drainage  by  some 
means  becomes  blocked . 
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Once  the  internal  stability  requirements  of  the 
wall  have  been  satisfied,  the  external  stabili¬ 
ty  of  the  wall  presumed  to  act  as  a  solid 
gravity  mass  against  circular  slip  failure 
requires  investigation  as  another  possible  mode 
of  failure. 

DESIGN  CONCEPT 

To  solve  any  problem  of  soil  mechanics,  the 
basic  governing  equation  "constitutive  relat¬ 
ions"  tor  the  soil  must  be  defined.  Cormulat- 
ion  of  such  constitutive  relations  fo  sophis¬ 
ticated  soil  behavior  including  threa  dimen¬ 
sional  anisotropic  elas Lo-plas t ic  constitutive 
relations  were  already  advanced  (Prevost,  1978, 
Yennis  Oafalias  1982,  Stipho  1985).  Herein, 
the  model  wall  under  study  was  designed  and 
idealized  using  a  simplified  model  behavior 
such  as  the  Mohr  Coulomb  criteria  where, 

I  I 

T  =  C  +  0  ^  tan  1  ( 1 ) 

T  =  Shear  stress  on  slip  plane 

C  =  apparent  cohesion 
0^  =  normal  stress,  and 

;  =  angle  of  internal  friction. 

The  prime  (  '  )  indicates  that  the  parameter  an 
effective  terra. 

This  model  wall  was  designed  to  have  a  minimum 
factor  of  safety  (F.S.  =  1)  against  snapping  of 
strips.  It  was  assumed  that  sufficient  amount 
of  lateral  movement  during  construction  takes 
place  for  the  mobilization  of  the  skin  friction 
between  the  strips  and  the  backfill  material  to 
develop  an  active  wedge  failure. 

In  this  analysis  failure  of  the  foundation  and 
the  skin  was  considered  not  critical  because 
the  model  wall  was  built  in  the  laboratory 
using  precast  concrete  skin  units.  Within  this 
context  the  wedge  failure  occurs  along  the 
failure  plane  AS  (Figure  1)  passing  through  the 
toe  and  inclined  at  an  angle  0  to  the  horizon¬ 
tal  :  where , 


6  = 

^  45°  +  ♦/2 

(2) 

Thus, 

from  consider 

at  ion 

of 

equilibrium. 

the 

sum  of 

tensile  forces  in 

the 

re  i  n f  or cement 

(IT) 

per  me t 

re  run  of  the 

wall 

can 

be  found  as: 

IT 

=  i  . 

Cot 

0  . 

tan  (6  -  4  ) 

(3) 

or  IT 

=  i  K,  .  Y  . 

2  ^ 

h2 

(4) 

where : 

IT 

=  represents 

the 

sum 

of  reinforcement 

tension  per  metre  run  of  wall. 


H  =  the  wall's  height 

Y  =  soil's  unit  weight 

_  i  -  Sin  if 
®  1  +  Sin  ♦ 


Similarly  the  tension  in  each  layer  of  rein¬ 
forcement  varies  with  depth,  and  the  maximum 
tension  in  the  mth  layer  at  the  bottom  per 
metre  run  of  the  wall  could  be  given  as 
(Schlosser  and  Vidal  1969); 

T,  =  ^  .  Ka  .  Y  .  H  .  S,  (5) 

where : 

m  =  number  of  reinforcing  layers 

i  =  variable  from  0  to  m 

Sy  =  the  vertical  spacing  between  each 
layer  of  reinforcement. 

This  Tj  should  be  less  than  the  ultimate 
tensile  strength  of  the  j^th  layer  of  reinforce¬ 
ment.  Therefore,  for  a  desired  factor  of  safe¬ 
ty  the  reinforcement  per  metre  run  can  be 
obtained . 

T,  =  f^  .  A  .  (F.S.  =  1)  (6) 

where 

fg  =  the  maximum  tensile  strength  of  the 
strips . 

A  =  cross  section  area  of  the  strip. 

'^si  ”  number  of  strips  per  metre  run  of 
wall  at  ith  layer. 

PULL  OUT  RESISTANCE 

In  the  design  of  a  reinforced  earth  retaining 
wall,  the  check  on  the  likely  bond  stress  along 
the  strip's  effective  length  that  produce 
adequate  pull  out  resistance  is  very  necessary. 
The  effective  strip  length  (L)  is  the  actual 
length  put  to  work  to  resist  the  pull  out.  It 
is  mainly  the  length  beyond  the  proposed 
failure  plane.  The  pull  resistance  depends 
upon  the  strip  size  and  the  angle  of  friction 
between  the  strip  and  the  soil  (i}).  The 
maximum  frictional  resistance  of  the  strips  per 
metre  run  at  depth  (h)  can  be  calculated  as: 

F|.j  =  ( 2  L  .  u)  .  Y  .  h  .  tan  *)  (7) 

^h 

where: 

L  =  effective  length  of  strip 

w  =  width  of  the  strip 

Y  =  backfill  unit  weight 

h  =  height  above  strip's  level 

t  =  angle  of  friction  between  strip  and 
the  backfill  soil 

=  the  horizontal  spacing  of  strips. 

The  total  horizontal  stress  at  the  depth  (h) 
causing  the  pull  out  per  metre  run  can  be 
determined  as: 

Oh  =  Kg  .  h  .  Y  .  Sv  (8) 
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A  reintorceii  earth  retaininq  wall  1.5  m  height, 
1.5  ni  long  and  1.5  in  wide  was  constructed  at 
the  Civil  Kngip.eerinq  Geotechnical  Laboratory 
to  exarriino  the  behavior  of  a  reinforced  earth 
retaininq  wall  during  construction  and  at  fail¬ 
ure.  The  nufibur  and  size  of  the  strips  were 
calculated  from,  equation  (6)  and  were  made  from 
galvanized  steel.  The  strips  had  a  maximum 
tensile  strength  of  120  N/rr.m'  .  The  strips  were 
all  7  mm  in  width  and  0.095  mm  thick.  The 
length  of  each  strip  was  taken  as  0.7  H  or 
equivalent  tc:  1.05  m.  The  skin  elements  were 
made  of  units  15  x  15  x  3  cm  shaped  in  such  a 
way  as  t<i  give  an  interlocking  effect  in  the 
tour  directions  as  shown  in  Figure  2. 


15Cm 


Each  unit  has  an  embedded  steel  connector  to 
which  the  strip  was  tied.  The  fill  material 
used  was  clean,  well  graded  coarse  sand  (G  = 
2.61)  having  an  angle  of  internal  friction  (ii  ) 
equal  to  34.8°,  with  zero  cohesion.  The  soil's 
maximum  dry  unit  weight  (7^)  w- 19.13  KN'/m'* 

with  an  optimum  moisture  content  of  13.2%.  To 
assure  maximum  sand  density  during  the  test,  a 
special  concrete  roller  was  designed  based  on 
the  compaction  efforts  used  during  the  test. 
The  number  of  passes  for  15  cm  lifts  were 
determined  according  to  the  size  and  weight  of 
the  roller  used.  However,  field  density  tests 
were  conducted  every  50  cm  of  the  wall  height 
to  verify  the  value  of  maximum  dry  density. 

The  wall  was  constructed  within  a  steel  framed 
box  witfi  three  sides  made  of  18  mm  thick  clear 
perspex.  The  perspex  sidings  were  used  to 
enable  monitoring  the  shape  and  location  of  the 
shear  plane.  The  galvanized  steel  strips  were 
instrumented  with  strain  gages  connected  to  a 
read  out  station.  The  strain  gages  were  fixed 
on  tne  strips  at  points  where  the  expected 
failure  plane  cuts  at  that  particular  strip 
level.  These  were  used  to  measure  the  tensile 
strength  of  the  strips  at  the  failure  plane 
during  the  test.  The  outward  movements  of  the 
skin  elements  were  also  monitored  by  a  set  of 
mechanical  dial  gages  arranged  and  fixed  on 
rigid  steel  tower  in  front  of  the  wall.  After 
the  desired  height  (1.5  m)  was  reached,  the 
structure  was  left  for  one  week  protected  and 
undisturbed.  A  surcharge  loading  was  then 
presumed  by  applying  linear  surcharge  load  (SL) 
at  D  =  50  cm  away  from  the  face  line,  and 
increased  until  failure  took  place. 


TE^x  OBPERV.'.TICMC 

The  outward  deflection  of  the  skin  at  each 
reference  point  of  the  wall's  height  at  the  end 
of  construction  was  recorded  and  compared  with 
that  value  found  at  the  stage  surcharge  load¬ 
ings  and  failure  (Figure  3).  It  can  be  noticed 
that  very  minor  movements  of  the  skin  took 
place  after  construction  was  complete.  An 
outward  movement,  particularly  at  the  base,  of 
about  1%  of  the  wall's  height  was  recorded  at 
failure.  This  movement  was  sufficient  to 
produce  a  definite  failure  surface  as  indicated 
by  the  offsetting  of  the  backfill  soil  mass. 
The  observed  shear  plane  was  compared  with  that 
assumed  in  the  theory  and  shown  in  Figure  4.  A 
small  deviation  from  the  theoretical  plane  at 
the  bottom  part  of  the  wall  was  noticed.  This 
could  well  be  due  to  the  presence  of  the  ties 
and  disturbance  caused  by  the  leads  of  the 
strain  gages. 


Deflection  of  face  units  x  0.01  (mm  ) 


Fig.  3  Stage  deflection  of  the  wall 


On  the  other  hand  to  clarify  the  assumption 
used  in  the  design  of  ties,  the  state  of  stress 
acting  on  the  wall  at  the  end  of  construction 
and  on  the  ties  was  recorded.  The  data  obser¬ 
ved  from  the  gages,  at  the  theoretical  position 
of  the  shear  surface,  was  compared  with  lateral 
pressure  acting  on  the  same  section  of  the  wall 
at  that  level  and  presented  in  Figure  5.  The 
measured  pressure  seems  to  follow  a  pattern 
reasonably  close  to  the  theoretical,  dotted 
line,  particularly  at  the  top  sections  of  the 
wall.  At  the  bottom  sections  of  the  wall  mixed 
levels  of  stresses  were  observed.  This  indica¬ 
tes  that  the  maximum  tensile  stresses  in  the 
ties  may  not  necessarily  occur  at  the  failure 
plane  as  suggested  by  Lee  et  al  1973. 

The  test  indicates  that  model  wall  supports 
higher  loads  than  predicted  by  theory.  Using 
the  concept  of  surcharge  loading  treated  by 
Schlosser  and  Long  1974;  it  could  be  concluded 
that  this  model  wall  displayed  a  ratio  of 
actual  to  theoretical  load  value  to  1.46.  This 
ratio  is  higher  than  the  ratio,  found  by  Bell 


Distance  from  face  (Cm) 


loading. 

Tensile  St' ess  (KN/fr?) 


Fig.  5  Comparison  between  calculated  and 
observed  stresses  along  the  failure 
plan. 


et  al  1974  testing  fabric  reinforced  earth  wall 
analysed  by  Rankin  theory.  However,  the  model 
wall  demonstrated  the  feasibility  of  the  design 
and  construction  method  of  such  walls.  Apart 
from  the  serious  questions  about  the  boundary 
effect  and  the  friction  constraints  at  the 
sides  of  the  model  test;  it  appears  that  the 
theory  used  can  produce  a  conservative  earth 
reinforced  walls  cheaply. 
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SY.';crsi3:  Five  floors  were  added  to  a  six  storey  building  during  its  construction  without  carrying 

cut  necessary  structural  calculations.  When  such  calculations  were  later  performed  they  revealed  that 
both  the  spread  footing  foundation  and  many  columns  were  unsafe. The  contact  pressure  beneath  footings 
exceeded  the  allowable  soil  pressure. 

The  repair  method  described  in  this  paper  depended  on  disregarding  the  spread  footing  foundation 
and  constructing  a  new  deep  foundation  system  for  the  existing  building.  This  consisted  of  end 
bearing  bored  piles  drilled  and  cast  in  the  voids  between  the  footings  using  a  special  low  rise  rig. 
The  piles  were  connected  to  a  rigid  reinforced  concrete  raft  located  above  the  footings.  The  raft  in 
turn  was  connected  to  the  ground  floor  columns  by  means  of  reinforced  concrete  jackets.  Unsafe  columns 
were  repaired  using  reinforced  concrete  jackets.  Settlement  observations  were  carried  out  for  a 
sufficient  period  of  time  after  repair  with  additionally  applied  test  loads  which  showed  satisfactory 
results . 


INTRCDUCTIOU 

The  problem  which  is  being  resolved  in  this  paper 
has  arisen  when  the  owner  and  contractor  of  a  re¬ 
sidential  building  had  decided,  during  construc¬ 
tion,  to  complete  the  building  to  eleven  stories. 
The  building  was  originally  designed  to  consist 
of  six  floors  only.  This  was  accomplished  with¬ 
out  carrying  out  any  further  structural  calcula¬ 
tions  and  soil  investigation.  The  local  authori¬ 
ties  prohibited  the  use  of  the  building  pending 
a  consultant  engineer's  report  assuring  the 
safety  of  the  building.  The  structural  status 
of  the  existing  building  had  to  be  first  care¬ 
fully  determined  in  order  to  evaluate  its  safety. 
For  this  end  some  of  the  procedures  suggested  by 
Eresler  (1985)  were  utilized.  The  following 
steps  were  followed:  (1)  Soil  Investigation. 

(2)  Structural  survey  and  (3)  Structural  calcula¬ 
tions  for  the  existing  foundations  and  super¬ 
structure  . 

The  above  study  had  shown  that  the  founda¬ 
tions  and  some  other  structural  elements  were  un¬ 
safe.  The  contact  pressure  beneath  footings  had 
also  exceeded  the  allowable  safe  soil  pressure. 

An  appropriate  method  of  repair,  believed  to  pro¬ 
vide  a  high  degree  of  safety  as  well  as  economy, 
was  designed  and  constructed. 

DESCRIPTIOH  OF  THE  BUILDING 

The  building  lies  at  the  east  bank  of  the  Nile 
River  in  Koneib  district  at  Giza  zone  of  the  city 
of  Cairo.  It  is  a  residential  eleven  storey 
building  constructed  of  reinforced  concrete 
skeleton  consisting  of  columns,  beams  and  slabs. 
Figure  1  shows  the  ground  floor  plan.  The 
foundations  consisted  of  isolated  and  combined 
reinforced  concrete  footings.  Figures  2  and  3. 
Foundation  level  was  -2.80  m  from  ground  level. 
Construction  commenced  in  January  1983  and  ended 
in  early  1985. 


SOIL  INVESTIGATION 

The  spread  footing  foundations  were  designed  to 
support  a  six  storey  building.  Moreover  soil 
data  used  in  the  design  were  assumed,  rather  than 
measured,  based  on  local  experience  in  soil  types 
and  formations  of  this  area.  It  was  necessary 
therefore  to  carry  out  a  proper  soil  investiga¬ 
tion.  Three  boreholes  were  sunk  around  the  buil¬ 
ding  at  the  locations  illustrated  in  Figure  1. 
Boring  depth  was  17.00  m.  Figure  4  shows  a 
typical  borehole  log.  The  borehole  logs  unexpec¬ 
tedly  revealed  that  the  spread  foundations  were 
resting  on  a  layer  of  fill  about  2.00  m  thick 
with  relatively  low  bearing  capacity. 

STRUCTURAL  SURVEY 

The  building  was  carefully  examined  from  both 
outside  and  inside  where  no  cracks  were  observed. 
The  strength  of  concrete  composing  different 
structural  elements  were  determined  using  non 
destructive  testing  by  means  of  a  rebound  hammer 
device,  Clifton  (I985).  The  cross  sectional 
dimensions  of  columns  and  beams  were  measured 
and  compared  with  those  of  the  original  design. 
The  footings  were  uncovered  and  their  real  dimen¬ 
sions  were  also  measured  together  with  the  foun¬ 
dation  depth.  Only  slight  differences  were  found 
between  the  actual  dimensions  and  those  in  the 
original  design  drawings.  However  a  new  set  of 
drawings  for  the  building  was  prepared  based  on 
the  real  measured  dimensions. 

STRUCTURAL  REDESIGN 

The  loads  acting  on  different  structural  elements 
of  the  building  were  calculated  for  both  dead  and 
live  load  cases.  The  internal  forces  and  stresses 
were  determined  for  beams  and  columns.  The  normal 
stress  in  10  columns  at  different  floors  exceeded 
the  allowable  value.  The  contact  pressure 
beneath  each  footing  was  also  determined.  Its 
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the  Old  Foundations 


value  for  tne  case  of  dead  lead  only  ranged  bet- 
weei<  150  and  3C0  k.';/Vi2  v/hereas  tke  allowable 
tearing  presoure_rcr  the  soil  below  the  founda¬ 
tion  v/as  75  kh/v.i. 


lornr.or.  techniques  for  soil  strengthening,  such  as 
underpinning,  had  been  considered  and  ruled  out 
iince  they  would  only  improve  the  soil  and  not 
;he  foundation.  In  the  studied  case,  however  it 
'.as  teen  proved  that  the  spread  footing  founda¬ 
tion  itself  was  too  v;eak  to  support  the  eleven 
itorey  building.  The  suggested  solution  depended 

footings,  designing  and 
tew  foundation  system 
This  nev;  foundation 
irir.g  bored  reinforced 
5  were  bored  and  cast 
the  footings  using  a 
rise  drilling  "ig. 


Ofi 

disregarding  t 

he  spread 

C  '■> 

r.otru 

coin,  a  CO 

mpletely 

fc 

r  Che 

ex  i  St  ins' 

building. 

-7 

r-  V  Qp- 

ccnslsted 

of  end  be. 

CO 

n  i'  e  C 

e  d  p  i  1  e  s  . 

The  pile 

i  n 

oho 

void  areas 

bet’ween 

Sp 

ec  io  I 

ly  manufac 

t  u  r  e  d  1 0  w 

T!-',:y  were  dOT  diameter  each  and  reinforced 
with  five  Iv  :r.m  diameter  rebars  and  a  spiral 
stirrup  c  i;;m  diameter  with  100  mm  pitch.  Due  to 
the  limited  head  room  of  the  ground  floor,  re- 
inforcement  cage  for  every  pile  was  divided  into 
three  piarts  each  1.75  long.  The  three  parts 
were  placed  and  spliced.  The  piles  rested  on 
the  dense  sand  layer  at.  11. CO  m  depth  from 
Etr.ound  level.  Allowable  load  per  pile  was  1C  t. 
Figure  5  s’ntws  the  distribution  of  piles  iii  plan, 
h'er  than  one  pile  was  borea  near  a  footing 

ever;,'  day  in  order  to  avoid  soil  deformation 
beneath  the  footing  due  to  boring.  The  piles 
were-  connected  to  a  rigid  reinforced  concrete- 
raft  v/hose  bett-om  was  iCs  m.m  above  the  top  of 
the  old  foundations.  This  gap  was  filled  with 
sand  to  avoid  loading'  of  the  old  foundations  by 
direct  co.ntact. 


In  order  to  transfer  column  loads  to  the  raft, 
reinforced  concrete  Jackets  were  used  (Abdel  - 
Rahman,  1905).  -Jackets  were  also  used  to  repair 
the  over.stressed  cclum.ns.  Typical  tyres  of  the 
column  jackets  used  are  illustrated  in  Figure  6. 
The  surface  f  columns  to  be  repaired  were  first 
roughened  then  an  a.dr,esive  epoxy  was  applied  t- 
the  surface,  .-'teel  reinrorcement  wa.s  placed  in 
place.  Floor  slabs  above  the  repaired  columns 
were  broker,  -around  columns  and  the  slat  was  sup¬ 
ported  by  timber  struts.  The  -u.su]  tinir  caos  were 
used  to  cast  concrete  down  into  jacket  forms. 
These  g-aps  also  allowed  the  jacket  reinforcement 
to  c-xt-end  to  -a  higher  floor  level.  Figure  7. 

Figure  t  shews  a  cross  section  in  the  new  founda¬ 
tion  system.  The  distribution  of  piles  was  irre¬ 
gular  following  the  location  of  void  areas  tet- 
v/een  the  footings.  This  irregularity  was  taken 
into  consideration  in  the  design  of  the  raft. 

The  piles,  raft  and  column,  jackets  were  designed 
to  carry  bot'r.  dead  and  live  loads  including  wind 
forces . 

Tettlement  observations  were  taken  for  a  suffi- 
oie.nt  period  of  time  after  repair  witb,  additional 
ly  applied  test  loads  which  showed  satisfactory 
results.  The  building  has  beer,  safely  used  sir.ce 
January  1957. 

C0NCLUGI0;;3 


A  residential  building  subject  to  failure  has 
been  successfully  and  economically  repaired.  The 
susceptibility  to  failure  of  the  building  was 
attributed  to  the  following  three  reasons.  1-  The 
spread  footing  foundation  of  the  building  rested 
on  a  weak  fill  layer  with  contact  pressure  ex¬ 
ceeding  the  allowable  safe  soil  pressure,  2-  re¬ 
inforced  concrete  footings  were  unsafe  and  J-  the 
stresses  in  many  columns  exceeded  the  allowable 
value.  The  adopted  method  of  repair  is  thought 
to  be  original.  It  also  provides  a  very  high 
degree  of  safety  to  the  building  since  a  complete 
ly  new  deep  foundation  system  was  designed  and 
constructed.  Both  the  weak  fill  layer  and  the 
old  spread  footing  foundations  were  disregarded 
and  relieved  of  loads.  Unsafe  columns  were  re¬ 
paired  using  reinforced  concrete  jackets.  Since 
the  problem  was  initially  caused  by  alteration  to 
an  existing  building,  .attention  is  again  drawn  to 
the  importance  of  undertaking  thorough  structural 
rede.sign  caicuiations  before  executing  such  al¬ 
terations 
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ABSTRACT:  The  centrifuge  model  technique  is  used  to  evaluate  the  behavior  of  a  5-in,  X  5-in.  concrete  box  culvert  under 
a  u-in.  backfill  soil.  Two  different  types  of  soil  installations  are  studied:  enbanknent  and  trench.  Results  of  the 
centrifuge  model  study  for  both  installations  are  compared  with  each  other,  and  with  predictions  of  a  finite  element 
code,  CAXTIE  (Culvert  Analysis  and  DEsign).  Furthermore,  the  influence  of  soil  stiffness  for  backfill  is  studied.  The 
results  of  C.ANDE  analyses  including  a  nonlinear  constitutive  model  for  characterizing  soil  and  incremental  construction 
with  a  sjTinetric  mesh  are  reported. 


INTRODUCTION 

During  the  past  decade,  research  on  soil-structure 
interaction  of  circular  culverts  under  embankments  was 
performed  by  numerous  research  groups.  Empirical  data  on 
soil  pressure  distributions  and  structural  stresses  and 
deflections  has  been  collected  for  shallow  to  moderate 
depth  installations.  As  a  result,  the  soil-  structure 
interaction  problems  of  circular  culverts  embedded  in 
embankments  are  better  understood,  and  new  design  and 
analysis  procedures  are  being  proposed.  However, 
research  on  box  culverts  has  been  limited,  and  the 
behavior  of  bo:<  culverts  is  not  well  understood.  Due  to 
an  increased  interest  in  protective  and  buried 
structures,  a  better  understanding  of  soil-structure 
interaction  and  more  accurate  calculation  of  soil 
pressure  distributions  and  concrete  section  behavior  are 
required. 

In  recognition  of  further  research  needed  in  these 
areas,  a  comprehensive  research  program  has  been 
initiated  to  study  the  behavior  of  box  culverts  ttnder 
static  and  dynamic  loadings.  This  paper  presents  the 
results  of  a  series  of  small  scale  (1/60)  model  tests 
that  has  been  performed  with  emphasis  on:  (1) 
development  of  an  experimental  technique  using  a 
centiifuge,  (2)  the  influence  of  installation  (embankment 
and  trench)  and  soil  types,  and  (3)  a  comparison  study 
between  the  results  of  centrifuge  and  numerical  model 
(finite  element  method)  studies  for  static  structural 
responses . 


CENTRIFUGE  MODEL  STUDY 

Perhaps  one  of  the  most  ideal  approaches  for  obtaining 
information  on  the  behavior  of  prototype  structures  is 
full  scale  model  testing.  A  full  scale  model  with  the 
necessary  insrumentation  (i.e.,  soil  stress  meters,  pore 
water  pressure  transducers,  settlement  gages  and  strain 
gages,  etc.)  could  give  the  best  results  for  estimating 
prototype  soil  and  structural  behaviors.  Unfortunately, 
full  scale  model  testing  has  serious  major  drawbacks: 
mainly,  cost  and  time  of  construction  and  operation. 
Because  of  these  reasons,  small  scale  model  testing  has 
been  a  favorite  testing  method  in  geotechnical 
engineering.  However,  use  of  small  scale  model  tests  in 
the  laboratory  is  severely  limited  when  the  gravity  body 
force  of  the  structure  Itself  is  the  principal  load  on 
the  system,  such  as  in  dams  and  embankments.  This 
limitation  is  due  to  two  major  factors.  One  is  that 


soil  characteristics  are  nonlinear  and  overburden 
dependent,  and  the  other  involves  stress  magnitudes.  The 
stresses  in  a  small  scale  model  due  to  its  om  weight  are 
much  smaller  in  magnitude  than  those  in  the  corresponding 
prototype  system.  To  overcome  this  limitation,  the 
centrifuge  model  technique  has  been  introduced  and  is 
currently  being  used  as  a  research  tool  in  geotechnical 
engineering.  The  major  advantage  of  using  this  technique 
is  that  the  technique  provides  qualitative  information  of 
prototype  behavior  in  a  small  scale  model  with  a 
comparatively  inexpensive  and  easy  way.  It  is  possible 
since  the  state  of  stress  at  every  point  in  the 
centrifuge  model  under  an  artificial  gravitational  field 
is  equal  to  that  at  the  homologous  point  in  the 
prototype.  Although  some  difficulties  are  encountered  at 
present,  this  technique  has  been  applied  to  a  variety  of 
geotechnical  problems  (slope  stability,  reinforced  earth, 
pile  foundation,  offshore  gravity  platforms,  rockfill 
dams,  tunnels,  and  buried  circular  pipes),  and  the 
results  are  reported  elsewhere  (1,4,7,8,9,10), 

The  Centrifuge:  The  geotechnical  centrifuge  at  the 
University  of  California,  Davis  was  used  for  the  present 
model  study.  The  centrifuge  (Schaevitz  Type  B-8-D  rotary 
accelerator)  is  designed  to  apply  controlled  centrifugal 
accelerations  up  to  175  g's  or  10,000  g-lbs  at  a  nominal 
radius  of  39  inches.  It  is  capable  of  reaching  a  maximum 
speed  of  390  rpra. 

Model  Concrete  Box  Culvert  and  Instrumentation:  The 
model  box  culvert  was  made  of  Quikrete,  a  commercial 
ready-to-use  sand  mix,  with  water-cement  ratio  of  0,15 
(by  weight).  The  model  box  culvert  consisted  of  a  roof, 
floor,  and  two  side  walls.  The  exterior  dimension  of  the 
culvert  was  9  inches  (length)  by  5  inches  (width)  by  5 
inches  (height).  The  thickness  of  these  slabs  was  0,4 
inch. 

A  commercial  strain  gage  (Gage  Type  CEA-13-125Ul^'-120) 
made  by  Measurements  Croup,  Inc.  was  used  to  measure  the 
strains  on  the  surfaces  of  the  culvert.  The  strain  gages 
were  placed  at  the  mid-section  of  the  culvert.  Figures 
1  and  2  show  the  dimensions  of  the  model  box  culvert  and 
location  of  the  strain  gages,  respectively.  A 
microcomputer  based  data  acquisition  system  (11)  was  used 
to  process  large  quantity  of  data. 

Soil  Properties:  Monterey  No.O  sand  was  used  in  this 
study.  The  sand  is  classified  as  SP  in  the  Unified  Soil 
Classification  System.  It  has  a  specific  gravity  of  2.65 
and  a  mean  grain  diameter  of  about  0.45  mm  (12). 
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Model  Preparation!  The  folloid.ng  steps  were  involved 
in  preparing  a  model: 

1.  The  concrete  model  box  culvert  was  instrumented, 
and  was  then  placed  in  the  selected  installation 
type  (embankment  or  trench)  (Figures  3  and  A). 

2.  Monterey  No.O  sand  was  pluviated  in  the  direction 
normal  to  the  axis  of  the  culvert.  In  this  way, 
the  dry  density  of  105  Ib/ff*  of  soil  sample  was 
obtained. 

3.  The  completed  model  was  transferred  to  the 
centrifuge  and  placed  in  one  of  the  two  swing-up 
buckets . 

a.  Instrumentation  (T.V.  monitor  and  multiplexer)  was 
securely  fastened,  and  both  static  and  dynamic 
balancing  of  the  rotating  arm  were  performed  prior 
to  testing,  thus  completing  preparation  of  the 
model  system  for  centrifuge  testing. 

After  a  model  was  placed  in  the  swing-up  bucket  and 
all  required  insmraentation  was  securely  mounted  in  the 
centrifuge,  the  model  package  was  slowly  brought  up  to  a 
rotating  speed  of  195  rpm,  equivalent  to  60  gravitational 
pulls. 


NUMERICAL  MODEL  STUDY  (FINITE  ELEMENT  ANALYSIS) 

The  computer  code,  CANDE  (Culvert  ANalysis  and 
DEsign),  used  in  this  study  was  developed  by  Katona  et 
al.  (5,6).  The  basic  assumptions  of  the  program  are: 
plane  strain  geometry  and  loading,  small  displacement 
theory,  and  quasistatic  response.  The  following 
description  summarizes  numerical  procedures  used  in  the 
analyses. 

Finite  Element  Mesh  and  Boundary  Conditions:  The 
finite  element  grid  with  boundary  conditions  used  in 
this  study  is  shown  in  Figure  5:  a  fixed  movement 
condition  in  the  horizontal  direction  and  free  movement 
condition  in  the  vertical  direction.  All  distances  are 
converted  to  prototype  terms.  Since  the  model  and  its 
loading  was  symmetric,  only  half  of  the  model  was 
analyzed.  The  culvert  was  represented  by  20  beam-column 
elements,  and  the  soil  by  110  quadrilateral  elements. 

Soil-Culvert  Interface  and  Incremental  Solution:  A 
fixed  condition  was  used  at  the  soil-culvert  interface 
based  on  a  current  study  (3).  The  study  (3)  demonstrated 
that  the  influence  of  slip  conditions  for  this  particular 
geometrical  configuration  is  insignificant. 

The  incremental  solution  procedure  for  embankment  and 
trench  simulated  the  actual  installation  process  of 
placing  soil  layers  in  a  series  of  lifts.  Figure  6  shows 
the  construction  increment  numbers  of  element  groups 
entering  sequentially  into  the  system.  The  first 
construction  increment  included  placing  all  bedding  pad, 
in  situ  soil,  and  the  box  culvert  elements.  Subsequent 
increments,  numbers  2  through  10,  were  gravity  loaded 
elements  of  fill  soil. 

Soil  Model !  The  soil  model  employed  in  the  study  is  a 
characterization  proposed  by  Duncan  et  al.  (2)  which  has 
had  a  substantial  history  of  development  and  application 
over  the  last  decade.  Table  1  shows  the  parameters  (2) 
used  for  Monterey  No.O  sand  in  the  analysis. 


RESULTS  AND  DISCUSSION 

The  Influence  of  Installation  Type:  The  bending 
moments  and  the  thrusts  developed  in  the  concrete  culvert 
obtained  from  the  centrifuge  model  study  and  finite 
element  analysis  are  presented.  Figure  7  shows  the 
moments  for  the  midspan  of  the  top  slab.  The  moments  are 
initially  negligible,  and  subseqently  increase  almost 


linearly  with  the  backfilling  process.  All  the  moments 
are  positive  throughout  the  incremental  construction  due 
to  the  vertical  soil  pressure  which  induces  inward 
deflection  of  the  top  slab.  No  negative  moments  are 
detected  during  the  first  six  construction  increments  at 
which  the  fill  height  reaches  the  same  elevation  of  the 
top  slab  of  the  culvert.  This  indicates  that  the  box 
culvert  is  rigid  enough  to  resist  the  inward  forces  on 
the  sides  of  the  culvert  under  lateral  soil  pressure. 
Figure  8  shows  the  thrusts  developed  at  the  midspan  of 
the  top  slab.  The  thrusts  begin  with  compressive 
(positive)  forces,  but  once  the  depth  of  fill  height 
exceeds  the  crown  height  of  the  olvert,  the  thrusts 
become  tensile  (negative)  forces.  Figure  9  shows  the 
compared  moments  around  the  culvert  under  fill  height  of 
20  feet.  As  expected,  the  largest  moment  is  developed  at 
the  upper  corner  of  the  culvert. 

No  major  difference  in  structural  behavior  is  observed 
under  two  different  installation  types  from  both 
centrifuge  and  numerical  model  studies  except  the 
embankment  installation  produces  slightly  greater 
loading  conditions.  This  result  may  indicate  that  the 
influence  of  the  installation  type  on  overall  behavior  of 
the  box  culvert  is  minimal  although  the  installation  type 
is  one  of  the  important  parameters  to  be  considered  for 
circular  culverts.  In  general,  the  centrifuge  model  and 
the  numerical  model  results  are  in  moderately  good 
agreement  for  shape. 

The  Influence  of  Soil  Type:  Since  no  major  difference 
in  structural  behavior  was  found  between  embankment  and 
trench  soil  installations,  only  embankment  condition  was 
considered.  Finite  elment  analysis  has  been  only  studied 
at  present  time  and  the  predictions  are  reported  here. 
Two  soil  types  were  considered:  GW  soil  type  (coarse 
aggregate)  and  SM  soil  type  (silty  sand).  The  input 
parameters  for  the  soil  model  in  CANDE  were  chosen  from 
standard  Duncan's  soil  parameters  (2,6).  Table  2  shows 
the  hyperbolic  parameters  used  in  the  analysis.  Figure 
10  shows  the  variation  of  normal  soil  pressure  at  the 
midspan  of  the  top  slab  with  depth  of  fill.  As  shown  in 
the  figure,  GW  soil  type  (coarse  aggregate)  exhibits 
lower  values  of  normal  soil  pressure  until  the  fill 
height  reaches  approximately  7  feet.  Beyond  this  it 
starts  to  show  high  values  of  soil  pressure.  At  a  fill 
height  of  20  feet,  the  soil  pressure  of  GW  soil  type 
(coarse  aggregate)  is  almost  twice  as  large  as  the  soil 
pressure  of  SM  soil  type  (silty  sand). 

Figure  11  shows  crown  deflection  versus  the  depth  of 
fill.  SM  soil  type  (silty  sand)  shows  a  rising  crown 
deflection  until  the  fill  htight  reaches  the  crown  level 
of  the  culvert,  followed  by  a  downward  linear  deflection 
due  to  the  vertical  soil  pressure  of  backfill.  By 
comparison,  GW  soil  type  (coarse  aggregate)  shows  no 
rising  crown  deflection.  The  deflection  of  GW  soil  type 
at  20  feet  of  fill  height  is  about  two  times  larger  than 
the  deflection  of  SM  soil  type.  With  the  soil  pressure 
previously  observed,  this  confirms  that  greater 
deflection  and  larger  structural  stresses  (Figure  12)  of 
the  culvert  would  be  developed  from  the  higher  soil 
pressure.  Figure  13  shows  the  fiiuil  shape  of  deformed 
culvert  under  the  fill  height  of  20  feet.  Based  on  the 
information  observed,  it  is  evident  that  the  type  of  soil 
is  one  of  major  factors  governing  the  behavior  of  a  box 
culvert,  and  is  an  important  factor  for  analysis  and 
design  of  a  box  culvert. 


SUMMARY  AND  CONCLUSION 

Centrifuge  model  technique  is  used  to  simulate  a 
prototype  structural  box  culvert,  and  the  measured 
structural  responses  are  compared  with  predictions  of 
finite  element  analysis.  Based  on  the  results  obtained, 
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no  major  difference  in  structural  behavior  is  observed 
between  trench  and  embankment  soil  installations  from 
both  centrifuge  and  numerical  model  studies  except  that 
embanJ<ment  soil  installation  produces  slightly  higher 
loadings.  However,  significantly  different  shapes  of  the 
deformed  culverts  are  observed  from  the  finite  element 
analysis  when  different  soil  stiffness  is  used.  This 
indicates  that  soil  type  is  one  of  important  parameters 
to  be  considered  in  the  analysis  and  design  of  box 
culverts. 

Although  some  differences  in  magnitude  between  the 
results  of  centrifuge  and  numerical  model  studies  exist, 
in  general,  they  agree  moderately  well  in  shape.  Kith 
continuous  efforts  on  the  development  of  accurate  small 
model  techniques  and  larger  size  of  the  centrifuge,  and 
the  development  of  sophisticated  and  more  realistic 
constitutive  models  for  soils  in  numerical  analysis,  it 
is  certain  that  both  the  centrifuge  and  numerical  model 
techniques  will  be  useful  research  tools  to  check  the 
adequacy  of  design  and  verify  the  theoretical  formulation 
of  soil  mechanics  problems. 
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Table  1.  Duncan’s  Soil  Parameters  for  Monterey  No.O 
Sand  (Reference  2) 


Cohesion,  c 

0.0 

Friction  Angle,  a 

35.  o" 

Modulus  Number,  K 

920.0 

Modulus  Exponent,  n 

0.79 

Failure  Ratio,  Rj 

0.96 

Table  2.  Representative  Parameter  Values 
Modified  Duncan  Model  (Reference 

of  the 
s  2  and  6) 

GW  Soil 

SM  Soil 

Cohesion,  c 

0.0 

0.0 

Friction  Angle,  A' 

33.0° 

32.0° 

Modulus  Number,  K 

200.0 

300.0 

Modulus  Exponent,  n 

0,6 

0.25 

Failure  Ratio,  Rj 

0.7 

0.7 

Bulk  Modulus  Number,  1’^ 

50.0 

250.0 

Bulk  Modulus  Number,  m 

0.2 

0.0 
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Figure  1.  Dinensions  of  the  Model  Box  Culvert 


Figure  4.  Dimensions  of  the  Model  Package 
(Trench  Condition) 
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Figure  2.  Locations  of  the  Strain  Gages 
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Figure  3.  Dimensions  of  the  Model  Package 
(Embankment  Condition) 


Figure  5.  Symmetric  Mesh 
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Figure  6,  Soil  Layers  and  Construction  Increnents 
for  Trench  Soil  Installation 
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Figure  8.  Culvert  Thrusts  at  Strain  Gage  *‘1 


Figure  7.  Culvert  Bending  Moments  at  Strain  Gage 


Figure  9.  "ending  Moments  around  the  Culvert 
at  Fill  Height  =  20  ft. 
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SYNOPSIS:  A  case  study  investigating  settlement  predictions  based  on  data  from  one  dimensional 
compression,  pressuremeter  (PUT)  and  dilatometer  (DMT)  tests  ?  jresented.  A  relationship  is  estab¬ 
lished  between  FMT  and  DMT  evaluated  moduli  and  the  ata..djrd  penetration  N  values.  These 
relationships  are  utilized  in  the  settlement  computations.  The  predictions  obtained  by  each  method 
are  compared  to  the  actual  measured  settlement.  The  column  location  at  which  settlement 
observations  were  made  was  instrumented  with  strain  gages  to  measure  the  actual  applied  loads.  A 
comparison  between  actual  and  design  loads  is  made.  Settlement  predictions  using  PMT  were  performed 
utilicing  two  different  existing  approaches.  A  distinction  is  made  between  the  rheological  factors, 
both  termed  ,  used  in  each  of  the  methods. 


INTRODUCTION 

It  is  generally  believed  that  settlement 
predictions  based  on  one -d ime ns  1 ona 1  compres¬ 
sion  test  data  often  overestimate  the  observed 
settlement  of  structures  constructed  on 
piedmont  residual  soils.  Overestimation  of 

shallow  foundation  settlements  could  unneces¬ 
sarily  result  in  the  choice  of  a  more  costly 
deep  foundation  system.  Less  traditional  In- 
situ  tests  such  as  the  pressuremeter  and 
•Marchettl  dilatometer  have  been  successfully 
used  to  more  ac'urately  predict  settlement.  On 
a  recent  project  by  Brookhollow  Corporation  in 
Greensboro,  North  Carolina,  for  which  Trigon 
Engineering  Consultants  (TEC)  was  the 
geotechnical  consultant,  TEC  performed  one 
dimensional  compression  tests,  pressuremeter 
tests,  and  in  conjunction  with  North  Carolina 
State  University  (NCSU),  dilatometer  testa. 
Settlement  estimates  were  then  made  baaed  on 
the  data  from  each  test.  This  paper  compares 
these  estimates  with  measured  field  response. 


PROJECT  DESCRIPTION 

The  project  consists  of  a  split-level  building 
with  four  levels  in  the  front  and  five  levels 
in  the  rear  of  an  office  building  core  area.  A 
single  story  section  wraps  around  this  toller 
core  area.  The  building  was  constructed  ulng 
a  steel  frame  with  composite  decking  and  atub 
girder  system.  According  to  Gu  in n i n-Ca mbe 1 1 , 
the  structural  engineers,  the  maximum  column 
loads  occur  at  four  column  locations  in  the 
building  core  area.  Total  design  column  loads 
within  this  core  area  range  from  180  kips  to  a 
maximum  of  730  kips.  The  total  design  column 
loads  outside  the  core  area,  around  the  single 
story  section,  range  from  10  to  ?0  kips. 


FIELD  INVESTIGATION 

Initially,  five  widely  spaced  soil  borings  were 
performed  as  part  of  a  preliminary  subsur¬ 
face  exploration  at  the  site.  Subsequently,  an 
additional  eleven  soil  test  borings,  five 
pressuremeter  (PMT)  tests,  and  three  dila- 
toraeter  (DMT)  profiles  were  performed.  The 
boring  locations  and  plan  view  of  the  building 
are  shown  in  Figure  1. 


Figure  1.  Boring  and  Test  Location  Plan 

The  soil  test  borings  were  performed  to  depths 
ranging  from  15  feet  to  approximately  75  feet 
below  the  ground  surface.  Standard  Penetration 
Tests  (SPT)  were  performed  and  Shelby  tube 
samples  were  recovered  from  the  borings  at 
designated  Intervals.  A  generalized  soil  pro¬ 
file  Is  shown  in  Figure  2. 
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rigure  2,  Generalized  Subsurface  Profile 


Eased  cn  the  SPT  profiles,  a  series  of  five 
pressureme  ter  tests  were  performed  by  TEC  in 
borings  E-105  and  B-105*  NCSU  and  TEC  personnel 
performed  a  total  of  three  DJ^T  profiles  (DMT-1 
through  DMT-3)  adjacent  to  the  previous  PMT 
borings,  as  shown  in  Figure  1. 

In  an  attempt  to  better  understand  the  actual 
loads  transferred  to  the  footings,  strain  gages 
were  mounted  on  two  columns  within  the  taller 
building  core  area.  These  gages  were  mounted 
on  the  column  steel  after  erection  of  the  first 
level  of  steel  and  placement  of  the  first  floor 
concrete  slab. 


LABORATORY  INVFSTIGATIOri 

The  supporting  laboratory  testing  program 
consisted  of  moisture  content  determinations, 
liquid  and  plastic  limit  tests,  sieve  analyses 
and  one-d imen s iona  1  compression  tests.  Table  1 
®how3  a  summary  of  the  laboratory  test  results; 
one  dimensional  compression  curves  are  shown  in 
Figure  3 . 


STRESS  (TSF) 


Figure  3.  On e - L i me n s I ona 1  Compression  Tests 


Table  1.  Summary  of  Laboratory  Test  Data 


B-1 05A 


Lepth 

Natural  .  c 
LL  /  FL  /  PI 
Classification 

Cc 
wet 
■  dry 

Sa  tura  tion 
e 

o 


10.0  -  12.0’ 
20.  9'^ 


Light  gray  fine 
sandy  silt 
0.09 

104.3  pcf 
86.7  pcf 
61.5^' 

0.  ee 


18.0  -  20.0’ 
59.5^ 

62/45/17 

Tan  f ine  sandy 
clayey  silt 
0.43 

102.1  pcf 
64.1  pcf 
99. 4? 

1  .51 


ANALYSIS  OF  DATA 

The  heaviest  loaded  co 
building  core  area,  in 
This  column  was  chosen 
b  tud  y . 

Loads 


umn  is  located  in  the 
the  vicinity  of  5-1C3. 
as  the  focus  of  this 


The  loading  information  noted  previously  refers 
to  the  design  loads  for  the  project  and  those 
used  in  determining  the  footing  sizes.  For 
estimating  settlement,  Gu inn i n- Cam pbe 1 1  ini¬ 
tially  suggested  that  these  loads  be  reduced  by 
a  factor  of  0.64.  This  resulted  in  a  total 
column  load  composed  of  87^  dead  and  13^  live 
load. 

Settlement  predictions  in  this  study  were  based 
on  the  projected  actual  dead  loads  derived  from 
detailed  engineering  calculations  and  col¬ 
laborated  by  strain  gages  mounted  on  the  column 
of  interest.  The  strain  gages  were  monitored 
during  construction  as  the  steel  framing  and 
concrete  for  the  second  and  third  floors  were 
completed.  The  strain  gage  readings  are  shown 
in  Table  2.  In  interpreting  the  strain 

measurements,  Poissons^  ratio  and  Young's 
Modulus  for  the  38.8  in  column  were  taken  to 
be  0.27  and  29,000  ksi,  respectively. 


Teble  2,  Measured  Column  Loads 


Date  Reading  =  2.-  P 

^  fksi)(kips) 


09/07/86 

09/14/86 

09/21/86 

09/28/86 

10/05/86 


0 

20x10  E  -6 
41x10  E  -6 
51x10  E  -6 
Both  gages 


0 

37x10  E 
75. 9x10 

One  gage 
des  troyed 


0 

-6  1.07 

E  -6  2,20 

loose 


0 

41  .  6 
85.  1 


Because  the  strain  gages  were  destroyed  prior 
to  completion  of  construction,  Gu i n n 1 n -Ca m pbe 1 1 
was  asked  to  re-evaluate  the  loading  conditions 
for  this  study  without  design  live  loads  or 
factors  of  safety.  The  calculated  dead  loads 
for  each  floor  are  shown  In  Table  5. 
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As  noted  previously,  the  strain  gages  were 
'Counted  at  the  base  of  the  column  after  the 
first  floor  pour.  Therefore  the  readings  taken 
on  September  ^4,  1986,  represent  the  response 

due  to  the  estimated  second  floor  load  of  40.9 
kips,  as  shown  in  Table  3. 


test,  and  the  shear  modulus,  obtained  from  the 
pressureme ter  test.  The  a  coefficient  is 
dependent  on  the  grain  size  and  stress  history 
of  the  soil.  Consistent  with  the  range  of 
ratios  obtained,  a  =  2/3  was  used  in  the 
analysis . 


Table  3.  Calculated  Construction  Load  for 
Column  C.9-5 


I  T  L  M 

LOAD  (kips) 

Load 

from 

fourth 

floor* 

40.9 

Load 

from 

third 

floor* 

40.9 

Load 

from 

second 

floor* 

40.9 

Load 

from 

first 

floor* 

18.4 

*  Due  to  metal  deck,  concrete  and  steel  framing 


The  second  reading  on  September  21  was  made 
after  the  third  floor  pour,  which  brought  the 
estimated  load,  after  gage  activation,  to  81.8 
kips.  These  values  compare  quite  favorably 
with  the  measured  values  of  41.6  kips  and  05.4 
kips,  respectively.  This  provided  the  desired 
collaboration  of  the  Gu i n n i n~Campbe 1 1  cal- 
c  u 1  a  ted  loads. 

Table  4  shows  the  calculated  total  column  load. 
The  weight  of  the  5-inch  slab-on-grade  and  soil 
above  the  footing  was  not  considered  in 
evaluating  settlements  since  a  net  stress 
increase  for  this  load  component  would  be 
approximately  zero.  Nor  were  items  2  and  3* 
because  they  were  not  in  place  during  our 
settlement  readings.  For  item  5t  the  dif¬ 
ference  between  the  weight  of  the  soil  and  the 
weight  of  concrete  was  used. 

Due  to  a  construction  problem,  the  foundation 
for  column  C.9-5  was  overexcavated,  resulting 
in  a  footing  area  approximately  25^  larger  than 
that  originally  planned.  Utilizing  this  larger 
footing  area  with  the  modified  calculated  loads 
shown  in  Table  4  results  in  a  net  bearing 
pressure  of  approximately  1.0  ksf.  Stress 
increases  in  the  soil  profile  were  calculated 
using  the  Boussinesq  theory. 

Pressuremeter 


A  summary  of  the  five  PMT  tests  is  shown  in 
Table  A  ratio  of  the  pressuremeter  modulus, 

E  ,  to  the  "N"  value  obtained  directly  below 
tRe  PMT  test  elevation  was  used  to  interpret 
pressuremeter  moduli  at  elevations  other  than 
the  test  locations.  The  highest  and  lowest 
E^/"N"  values  were  excluded,  in  our  cal¬ 
culations  and  an  average  of  the  remaining 
ratios  was  calculated  to  be  9.7  .  Table  6 

shows  the  interpretation  of  the  PMT  test  re¬ 
sults.  Settlement  was  calculated  using  the 
modulus  profile  shown  In  Table  6  and  the 
settlement  equation  developed  by  Menard  (1975). 

The  empirical  soil  factor  or  rheologic 
coefficient,  i  ,  used  in  these  equations 
relates  the  volumetric  compression  modulus, 
obtained  from  the  one -d Imens i ona 1  consolidation 


Table  4.  Foundation  Dimensions  and  Calculated 
Total  Loads 


ITEM 

COLUMN  GRIDS 
C.9-5 

1  . 

Total  Weight  of  structural 
steel,  metal  deck,  concrete 
and  roofing  material  (kips) 

262. 3* 

2. 

Weight  of  elevator 
equipment  (kips) 

14  + 

3. 

Weight  of  ceiling,  mechanical 
shaft  walls  and  fireproofing 
(  kips) 

33.4*+ 

4. 

Weight  of  5"  slab-on-grade 
and  soil  above  footing  (kips) 

213.7+ 

5. 

Weight  of  footing  (kips) 

106.6+ 

6. 

As  built  Footing  Size:  width 

length 

depth 

11  ’-6" 

22 ' 6" 

3 ’6" 

7. 

Bottom  of  footing  (below  top 
of  slab-on-grade) 

-8  '  -6" 

8. 

Load  to  base  of  footing  (kips 

)  650  + 

*  Accuracy  estimated  to  be  +/  -  3% 

+  Not  used  in  settlement  analysis. 


Table  5.  Summary  of  Menard  Pressuremeter  Tests 


PMT  Limit 

Modulus,  Pressure, 


Boring 

Depth 

(Ft.  ) 

E 

m 

(TSF) 

P, 

(TSF) 

SPT 

"N" 

E 

m 

"N" 

105B 

19.0 

96.5 

6.0 

16.0 

4* 

24.0 

105C 

8.5 

120.9 

7.25 

16.7 

13 

9.3 

105D 

20.75 

72 . 6 

6.75 

10.8 

9 

8. 1 

103C 

11.0 

257.8 

15.25 

16.9 

22 

11.7 

103 

22.5 

291 . 1 

22 . 5 

12.9 

60 

4.8 

*  SPT  performed  from  20'  to  21.5’ 
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Di la  tome  te  r 


Table  6.  Interpretation  of  E  Value  by  Using 
PMT  Data  of  B-105  ” 


Layer/Depth 

Below 

Footing 

N 

( Blows/ ft) 

N  ave 

(  Blows/ft) 

E  =9-7  N  ave 
”  (TSF) 

1R=5.75  ft 

13 

2R=1 1.5ft 

1  8 

15 

145.5 

3R=17.25  ft 

6 

4R=23.0  ft 

7 

5R=28.75  ft 

6 

6R=34.5  ft. 

7 

6.5 

96.5 

7R=40.25  ft 

32 

8R=46.0  ft 

48 

39 

260 

BELOW  46  ft 

>100 

>100 

300 

A  second  method,  introduced  and  subsequently 
revised  by  Martin  (1977,  1987),  was  also  used 

for  predicting  settlements  with  the  pressure- 
meter  data.  In  this  second  method 

So hmer tmann '  s  strain  Influence  factor  distri¬ 
bution  (1970,  1978)  was  used  with  the  soil 

deformation  modulus,  E  .  Martin  uses  a 

rheological  factor,  whic^  he  also  calls  a  ,  to 
relate  the  pre s au r erne  ter  modulus,  E  to  E  .  He 
suggests  that  a  value  equal  to  1  "te  ua^d  for 
piedmont  residual  soils  along  with  a  regional 
correction  factor  equal  to  0.6.  This  cor¬ 

rection  factor  la  suggested  to  compensate  for 
the  discrepancy  between  calculated  and  measured 
results. 

Martin  has  also  developed  a  relationship 
between  SPT  and  E  for  piedmont  residual 
soils.  This  relationship  is  shown  in  Figure  4. 
A  correlation  coefficient  equal  to  0.788  for 
line  1,  0.795  for  line  2  and  0,790  for  line  3 

was  cilculated.  The  difference  resulted  from 
more  data  points  being  progressively  added  for 
each  line.  The  SPT  and  E  values  developed 
for  this  study  were  used  in  conjunction  with 
Figure  4  to  develop  E  values  at  the  depths  of 
interest. 


Figure  4.  Relationship  Between  N  Values  and 
E  (After  Martin,  1987) 


The  computer  program  "DILLY  4",  Schmertmann  and 
Crapps  (1986),  was  used  for  reduction  of  the 
DMT  field  data.  The  output  of  interest  in¬ 
cludes  the  dilatometer  modulus,  E  ,  ,  the  ma¬ 
terial  index,  Ij,  and  a  horizontal  stress 


index ,  K 


^d’ 


Using  this  DMT  data,  a 


modulus,  M,  was  calculated  as 


constrained 
suggested  by 
where 


Harchetti  (1980)  by  the  equation  M=R  E^ , 

R  is  a  function  of  the  soil  type  (Ij)  . 

TSis  modulus  was  then  used  to  estimate  settle¬ 


ments.  The  pertinent 
shown  in  Figure  5. 


results  of  DMT-1  are 


MODULUS  (TSF) 

Figure  5.  DMT  E^  and  l-D  Modulus  vs  Depth 


A  relationship  was  established  between  the  DMT 
M  values  and  SPT  N  values  obtained  from  adja¬ 
cent  borings,  to  estimate  M  values  at  eleva¬ 
tions  other  than  those  tested.  Figure  6  shows 
the  M/N  ratio  as  a  function  of  depth  for 
locations  DMT-1,  DMT-2,  and  DMT-3.  It  is  evi¬ 
dent  that  M/N  values  are  generally  in  the  range 
of  30-70  for  DMT-3  and  45-80  for  DMT-1 i  H/N 
values  for  both  locations  show  quite  comparable 
results.  The  M/N  ratio  between  23  to  33  ft.  in 
Boring  DMT-2  is  on  the  order  of  10.  This  layer 
was  identified  as  a  silty  clay,  and  the  ratio 
of  10  Indicates  that  the  H/N  ratio  will  be  soil 
type  dependent.  An  evaluation  of  the  split 
spoon  samples  obtained  below  Col.  C9-5  (Boring 
103)  shows  the  profile  in  this  area  to  be  sandy 
silt  to  a  depth  of  19  ft.,  below  which  the  soil 
is  a  silty  fine  to  coarse  sand  with  some  fine 
gravel  size  quartz  (rook)  fragments.  Based  oj 
these  observations,  it  was  deemed  reasonable  to 
use  an  M/H  ratio  of  45  in  the  subseque-.t 
analysis. 

Although  Marchettl  determined  the  R  value 
which  relates  Ed  to  M  to  be  a  function  of 
soil  type  and  the  horizontal  stress  index, 
Borden  et  al  (1986),  in  a  study  on  laboratory 
compacted  and  field  samples,  suggested  the  use 
of  Ej  as  an  upper  bound  to  the  anticipated  in- 
situ  constrained  modulus  for  piedmont  residual 
soils.  This  amounts  to  choosing  R  =  1. 
Both  methods  for  determining  the  constrained 
modulus  were  used  in  this  study. 


M/N  (TSF/[blows/ft]) 


Figure  6.  DHT-M/N  Ratio  Vs.  Depth 
One- D i mens  Iona  1  Compression 


Based  on  the  --  curve  from  the  1-D  compression 
test  of  B-103A  (Figure  3),  the  best  fit  equa¬ 
tion  for  the  test  data  waa  found  to  bej 

0.0114  +  0.006  '+  O.OOOIOSc^  -  0.0000340^. 
By  differentiating  the  above  equation,  the  M 
value  is  defined  by  H  =  1/m  ,  where  m  is  the 
coefficient  of  volume  change.  The  M  -  o  curve 
is  shown  in  Figure  7.  The  one-dimensional  set¬ 
tlement  of  each  sublayer  was  then  made  using 
th'  following  equation: 

settlement  =  (  i  stress )( thi o kness ) /modul  s  (M). 

The  total  settlement  is  obtained  by  adding  the 
contribution  of  each  sublayer. 


Figure  7.  Constrained  Modulus  vs  Vertical 
Stress 


Settlement  Comparison 

Table  7  shows  a  summary  of  the  calculated  and 
measured  settlements.  Figure  8  presents  a  bar 
graph  comparison  of  the  settlement  predicted  by 
the  various  methods.  These  results  are  shown 
in  conjunction  with  the  measured  settlement  of 
0.3  inc hes . 


Table  7.  Summary  of  Calculated  and  Measured 
Settlements  (inches) 


DMT 

PMT 

Measured 

1-D 

Compres¬ 

sion 

! 

w 

i 

2/3 

1  Ma r  tin  '  s 
a  =1 
(xO.6) 

0.3 

1 

0.8 

0.11  ■ 

0.29 

0.  1  2 

0.22 

(0.13) 

The  predicted  PMT  settlement  using  Menard's 
formula  and  i  =  2/3  is  0.12  in.  Using 

Schmertmann ' s  strain  influence  factor  method 
and  Martin's  a=  1,  a  settlement  of  0.22  in.  is 
predicted.  Applying  Martin's  regional  correc¬ 
tion  factor,  results  in  a  settlement  of  0.13 
in.,  which  further  underpredicts  the  observed 
settlement . 
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MEASURED  SETTLEMENT  s  0.3  in 

□1-D  COMPRESSION 

■  DMT,  MARCHETTI’S  Rm 

■  DMT,  BORDEN'S  Rm 

SPMT,  MENARD'S  a  s  2/3 
□PMT,  MARTIN'S  a  =  1 


Figure  8.  Predicted  Vs  Measured  Settlement 


From  Figure  8  it  can  be  seen  that  the  predicted 
DKT  settlement  using  constrained  modulus  (M)  as 
suggested  by  Marchetti  underprediots  the 
observed  settlement.  Utilizing  R  =1,  there¬ 
fore  choosing  E,  as  the  upper  "'bound  for  M, 
results  in  a  preolotlon  of  0.29  in.,  which  is 
In  good  agreement  with  the  0.3  in.  measured. 

In  contrast  to  the  DMT  and  PMT  prediction 
methods,  using  the  Interpreted  M  values  ob¬ 
tained  from  the  1-D  compression  data,  resulted 
in  a  predicted  settlement  of  0.8  in.  As  this 
overprediction  is  somewhat  typical,  it  is  local 
practice  to  multiply  this  value  by  2/3,  which 


1453 


would  reduce  the  prediction  to  0.53  in.,  or 
nearly  1.?  times  the  measured  settlement. 
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of  0.6  is  essentially  equivalent  to  using  a 
equal  to  2/3  with  Menard's  formula. 
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that  Marchetti's  M  value  correlation  might 
overpredict  the  stiffness  of  residual  soils. 
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design  versus  actual  loads  to  predict  settle¬ 
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Collapsing  Peak  Up  of  a  Large  Highway  Steel  Pipe-Arch 
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case  “isto*'.'  reoorts  the  collapse  of  a  larce  hi.ohway  steel  ripe-arch  (S.12  m  rise  - 
T  spar',  octU''’'''ic  ’ust  v:hen  backfillinq  reached  the  top  of  the  arch.  No  fill  was  placed  on  top 
as  rackfillirn  proceeaed  ;  the  arch  raised,  therebv  flattenina  side  radius.  It  shows  that  stability 
in  a  s  0  i  I  -  s  t  r  uc  t  ’"e  interaction  system  requires  not  only  adequate  desiqn  of  the  structure  barrel,  it 
also  presu^'es  a  wel’  encineered  backfill.  Performance  of  the  flexible  steel  bipe-arch  in  retaining  its 
share  and  structural  intenrity  depends  greatly  on  placement  and  compaction  of  the  envelope  of  earth 
s u ^ ’'0 J n d i n a  the  structure  and  distributing  its  oressures  to  the  abuttino  soil  masses. 

: ';tr  hh  -c  -  ;  .  i  ne  rt  i  a  mo d u  1  us  I  /  V  =  9  5  .  43  cm  ■' / m 

.  pitch  152.4  mm 


"  Oder  basses  or  grade  separations  are  an  increa- 
sinilv  popular  method  of  eliminating  t'"3ffic  ha- 
.^ards  and  thereby  improving  road  safety.  Soil- 
steel  hr  1  does  using  CO  rr-u  gated  steel  pipe  are 
freauentiv  the  most  economical  of  the  short  span 
bridge  alternatives  used  to  achieve  grade  sepa¬ 
rations. 

Nevertheless  installation  and  contract  ion 
procedures  are  of  fundamental  importance  espe¬ 
cially  during  compaction  of  the  backfill.  During 
tne  course  of  examining  various  buried  flexible 
»  rir-e  installation,  monitoring  their  behaviour 

and,  of  cou-ie,  analyzing  failure  case  histories, 
several  nheprvations  have  been  made  that  are  of 
in  ter. it  to  the  pipe  designer  or  constructor. 

This  paper  oresents  records  on  the  deforma¬ 
tion  Shane  of  the  pipe-arch  due  to  backfill 
loads  causing  a  collapsing  peak  up  of  a  'arqe 
highway  steel  pioe-arch. 

The  measurements  taken  during  the  construc¬ 
tion  phase  are  seen  to  nave  been  poorly  chosen 
to  predict  such  a  problem  at  an  earlv  stage. 
Nevertheless  an  experienced  engineer  should  have 
been  able  to  detect  this  type  of  failure  by  ana¬ 
lyzing  in  details  the  evolution  of  appropriate 
pa  raneters  . 

DIPE-APCH  LOCATION 

The  case  history  describes  a  vehicular  underpass 
serving  as  grade  separation  for  automotive  traf¬ 
fic  promoting  the  safe  movement  of  vehicles. 

This  local  road  has  been  carried  under  a  high¬ 
way  at  less  cost  than  by  building  a  bridge. 

Figures  la,  b,  c  show  the  pipe-arcb  size, 
shape  and  i*s  alignment,  grade  with  respect  to 
the  highway  and  the  diverse  characteristics  of 
its  installation. 

Sectiona’  properties  of  the  arr-and- tangent 
of  corrugation  are  derived  mathematically  : 

,  moment  of  inertia  I  -  33.04  cm^/m 


.  depth  51.5  mm 

.  thickness  7  mm 

Galvanized  bolts  were  used  to  assemble  structu¬ 
ral  plate  sections  at  the  bottom  of  pitch. 

INSTALLATION 

The  pioe-arch  was  a  large-diameter  bolted  struc¬ 
ture.  The  bedding  fill  was  constituted  with  san¬ 
dy  silt  of  two  metre  thickness.  It  has  been  sha¬ 
ped  to  the  approximated  contour  of  the  bottom 
portion  of  the  structure  in  order  tP  afford  a 
uniform  support  for  its  relatively  flat  bottom. 

It  was  then  compacted  under  the  haunches  of  the 
structure  in  the  first  stages  of  backfill.  The 
soil  adjacent  to  the  corners  of  pipe-arch  wa:  of 
excellent  quality,  highly  compacted  to  accommoL-- 
te  the  high  reaction  pressures  that  can  develop 
at  this  location. 

The  backfill  material  around  and  near  the 
pioe-arch  was  well  graded  gravel  of  size  D  less 
than  80  mm.  Excellent  control  of  soil  placement 
and  compaction  were  maintained  to  fully  mobilize 
soi 1 -structure  interaction.  The  fill  was  placed 
alternately  to  keep  it  at  the  same  elevation  on 
both  sides  of  the  structure  at  all  times.  Com¬ 
paction  of  the  backfill  was  done  with  vibrating 
compactors . 

SHAPE  CONTROL 

The  pipt-arch  was  divided  into  five  sections  for 
which  length  measurements  were  taken  throughout 
the  backfill  procedure.  Figure  2  illustrates  the 
sections  chosen  for  controlling  the  geometry. 

The  figure  3  shows  the  length  variations  for 
each  of  the  chords  during  the  backfill  construc¬ 
tion  phase.  It  can  be  seen  t  lat  these  vary  lit¬ 
tle  until  just  before  the  orset  of  failure. 

The  figure  4  shows  tha"  the  variation  of 
rise  and  span  measured  with  respect  to  a  fixed 
ooint  during  the  same  period  •'ives  for  an  expe¬ 
rienced  engineer  a  much  ear'ie,  indication  of 
the  geometrical  distortion. 
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Existing  Pile  Load  Capacity  Evaluation 

Alan  Kropp 

Alan  Kropp  and  Associates,  Berkeley,  California 


SYNOPSIS: 

An  evaluation  of  the  capacity  of  piles  supporting  an  existing  five-story  building  became  necessary  when  heavy  new  shear  walls  were 
proposed  for  the  structure.  Data  regarding  these  piles  was  obtained  from  the  soil  investigation  report  for  the  project,  from  two  pile 
load  tests  at  the  site,  and  from  driving  records  for  229  production  piles.  Additional  information  was  derived  from  soil  boring:  and  pile 
load  tests  tor  two  adjacent  buildings.  Calculations  were  made  of  the  anticipated  pile  capacities  of  piles  at  load  test  locations,  and 
empirical  correction  factors  developed  to  modify  the  calculated  values  to  match  the  load  test  results.  The  same  calculation  methods 
and  empirical  correction  factors  were  then  used  to  develop  ultimate  capacities  at  each  production  pile  location,  and  appropriate 
safety  factors  applied  to  estimate  allowable  pile  capacities. 


INTRODUCTION 

A  five-sto''y  parking  garage  was  constructed  in  1972.  In  1982, 
some  cracking  in  the  structure  was  observed  and  a  detailed 
evaluation  of  the  original  garage  design  was  performed.  The 
evaluation  concluded  that  five  shear  walls  should  be  added  to 
the  facility  to  provide  adequate  lateral  stability  during  seismic 
shaking.  A  geotechnical  evaluation  of  the  existing  pile 
foundation  was  performed  to  determine  if  the  piles  could  carry 
the  additional  weight  of  the  new  shear  walls. 


Figure  1. 


EXISTING  DATA 

A  soil  investigation  for  the  parking  garage  was  originally 
performed  in  1970  which  provided  recommendations  for  the 
proposed  pile  foundations.  This  study  included  the  drilling  of 
five  exploratory  borings  on  the  site.  Two  pile  load  tests  were 
performed  in  March  1972,  and  229  production  piles  were  driven 
in  March  and  April  of  1972. 

Two  13-story  office  buildings  were  constructed  on  piles  adjacent 
to  the  parking  facility.  The  foundation  investigations  for  these 
two  sites  were  performed  in  19('9  and  1972  and  included  four 
and  three  exploratory  borings,  respectively.  One  pile  load  test 
was  performed  for  the  second  office  building. 

The  approximate  locations  of  the  parking  facility,  the  office 
buildings,  the  exploratory  borings  and  the  pile  load  tests  are 
shown  on  the  Site  Plan,  Figure  I. 

LEGEND 

—  •  —  •  —  »  Approximate  Location  of  Property  Line 
Approximate  Building  Limits 

P-1  ^  Approximate  Location  of  Exploratory  Boring  for 
Parking  Facility 

I-l  Approximate  Location  of  Exploratory  Boring  for 
Office  Building  No.  1 

n-1  Approximate  Location  of  Exploratory  Boring  for 

Office  Building  No,  2 

PT-1  ^  Approximate  Location  of  Test  Pile  for  Parking  Facility 
IIT-1  ^  Approximate  Location  of  Test  Pile  for  Office  Building  No.  2 
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SITE  CONDITIONS 


TABLE  2.  CLAY  PROPERTIES 


A.  Exploratory  Aorin^  Data 

The  subsurface  materials  encountered  m  the  bonnes  below  the 
parking  facilitv  generalU  consisted  oi  soft  to  stiff,  silts  and 
clays  with  sand  lenses  extending  to  a  depth  of  about  45  feet. 
Below  this  depth,  dense  sand  layers  with  occasional  clay  layers 
were  encountered  extending  to  the  maximum  depth  explored  of 
about  9  5  feet.  L-ravel  layers  were  encountered  m  several  of 
the  borings,  particularly  near  the  bottom  of  the  borings.  The 
borings  below  the  first  office  building  site  generally  encountered 
sand  layers  with  silt  lenses  in  the  upper  45  feet,  and  then  sand 
and  gravel  layers  below  that  depth.  At  the  second  office 
building  site,  the  borings  typically  encountered  clay  layers  with 
interbedded  sands  extending  to  a  depth  of  about  SO  feet,  and 
then  sand  and  gravel  layers  to  the  bottom  of  the  borings  at  a 
depth  of  about  ICO  feet.  Thus,  the  subsurface  conditions  were 
somewhat  different  at  each  of  the  three  sites. 
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SAND  PROPERTIES 
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-Mthough  some  variability  W'as  encountered  in  the  borings,  the 
groundwater  was  generally  present  a  d.  pth  of  about  15  to  25 
feet  at  the  time  of  the  investigations. 

6.  Test  Pile  Data 


TABLE  3.  GRAVEL  PROPERTIES 


p.ia  Driving  Wei  Density 
Type  ui-  .vco-jnl  _ 


OrainecJ 
Pile  Pn 


Soil  - 


Vesic  Co^rectec  E/, 

{’-96r>  V  Vdc  ^  ^ 


Two  pile  load  tests  on  iO-inch  square,  prestressed  concrete 
piles  were  performed  on  the  parking  garage  site.  As  shown  on 
the  Site  Plan,  one  test  pile  was  located  adiacent  to  P''nng  1 
(.n  the  western  corner)  and  the  other  was  located  adjacent  to 
Boring  5  (in  the  eastern  corner).  Test  Pile  I  (adjacent  to 
Boring  i)  was  driven  to  a  depth  of  about  65  feet,  while  Test 
Pile  2  (adiacent  to  Boring  5)  was  driven  to  a  depth  of  about 
63  feet.  Load  testing  indicated  an  ultimate  capacity  of  117 
tons  for  Test  Pile  1,  and  an  ultimate  capacity  of  195  tons  for 
Test  Pile  2.  Based  on  this  information,  tne  soil  engineer  said 
that  the  proposed  heavily  leaded  production  piles  ^carrying  loads 
of  83  to  97  tons)  shoijld  be  extended  to  a  depth  of  77  feet  and 
should  have  blow  counts  of  at  least  30  blows  per  foot  for  the 
last  3  feet. 

One  pile  load  test  was  performed  adjacent  to  Boring  3  on  a 
12-in':h  square  prestressed  coficrete  pile  for  the  second  offic'^ 
building  (see  the  Site  Plan).  This  pile  was  driven  to  a  depth 
of  about  84  feet  (after  the  upper  40  feet  of  soil  had  been 
predrilled).  The  pile  load  test  indicated  an  ultimate  capacity 
of  about  320  tons.  For  the  design  capacity  of  150  tons,  the 
soil  engineer  recommended  all  production  piles  be  predrilled  to 
a  depth  of  40  feet  and  then  driven  10  feet  into  the  dense  sand 
and  gravel  layer  encountered  at  a  depth  of  about  75  feet. 


C.  Production  Pile  Driving 

The  pile  driving  records  for  the  parking  garage  indicated  that 
229  piles  were  driven  to  depths  ranging  from  about  66  to  90 
feet  (although  most  tips  were  at  depth  between  77  and  80  feet). 
All  piles  were  lO-mch  square,  prestressed  piles. 
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B.  Soil  Properties 
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Very  limited  soil  testing  was  performed  by  the  soil  engineers 
on  samples  obtained  fr  he  five  borings  at  the  parking  garage 
site.  'Skater  content  and  dry  density  tests  were  performed  on 
most  samples,  while  oJ.ca”  tests  and  one  ro.isolidation 

tt^t  lormed  on  other  samples.  C^'cause  of  erratic  test 

results,  these  results  were  not  used  to  a  significant  degree  in 
our  analyses.  Also,  very  few  standard  pene  ration  resistance 
values  were  recorded,  so  little  informatioi  regarding  soil 
properties  could  be  obtained  using  correlations  between  blow 
counts  and  soil  properties. 


The  soil  layers  encountered  in  the  borings  at  th'  second  office 
building  sue  were  somewhat  similar  to  those  at  i.ne  garage  site, 
except  the  upper  sand  layers  below  the  parking  fariiity  w'ere 
not  encountered  in  the  office  building  borings.  General 
laboratory  tests  performed  by  the  soil  engineer  on  samples 
recovered  from  the  borings  included  moisture  content,  dr\ 
density,  and  Atterberg  Emits  tests.  In  addition,  one  direct 
shear  test  and  two  c  '  olidaiion  tests  wi-re  performed.  Most 
samples  were  obtained  with  a  3.25-in(h  diameter  sampler  driven 
by  a  342-pound  we.ght  dropping  18  inches.  The^e  values  were 
converted  to  rou^n  standard  penetration  resistance  (N)  values 
using  general  corr--lation  factors  which  ''onsiderod  driving  energv 
and  sampler  size  differences. 


EVALUATION  AND  CONCLUSIONS 

A.  Soil  Layers 

On  the  basis  of  the  pile  driving  blow  counts,  and  the  soil  boring 
logs,  rough  differentiations  were  made  between  types  of  soil 
(clay,  sand,  or  gravel)  and  subdivisions  were  established  between 
individual  soil  types  (i.e.  soft,  firm,  or  stiff  clav).  These  soil 
categories  are  presented  on  Tables  I,  2,  and  3.  Three  types 
of  clay,  thre'f'  types  of  sand  and  two  types  of  gravel  were 
identified,  and  each  soil  type  was  given  a  different  letter 
designotion.  Differentiation  betw  en  ^lay  and  sand  lavers  was 
partially  based  on  the  blowcount,  while  distinctions  between 
sand  and  gravel  layers  was  primarily  h^sed  on  the  blowcount. 


The  evdluati'^n  of  the  soil  property  data  that  existed  tree: 
previous  labora.ory  testing  and  rough  (  o'^relations  with  standard 
penetration  resistance  values  indicatc'd  that  verv  sparse  data 
on  soil  properties  was  available.  Therefore,  it  was  rone  luded 
that  a  more  reliable  proc  edurt  to  determine  load  'tv  was 

to  estimate  soil  strength  properties  based  on  th  •  pile  dri>'ng 
blowcounts,  and  then  modify  the  strength  i  h^rac'eristics  of  th-' 
soil  layers  u^ing  a  ratio  of  the  load  capaciiv  rf  the  test  piles 
computed  using  these  properties  to  the  aMnti  load  rapacitv 
determined  bv  tfu*  pile  load  tests. 

Tfie  initial  soil  properties  selei  ted  for  tlie  v  .nous  soil  sublavers 
are  presented  on  Tables  1,  2,  and  3.  Uet  densitv  values  were 
generally  obtained  hv  evaluating  wet  de  isitv  values  reior^ied 
on  the  soil  ^amples  tested  bv  the  soil  engineer  at  the  g.iragr 
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site.  The  undramed  cohesion  values  for  ciay  layers,  as  well  as 
the  drained  friction  angle  for  sand  and  gravel  layers,  were 
estimated  on  our  experience  with  similar  materials  in  the  area. 

C.  Shaft  Resistance 

From  Poulos  (1980),  the  following  formulas  for  shaft  resistance 
were  obtained: 

Clay:  =  AjCa 

Sand  and  G'-avel:  Pj^  =  A5K5  tan  Q  \ 
where  P5y  =  ultimate  shaft  resistance 


A5  -  shaft  area 

C3  =  soil-pile  adhesion 


Kj  =  coefficient  of  lateral  pressure 

O' ^  =  drained  friction  angle  between  soil  and  pile 


(J  \  -  effective  s’ress  along  shaft 


The  factors  used  in  our  initial  capacity  calculations  for  clay 
layers  were  determined  by  interpolation  between  the  factors 
proposed  by  Tomlinson  (1957)  and  Kerisel  (1965).  When  sand 
or  gravel  layers  were  present,  the  relationships  between  0  and 
K  tan  proposed  by  Vesic  (1967)  and  by  Meyerhof  (1976) 
were  considered.  These  two  curves  are  presented  on  Figure  2. 
During  our  initial  calculations,  the  values  of  Vesic  (1967),  which 
had  been  modified  by  Poulos  (1980),  were  used.  It  should  be 
noted  that  the  critical  or  limiting  value  of  'y  reached  along 
the  pile  shaft  was  determined  in  accordance  with  Vesic  (1967) 
as  a  function  of  the  pile  diameter  and  the  friction  angle  of 
the  soil. 
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The  equations  for  tip  resistance  of  the  pile  were  also  obtained 
from  Poulos  (1980).  The  equations  used  in  this  study  were: 

Clay:  Fpu  ”  i^b  tty  ^c 


Sand  and  Gravel:  Pjjy  =  Ap  ffa/fs 


where  P^y  =  ultimate  base  resistance 
A|3  =  base  area 
Nf.  =  bearing  capacity  factor 


Cy  =  undramed  soil  cohesion 

f|j/fs  =  ratio  of  base  resistance  to  shaft  resistance 

In  clay  layers,  the  commonly  accepted  value  of  =  9  proposed 
by  Skempton  (1959)  was  used.  Where  sand  or  gravel  layers 
were  present,  the  relationship  of  0  to  fb/^s  proposed  by  Vesic 
(1967)  was  adopted  for  the  study. 


E.  Correction  Factors 

Using  the  equations,  soil  profiles,  and  soil  properties  previously 
discussed,  the  ultimate  capacity  was  calculated  of  the  two  test 
piles  on  the  site,  as  well  as  the  test  pile  on  the  second  office 
budding  site.  The  calculated  capacities  were  then  compared 
to  the  values  recorded  in  the  pile  load  tests.  The  results  of 
these  comparisons  are  presented  below. 


TP 

cue  (Tons) 

RUC  (Tons) 

RC/CC 

PT-I 

193 

117 

0.61 

PT-2 

349 

195  ' 

0.56 

IIT-I 

623 

320 

0.51 

TP  =  Test  Pile  Designation 

cue  =  Calculated  Ultimate  Capacity 

RUC  =  Recorded  Ultimate  Capacity 

RC/CC  =  Recorded  Capacity/Calculated  Capacity 

This  comparison  indicates  that  calculated  values  were  generally 
about  twice  the  recorded  values.  It  appears  that  the 
overestimation  of  the  load  capacities  resulted  primarily  from 
overestimation  of  the  soil  properties  because  of  the  lack  of 
quality  laboratory  testing  of  soils  at  the  site.  To  a  lesser 
degree,  the  overestimation  might  be  attributed  to  the  use  of 
the  Vesic  relationship  of  0  vs  Kj  tan  rather  than  the 
relationship  proposed  by  Meyerhof  (see  Figure  2).  However, 
the  similarity  of  the  ratios  between  the  recorded  and  calculated 
values  for  the  three  piles  is  quite  good,  considering  that  varying 
soil  profiles  were  present  at  the  three  locations  and  that  PT- 
1  bears  on  clay,  PT-2  bears  on  sand,  and  II. -1  bears  on  gravel. 

The  majority  of  the  calculated  pile  loads  on  all  of  the  three 
test  piles  were  carried  by  the  portions  of  the  pile  shaft  in  sand 
or  gravel  layers,  while  the  clay  layers  contributed  relatively 
minor  amounts.  Therefore,  it  was  decided  to  apply  an  empirical 
correction  factor  to  the  sand  and  gravel,  and  not  correct  the 
clay  values.  By  applying  a  correction  factor  of  0.53  to  the  Kj 
tan  ®'a  values  originally  obtained  from  Figure  2,  the  shaft  and 
tip  resistance  in  sand  and  gravel  layers  was  modified  so  that 
the  calculated  and  recorded  capacities  were  nearly  the  same. 
The  corrected  values  of  K;  tan  0'a  are  presented  on  Figure  2. 
The  Kj  tan  0'^  values  used  are  generally  between  the  values 
proposed  by  Vesic  (1967)  and  Meyerhof  (1976)  for  sand  layers  (0 
=  30°  -  35°),  but  lower  than  both  values  for  gravel  layers  (0  = 
38°  -  41°).  This  may  mean  that  the  sand  properties  were 
accurately  estimated  originally,  but  the  gravel  properties  were 
overestimated. 


F.  Ultimate  Capacity 

Using  the  techniques  discussed  above,  a  procedure  was  developed 
to  estimate  the  present  ultimate  load  capacity  for  the  existing 
piles  under  the  five  proposed  shear  walls.  The  results  indicate 
the  piles  studied  had  ultimate  capacities  which  vary  from  about 
160  tons  to  384  tons  (320  to  768  kips).  Soil  conditions,  pile 
driving  records  and  load  capacity  data  for  the  two  extreme 
piers  are  summarized  on  Figures  3  and  4. 
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Figure  3.  Capacity  of  Pile  G-1  (2) 


H.  Factors  of  Safety 


Typically,  a  factor  of  safety  of  2.0  is  used  to  convert  ultimate 
pile  capacity  to  an  allowable  value  for  dead  plus  live  loads. 
However,  Terzaghi  (1967)  indicates  that  "if  the  ultimate  bearing 
capacity  is  determined  by  means  of  a  load  test,  the  customary 
factors  of  safety  range  between  1.5  and  2."  It  is  our  opinion 
that  a  factor  of  safety  of  2  is  a  reasonable  value  to  apply  to 
ultimate  capacities  determined  after  soil  borings  have  been 
drilled  and  pile  load  tests  performed  for  a  project  because  large 
uncertanties  still  exist  about  soil  profile  variations  between 
boring  locations.  At  the  garage  site,  the  pile  driving  records 
for  229  piles  were  studied  to  provide  a  much  more  detailed 
evaluation  of  soil  conditions  across  the  site.  Because  the  level 
of  uncertainty  concerning  subsurface  conditions  was  substantially 
reduced  for  this  project,  it  was  recommended  that  a  factor  of 
safety  of  1.5  be  applied  to  the  ultimate  capacities  to  obtain 
an  allowable  capacity  for  dead  plus  live  loads. 

There  is  little  published  information  about  the  factor  of  safety 
to  be  applied  to  ultimate  pile  capacities  to  determine  the 
allowable  capacity  for  earthquake  loading.  Standard  practice 
IS  often  to  apply  a  one-third  increase  to  the  allowable  capacity 
determined  for  dead  plus  live  loads.  We  recommended  that  a 
factor  of  safety  of  1.1  be  used  to  convert  ultimate  pile  capacity 
to  allowable  capacity  during  earthquake  loading.  We  should 
note  that  if  a  one-third  increase  is  used  on  the  allowable  dead 
plus  live  load  capacity  obtained  using  a  safety  factor  of  1.5, 
then  the  resulting  factor  of  safety  for  earthquake  loading  is 
about  1,13. 
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SV.VOP.SiS;  This  paper  aiuilyso.-,  tlie  behaviour  of  an  experimental  unsupported  e.\cavat ion  taken  to  failure 
in  a  soft  clay  deposit  near  Rio  de  Janeiro,  Bratil.  The  excavat ion  was  or iginal ly  analyted by  Pontes  Fi 
Iho  and  Medeiros  ',1982)  assuming  undrained  conditions.  In  this  paper,  the  same  excavation  is  analyteci 
by  Biot's  coupled  theorv  of  consolidation  and  de forma t ion  us ing  1  inear  elastic,  non -1 inear-elas t i c  and 
e 1  a s t o-p  1  as t  ic  constitutive  models  and  simulating  the  excavation  process  in  time,  without  a-priori 
hypothesis  on  the  drainage  conditions.  Details  of  the  excavation  construction,  geotechnical  profile 
and  instrumentation  are  briefly  de.scribed.  Subsequently,  the  const  itutiv^e  model  calibrations  are 
discussed  in  \iew  of  laboratort-  tests  available.  Finally,  for  each  excavation  step,  comparisons  are 
made  between  surface  settlement  profiles,  horizontal  displacements  and  pore-pressure  measured  in  the 
field  and  analytically  calculated. 


The  Sarapui  experimental  was  taken  to  failure 
in  few  hours.  A  first  analysis,  made  with  a  2-D 
uncoupled  finite  element  program  with  linear- elastic 
and  non-linear-elastic  constitutive  models,  assumed 
undrained  conditions  and  utilized  undrained 
la'uoratory  tests  and  soil  parameters  IPontes  hilho 
and  Medeiros,  1982). 

This  paper  describes  the  utilization  of  the 
coupled  f inite  e lement  program  mentioned  above  in 
a  second  analysis  of  Sarapui  experimental 
excavation.  In  this  second  analysis,  drained 
laboratory  tests  are  used  to  determine  soil 
parameters.  The  time  spent  to  execute  the 
excavation  is  taken  into  consideration,  therefore 
avoiding,  a  priori ,  any  hypothesis  with  respect  to 
the  drainage  conditions  of  the  problem. 

Although  there  are  few  doubts  about  these 
drainage  conditions,  this  second  analysis  aims, 
first,  to  test  the  coupled  model 's  ability  to  predict 
partially  drained  behaviour  and,  second,  to 
discuss  two  different  undrained  analyses:  one  made 
uncoupled  with  undrained  parameters  and,  another 
one,  made  coupled  with  drained  parameters. 

Initially,  the  case  history  is  briefly  described. 
This  part  was  essentially  extracted  from  the  work 
of  Pontes  Filho  and  Medeiros  (1982)  and  isincluded 
here  only  to  insure  completeness.  Subsequently, 
laboratory  test  results  are  presented,  together 
with  their  analytical  modeling.  Finally, 
comparisons  between  field  and  analytical  results 
are  presented. 


THE  SARAPUI  UNSUPPORTED  E.XPERIMENTAL  EXCAVATIONS 

The  experimental  excavation  was  performed  on  4 
steps,  with  failure  occuring  approximately  5  hours 
and  45  minutes  after  the  construction  beginning 
(Figure  2). 

The  instrumentation  consisted  of  44  surface 
monuments,  1  5  piezometers  (7  of  the  Casagrande  type 
and  8  of  the  hydraulic  type),  2  slope  indicators 
and  4  magnetical  extensometer s  (Figure  5). 

The  soil  profile  consisted  of  three  layers 
(Figure  4);  a  1  to  1 . 4  meters  thick  sandy 
embankment  dumped  in  the  area  three  years  before 


introduction 

As  part  of  a  research  project  deve loped  at  PUC/RJ , 
a  two-dimensions  (2-0)  conjuter  program  using  the 
finite  element  method  and capab Ic  of  s imulat ing  the 
cons t rue t  ion  o  f  exc avat  i  on as  wc  1 1  as  embankments, 
was  written.  The  program  uses  a  coupled 
deformation-pore  pressure  dissipation  theory(Biot, 
1941;  Sandhu  and  Wilson,  1969).  It  is  based  on  a 
program  developed  by  Osaimi  (1977),  the  main 
differences  being  the  implementation  of  a  new 
version  of  the  hyperbolic  stress-strain  constitutive 
model  (Duncan,  1980)  and  the  implementat ion  of  the 
Modified  Cam-Clay  e las to-p las t  ic  work-hardening 
constitutive  model  (2 icnkiewicz  and  Naylor  ,  1971). 

Parallel  to  this  development ,  a  few  years  ago  (Ri 
beiro,  1981),  an  experimental  excavationiSarapuil 
was  executed  as  part  of  another  research  project 
undertaken  simultaneously  by  the  Institute  of 
Highway  Research  of  Rio  de  Janeiro  (IPR)  and  the 
Departments  of  Civil  Engineering  of PUC/RJ  and  of 
the  Post -Gradual ion  School  of  Federal  University 
of  Rio  de  Janeiro  (COPPE/lIFRJ)  .  Besides  the 
experimental  excavat ion ,  the  research  project  also 
included  two  trial  embankments;  one  taken  to  failure  to 
investigate  strength  propertie.s  (Ramalho  Ortigao 
et  al.,  1983)  and  another  one  for  settlement 
studies  (Figure  1)  . 


Fig.  1  -  Sarapui  Experimental  Excavation  (Pontes 
Filho  and  Medeiros,  198?) 
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the  excavation,  a  5.2  to  3.S  meters  thick  organic 
silty  clay  layer  (Sarapui  clay!  anj  10  meters 
thick  stiff  sandy  clay  la>er.  The  sandy  embankment 
consisted  of  a  well-graded  sand-gravel  mixture 
excavated  from  a  nearby  pit  of  young  gneissic 
residual  soil  with  average  specific  unit  weight 
of  1.0  tf/ra^  and  moisture  content  between  9«  and 
1  ri .  Sarapui  soft  clay  has  been  investigated  by 
many  authors:  Costa  l-illio  et  al.  (  1  977);  h'erneck 
et  al.  119");  Ramalho  Ortigao  and  Costa  Filho 
C19S1).  Atexcavation  site,  average  liquid  limit 
of  OS",  and  plastic  limit  of  TOj  were  encountered. 
Natural  moisture  content,  void  ratio,  specific 
unit  weight  and  degree  of  saturat ion  were  equal  to 
!4ri,  5.9,  1.55  tf/m^  and  9"a,  respec t i vel ly .  The 
organic  matter  content  was  about  5"  and  is 
responsible  for  the  dark  gray  coloi  of  Sarapui 
clay  (Ramalho  Ortigao  et  al.,  1985). 
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.\n  investigation  carried  out  by  Ribeiro  (1981) 
indicated  a  moderate  degree  of  overconsolidation 
in  the  soft  clay  deposit.  However,  tiie  sandy 
embankment  constructed  three  years  before  the 
excavation  initiated  a  consolidation  process 
which,  based  on  p ie zometer  readings,  was  completed 
before  the  excavation  beginning.  Therefore,  the 
deposit  to  he  excavated  was  normally  consolidated 
(Pontes  Filho  and  Medeiros,  1982). 


Fig.  4  -  Soil  Profile  and  Hxcavation  Site 


Fig.  2  -  Excavation  Sequence  and  Duration 
(Ribeiro ,  19811 


(a)  Plan  View  (b)  Transversal  View 

Fig.  5  -  Excavation  Instrumentation 


LABORATORY  TESTINGS  AND  CONSTITUTIVE  MODELS 

The  sandy  embankment  stress-strain  and  strength 
behaviour  was  investigated  by  Pontes  Filho  (1981) 
who  performed  two  series  of  drained  axisymmetric 
triaxial  tests  using  a  stre.ss-controlled  cell 
(Bishop  and  Wesley,  1975).  The  first  series 
consisted  of  three  conventional  triaxial  compression 
tests  (CTC  -  increasing  axial  stress  and  constant 
confining  pressures  of  10,  20  and  50  tf/m^).  The 
second  series  consisted  of  three  reduced  triaxial 
compression  tests  (RTC  -  constant  axial  stress  of 
20,  30  and  40  tf/m^  and  decreasing  confining 
pressure).  Only  the  CTC  were  used  for 
calibrating  the  constitutive  models. 

The  Sarapui  soft  clay  stress-strain  and  strength 
behaviour  was  investigated  by  a  series  of  undrained 
and  drained  axisymmetric  triaxial  tests.  The 
undrained  tests  were  performed  by  Sayao  (1980).  .A 
total  of  45  tests  was  executed;  24  rapid  tests  (UU 
or  CU  without  pore-pressure  measurements)  and  21 
slow  tests  (CU  with  pore-pressure  measurements)  . 
The  drained  tests  were  performed  by  Bressani 
(1985).  A  total  of  11  tests  was  executed,  always 
with  volume  change  measurements:  5  tests  were 
strain-controlled  and  6  were  stre ss -control led . 

Only  the  drained  tests  were  utilized  for  the 
hyperbolic  calibration  of  Sarapui  soft  clay.  For 
the  Modified  Cam-Clay  e lasto-p 1  as t ic  model, 
besides  the  drained  and  undrained  tests ,  oedometer 
tests  were  also  necessary  for  calibration  (Sayao, 
1980)  . 


TABLE  I 


E  (kPa) 

V 

SAND 

5100. 

0.50 

CLAY 

625. 

0.17 
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Ihiee  different  f  in  i  te  c Icment  analyses  were  made. 
In  the  f  ir s t  one  ,  he rc  i n  cal  led  e  1  as t  ic  ,  both  sandy 
emhankmcnt  and  .'hirapui  cla>'  were  modeled  .;rth  a 
1  inca r-c  1  as t  1  c  model  u.sing  parameters  shown  in 
Tabic  I.  In  the  second  analysis,  herein  called 
h>-perbo!ic,  both  sand}-  embankment  and  Sarapui  clay 
wore  modeled  with  the  hyperbolic  model  using 
parameters  presented  in  Tah'e  11.  In  the  third 
analysis,  herein  called.  Cam-Clay,  the  sandy 
embankment  was  modeled  with  the  hyperbolic  model 
using  parameters  .shown  in  Tabic  11  and  the  Sarapui 
clay  was  modeled  with  the  Mod  i  f  i  ed  Cani-C  1  ay  e  las  to 
-nlastic  model  u.sing  parameters  presented  in  Table 
III. 

Figure  5  shows  comparisons  of  surface  settlement 
profiles  due  to  excavation  stages:  fa)  1,  (b )  2 
and  fc)  .1,  respectively.  The  analytical  results 
do  not  show  a  good  quant  i  tat  ivc  agreement  with  the 
field  ones.  Results  obtained  with  the  hyperbolic 
and  the  Cam-Clay  ana  lyse s a  re  reasonably  close  and 
only  qualitatively  in  agreement  with  the  field 
ones.  Field  se  1 1 1  emen  t  a  re  in  general  much  .smaller 
than  the  analytical  ones.  A  probable  reason  for 
this  difference  may  be  found  in  the  analytical 
simulation  of  the  sand  embankment.  Due  to  low 
stress  levels  from  the  beginning  of  excavation 
some  elements  in  the  embankment  fail  or  become 
too  flexible  in  the  analysis,  therefore  exaggerating 
tiie  analytical  vertical  displacements. 

Figure  6  and  "  pro  son t  compar i sons o f  horizontal 
di.splaccments  due  to  excavation  along  vertical 
lines  corresponding  to  inclinometers  11  and  12, 
respectively.  In  this  case,  results  obtained  with 
the  hyperbolic  and  Cam-Clay  analyses  agree  reasonable 
well  with  the  field  ones,  except  the  results  from 
the  inclinometer  II,  staged.  The  elastic  analysis 
was  clearl)  the  worst  ones,  whereas  the  Cam-Clay 
analysis  was  a  little  better  than  the  hyperbolic 
one.  It  is  important  to  remember  that  the 
volumctiic  response  of  the  sand  embankment  was 
estimated,  therefore  fea ture.s  1  ike  di la tancy ,  that 
may  explain  certain  observed  differences  in  the 
horizontal  movements,  were  not  e i ther eva  1  ua ted  in 
the  laboratory  or  modeled. 

Figure  8  anil  9  present  compari  sons  between  pore 
-pressures  analytically  calculated  and  measured  in 
tbo  f i e 1 d  by  Casagrande  and  hyperbo 1 i c  piezometers, 
respectively.  In  general,  results  of  the  three 
analyses  do  not  differ  much,  the  largest  differences 
being  encountered  be  tween  the  e 1  a st  ic  and  the  other 
two  analyses.  The  analytical  results  are  in 
agreement  with  the  field  ones  specially  before 


failure  (time  ei|ual  to  15:00  hours).  After  this 
point  soiiic  o  f  t  lie  p  ie  zome  t  e  r  reg  is  te  red  an  abrupt 
change  in  pore  water  pressure  that  could  not  be 
acountcJ  for  in  the  anal>’sis. 


I 

(c)  Stage  3 


Fig.  5  -  .Surface  Settlement  Profile  Comparisons 
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Fig.  6  -  Horizontal  Comparisons  for 
Inc  1 inometer  I  1 
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CO.VCLUSION'S 

With  the  exception  of  the  surface  settlement 
profiles,  comparisons  were.  in  general,  both 
qualitative  and  quantitatively  good  particularly 
for  the  hyperbolic  and  Cam-Clay  analyses. 

Kith  respect  to  the:  pore-pressure  comparisons, 
the  three  analyses  gave  rise  to  close  results, 
therefore  not  justifying  the  utilization  of  more 
sophisticated  models  as  the  hyperbolic  and  Cam- 
-Clay.  However,  the  di sp lacement  compar i sons  were 
clearly  more  favorable  for  the  hyperbolic  and  Cam 
-Clay  analyses  than  for  the  linear  elastic  one, 
therefore  entirely  recommend ing  the  ut i 1 i zat ion  of 
these  analyses  instead  of  the  1  inear -e last ic  one. 

The  Cam-Clay  analysis  gave  rise  to  results  that 
were  sligthly  better  than  the  hyperbolic  ones. 
Nevertheless,  the  differences  were  small  and,  for 
the  case  analyzed,  there  was  no  major  gain  in 
accuracy  that  justyfied  the  use  of  this  more 
sophisticated  elasto-plastic  model  instead  of  the 
simpler  and  widely  known  hyperbolic  model. 

Comparisons  between  results  obtained  by  Pontes 
and  Medeiros  f 1 98 2 J  w i th  the ir  uncoup led-undrained 
analysis  with  results  presented  in  this  paper  show 
small  differences  justifiable  by  different  values 
of  effective  stress  in  the  two  analyses.  In  fact, 
both  analyses  induce  same  total  stresses,  since 
they  depend  on  the  geometry  and  equilibrium 
conditions  of  the  problem.  The  effective  stresses, 
however,  may  be  different,  depending  on  the 
pore-pressures.  In  the  analysis  made  by  Pontes 
and  Medeiros  (19821  it  is  assumed,  first,  that 
the  excavation  was  executed  in  undrained  conditions 
and,  second,  that  the  pore-pressures  generated 
dur ing  the  laboratory  undra ined  te St s  are  equal  to 
the  field  ones  while  the  excavation  is  being 


executed.  This  is  only  true  if  the  stress-paths 
in  the  laboratory  tests  and  in  the  field  are  exactly 
the  same  which  is  seldom  the  case.  On  the  other 
hand,  the  pore-pressures  generated  by  the  coupled 
theory  are  in  accordance  with  the  equations 
governing  the  behaviour  of  a  two-phase  material 
(Biot,  1941).  The  main  assumptions  in  this  case 
are,  laminar  flow  and  inf initessimal  strains 
during  consolidation,  and  modeling  of  the  effective 
stress-strain  relation  observed  in  drained  tests. 
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Fig.  8  -  Pore-Pressure  Comparisons  for 
Casagrande  Piezometers 


Since  results  of  the  two  analyses  are  reasonably 
close,  it  is  logical  to  say  that  they  gave  rise  to 
values  of  pore-pressure  approximately  the  same. 
However,  the  coupled  approach  is  more  attractive 
because  it  does  not  involve  an  assumpt ion  about  the 
drainage  conditions  in  which  the  excavation  is 
executed  which,  for  prat  ical  rather  than  experimental 
excavations,  is  frequently  difficult  to  determine 
(Osaimi  and  Clough,  1979). 
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Fig.  9  -  Pore-Pressure  Comparisons  for 
Hydraulic  Piezometers 
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SYNOPSIS  The  stability  of  large  metal  culverts  depends  on  the  performance  of  the  backfill  around  the  pipe,  which  must 
be  considered  as  a  part  of  the  structure  when  evaluating  its  safety.  A  simplified  method  to  evaluate  the  current  stabi¬ 
lity  of  such  a  structure  on  the  basis  of  the  structure's  shape  is  derived.  Useful  when  limited  amount  of  information  is 
available,  this  method  provides  an  economical  procedure  for:  (1)  evaluating  the  condition  of  the  existing  backfill  and 
its  capability  to  provide  a  safe  support  for  the  structure;  (2)  predicting  final  movements  and  determining  if  additional 
investigations  are  necessary  to  establish  the  safety  of  the  structure;  and  (3)  determining  if  measured  deflections  are 
in  agreement  with  those  predicted  and,  if  not,  determining  if  the  safety  of  the  structure  is  endangered  by  phenomena 
other  than  the  expected  behavior  of  surrounding  soil  (e.g.  voids  near  pipe,  soil  erosion,  non-symmetric  loadings). 

INTROOUCTION 


Several  hundred  long-span  corrugated  metal  pipes  are 
currently  in  place  across  the  United  States  and  about 
one-hundred  new  pipes  are  installed  each  year.  Since 
most  of  the  pipes  are  installed  under  highways  and  the 
safety  of  traffic  relies  on  their  structural  stability, 
periodic  inspection  and  evaluation  is  obligatory.  Be¬ 
cause  the  stability  of  these  structures  depends  on  the 
condition  of  the  supporting  backfill,  and  because  exten¬ 
sive  annual  evaluation  of  the  backfill  is  expensive  and 
impractical  in  most  cases,  a  simplified  method,  based  on 
a  limited  amount  of  available  information,  is  necessary. 


pose,  a  computer  program  entitled  "MULTSPAN"  was  pre¬ 
pared.  This  program; 

calculates  the  radii  along  the  structure  perimeter 
based  on  the  chord  and  mid-ordinate  measurements 
(see  Figure  1),  determines  the  average,  maximum 
and  minimum  values  for  the  chords,  mid-ordinates, 
and  radi i ; 

compares  these  field  values  with  design  values, 
corresponoing  to  the  structure's  intended  shape; 


Corrugated  metal  pipes  cannot  be  rated  based  on  struc¬ 
tural  capabilities,  as  can  a  bridge.  These  pipes  depend 
on  the  backfill  for  their  support,  and  the  backfill 
around  the  pipe  must  be  considered  as  a  part  of  the 
structure.  Any  evaluation  of  large  corrugated  metal 
pipes  must,  therefore,  take  into  consideration  perfor¬ 
mance  of  the  backfill.  The  overall  performance  of  the 
pipe  and  backfill  can  be  evaluated  by  comparing  the 
shape  of  the  pipe  with  the  intended  design  shape,  both 
at  time  of  installation  and  periodically  thereafter. 

The  procedure  presented  describes  a  relatively  simple 
procedure  for  evaluating  the  condition  of  a  long-span 
pipe  based  on  shape  and  then,  if  the  shape  is  approach¬ 
ing  a  degree  "if  flatness  which  may  be  unstable,  for 
utilizing  the  density  of  the  backfill  and  the  soil  type 
to  predict  future  movement.  The  method  can  be  used  to 
determine  future  movements  of  pipes  which  are  experi¬ 
encing  deflection  or  to  project  deflection  of  a  newly 
installed  pipe. 

EVALUATION  OF  PIPE  CONDITION  BASED  ON  SHAPE 

The  Important  factor  to  be  evaluated  in  assessing  the 
safety  of  a  corrugated  metal  structure  is  the  extent  to 
which  the  pipe  wall  has  lost  its  curvature  and  becomes 
flatter.  The  extent  of  flattening  can  be  measured 
during  an  annual  inspection  using  the  method  recommended 
by  Cowherd  and  Oelger  (19B6).  This  procedure  evaluates 
the  changes  in  shape  to  determine  whether  or  not  the 
amount  of  deflection  creates  a  problem.  For  this  pur- 


where  there  is  no  design  information  available,  the 
program  estimates  what  these  dimensions  should  be 
using  the  available  field  data  and  calculates  esti¬ 
mated  mid-ordinates  based  on  the  properties  of  cir¬ 
cular  areas;  and 


Fig.  1  Measured  and  Computed  Parameters 
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uses  the  deflection  data  and  visual  observations  to 
assess  the  degree  of  flatness  and  make  recommen¬ 
dations  of  appropriate  action. 

Details  on  MULTSPAN  can  be  found  in  Thrasher  and  Perlea 
(1986).  The  MULTSPAN  analysis,  along  with  pipe  con¬ 
dition  data,  can  be  used  to  establish  a  bridge  rating. 
This  bridge  rating  system  is  compatible  with  the  Bridge 


Inventory  and  Inspection  Program.  The  method  assesses 
the  deflection  (measured  in  an  annual  Bridge  Inspection 
Program)  to  make  recommendations  relative  to  remedial 
action.  Table  I  shows  the  recommended  actions  provided 
by  MULTSPAN  relative  to  the  various  amount  of  mid¬ 
ordinate  deflections  (Cowherd  and  Degler,  1986). 

TABLE  I.  Percent  Mid-Ordinate  Change  and  Remedial 

Action 

Mid-Ordinate  Depth  of 

Percent  Change  Cover  (ft)  Recommended  Action 

<15 

Any 

No  action  required. 

15  -  20 

Over  6.0 

No  action  required. 

Under  6.0 

Monitor  on  5-month 
interval  - 

20  -  25 

Over  6.0 

Reduce  legal  load  to 
BO't  of  H-20  and  mon¬ 
itor  on  6-month  in¬ 
tervals  . 

Under  6.0 

Reduce  legal  load  to 
75S  of  H-20  and  mon¬ 
itor  on  6-month  in¬ 
terval  s . 

25  -  30 

Over  6.0 

Reduce  legal  load  to 
75%  of  H-20  and  mon¬ 
itor  on  6-raonth  in¬ 
tervals  . 

3.0  -  6.0 

Reduce  legal  load  to 
50%  of  H-2  and  mon¬ 
itor  on  6-month  in¬ 
tervals  . 

Under  3.0 

Reduce  legal  load  to 
50%  and  do  detailed 
analysis . 

>30 

Any 

Close  road  until 
detailed  analysis  is 
done. 

NOTE:  Detailed  analysis  to  include  soil  borings  to 
determine  expected  additional  movement. 

Figure  1  illustrates  the  measured  parameters.  The  Table 
I  recommendations  are  based  on  mid-ordinate  deflections 
and  not  on  total  span  heights.  Such  recommendations  for 
corrective  action  have  been  based  on  the  extensive  ex¬ 
perience  of  the  manufacturers  and  a  hand  full  of  prac- 
ticioners.  A  more  rigorous  analysis  of  these  structures 
can  be  made,  however,  based  on  the  assumption  that  they 
behave  in  a  manner  similar  to  thin  wall  tubes  subjected 
to  uniform  loading. 

Defining  the  factor  of  safety  (F)  as  the  ratio  between 


the  critical  soil  pressure  which  induces  buckling  fail¬ 
ure  and  the  actual  soil  pressure,  and  using  relation¬ 
ships  between  mid-ordinate  (m)  and  other  geometrical 
parameters  of  the  pipe,  the  following  equation  may  be 
written  (Cowherd  et  al . ,  1986): 


Af/F  =  (Am/m)  x  3  (1  -  m/r)  (1) 


Where  r  is  the  radius  corresponding  to  the  mid-ordinate 
m. 

For  standard  long-span  pipes  the  factor  3  (i  -  m/r) 
varies  generally  between  2.3  and  2.8.  That  means  that  a 
pipe  having  initially  a  factor  of  safety  of  about  5  will 
have  the  factor  of  safety  decreased  to  2. 9-3. 3  when  the 
mid-ordinate  percent  change  is  15c,  around  2.5  for  20*, 
around  1.8  for  25i,  and  close  to  l.o  for  3Ui. 

For  various  types  of  pipes  and  other  initial  factors  of 
safety  the  results  of  such  an  analysis  would  differ,  but 
not  significantly,  so  that  the  criteria  in  Table  I 
appear  reasonable. 

ESTIMATING  STRUCTURE  MOVEMENT 

If  the  structure  movement  is  enough  to  warrant  borings 
to  determine  the  nature  of  the  backfill,  the  borings  are 
made  and  appropriate  soil  data  collected.  The  soil  data 
are  then  introduced  into  the  computer  program  to  make 
projections  of  both  magnitude  and  rate  of  continued 
movement.  To  determine  the  soil  density  and  soil  type, 
it  is  necessary  to  make  at  least  one  boring  on  either 
side  of  the  p’pe  in  the  backfill  and  preferably  at  least 
one  boring  in  the  material  outside  the  backfill.  The 
method  can  use  either  density  measurements  directly  or 
standard  penetration  values  which  can  be  correlated  to 
density.  The  density  can  be  determined  with  nuclear 
depth-density  gauges  throughout  the  depth  of  a  boring  or 
by  taking  undisturbed  samples.  Tne  nuclear  density 
method  is  by  far  the  most  economical. 

The  accuracy  of  this  method  has  been  evaluated  using 
several  different  case  histories;  some  of  which  are  pre¬ 
sented  In  this  paper.  In  all  cases,  good  agreement  bet¬ 
ween  the  predicted  and  actual  movement  was  observed. 

The  mai.s  edventage  of  the  method  is  that  it  presents  a 
simple  way  of  assessing  the  safety  of  a  corrugated  metal 
structure  without  requiring  considerable  expensive  field 
and  laboratory  data  and  computer  time  to  predict  con¬ 
tinued  movement  of  a  pipe  that  is  experiencing  deflec¬ 
tion.  It  can  also  be  used  to  predict  total  movement 
using  initial  compaction  data.  As  a  result,  a  relati¬ 
vely  simple  assessment  of  projected  pipe  movement  can  be 
made.  Vortical  movement  of  the  structure,  when  due  to 
the  deformation  of  the  pipe  and  not  to  a  general  settle¬ 
ment,  is  of  greatest  importance  since  it  is  a  measure  of 
the  degree  of  flatness  of  the  structures  crown. 

Except  for  unusual  loading  conditions  previously  noted, 
the  vertical  movement  of  a  quasi -circular  structure  can 
be  related  to  horizontal  or  side  movement  of  the  struc¬ 
ture  by  a  factor  of  approximately  one-half;  i.e.,  the 
movement  of  one  side  of  the  structure  into  the  backfill 
is  equal  to  approximately  one-half  the  vertical  movement 
(Spangler,  1951).  Actually,  the  shape  factor;  i.e.,  the 
ratio  between  the  movement  of  one  side  of  the  structure 
and  the  corresponding  vertical  movement,  varies  for 
usual  shapes  between  1.4  and  4.9.  The  program  MILTSPAN 
makes  an  evaluation  of  the  shape  factor  based  on  the 


assumption  that  during  small  deformations  of  pipe  the 
mi d-ord i nates  only  change,  hut  the  ;hord  lengths  remain 
unchanged,  which  leads  to  the  following  re’ationship 
(see  fig.  4  for  notations): 

A,p  I 

-  ::  -[(S  -  Sg)  Rb  •  S/(R  -  Rg)]  (2) 

A(  S  7  i  ? 


Therefore,  determination  of  the  outward  horizontal  move¬ 
ment  will  also  permit  determination  of  downward  move¬ 
ment.  The  calculation  of  this  horizontal  movement  may 
be  accomplished  by  a  simplified,  three  step  process: 

Step  No.  i  -  deter:iine  the  soil  compressibility. 

Step  No.  2  -  determine  the  maximum  horizontal 
pressure  exerted  by  the  structure  on  the  sur- 
rouho i ng  fill;  and 

Step  No.  3  -  calculate  the  horizontal  movement 
using  classical  theory  of  -'ohsol  idation  for 
sha’low  foundation  settlement. 

Step  No.  1  -  Determination  of  Soil  Compressibility 

An  estimation  of  the  final  movement  of  a  structure  can 
be  based  on  the  result  of  a  consolidation  test  with  zero 
lateral  movement  This  method  has  been  used  for  many 
years  to  evaluate  settlement  of  building  foundations. 

The  method  can  be  applied  to  horizontal  (and  thus  ver¬ 
tical)  movement  of  pipes  by  considering  the  Side  of  the 
pipe  as  a  ^hallow  footing. 

^nis  metnod  does  not  take  into  account  such  factors  as; 

the  variation  of  the  compressibility  indexes  with  the 
stress  level  , 

the  instantaneous  (elastic)  compression, 
the  secondary  compression;  ana 

tne  influence  of  the  actual  distribution  of  stresses 
on  the  structure. 

Experience  (with  both  buildings  and  long-span  corrugated 
metal  pipes)  has  shown,  however,  that  this  method  pro- 
vides  a”  adequate  measure  of  movement  for  both  buildings 
and  pipes.  It  is  the  standard  method  for  predicting 
settlement  of  shallow  foundations.  The  accuracy  of  the 
method  is  sufficient  to  provide  a  basis  for  making  an 
engineering  decision  regarding  whether  or  not  corrective 
action  is  warranted.  It  is  possible  to  estimate  the  com¬ 
pressibility  of  soils  without  taking  undisturbed  samples 
and  perfprming  a  consolidation  test.  Empirical  corre¬ 
lations  which  relate  the  corapressian  index  to  grain  size 
(soil  type)  and  percent  compaction  (density)  can  be  made. 
It  is,  therefore,  possible  to  determine  some  character¬ 
istics  such  as  grain  size  and  density  of  the  backfill  and 
evaluate  the  compressibility. 

Table  II  gives  a  rough  estimation  of  the  compression 
index  (CqI  based  on  the  type  of  soil  (seven  categories) 
and  relative  density  or  consistency  (two  limit  values 
and  an  average  one)  (Terzaghi  and  Peck,  1967;  Peck 
et  al.,  1974;  Hough,  1969;  Bally  and  Perlea,  1983; 
McCarthy,  1977). 


TABLE  II.  Classification  of  Soil  Types  and  Tneir 
Character) sties 


Cate¬ 

ASTM 

Average  C;;  Values  For: 

gory 

D 

Loose/ 

Dense/ 

cf 

Typf»  of 

2487 

Soft 

I'iedium 

Stiff 

Sci  1 

Soi  1 

Class 

Material 

Dense 

Material 

I 

Gravel 

GW 

U.U3 

O.Ul 

0.003 

GP 

II 

Silty/ 

GM 

0.U5 

0,02 

o.oua 

Clayey 

Gravel 

GC 

III 

Wei  1 

Graded 

Sand 

SW 

U.ob 

0,02 

U.uo7 

iv 

Poorly 

Graced 

Sand 

SP 

ii.Ub 

0.03 

U,  UiO 

V 

Ity 

SM 

0. 2U 

0.  lu 

Sand , 

Clayey 

Sand 

SC 

V! 

Silty 

ML 

0.4U 

0,25 

0.  10 

Soils 

MH 

or  based 

on  Wi_  as 

below 

VII 

Clayey 

CL 

0.6U'  or 

0.40'  or 

0.20*  or 

Soi  1  s 

CH 

(Wi_-lU) 

(Wl-10) 

(Wl-1U) 

X  0.U12 

X  0.003 

X  0.006 

'Values  to  be  used  if  liquid  limit  (Wl)  is  not  known. 

TABLE  III.  State  of  Density  Estimation  When  (Indirect) 
Measurements  of  Void  Ratio  are  Available 


Cate- 

AS’’M 

Voio  Ratio  Corresponding  to 

gory 

D 

Loose/ 

Dense/ 

of 

Type  of 

2407 

Soft 

Stiff 

Soil 

Soi  1 

Class 

Material 

Medium 

Material 

UII 

Gravel s 

GW  GP 
GM  GC 

0.6 

0.5 

0.4 

IIUIV 

Sands 

SW  SP 

0.7 

0.6 

0.4 

V 

Silty/ 

Clayey 

Sand 

SM  SC 

0.0 

0. 7 

0.5 

VI 

Silty 

Soi  1  s 

ML  MH 

0.9 

0.75 

0.5 

Vila 

Clayey 
Soi  Is 

(Wl<50) 

1.0 

0.8 

CL  CH 

(I.?)* 

(0.9)* 

0.6 

Vllb 

Clayey 

Soils 

(Wl>50) 

1.6 

1.1 

'Values  to  be  used  if  liquid  limit  (W^)  is  not  known. 


For  classification  in  the  three  density  categories,  the 
corresponding  void  ratio  or  percent  standard  Proctor  are 
given  in  Tables  III  and  IV.  An  approximate  correspon¬ 
dence  between  void  ratio  and  the  results  of  the  standard 
penetration  tests,  based  also  on  data  in  literature,  is 
given  in  Table  V. 
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TABLE  N.  State  of  Oensity  Estimatiori  Based  on  Known 
Degree  of  f  action 

jegree  compaction  (Percent  Standaro 


Pro-.  .  -  ASTM  0 

696-781 

Correspond! ng  to; 
Dense/StTT? 
Material 

Category 

of  Soil 

..oose.TDoTt 

Material 

Medium 

*:.y 

80 

90 

100 

TABLE  V. 

State  I'f  iphsity 

Estimation  Based  on 

Standard  Penetration  Results 


Stand  i'-d  Penetration  Blow  '(ount, 

,  Correspondi  n2_  toj _ _ 

Loose  Dense 


Cate_2cr'y  Soil 

Mateni al 

Med i urn 

Materi a  i 

C o^es I  on  1 es s  Soils: 

I  Through  V 

lu 

11-30 

>  31 

Soft 

Materia  1 

Med i urn 

Stiff 

Material 

Cohes 1 ve  So^  >  s : 

V  1 

X  5 

6-15 

VI ; 

X  b 

6-10 

>  a 

As  an  alternate  and  for  research  purposes  only,  the  state 
of  density  is  estimated  by  the  program  MJLTSPAN  using 
some  available  correlations  for  standard  penetration  test 
as  well  as  for  cone  penetration  test  and  accepted  rela¬ 
tionship  between  static  and  standard  penetrations  (Fardis 
and  Veneziano,  1981,  Gibbs  and  Holtz,  1957,  Marcuson  and 
Bieganousky,  1977a  and  b,  Perlea  and  Perlea,  1983, 
Schmertmann,  197u,  Searle,  1979,  Terzaghi  and  Peck, 

1961').  A  general  relationship  was  considered  for  estima¬ 
tion  of  the  compressibility  index  (C,;): 


LC  =  -C-av  *  lii 

Where : 

A  =  log  Cc-av 


Like  C(;,av  and  tne  parameter  P  is  separately  esti¬ 

mated  for  every  type  of  soil,  as  shown  in  Table  VI. 

TABLE  VI.  Values  of  the  Parameter  "P"  Used  in  the 
Estimation  of  Compress ibi 1 i ty  Index 

Soi  I 

fate-  P:  If  P  >  9u ,  do  P  =  9u 

gory  _ I  f  P  <  3u  ,  do  P  -  30 _ 

I  43  X  log  [9b. 56  x  N  x  x  (  )-G.56] 

II  43  X  log  [72.42  x  N  x  Dgo  x  {  r  )-0.5fa] 

III  11.7  V  0.?6^|222  X  N  +  160U  -  0.368  -  5U  (Cy)^| 

IV  2!  ^N/(4.79  X  10-“*  ■[  r  0.7) 

V  43  X  log  [36.21  x  N  x  «  (  .[  i-b.563 

VI  43  X  log  [24,14  <  SI  x 

VII  20  ^ 

Notatio.is  used  in  Table  VI  nave  tne  following  meaning: 


M  luiows'feet)  -  average  Standard  Penetration  Test 
olow  count  for  the  range  of  deptns 
critical  for  pipe  aetonnation 

Dgu  (mil)  -  mean  diameter  of  particles 

I  (psfl  -  effective  ovorburder  pressure  at 

tne  average  depth  of  SPT  measure¬ 
ments  taken  into  account 

Cy  -  coefficient  of  uniformity  of  tne 

soi  1 

Depending  on  the  available  information,  soil  density  is 
estimated  by  the  program  MULTSPAN,  less  or  more  accur¬ 
ately,  by  interpolation  in  Tables  III.  IV.  or  V  (or 
relationships  in  Table  vi)  and: 

from  indirect  determination  of  void  ratio  by  nuclear 

measurements  of  soil  density  and  moisture  content. 


8  =  log  Cc-w 

Cg.av  ■  compress ib i 1 1 ty  index  of  the  soil  in 

average  condition,  as  given  by  Table  II 


from  design  requirements  or  inspection  records, 
whicn  gives  tne  degree  of  compaction;  and 

from  standard  penetration  tests. 


C(;,w  =  compressibility  index  of  the  soil  in 

worst  condition  of  density  and  mois¬ 
ture  content,  as  given  in  Table  11  for 
loose/soft  material . 

P  =  a  parameter  representing  relative  den¬ 

sity  in  cohesionless  soils  and  consis¬ 
tency  in  cohesive  soils:  30  ^  P  ^  90. 


Step  No.  2  -  Pressure  Distribution  Around  the  Structure 


A  method  of  estimation  of  the  maximum  horizontal  pres¬ 
sure,  Pp.  exerted  by  tne  structure  on  tne  surrounding 
fill  and  the  width  and  the  distribution  (rectangular, 
parabolic,  or  trapezoidal  depending  on  the  snape  of  the 
structure)  of  this  pressure  must  be  considered  (see 
Figure  2) . 
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-  DESIGN  PRESSu«E 

-  SCE  PRESSURE 

R|  •  RADIUS  AT  CROWN 
R,  ■  S  OE  RADIUS 


Fig,  2  Simplitied  Hypothesis  for  Stresses  Around 
tne  ripe 

An  usual  approximation  for  an  eliptical  shape  structure 
relates  pp  to  the  vertical  exerted  pressure,  p^,  and  the 
ratio  of  top  radius  and  side  radius  as  follows  (Watkins, 
1975  1  : 


Ph  =  Pv  Rt^'f^s 


(4) 


The  vertical  pressure  may  be  equated  with  the  total 
overburdeh  acting  at  the  top  of  the  structure. 

Step  No.  3  -  Horizontal  Movement  Calculation 

The  classical  theory  of  settlement  for  a  shallow  foun¬ 
dation  may  be  used  for  calculating  the  horizontal  move¬ 
ment.  The  fill  at  the  side  of  the  structure  is  consid¬ 
ered  as  a  soil  column  loaded  by  the  pressure  generated 
by  the  structure  onto  the  fill.  Generally,  the  decreas 
ing  of  the  induced  stresses  with  the  distance  from  the 
structure  must  be  considered.  This  may  be  done  using 
influence  charts  available  for  different  distributions 
of  the  applied  stresses  (e.g.  Fig.  j). 


Fig.  3  Stress  Distribution  in  Backfill 

If  the  width  of  the  backfill  is  small  by  comparison  with 
the  dimensions  of  the  structure  (e.g.  smaller  than  the 
structure  span  dimension)  a  uniform  distribution  of 
stresses  can  be  conservatively  used  (Fig.  4).  If  the 
width  of  the  backfill  is  very  large,  the  calculations 
can  be  limited  to  an  influence  distance  of  z.5  rise 
dimensions . 


Fig.  4  Pipe  -  Backfill  Interaction 


The  decrease  in  void  ratio  at  a  given  distance  from  the 
st'-ucture  may  be  estimated  by  the  formula: 

Ae  =  Cc  log  [(Kq  Pv  +  Ph>Ao  Pv^  (5) 

Where : 

Ph  =  the  supplementary  pressure  induced  by  the 
structure  at  a  given  distance  from  the 
structure . 

Py  =  the  effective  overburden  pressure  at  the  level 
of  calculation  (in  the  middle  of  the  loaded  area 
by  the  structure;  not  at  the  top  of  the  pipe). 

Kq  =  the  coefficient  of  earth  pressure  at  rest,  which 
largely  depends  on  the  method  and  the  intensity 
of  compaction.  (0.5  for  natural  deposits  and  0.6 
for  compacted  fills  may  be  used  as  a  rough  ap¬ 
proximation)  . 


In  an  incremental  layer  of  initial  width  Bg,  for  which 
the  induced  stress  can  be  considered  constant,  the 
strain  Ab  is: 


Ab  =  Bq  X  Ae/(  1  +  eg) 


(6) 


Where  eg  is  the  void  ratio  of  the  compacted  fill  not 
affected  by  the  supplementary  pressure  induced  by  the 
structure;  however,  if  the  structure  has  already  begun 
to  deform,  the  void  ratio  may  be  less  in  the  zone  of 
influence  of  the  structure. 

Finally,  the  total  horizontal  displacement  is  converted 
into  vertical  movement  of  the  pipe  crown.  For  circular 
or  quasi-circular  pipes  a  good  approximation  is  that  the 
vertical  movement  is  equal  to  the  sum  of  horizontal 
movements  on  each  side  of  the  pipe.  For  pipes  which 
significantly  differ  from  the  circular  shape,  a  correc¬ 
tive  shape  factor  is  applied,  as  shown  in  Equation  2. 
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SOIL  EVALUATION  -  CASE  HISTORIES 

The  previously  presented  three-step  method  of  calcu¬ 
lating  structure  movement  has  been  applied  to  many 
structures  including  several  OOOT  structures  with  pre¬ 
dicted  results  being  very  close  to  actual  measured 
deflections.  Some  case  histories  demonstrating  the  use 
of  the  soil  evaluation  analytical  program  to  predict  the 
structure  movement  are  presented  in  what  follows. 

Table  VII  summarizes  the  results  obtained  by  the  use  of 
the  proposed  method  in  ome  cases  for  which  actual 
measured  values  were  available.  Data  obtained  from 
borings  and  nuclear  density/moisture  content  measure¬ 
ments  have  ben  used. 

TABLE  VII.  Field  Measurements  of  Crown  Settlement  and 
Computed  Values 


Measured 


Struc¬ 

ture 

No . 

Soil 

EiEmrr 

Category  in 
Original  Soil 

Vertical 

Movement 

(ft) 

Computed 

Movement 

(ft) 

DEL-37 

I 

VII 

0.91 

1.17 

BUT-129 

IV 

VII 

0. 13a 

0.57 

BRO-62 

V 

Old  Bridge 
Abutments 

0.82 

0.82 

OKL-25 

VII 

Rock 

0.94 

l.Uu 

OKL-78 

VII 

Rock 

1.39 

1.22 

3The  measured  settlement  is  suspect  since  some  dif¬ 
ficulty  was  experienced  in  locating  the  original  bench 
mark  established  during  erection. 

The  good  agreement  between  measured  and  computed  move¬ 
ments  is  partially  due  to  the  fact  that  these  case 
histories  were  used  to  evaluate  parameters  used  in  the 
proposed  method.  More  experience  is  necessary  (and  pro¬ 
bably  further  adjustment  of  the  parameters)  before  the 
method  may  be  used  in  pipe  rating.  Until  then,  only  a 
rough  approximation  (an  order  of  magnitude)  of  the 
deformation  of  the  pipe  is  expected. 

CONCLUSIONS 

It  can  be  seen  from  the  above  case  histories  that  the 
simplified  method  gives  very  close  correlation  with 
actual  measured  deflections.  The  example  cases  have 
been  demonstrated  in  a  research  program  for  the  Ohio 
Department  of  Transportation.  The  method  offers  a 
simplified  procedure  for  estimating  deflection  of  corru¬ 
gated  metal  pipes  for  a  wider  range  of  soil  conditions 
and  types.  It  can  be  used  with  initial  (during  con¬ 
struction)  soil  compaction  data  to  .-si  mate  future 
deflection  or  to  analyze  the  additional  movement  ex¬ 
pected  in  spans  already  experiencing  deflections.  The 
authors  have  developed  a  method  to  rate  a  structure 
based  on  this  method.  This  method  uses  the  same 
rating  system  as  the  Bridge  Inventory  and  Inspection 
Program. 
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SYNOPSIS;  This  paper  describes  the  post-failure  analysis  of  a  26m  long  x  4in  high  gabion  retaining 
wall  located  in  a  suburb  of  Johannesburg,  South  Africa.  The  wall  had  been  built  just  beyond  the 
toe  of  a  natural  slope  with  most  of  the  gabion  units  resting  on  the  bed  of  a  small  river.  The 
river  bed  soils  consisted  of  approximately  2.5m  of  soft,  dark-grey,  silty  clay  underlain  by 
massive  granite  bedrock.  The  water  table  at  the  toe  of  the  wall  was  within  0.1m  of  the  river  bed 
surface.  Failure  of  the  wall  occurred  over  the  weekend  after  backfilling  to  grade  behind  the  wall 
had  beet,  completed. 

Stabinty  analyses  were  conducted  using  both  total  (undralned)  and  effective  (drained)  shear 
strength  parameters  for  the  clay.  The  results  of  the  analyses  showed  that  the  wall  should  be 
stable  with  FS  =  1.2  for  effective  stress  parameters  and  that  the  wall  should  be  unstable  with  FS 
=1.0  for  undrained  strength  parameters.  The  details  of  the  testing  program  and  the  selection  of 
strength  parameters  is  described  in  the  paper. 


introduction 

This  paper  describes  the  post-failure  analysis 
of  a  26m  long  x  4m  high  gabion  retaining  wall 
located  in  a  suburb  of  Johannesburg,  South 
Africa.  The  wall  was  built  as  part  of  the 
development  of  an  industrial  park  along  the 
east  bank  of  the  Klein  Jukskel  River  in 
Strydom  Park. 

The  original  topography  of  the  site  sloped 
steeply  downwards  to  the  river.  The  wall  was 
constructed  just  beyond  the  toe  of  the  natural 
slope  with  most  of  the  gabion  units  resting  on 
the  river  bed,  except  for  a  length  of 
approximately  10m  near  the  middle  of  the  wall 
where  the  units  were  founded  about  Im  below 
the  river  bed.  Following  completion  of  the 
wall,  an  Imported  fill  was  placed  and 
compacted  between  the  wall  and  the  natural 
slope.  Final  grade  was  relatively  flat  with  a 
gentle  slope  from  east  to  west. 

The  retaining  wall  Itself  consisted  of  2m  x  Im 
X  Im  gabion  cages  containing  angular  rock 
fill.  The  front  face  of  the  wall  was 
constructed  of  two  rows  of  gabion  units  for  a 
length  of  approximately  26m.  The  height  of 
the  wall  along  this  length  was  4m  above  the 
river  bed.  The  north  and  south  wing  walls  of 
the  structure  were  9ra  and  6.5m  long, 
respectively.  Figure  1  shows  a  sketch  of  the 
structure  prepared  by  the  contractor. 

Construction  records  indicate  that  backfilling 
behind  the  wall  was  completed  on  or  about  8 
July  1983.  The  wall  failed  over  the  weekend 
of  9-10  July  1983  following  a  period  of  heavy 
rain.  The  consulting  firm  of  Steffen 
Robertson  and  Kirsten  (SRK)  was  retained  by 
the  contractor  to  perform  a  geotechnical 
investigation  to  determine  the  cause  of  the 


failure  and  to  make  recommendations  for  the 
redesign  and/or  repair  of  the  wall.  A 
preliminary  field  investigation  revealed  that 
a  classic  rotational  type  of  failure  had 
occurred  along  the  central  portion  of  the 
wall.  A  maximum  dovmward  displacement  of 
approximately  1.4m  was  evident  along  the 
intersection  of  the  semi-circular  failure 
surface  with  the  backfill  surface.  Bulging  of 
the  river  bed  at  the  toe  of  the  wall  was 
clearly  visible.  These  characteristic 
features  of  the  failure  are  shown  in  Figures 
2a  and  2b.  Reconnaissance  of  the  site 
revealed  the  presence  of  a  concrete  wall, 
approximately  3m  in  height,  located  just 
downstream  of  the  retaining  structure  as  shown 
in  Figure  2c.  This  concrete  wall  acted  as  a 
dam  before  development  in  the  area  took  place. 
Although  it  was  breached  at  the  time  of  the 
failure,  the  wall  could  back  up  water  under 
flood  conditions.  The  size  of  the  spans 
between  piers  of  the  bridge  located  Just 
upstream  of  the  gabion  wall,  as  shovm  in 
Figure  2d,  suggested  that  flow  in  Klein 
Jukskei  River  could  be  substantial.  The 
reconnaissance  also  revealed  the  presence  of 
rock  outcrops  on  the  opposite  river  bank  and 
to  the  north  and  south  of  the  site.  These 
outcrops  formed  a  natural  channel  that 
directed  the  flow  of  the  river  toward  the 
wall.  The  site  conditions  described  above  had 
a  significant  impact  on  the  recommendations 
made  by  SRK. 


METHODS  OF  INVESTIGATION  AND  RESULTS 
Field  Investigation: 

Two  NX  size  boreholes  were  advanced,  one 
(BH-1)  on  top  of  the  fill  5m  behind  the 
retaining  wall,  the  other  (BH-2)  at  the  toe  of 
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Sketch  of  Gabion  Wall  Showing  Configuration  and  Dimensions 


the  wall  in  the  river  bed.  Both  boreholes 
extended  through  the  fill  materials  and 
underlying  soils  and  penetrated  2m  into  the 
granite  bedrock.  Standard  Penetration  Tests 
(SPT)  were  carried  out  to  estimate  the  insitu 
densities  of  the  fill  and  subsoils.  Disturbed 
and  undisturbed  soil  samples  were  recovered 
from  the  boreholes  for  laboratory  testing. 
The  results  of  the  field  investigation  are 
summarized  in  Table  1. 

TABLE  1 

SUMMARY  OF  RESULTS  OF  FIELD  INVESTIGATION 


Field  vane  shear  tests  to  determine  the 
undralned  shear  strength  (s^)  of  the  clay  were 
also  performed.  Peak  and  residual  values  of 
s^  were  measured. 


Laboratory  Testing  Program: 


The  following  laboratory  tests  were  carried 
out  on  selected  undisturbed  samples  retrieved 
from  the  site: 


1.  Saturated  unconsol idated-undralned 
trlaxlal  tests  to  determine  the  undralned 
shear  strength  (s^)  of  the  clay. 


Borehole  Depth  Average  Description  SPT 


BH-1  0-4.4  m  Dry  to  slightly  moist  9 
medium-dense  clayey 
sand  and  gravel,  fill. 

4. 4-4. 8  m  Moist  dark-grey  soft  3 
clay . 

4. 8- 7. 4  m  Unweathered,  coarse¬ 

grained,  widely 
fractured  granite. 

BH-2  0-2.8  m  Very  moist  dark-grey 

clay.  3 

2. 8- 4. 8  m  Unweathered,  coarse¬ 

grained  widely  fractured 
granite. 


2.  Consol Idated-dralned  shear  box  tests 
to  determine  the  drained  (effective)  cohesion 
and  friction  angle  (F  and^  )  of  the  clay. 

3.  Indicator  tests  (gradation,  Atterberg 
limits)  to  classify  the  clay  according  to  the 
Unified  Soil  Classification  System  (USCS). 

A  summary  of  the  results  of  the  laboratory  and 
f leld-strength  testing  program  is  contained  in 
Table  2. 


ANALYSES  AND  RESULTS 


Selection  of  Shear  Strength  P« 


Two  types  of  stability  analyses  were  performed: 

1.  Short-term  or  end-of -construct  ion 
analysis.  This  analysis  was  conducted  In 
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Unit 

Test  Type 

Cohesion  Friction  Angle 

Total  Unit  Weight 

(kPa) 

(degrees ) 

(kg/m3) 

Fill 

SPT 

0 

35 

1080 

Clay 

Drained  Direct 

0 

30 

1550 

Shear 

Undrained  Triaxial 

20 

0 

1550 

Laboratory  Vane 
Peak 

6 

0 

1550 

Residual 

3 

0 

1550 

Wall 

Assumed  ^  a ) 

2000 

42 

2300 

(a) 

Properties  of  the  wall 

were 

assumed  so  as  to  make 

the  wall  rigid 

relative  to  the  backfill  and 

clay  layer  in  order 

to  model  the  problem 

1479 


order  to  determine  whether  or  not  the  failure 
could  have  been  predicted  had  a  pre¬ 
construction  stability  analysis  been 
performed.  In  view  of  the  relatively  short 
construction  period  and  the  presence  of  the 
near- saturated  soft  clay  as  a  foundation 
material,  it  was  clear  that  the  end-of- 
construction  stability  of  the  gabion  wall  and 
the  backfill  should  be  controlled  by  the 
undrained  strength  of  the  foundation  clay.  As 
indicated  in  Table  2,  the  clay  exhibited  s^ 
values  ranging  from  20  k?a ,  as  determined  from 
laboratory  UU  tests,  to  3  kPa  (residual),  as 
determii.ed  from  field  vane  shear  tests.  Such 
discrepancies  In  measured  values  of  may  be 
attributed  to  differences  in  test  method  (Ladd 
and  Lambe,  1963).  Methods  that  cause  greater 
sample  disturbance  generally  yield  lower 
values  of  s,^.  On  the  basis  of  the  test 
results  presented  in  Table  2,  it  was  assumed 
that  the  insitu  undrained  strength  along  the 
failure  surface  would  be,  on  average,  between 
the  maximum  and  minimum  values  measured. 
Therefore,  a  value  of  s^  =  12  kPa  was  used  for 
the  short-term  stability  analysis. 

2.  I.ong-term  analysis.  This  analysis 
was  conducted  in  order  to  evaluate  the 
stability  of  the  gabion  wall  and  the  backfill 
if  they  had  been  constructed  in  stages  and  if 
the  foundation  clay  had  been  given  time  to 
consolidate  under  the  intermediate  loads.  The 
results  of  this  analysis  were  of  more  than 
academic  interest.  The  recommendations  for 
remedial  measures  depended  heavily  on  whether 
or  not  the  gabion  wall,  even  in  its  failed 
condition,  could  ever  be  expected  to  become 
stable  enough  to  allow  normal  activity  to  take 
place  behind  it.  If  it  could,  then  only 
cosmetic  measures  would  be  needed  to  remove 
evidence  of  the  failure.  If  it  could  not, 
complete  removal  of  the  wall  and  either  its 
reconst ruct 1  on  or  replacement  with  some 
alternate  structure  would  be  indicated.  The 
drained  shear  strength  parameters  c  =  0  kPa 
and  t  =  30”  shown  in  Table  2  were  used  for  the 
long-term  stability  analysis. 


Analysis  Procedure  and  Results: 

All  stability  analyses  were  carried  out  by 
using  the  computer  program  STABL  21  which  is 
based  on  Janbu's  simplified  method  of  slices. 
One  of  the  features  of  the  program  is  that  It 
allows  irregular  failure  surfaces  to  be 
considered  between  specified  locations  on  the 
crest  and  toe.  This  feature  was  particularly 
useful  for  the  post-failure  analyses  conducted 
here  since  the  crest  and  toe  locations  of  the 
failure  surface  were  known  from  measurements 
made  the  field.  Another  feature  of  the 
program  Is  that  It  selects  the  failure 
surfaces  that  result  In  the  ton  lowest  factors 
of  safety  and  plots  each  of  them  for 
comparison  purposes.  The  surface  having  the 
lowest  factor  of  safety  Is  highlighted. 

The  results  of  the  short-term  stability 
analysis  using  Su  ^  12  kPa  are  shown  In  Figure 
3.  The  highlighted  failure  surface  evident  In 
the  figure  results  In  a  factor  of  safety  of 
1.0.  The  analysis  confirms  that  failure  of 
the  wall  occurred  because  of  overstresslng  of 
the  underlying  soft  clays.  Aa  a  matter  of 


Interest,  analyses  were  also  performed  for  Sy 
=  3  kPa  and  20  kPa.  Factors  of  safety  of  0.7 
and  1.2  were  obtained,  respectively.  This 
suggests  that  even  with  the  maximum  measured 
value  of  the  undralned  strength,  the  wall  and 
backfill  would  be  only  marginally  stable. 

Analyses  were  also  performed  using  the 
effective  stress  parameters.  The  results  of 
these  analyses  are  shown  in  Figure  4.  The 
factor  of  safety  of  1.2  suggests  that  even  if 
the  clay  were  to  drain  under  the  loads 
existing  at  the  time  of  failure,  the  long-term 
stability  of  the  wall  would  still  be 
questionable,  especially  If  any  of  the 
conditions  existing  at  the  time  of  failure 
should  change.  Such  changes  could  occur  if, 
for  example,  the  ground  water  table  should 
rise,  or  erosion  of  the  foundation  materials 
should  take  place,  or  should  additional  loads 
be  Imposed  on  the  backfill  from  normal 
activities  of  the  site  user. 


CONCLUSIONS  AND  RECOMMENDATIONS 

The  stability  analyses  show  that  the  gabion 
wall  and  the  backfill  failed  because  the 
foundation  soils  were  overstressed,  and  that 
the  wall  was  only  marginally  stable  In  its 
post-failure  condition.  In  addition,  the 
analyses  suggest  that  further  failures  could 
occur  If  any  of  the  present  conditions 
affecting  the  stability  of  the  wall  should 
change . 

Reconnaissance  of  the  site  revealed  that  the 
wall  was  located  on  the  outside  sweep  of  the 
Klein  Jukskei  River  and  effectively  served  to 
constrict  the  channel.  Visual  assessment  of 
the  hydraulic  conditions  at  the  site  suggested 
that  the  gabion  wall  was  in  danger  of  being 
damaged  by  erosion  of  the  banks  and  scour  of 
the  foundation  materials.  Such  a  danger  would 
be  especially  acute  if  the  small  concrete  dam 
downstream  of  the  wall  were  to  be  removed. 

On  the  basis  of  these  two  threats  to  the 
future  stability  of  the  wall,  SRK  concluded 
that  flood  conditions  at  the  site  must  be 
established  before  any  remedial  measures  for 
the  foundation  stability  of  the  gabion  wall 
could  be  evaluated.  They  recommended  that,  in 
the  absence  of  such  Information,  the  gabion 
wall  should  be  removed. 
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SYNOPSIS:  Tae  development  ot  innovative,  economical  solutions,  based  on  sound  principles,  as  enun¬ 
ciated  by  Terzaghi  some  sixty  years  ago,  and  on  the  "design-as-you-go"  approach  illustrated  by  Peck 
in  his  Rankine  lecture,  will  be  the  impetus  for  the  Geotechnical  Engineer  of  tomorrow  (Nathan,  S.V., 
1987) .  Following  this  theme,  two  case  histories  on  the  performance  of  shallow  foundations  on  geo¬ 
logically  differing  sandy  subsoils  are  presented  in  this  paper  to  illustrate  the  benefits  of  econ¬ 
omical,  unconventional  foundation  solutions. 


QUONSET  POINT  CASE  HISTORY 

The  first  case  history  involves  a  mat/continu-  soils  were  densified  in  situ  by  surface  applied 

ous  footing  foundation  project  for  General  vibratory  compaction,  e.g.  Ingersoll  Rand  SP-54/ 

Dynamics  at  Quonset  Point  in  Piiode  Island.  As  60-dd.  The  Figure  shows  a  compilation  of  the 

shown  on  Figure  1,  the  site  is  characterized  by  Cone  Penetration  Test  (CPT)  and  Standard  Pene- 

6  to  8  feet  of  loose  sands  and  silty  sands  of  tration  Resistance  (SPR)  test  results  both  be- 

the  recent  Coastal  Plain  deposits  mantled  by  a  fore  and  after  the  completion  of  compaction 

veneer  of  fill  materials.  The  loose  granular  operations  (Nathan,  S.V.  et  al,  1981). 


CONE  PENETROMETER  RESISTANCE,  qc,  tsf  SPR  (bl./ft.) 


Fig.  1  SCS  Records  In  Coastal  Deposits,  Quonset  Point, 
Rhode  Island  (Nathan,  S.V.,et  al.,  1981) 
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For  normally  or  slightly  overconsolidated  co- 
nesionless  soils,  the  settlement  of  a  footing, 
correcting  to  the  one-dimensional  compression 
case,  is 


'2 


1.15  ' VO 
(i-rFr) 


log 


VO  + 
_■  '  VO 


(1) 


where  the  correction  factor,  i,'  i"  terms  of 
Poisson's  ratio,  is  expressed  as 


‘2 


1-1 

a-.;  ;i-2t) 


<  0.5 


(2) 


CPT  value 
*c 

Dr  =  Density  index  (previously  known  as 
Relative  Density) 

; h  =  Compressible  layer  thickness 

-  txisting  effective  overburden  pressure 
■  =  .applied  stress  increment 


Several  case  histories  have  demonstrated  that 
even  with  the  foregoing  equations,  settlements 
are  significantly  overestimated,  especially 
after  the  densif ication  by  vibratory  compactors. 
For  example,  Schmertmann  (1970)  concludes  that 
in  such  cases  the  settlement,  predicted  assum¬ 
ing  normal  consolidation,  should  be  reduced  by 
about  one-half.  The  settlement  analysis  utili¬ 
zes  the  cone  to  subdivide  the  profile  into  dis¬ 
crete  layers  of  thickness  .'h.  With  a  thick 
bearing  layer,  the  subsoils  contributing  to 
settlement  are  assumed  to  extend  below  the  foot- 
ing/mat  to  a  depth  where  the  stress  increase 
equals  approximately  10  percent  of  the  overbur¬ 
den  pressure.  Buismann  recommends  calculating 
stresses  beneath  a  singular  point  of  a  founda¬ 
tion.  This  point  is  defined  as  the  point  be¬ 
neath  the  footing  where  the  stress  distribution 
is  essentially  independent  of  the  distribution 
of  contact  pressure.  This  approach  assumes  a 
rigid  footing  and  enables  the  use  of  th*' 
age  contact  pressure  to  predict  an  approximate 
rigid  footing  stress  distribution  as  per 
Figure  2. 


^2/q 


Fig.  2  Mean  Vertical  Stress  Influence  Factor  for  Rigid  Rec¬ 
tangular  Footings  (Buismann,  1954) 


1484 


Schmertmann  1,19  75)  recoirjiieiids  a  simplified  dis¬ 
tribution  of  v'ertical  strain  beneath  footings 
(Figure  1)  and  uses  this  strain  distribution 
together  with  the  q_  data  to  predict  settlements 
from  Equation  i  3) 


where  C,  =  1  -  0.5 

1  ..p 

C.  =  1  -  po  log  ^ 

Iz  =  Strain  influence  factor  fro:.;  the 
enclosed  figure 

Izp  =  peak  factor  =  0.5  +  0.1  — ^ 

cvp 

Using  the  above  methods  for  the  Quonset  Point 
project,  settlements  on  the  order  of  3  to  4 
inches  were  predicted  for  an  average  contact 
pressure  of  6  ksf  before  densif ication  of  the 
subsoils.  Upon  densif ication ,  the  predicted 
settlements  were  on  the  order  of  1  to  1-1/2 
inches,  which  were  within  acceptable  limits 
for  no  structural  distress  or  architectural 
damage  was  discernible  within  the  completed 
structure . 


VERTICAL  STRAIN  INKLUENCE  FACTOR  (Iz) 


Fig.  3  Modified  Strain  Influence  Factors  for  Rigid  Footings 
(Schmertmann,  J.H.,1975) 


It  should  be  i.oied  that  in  the  above  predic-  because  of  the  largeness  in  size  of  the  mat  and 

tions,  appropriate  corrections  were  applied  footings,  in  accordance  with  Figure  4. 


Fig.  4  Settlement  of  Mats  /  Large  Footings  on  Sand 
(Morton,  K.,  1974) 


Field  observations  suggest  that  all  the  previ¬ 
ously  derived  procedures  are  likely  to  over¬ 
estimate  the  settlements  significantly  for 
large  footings  and  mats.  This  may  be  attribu¬ 
ted  to  the  development  of  these  procedures  pri¬ 
marily  from  the  behavior  of  small  footings  and 
test  plates  and  the  paucity  of  similar  correla¬ 
tive  data  from  mat-type  foundations.  it  is 
noted  that  the  average  settlement  of  large,  uni¬ 
formly  loaded  foundations  is  primarily  a  one¬ 
dimensional  deformation  mechanism,  unlike  that 
of  relatively  small  footings,  under  these  con¬ 
ditions,  would  be  expected  to  increase  with 

stiess  level  consistent  with  the  strain-harden¬ 
ing  behavior  associated  with  one-dimensional 
compression.  This  behavior  is  diametrically  op¬ 
posed  to  that  observed  during  loading  of  small 
footings  and  plates.  Here  the  settlement  has  a 
greater  shear  deformation  component  and  the  ra¬ 
tio  between  the  bearing  capacity  and  the  bear¬ 
ing  value  is  much  less  at  working  loads.  In  the 
above  Quonset  Point  Case ,  observations  reported 
by  Morton  (1974)  and  shown  on  Figure  4  were  uti¬ 
lized  to  apply  appropriate  corrections . 


PHILADELPHIA  CASE  HISTORY 

The  second  case  history  concerns  the  conversion 
of  existing  shallow  based  spread  footing  foun¬ 
dation  system  suitable  for  supporting  a  33- 
story  tower  imposing  additional  foundation  con¬ 
tact  pressures  nearly  80%  higher  than  the  orig¬ 
inal  design.  The  project  is  The  Rittenhouse 
Towers  in  Center  City  Philadelphia.  As  shown 
on  Figure  5,  the  original  structure,  with  a 
two-level  basement,  was  abandoned  after  the 
foundations  and  the  basements  had  been  con¬ 
structed.  Six  years  later  Woodward-Clyde  Con¬ 
sultants  (WCC)  was  approached  to  explore  the 
feasibility  of  increasing  the  original  bearing 
pressure  of  6  tsf  up  to  1  . 5  to  11  tsf  in  order 
to  support  13  additional  floors.  WCC  recommend¬ 
ed  a  "design-as-you-go"  approach  and  an  exten¬ 
sive  foundation  performance  monitoring  program 
was  initiated.  As  shown  on  Figure  5,  to  date, 
with  more  than  95%  of  the  final  loads  in,  the 
performance  of  the  structure  as  measured  by 
settlements,  is  well  within  established  toler¬ 
ance  limits  and  calculated  predictions. 
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Fig.  5  Rittenhouse  Towers,  Philadelphia  Case  History 
(Nathan,  S.V.,  1987) 


The  prediction  was  mostly  based  on  an  in-place 
load  test  performed  in  a  nearby  site  (Mitchell, 
J.K.,  et  al  1975).  The  in-place  load  test  was 
conducted  within  a  36-inch  ID  hole  drilled  to  a 
depth  of  18  feet  below  the  existing  ground  sur¬ 
face  at  the  site  of  the  nearby  Holiday  Inn  site. 
Subsoil  conditions  were  similar  to  the  Ritten¬ 
house  Site  and  consisted  of  miscellaneous  fill 
(N=20  blows  per  foot)  to  a  depth  of  12  feet, 
medium  to  very  dense  gravelly  silty  sand  (N=100) 
to  a  depth  of  20  feet,  underlain  by  very  dense 
sandy  gravel  and  decomposed  mica  schist.  An 


incremental  loading  finite  element  analysis  was 
made  using  stress  increments  of  1000  psf  and  a 
total  final  stress  of  11  tsf.  The  results  are 
compared  with  the  measured  values  in  Figure  6. 
It  may  be  seen  that  the  agreement  between  pre¬ 
diction  and  observation  is  reasonably  good. 
Based  on  the  results  of  the  load  test  and  the 
methods  previously  described  for  the  Quonset 
Point  case  history,  settlement  predictions  were 
made  for  the  Rittenhouse  project,  which  to  date 
have  compared  favorably  with  measured  perform¬ 
ance  as  discussed  before. 
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Fig.  6  Holiday  Inn  Test  Results  (Mitchell,  J.K.,  et.al.,1971) 
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SYNOPSIS: 


I  NTROOUCT I  ON 


a  :  -a::-:  ^  ;■  K:.  and  m  .staciinu  w.an  cons'"  ructcd  in  ar  I'.*'"  .i»  t;-' 

a‘  ;  ’  1 ;  s.' .".a  1 ‘i.i  ri: ,  Mocrat  ,  India.  The  dept.h  o.*'  lojniiation  is  1.6  n  .in.i  ii.n.-  : 
cc  .ir,n.;lar  ra:'-  i  .s  6.B  :t!  and  10.  j  respectively.  In  year  1678,  the  o'.i  riTad  '.in.- 

i  ‘  ■  d .  .'■•  I’.l-.i  .'!for’'chr.ical  st'jdie.s  have  been  conducted  in  1S>87  to  ;‘i.nd  cut  *  ::■ 

•  i::-t  .ind  *^i’.  ts  have  been  ireasured  every  month  for  last  one  yar.  It  i; 

t:';!’’  .n:i.  .'e  o;‘  .  tilt  of  4.5  cn-  meter  heiaht  the  c\'e  r  hi:  ad  tank  has 

'‘'.111'.'  :or  las"  1.1  '•■■'ar.s.  A  cornari.son  of  ‘'.st  i  mated ,  [I'crmi  s.s  i  iil  <■  ami  ot  S'  :  i 
il  s  •  "  bi-.  n'  u  cas  ■  n  rad.  . 


1  "  ■  1 


ml,  .  iCi u •  i 
m-.„nd 


•  an <  s  i  •  ■ '  a  !  en-iw i  t  h 


.’al  f.i'i.a.m  on 
s-.  rvat  ion:;  and 


I.  y. "a.nk  wc-:  in 
*  1  e  n  1  *  all  1  Is,  *  n. 
st;.n;';,  was  of  ‘n-.  ord.  r  of 

:.  at,;.  1  nV'  s*  ;  ;,;a  '  1  cn  r-.port  w.,as  not  a  va  i  1  a:,- 1  •  ■ . 

.  V.i.xin.in  til'  wa.-i  cl  *  r,.,'  order  of  4.  5  cir.  iteter 

water  from  th..,  sluice 
wa.s  .n-.ir  th"  tilted 

".  clocf  of  ’:.e  around  and  rain  water  w.i.s 

also  'owards  tilt.'d  colu.i'.n.s. 

Th-.  fcl  1  owl  mi  r '■■'.•ommenda t  1  on.s  w.  r.’  marl..  for 

‘..aki.nu’  t.'c-  i .T.-t'  ti  1  a >  actio.n  - 

1.  T'h.'..  coIlec''ion  of  the  wa'er  in  th"  sluic.,’ 
valve  :'harr:.‘r  na-/  b"  ..liminat.d  by  shiftinti 
t;:.-’  cnaT.her  to  'he  boundary  wail  of  'he  w.ater 
works  'o  pre'.'.nt  '  h.e  aco  uir  u  1  at  i  or,  of  water 
near  '  overfsead  tanl<. 

/.  hcil  t,;..st  report  should  lie  made  available  or 
soil  1  n ve.s 1 1 'ja 1 1  on s  .sv.oulri  be  carried  out  to 
find  out  the  caus.'s  of  til 'mu  and  to  suooe.st 
sji'ar  le  rehatji  1  1 1 a t  ion  rr’e.as.ires  for  tie- 
safety  of  th'.'  tank. 

.  i'erioriic  obs'  rma '  I  on.s  uf  tilr,  .both  radial)-/ 
ami  t  a nqi-n t  1  a  i  i  y  are  to  be  tak'-n  by  u.sinq 
f'lu.T.'j  .ho;,:  and  theodolit--  for  atleast  one 
year  to  a.sc.  r'ain  stability  of  the  founda¬ 
tion. 


7':.' ■  r '  wa .1  a  1  -  a x a  i-  of 
■.'alv-  •ni:t;:"r  w'ii  cn 

•o  1  .i.'T  r,  . 


.'-  ry  '-.’ocd  L'or.di- 
rar.q-  of  cj^e 
bH  ''  to  b')(!  kq 


A  detailed  aeot  ech  r.  i  ca  1  m  v'e  s  1 1  qa  t  i  on  p.roqramme 
was  planned. 

HISTORY  OF  CONSTRUCTION 

The  present  tank  is  locateri  at  ancient  histo¬ 
rical  site  at  Pa r 1 ksha tqa r h .  Th"  small  hillock 
appears  to  b':-  f  illed  ’.ip  qround. 


The  overhead  tank  of  20(1  KI,  capacity  at  ■'  .v 
staamu  was  cons'ructod  at  this  sit-,  ny  '  . 

.tal  Nicam  under  Tan  k.shatcarh  wat.,-r  su:  i  1 
.scficmc'  I  .n  t.h-’  year  It  ha.s  in'  i-v'd 

columns  o!  si/e  56  cm  x  if  -.'rr;.  Th-  det'i'  e ; 
foundation  i  .s  1.6  :r,  out-.r  and  inmi  dia:"  '-  iv- 
of  annular  raft  are  Uj .  5  m  and  6.86  m  >•.  s;  .  . 


vely.  Centre  to  centr.. 
foundation  ring  beam  i.s 
the  annular  raft  in  l."'2S 
in  1976.  In  the  voar  is 


S[  ac  1  nq  t, w-  -  n 
8.67  6  rr  and  wi.it 
rr- .  It  was  .:'orrmissi 
:R-79,  1'  has  '•fim 


notice  that 
1 nq  towards 
the  tank  is 


the  overhead 
on<,'  side.  A 
shown  in  I'lo. 


tank  was 
sect lona I 


s  t  a  r 


q 


1 1  , 
on 


■'  IS  issoi'tant  to  not-o  that  tltu-  taitk  !ias  boon 
s  o  r 1  n  a  1 1 5  t  u  ii  c '  1  o  r.  s  i  Po' t ■  1  ti '  h  i  r.  s :  ■  1 1  o  o  f 


PLANNING  OF  SOIL  BIXPLORATION  PROGRAMMK 


naopsly  upto  a  dopth  ot  aliout  1  Ii  m . 

Ropro.sontat  i  t'o  samples  wore  c'o!l''ct'rj  ijrir.f; 
ti’.o  borina  from  the  SPT  sampb  r  and  tri',-  tc.:  Join¬ 
ing  laboratory  tests  were  condjcfi ri. 


OP  ti’.'t  :asis  of  thi."  nature  of  :  re  eect  ,  it  was 
decid-ii  to  can".'  out  soil  -.'.xr  ■  i  orat  i  on  in 
order  to 

(li  Oi'ain  sc'undipus  of  ;  no- 1  r  a  1 1  or,  r.-sistance 
:'■■■  .btp.imic  lonotritLOn  ipoto  10  m, 

donh  or  ref_isal  around  the  tank, 

'll  CLtiir.  soundinus  of  ponetration  resistance 
;  standard  ; --’.Pe o  ra r  i  on  tost  in  t.he  bore 
p.olo  towards  t;  Itir.u  and  the  other  sides. 

Ill)  ohtatp  soil  samr’.os,  both  representative 
api  j  pd  1  3  "  :  U’sd  wheio'er  necessary)  for 

t'TiPiPu  s,.;'.  rroper*:ios  in  ths'  labora- 

;■  e  'lit  et-'P'.  rrenth  of  all  col'umns. 

TK.ST.S  PKRFORMKD  AND  DATA  OBTAINED 

:  1  iP  :  •  p-  ■  xisrina  ovorpoa'i  tank  is  shown 

IP  i'l  .  .  A"  ■  p  1 3  sit",  t  :u  ■  followin':  field 
-■:s's  ■  O'  ■  n  cond,,cted: 


Pig.  2  Plan  of  the  Tank 

Two  boreholes  were  made  upto  the  depth  of  10  m. 
One  borehole  was  itade  towards  tilting  side  cf 
the  ta.ik  and  another  borehole  was  made  towards 
the  oiiposite  side  of  tilting.  The  location  of 
these  boreholes  are  shown  by  BM  I  and  BH  2  in 
Fin.  2.  The  standard  penetration  tests  were 
conducted  at  an  interval  of  1  .  A  m  depth  as  per 
.ctandarti  Specifications  (  I.S  :  2  I  3  I  -  I  98  I  )  . 

Three  dynamic  cone  penetration  tests  with  a 
uO  mm  cone  were  conducted  at  locations  GI,  C2 
and  C!  as  shown  in  Fig.  2,  as  fier  IS:4s68 
Part  1-1978.  These  tests  wore  performed  conti- 


(i)  .si’-vo  analysis,  li<;uid  limit  and  riis’-i: 
limit  tests  for  cl  a.ss  i  f  i  ca  1 1  on  of  soils. 

(ii)  Water  content  detcrmi  na  1 1  o,p  . 

Based  on  the  re.salt.s  of  laboratory  r]  .=ief  i  ;  i  ..-a - 
tion  tests,  the  soils  wP'ro  classifi.  u  as  p-  r 
IS :  1 498- I ‘JfO  and  the  tyiic  o;  soil  .strata  a' 
the  site  IS  shown  in  Fias.  3  and  4.  Tr..  s. 
figures  show  the  values  of  liguid  and  [dasti- 
limits,  nat'ural  .moist'jr.p  contents  :  .  !  rc  lu-  e; 
sand  and  fines.  The  soil  r-articl-s  la-ssin;  (  r.  r 
75  m.icron  sieve  aie  call  d  fines. 


Pig.  3  Boro  Log  at  Location  BH  1 


Pig.  4  Bore  I.og  at  Location  BH  2 
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Figure  5  snows  the  standard  penetration  resis¬ 
tance  Ns  of  locations  BH  1  and  BH  2.  The  values 
observed  at  the  site  are  shown  by  the  zig-zag 
curves  and  average  values  are  shown  by  vertical 
straight  lines. 


Fig.  5  Standard  Penetration  Resistance  at 
BH  1  and  BH  2 

For  making  a  comparison  of  dynamic  cone  pene¬ 
tration  resistance  at  tilting  and  nontilting 
sides,  the  values  of  Nc  have  also  been  plotted 
in  Fig.  6. 


Fig.  6  Dynamic  Cone  Penetration  Resistance  at 
C  1  and  C  2 

Ground  Water  Table 

The  ground  water  table  was  not  observed  upto 
tha  10.5  m  depth,  in  the  month  of  Nov.  1986. 


INTERPRETATION  OF  RESULTS 
Soil  Strata 

At  location  BH  1  (tilting  side)  the  soil  is 
sandy  silt  of  low  to  medium  compressibility 
with  brickbats  upto  about  2.25  m  depth.  It  is 
followed  by  sandy  silt  of  medium  compressibi¬ 
lity  upto  about  6.75  m  depth,  further  followed 
by  a  1.5  m  thick  layer  of  nonplastic  sandy  silt 
of  black  colour,  underlain  by  sandy  silt  of 
medium  compressibility.  The  percentage  of 
sand  varies  from  19  to  27  percent  and  fines 
from  81  to  73  percent.  The  sand  is  mainly  fine 
and  medium.  The  water  content  varies  from  19,5 
to  37.0  percent. 

At  location  BH  2  (nontilting  side)  the  soil  is 
sandy  silt  of  low  to  medium  compressibility 
with  comparatively  large  percentage  of  brick¬ 
bats  upto  about  2.25  m  depth.  It  is  followed 
by  sandy  silt  of  low  compressibility  upto  about 
6.75  m  depth.  It  -.s  underlain  by  a  1.5  m  thick 
nonplastic  sandy  silt  layer  of  black  colour. 
It  is  further  followed  by  sandy  silt  of  medium 
compressibility  upto  the  depth  explored.  The 
percentage  of  sand  varies  from  20  percent  to 
44  percent  and  fines  from  80  percent  to  56  per¬ 
cent.  The  water  content  ranges  from  15.5  per¬ 
cent  to  37  percent. 


Penetration  Test  Data 

Standard  penetration  resistance  values  in 
general  are  less  towards  tilting  side  (BH  1). 
However  this  difference  is  very  large  at  1.5  m 
depth.  It  is  due  to  large  percentage  of  brick¬ 
bats  present  at  location  BH  2  at  1.5  m  depth. 
The  average  values  of  Ns  at  BH  1  and  BH  2  are 
5  and  10  respectively. 

Dynamic  cone  penetration  resistance  is  also 
very  poor  towards  tilting  side  (BH  1).  The 
average  value  of  Nc  is  about  7.0  upto  about 
6.0  m  depth  and  only  5  below  6.0  m  depth. 
Towards  opposite  of  tilting  side  (BH  2)  the 
average  values  are  10  and  13.  At  few  depths, 
the  values  are  as  low  as  2  and  3  at  location.s 
Cl  and  C3,  while  the  minimum  value  is  6  at 
location  C2 . 

Monitoring  of  Tilt 

Regular  observations  since  May  1986  show  that 
tilt  has  more  or  less  stabilized.  There  was 
no  significant  increase  in  tilt  in  last  two 
rainy  seasons  also.  It  was  further  observed 
tfiat  there  was  elastic  rebound  of  5  mm  when 
Lank  was  emptied.  The  tank  is  still  being 
monitored . 
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Design  Criteria 

For  satisfactory  performance  of  foundations, 
the  following  criteria  must  be  satisfied  : 

a.  The  foundation  must  not  fail  in  shear.  A 

factor  of  safety  of  2.5  -  3.0  is  usually 

appl ied . 

b.  The  foundation  must  not  settle  by  more 
than  the  permissible  settlement. 

c.  The  foundation  must  not  tilt  by  more  than 
the  permissible  limit. 

IS :  I  904- 1  il'B  specifies  the  following  values  of 
tolerable  settlements  for  rafts  of  overhead 
tank . 

Sand  and  hard  Plastic 
clay  clay 

Total  settlement  100  mm  125  mm 

Differential  settlom.ent  0.0025  L  0.0025  L 


where  L  is  the  length  of  the  deflected  part  of 
the  raft.  The  smaller  of  the  bearing  pressure 
obtained  according  to  (a),  (bi  and  (c)  above  is 
adopted  as  the  allowable  soil  bearing  pressure. 


Computation  of  Allowable  Soil  Pressure 

The  allowable  soil  pressure  is  computed  using 
the  results  of  standard  penetration  test,  dyna- 
m.ic  cone  penetration  test  and  laboratory  tests. 


The  details  of  the  tank  (see  Fig.  1)  are  as 
follows  : 


Depth  of  foundation 
Cuter  dia  of  the  raft 
Inner  dia  of  the  raft 
Width  of  the  ring 
Capacity  of  the  tank 
Staging 

Numbers  of  columns 
Size  of  columns 


=  1.6m 

=  10.3  m 
=  6.85m 

=  1  .  725  m 

=  200  KL 

=  9.0  rr. 

=  8 

=  350  mm  X  350  mm 


From  Fig.  5  the  average  value  of  Ns  at  location 
BH  1  is  only  5. 


Ap  =  increase  in  pressure  at  the  centre  of  the 
layer  duo  to  pressures  (p)  at  the  base  of 
footing 

pi  =  effective  overburden  pressure  at  the  cen¬ 
tre  of  the  layer  from  the  ground  surface. 

‘c  ^  0.25  X  200  , 

-  nr?  T9)“  “ 

o 

Settlements  are  calculated  for  a  pressure  inte¬ 
nsity  of  10.76  t/m  in  the  tabular  form  as 
given  below  : 


TABLE  1 .  Calculation  of  Settlements 


Layer 

Thick¬ 

ness 

(h) 

Po 

AP 

Po 

loa  (1  +-^  ) 
10  Po 

S(an) 

1 

200  an 

4 

6.81 

1.70 

0.432 

11.35 

2 

200  on 

7.2 

3.92 

0.54 

0.188 

4.96 

3 

200  an 

10.4 

2.75 

0.265 

0.102 

2.69 

4 

200  on 

13.6 

2.127 

0.156 

0.063 

1.66 

5 

200  on 

16.8 

1.73 

0.103 

0.042 

1.12 

6 

200  on 

20 

1.46 

0.073 

0.030 

0.80 

7 

200  on 

23.2 

1.26 

0.054 

0.023 

0.60 

8 

200  on 

26.4 

1.11 

0.042 

0.018 

0.47 

Total  settlement 

=  23. 

65  on  = 

236  rrm 

This  settlement  does  not  include  immediate  sub¬ 
sidence  due  to  soaking  of  water  which  is  seeping 
from  washout  and  overflow  chamber  towards  the 
tilting  side  (Fig.  2). 

Probable  differential  settlement  =  23.65  x 

=  17.737  cm 
(say  177  mm) 

Angular  distortion  =  yr — , yx  =  — sy 


Shear  consideration 

From  Terzaghi  and  Peck,  (1967)  correlations, 
unconfined  compressive  strength  of  soil 

corresponding  to  Ns  =  5  is  6.25  t/m  .  Hence 

from  Terzaghi 's  equation,  the  net  ultimate 
nearing  .capacity  of  soil  foundation  system  is 
17.8  t/m^ . 

Pressure  at  the  base  of  the  footing  is  10.76  t/m^ 
17  8 

Factor  of  safety  =  ^q'  =  1.65. 

This  factor  of  safety  is  less  than  the  required 
one . 


Settlement  calculations 

Settleme''ts  are  calculated  from 
consolidation  theory  using  Eq .  1. 


S 


C  H 
c 


(  1 


) 

Po 


Terzaghi  '  s 


(  1  ) 


Permissible  differential  settlement 


^x  10,300 
25. 75  mm 


COMPARISON  OE  PERMISSIBLE,  ESTIMATED  AND 
OBSERVED  SETTLEMENTS 


The  (nearly)  estimated,  observed  and  permissible 
values  of  differential  settlements  and  angular 
distortions  are  listed  below  : 


Permissible 

Estimated 

Observed 


Di f  f  erent i a  1 
settlement 

26  mm 
177  mm 
448  mm 


Angular 
d i stort ion 

1/400 
1/58 
1  /  2  3 


CAUSES  OF  TILTING 

The  following  may  be  the  possible  causes 
of  tilting  of  this  water  tank. 


where  C 

c 

H 


e 

'  O 


compression  index  (0.25) 

thickness  of  the  soil  layer  under 
consideration 

initial  void  ratio  of  the  soil  mass 


Non-uniformity  of  water  content 

It  was  found  that  the  percentage  of  water  con¬ 
tent  was  higher  upto  a  depth  of  6.0  m  .owards 
tilting  side  than  that  on  the  opposite  side. 
Most  probably  it  is  duo  to  seepage  of  water  in 
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The  ground  hroa;  washout  anu  overflow  chamber 
and  the  drain.  These  soruces  of  seepage  were 
exisfinu  towards  tilting  side. 

Non-uniformity  and  inadequacy  of  soil  resistance 

Tii-,?  oi’-rali  soil  resistance  was  also  found  very 
poor  towards  tilting  side  of  the  tank.  It  is 
probably  due  to  hiq.her  water  content  at  tilting 
side  which  in  turn  is  probably  due  to  seepage 
of  water  as  mentioned  above.  The  strength  of 
plastic  and  cohesive  soils  is  decreased  signi¬ 
ficantly  due  to  increase  in  water  content.  The 
resi-stance  of  the  soil,  opposite  to  the  tilting 
side  IS  twice  th.e  resistance  on  tilting  side. 

The  factor  of  safety  of  1.65  against  shear 
failure  of  soil  foundation  system  is  also 
inadequate  at  the  tilting  side. 

Suggestions  arc  ini'ited  for  correcting  the  tilt 
and  strengthening  the  foundation  if  necessary. 

CONCLUSIONS 

Based  on  the  findings  of  field  and  laboratory 
tests  carried  out  at  the  site,  the  following 
conclusions  are  made: 

1.  The  soil  at  the  site  is  sandy  silt  of  low 
to  medium  compressibility  (ML-Ml).  There 
are  brickbats  also  in  the  soil,  the  per¬ 
centage  of  brickbat.?  are  more  towards 
opposite  of  tilting  side  and  upto  a  depth 
of  about  2.25  m  below  the  ground  level, 
where  as  depth  of  foundation  is  1.6.m. 

2.  The  ground  water  table  was  not  met  upto 
the  depth  explored  i.e.  10.5  m  in  the 
month  of  Nov. 1986.  Water  content  was  found 
to  be  more  towards  tilting  side  than  the 
other  side.  It  is  perhaps  due  to  seepage 
of  water  from  washout  and  overflow  chamber 
and  drain  in  the  near  past. 

3.  Penetration  resistance,  recorded  by 
SPT  and  DCPT  is  poor  towards  tilting  side. 
Average  value  of  standard  penetration 
resistance  (Ns)  is  only  5  at  location  BH  1 
and  is  10  at  the  location  BH  2.  At  few 
depths  towards  tilting  side  the  dynamic 
cone  penetration  resistance  values  (No) 
are  as  low  as  2  and  3. 


The 
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SYNO.PSIS:  Construction  of  a  new  lock  and  dam  to  replace  existing  Locks  and  Dam  No.  26  required 

construction  to  be  accomplis.hed  in  three  separate  stages.  Each  portion  of  the  new  structure  would 
be  constructed  inside  cellular  cofferdams.  The  construction  of  each  cofferdam  would  require  model 
tests  to  determine  compatibility  with  design  flow  requirements  relative  to  constructablity  of 
coffercells,  scour  of  riverbed  material,  and  navigation  of  river  vessels. 

Compatibility  of  the  lock  cofferdam  geometry  was  verified  using  model  studies  along  with  sequence 
for  construction  of  the  cofferdam  cells.  Construction  of  the  second  stage  cofferdam  was  successfully 
completed  in  December  I985,  followed  by  dewatering  and  construction  of  the  1,200  foot  lock  structure. 


INTRODUCTION 

Lock  and  Dam  No.  26,  Mississippi  River  Mile 
202.9,  Alton,  Illinois,  is  part  of  the  inland 
waterway  system  on  the  Upper  .Mississippi 
River,  comprised  of  a  series  of  28  dams  and  3^ 
locks.  The  Upper  Mississippi  Inland  water¬ 
way  system  provides  for  a  channel  of  9"foot 
depth  and  adequate  width  between  the  mouth 
of  the  Missouri  River  and  Minneapolis,  Minne¬ 
sota,  a  distance  of  about  663  miles.  The  28 
dams  in  the  system  are  spaced  at  irregular 
intervals  varying  from  9.6  to  46.3  miles, 
the  average  length  of  poolg  being  25  miles. 

The  sizes  of  34  looks  vary  in  width  from  56 
to  110  feet  and  in  length  from  320  to  1,200 
feet,  the  majority  being  110  by  660  feet. 

The  twin  locks  at  Lock  and  Dam  No.  26,  which 
were  opened  to  traffic  in  1938,  consists 
of  a  110  by  600-foot  main  lock  and  a  110 
by  360-root  auxiliary  lock  located  adjacent 
to  the  Illinois  bank.  A  gated  dam,  extending 
from  the  locks  to  the  Missouri  bank,  provides 
a  slack  water  pool  on  the  Mississippi  River 
to  Lock  and  Dam  25,  Mile  241,4,  and  on  the 
Illinois  River  to  LaGrange  Lock  and  Dam, 

Mile  80.2. 


PROJECT  DESCRIPTION 

The  existing  facility  was  designed  and  con¬ 
structed  during  the  transition  period  when 
packet-type  sternwheelers  were  being  phased 
out  and  barge-type  tows  were  Just  beginning 
to  be  used  on  a  large  scale.  During  planning 
and  design  of  the  locks,  it  was  believed 
that  these  locks  would  be  capable  of  meeting 
the  requirements  of  river  transportation 
until  1988. 


Since  construction  of  the  project,  river 
traffic  has  increased  beyond  expectations 
due  to  improvements  in  the  inland  waterways 
system,  increase  in  size  and  power  of  barge- 
tows,  and  the  lower  cost  of  water  transporta¬ 
tion.  These  locks  pass  traffic  from  and  to 
ports  on  the  Gulf  of  Mexico,  the  Great  Lakes, 
the  upper  Mississippi,  the  Illinois,  the  Ohio, 
the  lower  Mississippi,  and  the  other  tributary 
systems.  River  traffic  at  Locks  No.  26  has 
increased  beyond  expectation  since  1938. 
Presently,  the  locks  at  Alton,  Illinois, 
are  considered  the  "bottleneck"  for  traffic 
to  and  from  the  Upper  Mississippi  River  and 
its  tributaries. 

The  practical  capacity  of  the  existing  locks 
is  limited  by  many  factors  such  as  size  of 
lock  chambers,  lack  of  up-to-date  operating 
equipment,  poor  allnement  of  the  approaches, 
and  severe  outdraft.  The  locks  reached  their 
practical  capacity  of  41,500,000  tons  per 
year  in  1968,  just  30  years  after  completion 
of  the  project.  Subsequently,  as  the  volume 
of  traffic  has  increased  over  the  practical 
capacity,  tows  have  experienced  progressively 
longer  delay  times  at  the  locks.  The  insuf¬ 
ficient  capacity  of  the  existing  facility 
has  created  a  significant  hindrance  to  naviga¬ 
tion  , 

Several  solutions  were  investigated  to  provide 
adequate  facilities  for  existing  and  anticipat¬ 
ed  navigation.  Traffic  projections  of  all 
significant  commodity  groups  were  made  to 
determine  the  required  capacity  of  a  50-year 
economic  life  of  the  Improvements.  Based 
on  capacity  analysis,  it  was  concluded  that 
construction  of  a  1,200-foot  and  a  600-foot 
lock  would  provide  the  required  facilities. 
Construction  of  the  new  facilities  would 
take  place  at  a  site  two  miles  downstream  of 
the  existing  structure. 
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GENERAL  SITE  CONDITIONS 
Area  Topography 

The  site  of  the  proposed  locks  and  dam  is 
located  approximately  five  miles  upstream 
from  the  confluence  of  the  Missouri  and  Missis¬ 
sippi  Rivers,  at  the  northern  extension  of 
the  alluvial  valley  known  as  the  American 
and  Columbia  Bottoms.  The  area  topography 
is  characterized  by  the  broad  alluvial  valley 
of  these  rivers  and  the  wide,  flat  plains  of 
the  uplands.  Maximum  local  relief  approximates 
200  feet.  The  floodplain  on  the  Missouri 
side  is  a  flat,  featureless  surface  used 
primarily  for  agriculture  and  is  some  five 
to  six  miles  wide.  The  Illinois  floodplain, 
on  the  east  bank  of  the  river,  is  relatively 
narrow  at  the  site  and  upstream,  while  down¬ 
stream  of  the  site  it  becomes  wider.  Along 
the  river  channel,  the  floodplain  ranges 
in  average  from  Elevation  1*15  in  the  vicinity 
of  Alton,  Illinois  to  about  Elevation  405 
near  Dupo,  Illinois.  Although  the  floodplain 
relief  is  low,  frequent  changes  in  the  course 
of  the  Mississippi  River  during  geologic 
time  have  produced  a  complex  variety  of  land- 
forms  and  channel  deposits.  South  of  the  site, 
crescent-shaped  (l.e.,  oxbow)  lakes,  curved 
ridges,  and  swamps  mark  the  location  of  former 
meanders  abandoned  during  the  process  of 
the  Mississippi  River  channel  migration. 

Also  downstream,  alluvial  fans,  which  stand 
30  to  50  feet  higher  than  the  valley  bottom, 
have  been  developed  below  the  bluffs  where 
tributary  streams  have  entered  the  main  valley. 

Subsurface  Materials  and  Conditions 

An  extensive  Investigative  program  was  under¬ 
taken  by  the  Corps  of  Engineers,  (St.  Louis 
District)  consisting  of  more  than  250  land 
and  overwater  borings,  geophysical  surveys. 


mineralogical  studies,  and  numerous  field  and 
laboratory  physical  tests,  to  establish  the 
subsurface  materials  and  conditions  at  the 
site  of  the  proposed  facility.  Other  studies. 
Including  literature  searches  of  geologic  and 
seismic  considerations,  were  also  undertaken 
to  provide  general  information  and  aid  in 
establishing  the  type  and  properties  of  the 
subsurface  materials  and  In  predicting  the 
service  life  conditions  at  the  site. 

Cofferdam  Development 

The  selection  of  the  cofferdam  plan  was  based 
on  results  from  physical  model  studies  of 
navigation  conditions,  velocities,  and  scour 
patterns;  historical  hydraulic  data;  theoreti¬ 
cal  computations  of  velocities;  the  results  of 
foundation  exploration  program;  pumping  tests 
to  estimate  foundation  permeabilities;  effects 
of  construction  sequence  on  navigation  and 
project  completion;  and  economic  considerations 


CONSTRUCTION  SEQUENCE 

Project  Construction  Sequence 

A  three-stage  construction  sequencing  was 
planned  for  the  locks  and  dam.  The  first 
stage  consisted  of  construction  of  six  *5 
gate  bays  of  the  main  portion  of  the  dam. 

The  second  stage  is  the  construction  of  the 
river  lock  and  two-H  gate  bays  of  the  main 
portion  of  the  dam.  The  third  stage  will 
be  the  construction  of  the  remaining  portions 
of  the  two  gate  bays  and  the  auxiliary  lock. 
Each  stage  incorporates  the  use  of  a  cofferdam 
to  provide  the  necessary  accessibility  and 
protection  during  construction. 
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The  sequence  of  construction  is  considered 
to  be  the  optimum  In  order  to  put  the  first 
lock  in  operation  at  the  earliest  date  and 
still  permit  year-round  navigation.  The 
channel  width  provided  during  the  first  stage 
was  620  feet  from  the  cofferdam  to  the  toe 
of  the  Illinois  bank.  During  second  stage 
construction,  the  channel  width  is  reduced  to 
approximately  330  feet.  However,  during  this 
stage,  five  gate  bays  constructed  during 
the  first  stage  will  be  available  for  passage 
of  flow. 

During  third  stage  cofferdam  construction, 
the  tows  will  look  through  the  completed 
1,200-foot  river  lock  with  the  completed  por¬ 
tion  of  the  dam  operable.  Model  tests  have 
shown  that  the  proposed  cofferdams  as  sequenced 
provided  optimum  combinations  of  low  veloci¬ 
ties,  minimum  scour,  and  favorable  navigation 
conditions . 

The  plan  for  the  second  stage  cofferdam  is 
illustrated  in  Figure  1.  The  Missouri  leg 
of  the  cofferdam  was  constructed  as  part  of 
the  first  stage  dam  contract.  The  Illinois  leg 
was  located  at  the  cer  ar  of  the  two  dam 
gatebays  on  the  Illinois  side  of  the  lock. 

This  position  provided  minimal  thorough  suffi¬ 
cient  work  space  within  the  cofferdam  while 
providing  the  widest  possible  navigation 
channel  between  the  cofferdam  and  the  Illinois 
shore.  The  upstream  and  downstream  closure 
walls  of  the  cofferdam  are  located  Just  beyond 
the  ends  of  the  lock  guardwall  monoliths. 

The  cofferdam  deflector  serves  to  divert 
the  river  currents  in  the  navigation  channel 
away  from  the  Illinois  leg  of  the  second 
stage  cofferdam,  thus  keeping  the  scoured 
area  away  from  the  upstream  Illinois  leg 
of  the  cofferdam.  The  deflector  also  served 
to  provide  partial  closure  of  the  river  channel 
to  aid  in  construction  of  the  upstream  arm 
of  the  cofferdam. 


ORIGINAL  CONSTRUCTION  SEQUENCE 

The  second  stage  cofferdam  has  been  divided 
into  segments  for  ease  of  discussion  purposes 
(see  Figure  1).  Segment  1  was  part  of  the 
existing  first  stage  cofferdam.  Segment  2 
was  built  under  the  First  Stage  Dam  Contract. 
Therefore,  the  Second  Stage  Lock  Contractor 
was  responsible  for  construction  of  segments 
uA,  3B,  *^A,  5  and  6,  and  removal  of  segments 
8,  9,  '<C  and  4B  of  the  first  stage  cofferdam. 

The  original  concept  was  that  no  construction 
could  begin  In  the  river  channel  until  the 
First  Stage  Dam  Contractor  removed  cells 
nos.  1  through  10  and  nos.  29  through  39. 
Removal  of  these  cells  would  allow  passage 
of  flow  through  the  five,  110-foot  wide  gate- 
bays  previously  built,  thus  reducing  velocities 
In  the  navigation  channel. 

The  construction  sequence  of  the  second  stage 
cofferdam  was  of  primary  concern.  A  physical 
movable  bed  model  located  at  t  le  Waterways 
Experiment  Station  (WES)  was  used  to  examine 
the  possibility  of  beginning  any  work  in  the 
navigation  channel  before  passage  of  flow 


through  the  five  gatebays.  The  model  indicated 
that  velocities  Just  downstream  of  cell  No.  25 
were  low  enough  to  allow  cell  construction  of 
segment  3B  before  passage  of  flow  through 
the  recently  completed  dam.  Model  velocities 
in  the  range  of  A  to  6  feet  per  second  were 
used  as  a  limiting  criteria  for  Initiating 
cell  construction  activities.  Velocities 
in  this  range  would  allow  construction  of 
a  temporary  flow  deflector  which  would  provide 
protection  for  cell  construction.  The  tempo¬ 
rary  deflectors  will  be  discussed  later. 

The  next  planned  activity  of  the  original 
sequence  was  the  construction  of  the  upstream 
deflector  (segment  ^A,  cell  No.  97,  and  the 
portion  of  the  deflector  between  cells  No.  97 
and  92).  This  would  begin  immediately  after 
flow  through  the  five  gatebays  was  achieved. 
Under  this  plan,  there  was  a  gap  of  approxi¬ 
mately  2,000  feet  between  cell  No.  92  and 
segment  3B.  When  a  model  tow  boat  was  operated 
under  this  condition,  regardless  of  flow 
conditions,  there  was  a  very  definite  draw 
into  the  gap.  Figure  2  shows  this  condition. 
The  draw  was  caused  by  flow  coming  around 
the  upstream  deflector  and  trying  to  expand 
back  through  the  gap.  This  condition  was 
considered  a  potentially  dangerous  situation, 
both  to  tows  and  to  construction  v.'orkers . 
Consequently,  a  new  construction  sequence 
was  developed. 


Fig.  2.  Navigation  Response  for  Original 
Construction  Sequence 


REVISED  CONSTRUCTION  SEQUENCE 

The  revised  sequence  consisted  of  constructing 
segments  3A  and  3B  of  the  second  stage  coffer¬ 
dam  prior  to  construction  of  the  upstream  de¬ 
flector  (segment  4A).  The  model  indicated  no 
adverse  problems  with  navigation  or  scour. 
Figure  3  shows  the  model  tow  headed  upstream 
with  segments  3A  and  3B  complete.  Under  all 
flow  conditions  tested,  no  problems  were 
Identified . 
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MODEL  TESTS  OF  DEFLECTORS 


Fig.  3.  Navigation  Response  to  Revised 
Construction  Sequence 

After  the  completion  of  segments  3A  and  3B>  the 
remainder  of  the  cofferdam  could  be  completed. 
The  major  problem  was  that  a  partial  river 
closure  would  be  required  in  one  of  three  seg¬ 
ments.  These  three  segments  are  segments  5, 

6,  and  (see  Figure  1). 

Since  segments  3A  and  3B  effectively  narrow 
the  navigation  channel  to  approximately  320 
feet,  segment  5  had  to  be  closed  last  to 
provide  access  to  the  remaining  segments. 

This  would  prevent  contractor  Interference 
with  commerlcal  river  traffic. 

Segment  (the  upstream  deflector)  and  seg¬ 
ment  6  remained  as  possibilities  for  partial 
closure.  Originally,  the  upstream  deflector 
design  was  to  have  a  continuous  flow  cutoff 
to  cell  No.  A2.  As  Figure  1  depicts,  there 
is  a  fifty-foot  gap  between  cell  No.  A2  and 
the  deflector.  During  model  tests  to  determine 
the  best  sequence  of  construction  of  the 
upstream  deflector,  it  was  found  that  veloci¬ 
ties  would  be  reduced  enough  in  the  area 
of  segment  b  for  cell  construction  if  all 
but  fifty  feet  of  the  upstream  deflector 
were  built.  Furthermore,  it  was  determined 
that  the  best  sequence  of  constructing  seg¬ 
ment  6  would  be  to  build  cell  No.  93,  then 
cell  No.  9^*,  followed  by  cell  No.  95  and 
finally  the  connecting  arcs,  starting  with 
the  arc  between  cells  Nos.  93  and  92  and 
continuing  on  across  with  the  other  two  arcs. 
This  sequence  minimized  velocities  such  that 
under  any  flow  condition  tested,  velocities 
were  well  within  the  accepted  range  for  cell 
construction  (iJ  tc  6  feet  per  second).  There¬ 
fore,  the  partial  closure  was  made  with  segment 
6  and  the  difficulties  encountered  when  trying 
to  close  off  part  of  the  river  were  greatly 
reduced . 


Two  other  items  tested  with  the  model  were 
the  local  flow  deflectors  (Figures  1  and  4) 
and  the  angle  of  deflection  of  the  upstream 
deflector . 

Different  lengths  of  the  legs  of  the  local 
flow  deflectors  were  tested  to  determine 
their  Impact  on  navigation  and  local  scour. 

The  local  deflectors  have  two  legs,  separated 
by  a  90°  angle  (see  Figure  1).  Forty-,  sixty-, 
and  elghty-foot  legs  were  tested.  The  forty- 
foot  legs  did  not  provide  sufficient  protection 
to  the  cell  foundation  from  scour,  and  the 
elghty-foot  legs  produced  currents  which 
affected  passing  navigation.  Therefore, 
a  local  deflector  with  sixty-foot  legs  was 
decided  as  best  for  the  given  conditions. 

The  sixty-foot  legs  were  long  enough  to  keep 
the  scour  away  from  the  cell  and  thus  maintain 
its  stability,  and  did  not  affect  navigation. 

The  sixty-foot  legs  provided  sufficient  protec¬ 
tion  for  three  cells  immediately  downstream. 

Wing  deflectors  were  then  utilized  on  each 
side  of  the  third  completed  cell  to  provide 
protection  for  constructing  three  more  cells. 

The  model  revealed  that  the  wing  deflectors 
would  be  long  enough  to  provide  protection 
similar  to  the  local  deflectors  (see  Figure  1). 

Various  deflector  angles  were  tested  for 
the  upstream  deflector.  Angles  tested  ranged 
from  15°  to  6o°  angled  to  the  direction  of 
the  flow.  Little  differences  in  results  was 
indicated.  The  flow  separated  approximately 
500  feet  upstream,  independent  of  deflector 
angles.  Therefore,  since  an  angle  of  45° 
to  the  direction  of  the  flow  was  used  during 
the  first  stage  without  any  major  problems, 
it  was  decided  to  continue  using  the  same 
angle . 

Prototype  Construction 

The  first  local  deflector  (Fig.  4)  was  con¬ 
structed  in  February  of  1985.  It  was  construct¬ 
ed  immediately  upstream  of  the  location  for 
cell  No.  8o  (see  Figure  2).  The  construction 
was  accomplished  prior  to  flow  through  the 
completed  portion  of  the  dam,  verifying  the 
model  results.  Immediately  after  construc¬ 
tion,  the  river  stages  began  increasing  and 
completely  Inundated  the  deflector.  In  addi¬ 
tion,  ice  began  moving  down  river,  subjecting 
the  deflector  to  ice  loads.  Normal  cunstrut- 
tion  activities  did  not  resume  until  April 
1985,  when  the  template  for  cell  No.  80  was 
placed.  No  damage  had  occurred  to  the  tempo¬ 
rary  deflector,  and  the  scour  patterns  which 
developed  correlated  well  with  the  model 
results , 
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Fig.  4  Local  Deflector  for  Cell  Construction 


Construction  continued  throughout  the  summer 
of  1985.  The  sequence  of  construction  followed 
the  specified  sequence  developed  with  the 
aid  of  the  model.  By  September  1985,  the 
Illinois  leg  (segments  3A  and  3B)  and  the 
upsstream  deflector  (segment  4A)  had  been 
completed  (see  Fig.  5.  Visual  observations, 
discussion  with  towboat  pilots,  and  velocity 
and  flow  measurements  all  indicated  very 
close  correlation  with  the  results  obtained 
in  the  model.  The  cofferdam  was  completed 
in  December  1985-  During  the  construction, 
navigation  interference  was  not  a  significant 
factor,  ana  '-ny  problems  aosooiate-d  with 
river  scour  were  kept  to  a  minimum.  The 
construction  sequence  and  flow  deflectors 
developed  in  the  model  had  functioned  as 
designed . 


Pig.  5.  Illinois  Leg  and  Deflector 
CONCLUSIONS 

Between  April  and  December  of  I985,  thirty-one 
cofferdam  cells,  the  associated  arcs  between 
cells,  and  the  upstream  flow  deflector  were 
constructed  in  the  middle  of  one  of  the  biggest 
and  busiest  rivers  in  the  world.  The  model 
tests  to  develop  the  construction  sequence 
had  lasted  well  over  four  years.  Much  thought 
and  effort  went  into  developing  the  sequence 
due  to  the  difficult  conditions  which  would 
be  encountered. 

The  second  stage  cofferdam  will  remain  in 
place  until  January  1989.  Thus  far,  the  coffer¬ 
dam  has  functioned  as  designed.  A  major  flood 
in  October  1986  occurred  which  required  the 
cofferdam  to  be  completely  flooded  in  anticipa¬ 
tion  of  overtopping.  Through  all  this,  actual 
conditions  have  reflected  those  which  the 
model  predicted.  The  model  proved  to  be  a 
very  valuable  design  aid,  and  has  proven  its 
value  by  the  best  possible  method,  prototype 
performance. 
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SYNOPSIS:  In  this  paper  the  first  part  summarises  the  results  of  field  experimental  studies  of  deeply 

embedded  box  foundations  for  10  tall  buildings  in  China,  ranging  from  10  to  29  storeys.  The  analyses 
for  deformation  characteristic  of  soil,  contact  pressure  distribution  and  magnitudes  of  stresses  in 
foundation  reinforcement  have  been  made. 


The  second  part  summarises  the  results  of  field  experimental  studies  of  piled  raft  and  piled  box 
foundation  for  A  tall  buildings  and  1  heavy  silo  in  Shanghai,  ranging  from  12  to  32  storeys.  In  this 
part  load-sharing  between  piles  and  raft  or  box  and  the  settlements  are  analysed,  and  some  suggestions 
are  presented  . 


INTRODUCTION 

With  the  development  of  economical  construction 
in  China,  since  1970's  the  multi-storey  and  tall 
buildings  over  eight  storeys  have  been  gradually 
increased  each  year.  In  recent  years  the  tall 
buildings  around  30  storeys  founded  on  super  - 
long  piled  raft  or  piled  box  foundation  have  sp¬ 
rung  up  like  mushroom  in  Shanghai  area.  The 

so-called  super-long  pile  means  the  pile  length 
over  50m  which  is  made  of  either  steel  or  rein¬ 
forced  concrete. 

It  is  well-known  that  the  field  experimental 
study  is  significant  for  monitoring  the  perfor¬ 
mance,  the  design  and  construction  methods,  chec¬ 
king  the  correctness  of  the  existing  theory  and 
analyical  methods  and  develping  some  new  ideas 
in  theory  and  design.  For  this  purpose, in  China 
10  box  foundations  and  5  piled  raft  and  piled  box 
foundations  were  instrumented  with  settlement 
measuring  s ys terns , i nc 1 ud i ng  shallow  and  deep 
bench  markers  and  heave  markers,  piezometers, 
earth  pressure  cells  and  bar-stress  gauges.  Be¬ 
sides,  for  piled  raft  and  piled  box  foundations 
load  transducers  were  installed  on  the  top  of 
pi les . 

FIELD  EXPERIMENTAL  STUDIES  OF  BOX  FOUNDATIONS 

The  summary  of  box  foundations  of  ten  buildings 
are  shown  in  Table  1. 

Settlements  of  Deeply  Embedded  Box  Foundations 

From  the  typical  se t t lament -t ime  curve  for  the 
deep  box  foundation  (see  Fig.  1),  the  loading 
stages  may  be  simply  divided  into  three  main 
stages  for  the  study  of  the  deformation  proper¬ 
ties  of  foundation  soil  and  calculation  methods. 

(a)  Overburden  pressure  stage  (i.e.  recompressi ve 
deformation  stage):  The  heave  and  recompressi ve 
deformation  may  be  considered  as  elastic  defor¬ 
mation.  Recompressive  deformation,  which  is  sli¬ 
ghtly  more  than  the  heave,  equals  20%  -  30%  of 
the  total  amount  of  settlement. 


(b)  Net  foundation  pressure  stage:  The  foundation 
soil  is  still  treated  as  elastic  medium  although 
its  deformation  have  entered  into  the  olastoplas- 
tic  state  in  some  regions.  In  this  stage  the 
rate  and  increment  of  settlement  increase  rapidly 
The  settlement  increment  is  about  30%  -  35%  of 
the  total  amount  of  settlement. 

(c)  Constant  foundation  pressure  stage:  The  soil 
deformation  varies  with  time  under  constant  pres¬ 
sure,  its  characteristics  may  be  expressed  by  the 
hyperbola  or  exponential  curve  and  its  magnitude 
is  about  30%  -  35%  of  total  amount  of  settlement. 

According  to  the  three  main  stages,  we  can  carry 
out  the  simulation  test  in  the  laboratory  to  ob¬ 
tain  the  soil  parameters,  then  the  total  amount 
of  settlement  is  calculated  by  the  layering  sum¬ 
mation  method  as  follows; 

^tot  ~  ^over  ^net  ®cons 

The  values  of  allowable  settlement  for  box  foun¬ 
dation  in  China  are  not  restricted  to  any  speci¬ 
fic  value,  and  these  values  depend  mainly  on  the 
requirements  of  the  building  and  the  effect  on 
the  adjacent  buildings. 
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Oa  -  Overburden  pressure  stage 

ab  -  Net  foundation  pressure  stage 

be  -  Constant  foundation  pressure  stage 


Fig.  I  Settlement  -  Time  Curve 
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Table  1  Summary  of  Box  Foundations  of  Ten  Buildings  in  China 


Buildint; 

Super¬ 

structure 

Height  of 
Building 

H,  m 

Height  of 
box 
h,  m 

B/IOOH 

Total 
pressure 
p,  KN/m 

Allowable 
pressure. 
Pa.  KN/m’ 

Average 
modulous 
Ea,  KN/m' 

Observed 

settlement 

^ob* 

Observed 
transverse 
tilt,  %■ 

No. 

N'o.  of 

storeys 

Dimension 
of  fdn 

Lx  B,  m 

Embedded 

depth 

D,  m 

Net 

pressure, 
Pn,  KN/ra 

Effective 
pressure 
Pp.  KN/m' 

Computed 

settlement 

Observed 

longitudinal 

deflection,^ 

1 

(ross- 

wall 

12 

JBTW 

69.6x14. 1 

5750 

5.50 

3.6 

185.0 

85.0 

300.0 

140.0 

6,100 

16.0 

21.0 

2.2 

-0.33 

7 

Cross¬ 

wall 

12 

- - 

50. 1x9.8 

3.68 

5.20 

2.7 

188.0 

94.0 

267.0 

146.0 

5,300 

12.0 

21.0 

0.5 

0.14 

3 

Frame 

12 

T775D 

57.6x14.3 

3.65 

5.65 

3.8 

156.0 

50.0 

300.0 

110.0 

3,670 

24.0 

19.2 

1.7 

-0.18 

4 

Frame 

10 

38.98 

46.0x18.5 

5.00 

5.50 

4.6 

155.0 

57.0 

101.5 

107.0 

2,800 

>35.0 

35.0 

2.1 

0.10 

5 

Frame 

10 

3g.30 

87.4x13.2 

5.35 

5.70 

3.4 

177.0 

68.7 

200.0 

177.0 

15,730 

2.08 

7.76 

0.15 

-0.07 

6 

Cross¬ 

wall 

12 

- 30720 - 

45.6x11.6 

5750 

4.41 

3.8 

150.0 

66.2 

220.0 

150.0 

15,000 

1.14 

4.41 

0.30 

-0.04 

7 

Oross- 
wal  1 

17 

53770 

36.5x13.8 

9755 

8.25 

2.5 

352.0 

222.5 

495.0 

352.0 

7,400 

5.39 

11.13 

0.83 

0.11 

8 

15 

51750 

62.1x20.3 

3.QO 

4.20 

3.9 

219.0 

102.0 

495.0 

219.0 

15,200 

3.14 

3.62 

0.09 

0.08 

9 

frame 

cross-w 

16 

53.47 

68.1x25.6 

5.58 

5.58 

4.7 

173.1 

94.3 

207.0 

157.5 

6,500 

>3D.0d - 

26.42 

1.58 

0.28 

10 

Tube- 

frame 

29 

104.0 

14.50 

14-50 

550.0 

290.0 

N63.5=60 

_350.Q 

Table 

2 

Coefficient  of 

Measured  Contact  Pressure 

of  Ten  Buildings  in  China 

Type 

Building 

No. 

Eccentricity  due 
to  dead  load,  cm 

0 

1 

2 

3 

4 

4’ 

3' 

2' 

1' 

O' 

C71  shaped 

3 

4 

5 

6 

ex 

®x 

e  9f  0 

=  0,  e-  =  0.3 
=  0,  e];  =  16,3 

1.146  O.W  0.871 
1.046  1.028  0.967 

1.114  1.054  0.985 

1.133  0.982  0.945 
1.146  0.972  0,946 

m  8:^^^  8:^i} 

o.9n  ■ 

0.945 

0.950 

0.940 

0.936 

0.910 

0.977 

0.532 

0.957 

0,924 

0.940 

0.936 

0.910 

0.977 

0.923 

0.997 

0.908 

0.945 

0.946 

0.921 

0.981 

1.080 

1.035 

1.020 

0.982 

0.972 

0.973 

0.996 

1.147 

1.025 

1.046 

1.133 

1.146 

1.196 

1.046 

Cantilever 

y 

0.810 

1.166 

1.082 

0.977 

0,965 

0.965 

0.977 

1.082 

1.166 

0.810 

(Z3  shaped 

2a 

ex 

=  0,  ey  =23.0 

0.906 

0.870 

1.015 

1.226 

1.236 

0.977 

0.851 

0.920 

Da  shaped 

2b 

see  Table  2a 

Irregular 

10 

see  Reference 

J[2I_ 

VL 


No. 9 

Superstructure 

Box  Foundation 

01  2  3  4  4'  3'  2'  r  O' 


Table  2a 


TTOTT 

TT 

UTSW 

0.6o3 

0. 

571 

0.558 

0.558 

0.603 

0.635 

0.444 

0 

761 

0.952 

0.952 

0. 

825 

0.698 

0.666 

0.571 

0.444 

0.635 

0 

952 

1.206 

1.396 

1. 

332 

1.142 

1.015 

0.952 

0.888 

TOS2  TTKSB  i.42S 

0.952  1.142  1.301 

1.079  1.079  1.142 

1.206  1.079  1.047 

1.332  1.110  1.047 

1.392  1.142  1.047 

1.459  1.174  1.206 

1.428  1.206  1.904 

No. 2  plan 


No .  2a 


No. 2b 


Longitudinal  Deflection  and  Transverse  Tilt  of 
Box  Foundations 

From  the  observed  data  the  longitudinal  deflec¬ 
tion  ranges  from  0.07%t-  0.33%»  (see  Table  1),  and 
the  shape  of  deflection  has  been  actually  com¬ 
pleted  after  the  construction  of  box  foundation. 
During  the  construction  of  superstructure  (K.C. 
structure)  the  deflection  basically  remains  un¬ 
changed  or  changes  slightly.  This  fact  shows 
that  rigidity  of  the  box  foundation  is  rather 


large  and  the  rigidity  is  even  greater  when  the 
contribution  of  superstructure  is  taken  into  ac¬ 
count.  Based  on  the  deflection  values,  the 
stress  in  the  box  foundation  can  be  calculated 
using  the  finite  difference  method. 

From  the  observed  data  the  tilting  value  of  0.25X 
or  B/IOOH  may  be  allowed  (see  Chinese  Code  JGJ6- 
80)  in  which  B  and  H  are  the  breadth  of  box  foun¬ 
dation  and  the  height  of  building,  respectively. 
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1  j  b  1  e  '  ufTiiiM  r  v 

f  P  i  !  od  Raft 

.  and  Piled 

Pox  F  0  u  n  d  a  t i 

0  n  s  0  1  F  i  v 

e  Fuildings 

in  Shanghai 

S  Li  p  e  r  - 

of - 

Dimension 

of  Length  o 

f  No.  (_*  1 

0 1)  s  e  r  V  e  d 

Her  cent age  of 

BMi'lin..  structure 

f  0  u  n  (I  a  t  i  0 

f  0  u  n  d  a  L ion 
L  X  8,  m 

pile,  m 

pi  les 

sett lement 
Sob  I 

1  J  a  d  . ;  h  a  r  i  n  g 

r  u  1  ci  4 

Embedded 

D  i  a  .  01 

Spae 

C  0  (1.  w.  i  e  d 

Raft,  or  Piles 

s  L  A/ 1'  e  >'  < 

i)  r  s  s  q  r  e 

j)  ,  K  N  .  m  ^ 

depth 

D,  m 

side,  m 

m 

so  t  t  1  emen i 
om  t  cm 

box,  ^ 

,  ,  C I  o  s  s  - 

piled  box 

.'5.2x12.9 

35.5 

8  3 

7 . 1 

11  wall 

1  2 

3  3  X 

-4  ,  1> 

45  X  4  5 

1  .8-2.  1 

7 . 9 

38  7  3 

Cross  - 

piled  box 

29. 7x 1 h. 7 

7 .  5 

183 

30.0 

i -  wall 

IX  - 

3  30 

2.0 

40  X  4  0 

1  .2-1.35 

30.0 

00 

Tube- 
11  1  r  a  m  e 

J6 

piled  r  a  t 

3  3  0 

38. 7x38,4 

7.8 

53.0 

060.9x1 .2 

200 

1.9-1 .95 

4 . 5 

30  70 

(.'  r  o  .s  s  - 

1-4  wall 

3:1 

piled  box 

SOU 

37.3x24.5 

4 . 5 

54.0 

50  X  50 

108 

1.6-2.25 

3 . 0 

27  73 

IS  Heavv 

piled  raft 

89.4x35.3 

30.7 

604 

5.8 

10  —  0  90  —  lOu 

1  1 0  ■ 

388 

1 .0 

45  X  45 

I  .9 

14.5 

Note:  *  '■leasured  contact  pressure  included  water  buoyancy; 

Bui  [dine  No.  I  d  and  S’o.I4  are  "^der  construction. 


Contact  Pressure  Distribution  in  Longitudinal 
D i rec t ion 


FIELD  EXPERIMENTAL  STUDIES  OF  PILED  RAFT  AND 
PILED  BOX  FOUNDATIONS 


The  contact  pressure  distribution  is  determined 
by  many  complex  factors,  such  as  the  shape  and 
dimension  of  the  foundation  and  its  embedded 
depth,  the  stiffness  of  superstructure  and  foun¬ 
dation,  the  properties  of  soil,  construction  con¬ 
ditions  and  the  location  of  the  adjacent  building 
etc.  The  measured  results  of  10  buildings  in 
some  degree  may  reflect  these  complex  factors. 

From  the  measured  results  and  Table  2  it  has  been 
found  that  there  is  an  evident  characteristic, 
namely,  the  shape  of  contact  pressure  distribu¬ 
tion  in  longitudinal  direction  has  been  actually 
formed  under  the  overburden  pressure  stage, since 
then,  with  the  increase  of  loading,  the  shape  is 
almost  unchanged. 

(a)  For  the  individual  building  with  rectangular 
shape  in  plan,  the  shape  of  contact  pressure  dis¬ 
tribution  essentiarly  appears  saddle-like. 


Field  data  on  the  performance  of  multi-storey 
and  tall  buildings  supported  on  piled  raft  and 
piled  box  foundations  is  particularly  valuable 
as  the  amount  of  reliable  data  is,  as  yet, rather 
limited. 

The  summary  of  piled  raft  and  piled  box  founda¬ 
tions  of  5  buildings  arc  '■hown  in  Table  3. 

Load -sharing  between  Raft  or  Box  and  Pi  les 

It  is  a  complex  problem  which  involves  many  fac¬ 
tors,  such  as  the  soil  conditions,  the  dissipa¬ 
tion  of  excess  pore  pressure  (soil  consolidation) 
the  number  of  piles,  pile  spacing,  pile  length, 
pile  compressibility,  the  construction  methods 
and  the  stiffness  of  superstructure.  However, 
from  the  Table  3  and  Fig. 2  the  general  conception 
on  load-sharing  between  raft  or  box  and  piles  can 
be  obtained  as  follows: 


(b)  For  the  L-shape  plan  or  the  building  close 
to  the  adjacent  buildings,  the  shape  is  signifi¬ 
cantly  different. 

(c)  For  the  cantilever  type  of  box  foundation, 
the  shape  has  another  characteristic. 

(d)  For  the  irregular  plan  of  box  foundation,  the 
shape  of  contact  pressure  distribution  seems  to 
be  parablic  (Huang,  et  al,1986). 

These  results  are  helpful  to  the  study  of  super- 
s t r uc t u re-box ( or  raft)-soil  interaction.  It 
should  be  noted  that  the  reasonable  layout  of 
building  plan  is  very  important. 

Stresses  in  Foundation  Reinforcement 

The  measured  results  show  that  the  temperature 
stress  in  the  top  slab  varies  from  20.0MN/m’  - 
36.5MN/ra’,  in  the  bottom  slab,  from  4.0MN/m’  - 
10.5MN/m’;  and  the  actual  stresses  including 
stresses  due  to  overall  and  local  bending  are 
only  less  than  33.0MN/m’.  This  value  is  far  less 
than  the  allowable  rebar  stress.  It  is  attribu¬ 
table  to  the  superstructure-box-soil  interaction. 
So,  the  current  method  to  compute  the  stresses 
may  be  conservative. 


(a)  The  proportion  of  load-sharing  between  raft 
or  box  and  piles  is  different  with  the  increase 
of  construction  load,  that  is,  the  increment  of 
load  carried  by  piles  is  greater  than  that  by 
raft  or  box.  In  Shanghai  the  groundwater  level 
is  about  l.Ora  below  the  ground  surface.  So,  a 
common  well-point  system  is  usually  used  during 
foundation  construction.  Due  to  ceasing  pumping 
the  water  buoyancy  has  a  great  effect  on  the  base 
of  raft  or  box  (see  Fig. 2).  The  actual  soil 
pressure  beneath  the  base  of  raft  or  box,  pg  is 

Ps  =  Pc  -  Pw  (2) 

where  =  measured  value  of  contact  pressure 
obtained  by  earth  pressure  cells; 

p^  =  water  buoyancy. 

Actually,  the  load  carried  by  soil  is  merely 
about  10%  of  the  total  construction  load  in  con¬ 
ventional  spacing  of  piles. 

(b)  For  the  driven  precast  reinforced  concrete 
piles  during  piling  in  soft  soils  there  are  often 
various  phenomena  happened,  such  as  the  heave  and 
horizontal  displacement  on  ground  surface,  hori¬ 
zontal  displacement  in  soil  mass,  heave  and  hori¬ 
zontal  displacement  of  previously  driven  piles 


P  MN 


Fig.  2  Load  -  sharing  between  Box  and  Piles 


and  the  high  excess  pore  pressure  et c . espec ia 1 1 y , 
in  large  pile  groups.  For  example,  in  Building 
No.  15  because  of  piling  speed  (604  piles  com¬ 
pleted  in  1,5  months)  and  large  pile  groups  ser¬ 
ious  soil  deformation  both  on  ground  surface  and 
in  soil  mass  were  happened,  the  maximum  value  of 
excess  pore  pressure  was  1,4  times  the  correspon¬ 
ding  overburden  soil  pressure  during  pile  driving 
nto  deeply  soft  clay  deposit.  With  the  dissipa¬ 
tion  of  excess  pore  pressure  the  base  of  founda¬ 
tion  did  not  contact  with  the  soil,  the  contact 
pressure  decreased  from  30KN/m'  to  zero  in  three 
years.  By  excavating  the  soil  below  the  edge  of 
raft  it  had  found  that  the  gap  was  15  cm.  It 
means  in  this  case  that  the  pile  and  raft  inter¬ 
action  seems  to  be  a  temporary  or  transitive 
characteristic.  In  Shanghai  some  case  histories 
in  1930's  support  this  viewpoint. 

(c)  For  the  steal  pipe  pile  with  open  end  (see 
Building  No.  13)  it  has  much  less  disturbance  of 
soil  mass  than  the  precast  R.C.  piles,  the  height 
of  soil  plug  in  the  pipe  pile  is  about  2/3  length 
of  pile,  the  ratio  of  maximum  value  of  excess 
pore  pressure  to  the  corresponding  soil  pressure 
is  0.69,  So,  it  is  hoped  that  the  percentage  of 
load  carried  by  raft  will  be  greater  than  that 
used  in  the  precast  R.C.  piles  in  same  condition. 


length  of  pile. 

CONCLUSIONS 

Analytical  results  show  that  Eq . ( 1 )  can  be  used 
to  calculate  the  settlement  of  deeply  embedded 
box  foundation  and  analyse  the  superstructure- 
box-soil  interaction. 

In  conventional  design  of  pile-raft  or  pile-box 
foundations,  except  short  piles  in  soft  soils, 
the  piles  and  raft  or  box  interaction  may  be  a 
temporary  characteristic  in  a  few  years,  say  3 
years,  the  piles  will  eventually  carry  the  total 
load  of  building.  It  should  keep  in  mind  that 
the  capacity  of  piles  driven  into  clay  increases 
with  time  after  driving.  So,  it  has  economical 
significance  when  piles  and  raft  or  box  inter¬ 
action  is  taken  into  account,  although  the  set¬ 
tlement  is  somewhat  greater.  To  mobilize  the 
bearing  capacity  of  soil  the  pile  spacing  would 
be  enlarged  to  4d  -  5d  at  least. 

It  is  expected  that  these  valuable  data  presented 
in  this  paper  will  be  helpful  to  geotechnical 
workers  for  further  study  of  soi 1 -s t r uc t ure 
interaction . 


(d)  For  the  precast  R.C.  short  pile  in  Building 
No.  12  the  pile  tip  is  located  at  the  sand  layer 
with  thickness  of  3m,  below  this  layer  there  is 
a  deeply  soft  clay.  As  a  result,  the  settlement 
is  about  30cm.  Evidently,  the  foundation  base 
is  in  contact  with  soil  and  the  bearing  capacity 
can  be  fully  mobilized. 

Settlements  of  Piled  Raft  &  Piled  Box  Foundations 

Based  on  the  settlement  records  of  pile-raft  and 
pile-box  foundations  Including  the  5  buildings 
given  in  this  paper,  the  empirical  formulas  for 
predicting  the  settlement  in  Shanghai  area  are 
as  f ol lows : 


S  =.  0.12  Bg% 


0.42  Be% 

0.35  Bg%  -  3cm 


25cm 


30cm 


f or  L  = 
f or  L  = 
for  L  = 
for  L  « 


50tii  r 

30ro  .. 
25m  - 
8m . 


60m  ; 
50ra ; 
30ra; 


Where  Bg  is  the  equivalent  breadth  equaling 
the  square  root  of  foundation  area  and  L  is  the 
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SYNOPSIS:  A  three-dimensional  nonlinear  finite  element  procedure  is  presented  for  analysis  of 
drilled  (concrete)  piers.  The  procedure  allows  for  tensile  cracking  and  compressive  crushing 
of  concrete,  nonlinear  behavior  of  soil,  and  simultaneous  application  of  axial  and  lateral 
loads.  The  procedure  is  employed  to  investigate  the  ultimate  capactiy  of  a  45°  underreamed 
pier.  The  predicted  results  are  compared  with  the  field  test  conducted  on  a  similar  pier. 
Also,  distribution  of  displacements  and  stresses  in  the  soil-pier  system  and  crack  pattern  in 
the  pier  are  presented  and  discussed. 


INTnODUCTION 


Drilled  (concrete)  piers  are  used  frequently 
as  foundations  for  various  types  of  struc¬ 
tures  such  as  buildings,  bridges,  and  trans¬ 
mission  towers,  among  others.  They  may  be 
drilled  as  straight  shafts  or  shafts  with  en¬ 
larged  bottoms,  called  "underreamed  or  belled 
piers,"  to  increase  the  bearing  area  of  the 
pier.  A  schematic  of  an  underreamed  pier  can 
be  seen  in  Fig.  1. 

Drilled  piers  are  often  designed  and  con¬ 
structed  to  provide  resistance  to  axial  loads 
as  well  as  lateral  loads  and  moments  from 
superstructures.  An  underreamed  drilled  pier 
subjected  to  a  general  type  of  loading  re¬ 
quires  three-dimensional  (3-D)  analysis. 
However,  due  to  the  complexity  involved  in 
the  associated  soil-structure  interaction 
problems,  3-D  analysis  has  been  rarely  pur¬ 
sued.  Most  of  the  previous  studies  have  been 
overly  idealired  in  nature  (see  e.g.,  Tand 
and  O'Neil,  1977;  Farr,  1974;  Zaman  and 
Uppal,  1987)  . 


1  so. 


Fig.  1  Schematic  of  the  field  test  pier 


The  purpose  of  this  paper  is  to  present  a 
three-dimensional  nonlinear  finite  element 
analysis  of  a  45°  underreamed  drilled  pier 
loaded  axially  until  failure.  The  gener¬ 
alized  plasticity  model  developed  by  Desai 
and  Muqtadir  (1984)  is  adopted  to  describe 
the  nonlinear  behavior  of  soil.  Tensile 
cracking  and  compressive  crushing  of  concrete 
are  modeled  using  a  linearly  elastic  fracture 
model  (Chen  and  Saleeb,  1982).  The  predicted 
results  for  displaceme.tts  and  stresses  are 
compared  with  the  field  observations. 


3-D  FINITE  ELEMENT  MODELING  OF  A  DRILLED  PIER 

Nonlinear  Finite  Element  Procedure 

A  three-dimensional  &-noded  hexahedral 
isoparametric  element  having  twenty  four  de¬ 
grees  of  freedom  is  used  to  discretize  the 
required  continuum.  The  soil  is  assumed  to 
behave  as  an  elasto-plastic  material.  The 
concrete  is  assumed  to  behave  as  an  isotropic 
i^aterial  before  cracking  and  as  an  aniso¬ 
tropic  material  after  cracking.  An  incre¬ 
mental  iterative  scheme  is  employed  for  the 
nonlinear  finite  element  solution.  This 
technique  uses  the  standard  Newton-Raphson 
method  in  which  the  system  tangential  stiff¬ 
ness  is  updated  at  the  beginning  of  each  it¬ 
eration.  The  desired  constitutive  models  are 
implemented  at  element  integiation  points 
rather  than  having  the  entire  element  change 
properties  at  one  time. 

Material  Models 

The  nonlinear  behavior  of  soil  is  represented 
by  the  generalized  plasticity  model  developed 
by  Desai  and  Faruque  (1984) .  The  concrete  is 
assumed  to  have  a  i.''rfectly  brittle  behavior 
that  is  modeled  ly  linearly  elastic  frac¬ 
ture  model  (Chen  and  Saleeb,  1982) .  A  brief 
discussion  of  this  model  is  presented  in  this 
section . 
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Concrete  in  Tension 


The  stress-strain  relation  matrix  for  un¬ 
cracked  concrete  is  described  by  the  gener¬ 
alized  Hooke's  law. 


The  tension  cutoff  failure  criterion  is  used 
for  checking  the  fracture  (cracking)  of  con¬ 
crete  in  tension.  A  crackij'.g  plane  is  assumed 
to  occur  when  th.e  tensile  stress  in  a  princi¬ 
pal  direction,  at  a  point  in  the  material, 
exceeds  the  te.nsile  strength  of  concrete, 
assumed  equal  to  the  modulus  of  rupture  of 
concrete  (ASCE,  19S1).  The  cracks  are 

assumed  to  be  smeared  rather  than  discrete 
and  form  perpendicular  to  the  principal 
direction.  The  normal  stiffness  of  cracked 
concrete  perpendicular  to  tlie  cracking  plane 
and  shear  stiffness  along  the  cracking  plane 
are  assumed  to  vanish.  It  is  further  assumed 
that  at  the  instant  of  cracking,  the  normal 
stress  perpendicular  to  the  cracking  plane 
and  the  shear  stresses  parallel  to  the 
cracking  plane  are  released  completely'  and 
redistributed  to  the  adjacent  elements. 
The  incremental  stress-strain  relation  for 
post-cracking  behavior  (see  Fig.  2)  can  be 
expressed  as 

•,Ac;i  =  [T]’’^  [D]^^  [T]  -At}  -  {a}^^  (1) 

where  {At}  =  incremental  stress  vector, 
.Ac}  =  incremental  strain  vector,  ~ 

released  stress  vector,  =  incremental 

constitutive  relation  matrix  of  cracked 
concrete  in  the  local  coordinate  system 
(x'y'z'l  with  x'  denoting  the  offending 
principal  stress  direction,  and  [T]  =  the 

desired  transformation  matrix  from  local  to 
global  coordinate  system  (xyz). 


Once  the  cracked  plane  has  formed,  its  direc¬ 
tion  becomes  fixed  for  subsequent  loading.  A 
second  cracked  plane  can  form  perpendicular 
to  the  first  cracked  plane  when  the  tensile 
stress  in  the  concrete  between  the  cracks  has 
reached  the  tensile  stre=  i  limit.  In  this 
case,  a  new  cracking  stress-strain  relation 

matrix  fp)',  is  formulated  to  describe  the 
ck 

current  cracking  configuration. 

After  the  cracking  of  concrete  in  two  di¬ 
rections,  the  state  of  stress  in  the  cracked 
concrete  is  reduced  to  uniaxial  state.  A 
third  cracked  plane  can  form  perpendicular  to 
the  first  and  second  cracked  planes,  after 
which  the  conc'ete  is  assumed  to  lose  its 
stiffness  completely. 


Fig.  2  Cracking  of  concrete  and  state  of 
stress  after  cracking 


Concrete  in  Comp r os s ion 

In  this  analysis,  the  concrete  is 
assumed  to  behave  as  on  elastic  material  and 
the  Drucker-Prager  failure  envelope  is  used 
to  define  the  elastic  limit.  The  concrete  is 
assumed  to  crush  and  lose  all  its  stiength 
once  the  iracture  surface  is  reached.  Also, 
at  the  instant  of  crushing  all  stresses  in 
concreie  are  released  completely  and  redis¬ 
tributed  to  the  neighboring  elements. 

The  stress  components  to  be  released  arc 
converted  to  nodal  forces  and  applied  to  the 
system.  The  system  is  reanalyzed  and  the 
procedure  is  repeated  until  the  equilibrium 
condition  is  satisfied  within  some  acceptable 
tolerance.  Further  details  are  not  presented 
here  because  of  page  limitation  but  can  be 
found  elsewhere  (Houssamy,  1987). 


NUMERICAL  APPLICATION 
Finite  Element  Idealization 

The  finite  element  (FE)  procedure,  described 
in  the  preceding  section,  is  csed  to  simulate 
the  field  load  test  of  an  axially  loaded  45° 
underreamed  pier  conducted  by  Sheikh,  et  al. 
(1983).  Figure  1  sliows  a  schematic  of  the 
test  pier.  Considering  the  symmetric  geome¬ 
try  and  loading  of  the  problem,  only  one  half 
of  the  pier  and  surrounding  soil  block  is  an¬ 
alyzed  in  this  study.  Note  that  such  an  ide¬ 
alization  is  required  to  analyze  a  pier  under 
lateral  loading  although  such  loading  is  not 
specifically  considered  here.  The  3-D  (FE) 
mesh  used  for  the  discretization  of  the  pier 
is  shown  in  Fig.  3.  It  should  be  emphasized 
that  for  simplicity  the  finite  element  ide¬ 
alization  adopted  herein  does  not  include  a 
reamer  seat  or  toe.  The  mesh  consists  of  632 
elements  connected  at  982  nodes.  The  total 
number  of  active  degrees  of  freedom  is  found 
to  be  2189. 


Fig.  3  3-D  Finite  element  mesh 
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The  material  properties  and  constants  used 
for  the  analysis  are  suminarized  below: 

Concrete  , 

Compressive  st'^ength  =  3,250  psi 

Modulus  of  rupture  (fj.)  =  "*41  psi 

Modulus  of  elasticity  3  x  10^  psi 

Poisson's  ratio  (  )  =  0.2 

c 

Soil 

Modulus  of  elasticity  (E^)  =  4,800  ksi 

Poisson's  ratio  (v  )  s  0.5 

s 

The  following  parameters  were  assigned  for 
the  generalized  plasticity  model  for  soil: 
failure  envelope,  a  =  0.002,  y  -  0.0008  ksi, 
k  =  0.0185  ksi;  hardening  parameters,  B  = 

0.0001  and  n  =  0.01  ^ 

The  field  test  fa  lure  load  (750  kips)  was 
applied  in  eight  Increments;  the  first  seven 
increments  were  100  kips  each. 


DISCUSSION  OF  RE  JULTS  AND  COMPARISON  WITH 
FIELD  TEST  DATA 

Load-Deformation  Behavior 

The  load-settlemen*  curve  for  the  top  of  the 
pier  is  compared  in  Fig.  4.  In  the  field 
test,  a  plunging  failure  was  observed  and  no 
evidence  of  structural  failure  of  the  pier 
shaft  or  bell  could  be  observed.  The 
failure,  defined  by  a  large  increase  in  the 
rate  of  settlement  of  the  footing,  occurred 
at  a  load  of  "’50  kips.  The  FE  niodel 
predicted  a  similar  type  of  failure  and  the 
ultimate  capacity  of  the  pier  was  dictated  by 
the  failure  of  soil,  however,  the  FE  results 
underestimated  the  field  observations  (see 
Fig.  4).  This  ca:'.  be  partly  attributed  to 
the  fact  that  an  a.-erage  value  of  the  modulus 
of  elasticity  was  assumed  for  the  soil 
medium,  although  the  actual  soil  was  layered. 


BOO 

BOO 


the  pier  and  surrounding  soil  experience 
essentially  vertical  downward  movements.  The 
pier  settles  down  as  a  rigid  body  compressing 
the  soil  underneath  it  A  significant  set¬ 
tlement  of  the  soil  adjacent  to  the  pier  is 
also  noticed.  This  is  due  to  the  fact  that 
perfect  bond  (no  slip)  is  assumed  between  the 
pier  shaft  and  soil. 


Fig.  5  Displacement  field  at  (P  =  600  kips) 

Stress  Distribution  in  Soil  Mass 

The  distribution  of  normal  stress  component, 
0^^,  at  the  integration  points  of  elements 

surrounding  the  pier  is  shown  in  Fig.  6  at 
600  kips  load.  The  normal  stresses  (o^z* 

symmetrically  distributed  as  expected.  The 
maximum  -  npressive  stresses  (positive  in 
this  analysis)  appear  to  exist  beneath  the 
bell  with  concentration  near  the  edge. 


Typical  distribution  of  displacement 

field  of  the  pier-soil  system  at  the  vertical  Fig,  g  Distribution  of  stresses  a  (ksi)  in 

section  I  (see  Fig.  3)  passing  through  the 

center  of  the  pier  is  shown  in  Fig.  5,  for  an  soil  elements  at  P  =  600  kips 

axial  load  of  600  kips.  It  is  observed  that 
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Stress  Distribution  in  Pier 

The  distribution  of  maximum  and  minimum  prin¬ 
cipal  stresses  in  the  pier  are  shown  in  Figs. 
7  and  8,  respectively,  at  an  axial  load  of 
600  kips.  It  is  observed  that  the  maximum 
compressive  (about  0.8  ksi)  stresses  in  the 
shaft  are  not  critical  and  far  less  than  the 
compressive  strength  of  concrete.  From  Fig. 
8,  it  is  observed  that  tensile  principal 
stresses  of  critical  magnitudes  tend  to  con¬ 
centrate  at  the  bottom  of  underream  near  the 
center.  This  indicates  that  higher  tensile 
stresses  will  be  induced  eventually  under  in¬ 
creased  loads,  and  cracking  is  expected  to 
occur  in  this  region.  Minor  cracking  actual¬ 
ly  occurred,  in  the  present  analysis,  after 
the  pier  was  subjected  to  700  kips  load  (con¬ 
sidered  here  as  failure  load) .  Fig.  9  shows 
the  crack  pattern  in  the  pier. 


Fig.  7  Distribution  of  maximum  principal 
stresses  (ksi)  in  the  pier 


Fig.  8  Distribution  of  minimum  principal 
stresses  (ksi)  in  the  pier 

CONCLUDING  REMARKS 

A  nonlinear  finite  element  procedure  for 
three-dimensional  analysis  of  drilled  piers 
is  presented.  The  nonlinear  behavior  of  soil 
as  well  as  tensile  cracking  and  compressive 


crushing  of  concrete  are  considered.  The 
procedure  is  used  to  simulate  the  field  be¬ 
havior  of  a  45°-under reamed  drilled  pier. 
The  predicted  results  compare  favorably  with 
actual  observations.  The  proposed  procedure 
can  be  used  effectively  to  analyze  the  defor¬ 
mation  response  of  drilled  piers  under  truly 
three-dimensional  loading. 


Fig.  9  Crack  pattern  at  P  =  700  kips 
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SYNOPSIS:  Liquid  Ammonia  is  stored  under  pressure  in  steel  Horton  spheres  (diameter  17  m)  under 

operating  pressures  of  5-6  kg/cm^ .  These  spheres  are  supported  on  twelve  steel  columns,  concrete 
pedestals,  concrete  ring  beam  and  raft  or  pile  foundation  depending  on  the  soil  conditions.  The 
continuous  circular  ring  beam  rests  on  72  concrete  piles  each  45  mm  dia  and  17  to  20  m  long.  The 
second  identical  Horton  sphere  is  supported  on  a  raft  foundation. 

2 

The  two  Horton  spheres  h^ve  been  subjected  to  a  hydrostatic  loading  of  1.7  kg/cm  and  an 
additional  pressure  of  7.3  kg/cm  for  performance  check. 

Strains  were  measured  at  the  crowns,  four  equatorial  points  and  in  six  columns.  The  test 
results  indicate  that  the  spheres  and  the  columns  behaved  consistent  with  theoretical  values. 
The  concrete  in  foundations  was  found  to  be  of  good  quality  corresponding  to  M20  grade. 

The  settlements  under  four  columns  of  the  fully  loaded  actual  structure  were  within  anticipated 
limits  i.e.  4-6  mm. 


INTRODUCTION 

Liquid  ammonia  required  in  the  production 
of  urea  is  usually  stored  under  pressure  in 
steel  Horton  spheres.  The  operating  pressure  in 
these  spheres  is  generally  5  to  6  kg/cm^  in 
additio,!  to  the  liquid  head.  The  safety  of 
these  spheres  and  their  foundations  is  of  para¬ 
mount  importance  in  view  of  the  possible  pollu¬ 
tion  and  environmental  hazards  which  may 
be  caused  due  to  the  failure  of  such  structures. 

The  paper  reports  the  actual  case  record 
on  the  performance  of  the  two  17  m  diameter 
spheres  and  adequacy  of  foundations  when  sub¬ 
jected  to  a  loading  of  1.7  ^g/cm^  and  an  addi¬ 
tional  pressure  of  7.3  kg/cm'^ .  These  structures 
are  located  in  Northern  India  were  commissioned 
in  years  1972  and  1973.  These  spheres  are 
made  of  low  carbon  steel  bearing  classification 
No.  JIS  G  3126  Class  2  SLA  33A  and  are  supported 
on  twelve  570  mm  mild  steel  hollow  circular 
columns,  Figure  1.  The  spheres  are  reported  to 
have  performed  satisfactorily  so  far.  However, 
in  view  of  long  time  since  commissioning  and 
deterioration  of  shell/concrete  due  to  urea,  the 
assessment  of  health  of  sphere  was  considered 
essential . 

The  steel  columns  are  inturn  supported  by 
concrete  pedestals  connected  by  a  ring  beam. 
Figure  2.  In  one  of  the  spheres,  the  ring  beam 
was  resting  on  a  raft  foundation  wliile  in 
the  other  it  rested  on  72  concrete  piles  each 
450  mm  diameter  and  17  to  20  m  long. 

To  assess  the  health  of  the  Horton  spheres 
strains  were  measured  at  the  crown,  bottom  and 
four  equatorial  points  through  suitably  pasted 
electrical  resistance  gauges.  Six  of  the  twelve 
columns  of  each  sphere  were  also  instrumented 


for  strain  measurements.  The  shell  thickness 
was  measured  at  twelve  points  to  detect  the 
extent  of  corrosion  and  also  to  detect  the 
spread  of  cracks  in  welded  seams. 

The  quality  of  concrete  used  in  the 
pedestals  and  ring  beam  were  tested  by  the 
ultrasonic  pulse  technique  and  Schmidt  rebound 
hammer  test.  The  foundation  settlements  were 
also  observed  at  four  diametrically  opposite 
columns  through  suitably  mounted  dial  gauges 
on  independent  datums. 

FOUNDATIONS 

The  settlement  of  the  foundations  of  the 
Horton  spheres  was  recorded  at  five  equal  inter¬ 
vals  to  achieve  a  liquid  pressure  of  1.7  kg/cm'^. 
The  settlements  were  also  recorded  when  ^the 
spheres  were  pressurised  upto  7.3  to 

achieve  a  total  pressure  of  9.0  kg/cm'^ . 

These  settlement  records  are  shown 
in  Tables  1  and  2.  The  settlements  were  recorded 
using  dial  gauges  with  a  least  count  of  0.0 1  mm 
mounted  through  magnetic  bases  on  independent 
datums.  During  the  hydro  test  the  load  at  every 
stage  was  maintained  constant  and  the  reading 
recorded  when  the  settlement  was  complete.  The 
data  indicates  that  the  settlements  of  the 
four  columns  were  practically  equal  indicating 
a  uniform  settlement  of  the  foundations. 
The  magnitude  of  settlements  was  very  small  and 
within  the  permissible  limits  as  specified  for 
water  towers  and  silos  (15:1904-1978).  The 
foundations  could  thus  be  considered2 safe  under 
the  stipulated  pressure  of  9.0  kg/cm  . 
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TABLE  1.  Settlement  Record  of  Horton  Sphere  on  Piles  {Horton  Sphere  1) 


S 1  .  \'o  . 

Pressure 

Col  , 

Dial  Read 

.  1 

Sett. 

(imi) 

Col.  4 

Dial  Read  Sett . 

(nm) 

Col  .  7 
Dial  Read  Sett. 

(nm) 

Col 

Dial  Read 

.  10 
Sett, 
(urn) 

Av.  Sett. 

( mm ) 

1 

0.00 

10.24 

18.16 

17.42 

8.73 

2 

0.30 

14. 18‘ 

- 

18.29 

0.13 

17.36 

0.06 

8.72 

0.01 

0.07 

3 

1 

5  0.35 

14.26 

0.08 

18.33 

0.17 

17,35 

0.07 

8.72 

0.01 

0.08 

'i 

2 

5  0.68 

14.33 

0.15 

18.45 

0.29 

17.32 

0.10 

8.75 

0.04 

0.15 

5 

3 

5  0.85 

14.41 

0.23 

18,47 

0.31 

17.32 

0.10 

8.80 

0.09 

0.18 

6 

4 

5  1.50 

14.43 

0.25 

18.50 

0.34 

17.21 

0.21 

8.81 

0.10 

0.23 

~ 

5 . 

5  1.70 

14.45 

0.27 

18.54 

0.38 

17.18 

0.24 

8.85 

0.14 

0.26 

8 

2.25 

14.47 

0.29 

18.57 

0.41 

17.15 

0.27 

8.87 

0.16 

0.28 

a 

4  .00 

14.50 

0.32 

18.57 

0.41 

17.14 

0.28 

8.87 

0.16 

0.29 

lu 

6.00 

14.53 

0.35 

18.58 

0.42 

17.12 

0.30 

8.87 

0.16 

0.31 

1  I 

7.65 

14.53 

0.35 

18.59 

0.43 

17.11 

0.31 

8.87 

0.16 

0.31 

12 

9.00 

14.60 

0.42 

18.62 

0.46 

17.02 

0.40 

8.87 

0.16 

0.36 

‘  Dial 

reset . 

TABLE  2.  Load/Pressure-Settlement 

Record 

of  Horton 

Sphere 

on  Raft 

( Horton 

Sphere 

2) 

S 1 . No . 

Pre 

.=5sure 

Col  . 

) 

Col 

.  4 

Col 

.  7 

Col . 

10 

Average  Sett. 

(mm) 

Water 

head 

(m) 

Press . 2 
(kg/cm,  ) 

Dial 

Read. 

Sett. 

(nri) 

Dial 

Read. 

Sett. 

(im) 

Dial 

Read. 

Sett. 

(nm) 

Dial 

Read. 

Sett. 

(mm) 

1 

0.00 

4.25 

19.32 

9.19 

4.47 

2 

2.00 

0.20 

4.03 

0.22 

19.24 

0.08 

9.10 

0.09 

4.29 

0.18 

0.1425 

3 

4.00 

0.40 

3.79 

0.46 

19.11 

0.21 

8.98 

0.21 

4.07 

0.40 

0.3200 

4 

4  .  50 

0.45 

3.61 

0.64 

19.00 

0.32 

8.92 

0.27 

3.82 

0.65 

0.4700 

5 

5.60 

0.56 

3.14 

1.11 

18.76 

0.56 

8.64 

0.55 

3 .25 

1  .22 

0.8600 

5.30 

0.53 

3.60‘ 

- 

18.10* 

- 

8.80* 

- 

3.45* 

6 

5.60 

0.56 

3.52 

1  .11“ 

18.02 

0.56“ 

8.67 

0.55“ 

3.47 

1 .22** 

0.8600 

7 

6 .00 

0 .60 

3.44 

1.19 

17.89 

0.68 

8.69 

0.57 

3.38 

1.31 

0.9375 

8 

7.00 

0.70 

3.24 

1  .  39 

17,76 

0.81 

8.56 

0.70 

3.20 

1.49 

1.0975 

9 

8.80 

0.88 

3.04 

1  .59 

17.70 

0.87 

8.20 

1  .06 

3.00 

1.69 

1.3025 

10 

9.10 

0.91 

3 . 00 

1  .63 

17.65 

0.92 

8.13 

1.13 

2.88 

1.81 

1.3725 

1  1 

10.00 

1  .00 

2.68 

1  .95 

17.53 

1  .04 

8.03 

1  .23 

2.40 

2.29 

1.6275 

1  2 

11.00 

1.10 

2.28 

2.35 

17.33 

1.24 

7.95 

1.31 

1  .80 

2.89 

1.9475 

1  3 

13.60 

1  .36 

1  .80 

2.83 

16.52 

2.05 

7.15 

2.11 

0.54 

4.15 

2.7850 

I  4 

14.00 

1  .40 

1  .70 

2.93 

16.45 

2.12 

7.08 

2.18 

0.42 

4 .27 

2.8750 

15 

15.00 

1  .  50 

1  .  50 

3.13 

16.29 

2.28 

6.95 

2.31 

0.16 

4.53 

3.0625 

16 

16.00 

1  .60 

1  .35 

3.28 

16.20 

2.37 

6.86 

2.40 

0.04 

4.65 

3.1750 

17 

17.00 

1.70 

1  .30 

3.33 

16.15 

2.42 

6.76 

2.48 

0.02 

4.67 

3.2250 

17.00 

1  .70 

1  .  1  3‘ 

_ 

16.25* 

- 

6.98* 

- 

24.98* 

- 

18 

2.10 

1.15 

3.35 

15.90 

2.77 

6.70 

2.76 

24.83 

4.82 

3.4250 

1  9 

4.00 

1  .35 

3.55 

16.00 

2.87 

6.88 

2.78 

25.00 

4.89 

3.5225 

20 

6.00 

1  .  56 

3.76 

16.20 

3.07 

7.00 

2.90 

25.20 

5.09 

3 . 7050 

2  1 

7.70 

1  .72 

3.92 

16.40 

3.27 

7.08 

2.98 

25.30 

5.19 

3.8400 

22 

8.80 

1  .80 

4.00 

16.45 

3.32 

7.15 

3.05 

25.40 

5.29 

3.9150 

*  Dial  reset 

‘‘Readings  adopted  from  earlier  loading. 


The  grade  of  concrete  normally  specified 
for  columns  and  foundations  as  per  15:456-1978 
is  M20  and  M15  respectively.  In  the  present 
case  M20  grade  concrete  had  been  specified  for 
the  pedestals  as  well  as  ring  beams.  The 
quality  of  concrete  in  the  pedestals  and  the 
ring  beams,  existing  for  the  past  15  yrs,  were 
expected  to  suffer  a  strength  loss  due  to  urea 
contaimination  through  air  and  seepage  water. 
Therefore,  non-destructive  testing  of  concrete 
pedestals  and  ring  beams  were  carried  out.  The 
rebound  hammer  observations  were  taken  at  2100 
points  at  various  positions  on  the  columns  and 


the  ring  beams  of  each  sphere.  The  quality  of 
concrete  was  found  to  be  very  good  and  higher 
than  M20  barring  local  variations  at  a  few 
points.  The  ultrasonic  observations  were 
recorded  at  50  points  and  most  of  the  values 
were  found  to  be  more  than  3250  m/sec,  indica¬ 
ting  that  the  quality  of  the  concrete  existing 
in  the  foundations  was  good. 

HORTON  SPHERES 

The  Horton  spheres  are  made  of  low  carbon  steel 
as  they  are  required  to  contain  liquid  ammonia 
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at  a  temperature  of  3  to  To  obtain  this 

temperature  condition  the  stihores  are  heavily 
insulated  with  an  approximately  "5  mm  thick 
thormocole  layer,  aluminium  foil  and  tin 
sheets.  To  study  the  health  and  behaviour  of 
the  spheres  durina  the  hydro  test,  strain 
gauges  were  pasted  at  the  crowns  and  four  equa¬ 
torial  points  after  cutting  pockets  in  the 
insulation  at  the  desired  locations.  At  each 
point  the  meridional  and  circumferential 
strains  were  measured  for  the  two  sp.heres  and 
are  given  in  Tables  3  and  4.  A  study  of  these 
results  shows  that  the  strains  developied  at  all 
stages  of  hydrostatic  loading  at  all  the  twelve 
points  were  .much  lower  than  the  yield  strain 
cf  the  majierial  and  correspond  to  a  stress  of 
H25  N  rrm"^  .  The  strains  at  the  four  equatorial 
points  were  almost  equal  indicating  symmetrical 
de  f  or.mation  cf  the  spheres.  The  theoretical 
computations  of  the  strains  at  the  twelve 
locations  were  found  to  he  in  close  agreement. 


at  thirteen  locations.  Only  at  one*  cioint 
a  prominant  crack  was  observed  which  was 
eliminated  by  grinding  the  joint  b\'  3.5  mm. 

CONCLUSIONS 

The  future  performance  of  the  Horton  spiheros 
depiends  on  the  extent  of  corrosion  and  effi¬ 
ciency  of  the  welded  joints.  The  concrete  in 
the  foundations  was  found  to  be  uneffected 
by  the  environmental  pollution  and  to  be 
in  accordance  with  the  design  specification 
even  after  a  lapse  of  15  years.  The  design 
of  foundations  was  found  to  be  adequate  and 
the  settlements  were  found  to  be  small,  uni¬ 
form  and  within  permissible  limits. 
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TABLE  3.  Measured  Strains  for  Horton  Sphere- 1  Under  Hydrostatic  Loading 


SI  . 
No . 

Differen¬ 
tial  Pres¬ 
sure 

Pressure 
at  Bottom 
Crown  T 
(  kg  ■  cm''  ) 

Tempe¬ 
ra  t  'ore 

Date/ 

Time 

St 

Mer idiona 1 

Top  Bottom. 

rain 

in  microns 

Equator 

- - 

Circumferential 
at  equator 

(°C) 

NS 

Dm' 

NS 

N 

s 

E 

U’ 

N 

S 

E 

w 

1 

0 . 0 

0  .  0 

27 

27.5.87 

12.30 

0 

0 

0 

0 

0 

0 

0 

0 

0 

0 

0 

0 

2 

0.4 

0.68 

25 

27.5.87 

14.30 

1  38 

I  12 

1  16 

1  16 

94 

96 

89 

87 

93 

105 

102 

106 

3 

0.5 

0.85 

25 

27.5.87 

17.00 

201 

203 

202 

209 

107 

109 

99 

1  38 

98 

97 

102 

98 

4 

0.6 

1  .087 

25 

27.5.87 

19.00 

209 

210 

295 

296 

1  10 

1  1  3 

104 

1  1  4 

107 

107 

108 

107 

5 

0 . 8 

1.500 

25 

27.5.87 

2  1.10 

229 

234 

302 

303 

124 

123 

1  1  7 

1  1  3 

1  1  3 

124 

1  27 

1  2  3 

6 

0.8 

1  .500 

25 

27.5.87 

23.50 

230 

235 

392 

393 

165 

163 

- 

153 

153 

- 

- 

- 

7 

1  .0 

1  .700 

25 

28.5.87 
09  .  30 

241 

242 

405 

406 

184 

187 

192 

175 

176 

177 

174 

178 

8 

1  .0 

4 .00 

25 

28.5.87 

10.00 

302 

304 

706 

707 

294 

305 

307 

316 

299 

296 

293 

296 

9 

1  .0 

6  .00 

25 

28.5.87 

10.15 

57  1 

572 

983 

984 

402 

401 

487 

401 

405 

401 

400 

4  1  1 

1  0 

1  .0 

7.65 

25 

28.5.8/ 

10.30 

/95 

789 

1  109 

1  108 

517 

528 

530 

538 

515 

518 

517 

508 

1  1 

’  .  0 

9.00 

25 

28.5.87 

11.00 

892 

890 

1409 

14  10 

609 

619 

609 

6  1  9 

61  1 

609 

607 

609 

1  2 

1  .0 

9.00 

25 

28.5.87 

12.00 

901 

896 

1410 

1410 

608 

619 

612 

620 

6  1  7 

61  1 

615 

610 

The  original  thickness  of  the  spherical 
shells  provided  ranged  from  28  to  32  mm  inclu¬ 
sive  of  a  3  mm  corrosioi.  allowance.  Since  the 
exterior  surfaces  of  the  spheres  are  epoxy 
painted  no  incidence  of  corrosion  is  normally 

expected.  Also,  as  long  as  the  sphere  is 
loaded  with  ammonia,  the  oxygen  and  moisture 

have  no  access  to  the  internal  surf ace ,  min imis- 
ing  the  chances  of  corrosion.  Thickness  measu¬ 
rements  of  the  spherical  shells  were  taken  at 

twelve  locations  in  May  1987.  These  thickness 
values  ranged  from  32.08  to  33.36  mm  indicating 
the  absence  of  significant  corrosion.  An 
inspection  of  the  welded  seams  of  the  Horton 
sphere  shells  was  also  undertaken  and  the 
spread  of  cracks  in  the  welds  were  observed 
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Design  and  Construction  of  Anchored  and  Strutted  Sheet  Pile  Walls  in 
Soft  Clay 

Bengt  B.  Broms 

Professor,  Nanyang  Technological  Institute,  Singapore 


SYNOPSIS:  The  design  and  construction  of  anchored  and  strutted  sheet  pile  walls  in  soft  clay  are  reviewed  in  the 
paper  based  on  experience  gained  mainly  in  Singapore  during  the  last  10  years  where  mainly  strutted  sheet  pile  walls 
and  contiguous  bored  piles  are  used.  It  is  important  to  consider  in  the  design  also  the  high  lateral  earth  pressures 
on  the  sheet  piles  below  the  bottom  of  the  excavation  when  the  depth  of  the  excavation  is  large  compared  with  the 
shear  strength  of  the  clay.  The  strut  loads  and  the  maximum  bending  moment  in  the  sheet  piles  can  be  considerable 
higher  than  indicated  by  a  conventional  analysis.  Different  methods  to  increase  the  stability  have  also  been 
investigated  With  jet  grouting,  embankment  piles  and  excavation  under  water  it  is  possible  to  reduce  significantly 
the  maximum  bending  moment,  the  strut  loads,  the  settlements  outside  the  excavated  area  and  the  heave  within  the 
excavation. 


INTRODUCTION  o  Workmanship 


The  design  of  anchored  and  strutted  sheet  pile  walls  in 

soft  clay  had  to  satisfy  the  following  criteria. 

o  that  the  sheet  pile  wall  should  be  stable  and  the 
factor  of  safety  be  adequate  with  respect  to  complete 
collapse  both  during  and  after  the  construction  of 
the  wall  (ultimate  limit  state) 

o  that  the  displacements  and  deformations  of  the  sheet 
pile  wall  and  of  the  support  system  at  working  loads 
should  be  small  so  that  the  sheet  pile  wall  will 
function  as  intended  in  the  design  (serviceability 
limit  state). 

o  that  the  settlements  or  lateral  displacements  caused 
by  the  installation  of  the  sheet  piles  or  of  the 
support  system  (eg.  the  driving  of  the  sheet  piles 
or  the  installation  of  the  anchors)  should  be  small 
so  that  adjacent  buildings  or  other  nearby  structures 
are  not  damaged.  The  settlements  from  an 

unintentional  lowering  of  the  ground  water  level  in 
soft  clay  due  to  eg.  pumping  can  be  large. 

The  main  factors  affecting  the  behaviour  of  anchored  or 

braced  excavations  In  soft  clay  can  be  classified  as 

follows 

o  Geometry  of  the  excavation 

(depth,  width,  shape  and  excavation  sequence) 

o  Soil  and  ground  water  conditions 

(strength  and  deformation  properties  of  the  soil  tuid 
the  ground  water  level) 

o  Properties  of  the  sheet  piles 

(stiffness  and  depth  of  sheet  piles  and  the  chosen 
construction  method) 

o  Properties  of  the  support  system 

(type,  spacing  and  preloading  of  ground  anchors  or  of 
struts) 

o  Loading  conditions 

(surcharge  and  traffic  loads) 


Thus  a  large  number  of  factors  can  affect  the  beliaviour 
of  both  anchored  and  strutted  sheet  pile  walls.  In 
this  paper  experience  with  strutted  and  anchored  sheet 
pile  walls  primarily  in  Singapore  has  been  reviewed. 
Limitations  of  different  wall  and  support  systems  are 
analyzed.  Methods  tliat  can  be  used  to  calculate 
lateral  earth  pressure  and  the  stability  of  deep 
excavations  with  respect  to  bottom  heave  and  excessive 
settlements  have  been  evaluated  as  well  as  methods  to 
increase  the  stability.  The  following  review  is  mainly 
based  on  experience  gained  in  Singapore  during  the  last 
10  years  where  numerous  deep  excavations  In  soft  clay 
have  been  required  for  high  rise  building,  subway 
stations  and  tunnels. 

SOILS  CONDITIONS  IN  SINGAPORE 

There  are  extensive  deposits  of  very  soft  marine  clay 
and  organic  soil  with  a  thickness  of  up  to  35  m  or  more 
along  the  coast  and  in  the  burled  river  valleys  in 
Singapore.  It  is  mainly  these  soils  that  have  caused 
difficulties  during  the  construction  of  both  anchored 
and  braced  sheet  pile  walls,  e.g.  large  lateral 
displacements  and  settlements.  The  organic  content  of 
the  marine  clay  is  normally  3X  to  5X.  The  water 
content  varies  usually  between  65X  and  lOOX.  The 
undrained  shear  strength  (c^)  which  is  usually  low 

close  to  the  ground  surface  Increases  approximately 
linearly  with  depth.  Tan  (1983)  has  reported  a  c/p  - 
ratio  (c  /o'  )  of  0,315  based  on  the  results  from  field 

vtuie  tests.  Tan  (1970)  and  Ahmad  tmd  Pesdter  (1977) 
have  indicated  somewhat  lower  values.  0.27  and  0.25. 
respectively.  The  effective  friction  angle  as 

determined  by  consolidated  undrained  or  drained 
triaxial  tests  (CD  or  OJ-tests)  has  been  very 

consistent.  21  to  22  degrees.  Settlement  observations 
and  oedometer  tests  indicate  that  the  clay  is  slightly 
overconsolidated.  The  overconsolidation  ratio  (OCR)  is 
1.1  to  1.5.  The  coefficient  of  consolidation  when  the 
clay  is  normally  consolidated  is  typically  1  to 
2 

2  m  /year. 
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WALX  SYSTEMS 


Different  walJ  systems  can  be  used  as  illustrated  in 
Fig  1  depending  on  the  soil  conditions.  In  Fig  la  is 
shown  a  conventional  anchored  sheet  pile  wall.  The 
lateral  earth  pressure  on  the  wall  is  transferred  to 
the  ground  anchors  through  wale  beams,  normally  U-.  H- 
or  I-  beams. 

Soldier  pile  and  lagging  construction  is  shown  in 
Fig  lb.  This  support  method,  also  called  Berliner  wall 
construction,  is  commonly  used  in  the  United  States  and 
Xi4  Hui  upo  Il4  ^  i  I  I.  ui  gl.tVCA  VltV. 
ground  water  level.  The  method  is  not  suitable  in  soft 
olay.  The  soldier  piles  or  beams,  usually  H-piles  or 
channels,  are  driven  or  placed  in  predrilled  holes  eind 
grouted.  The  spacing  of  the  piles  is  normally  l.O  to 
2.0  m.  Lagging  (wooden  boards)  is  placed  during  the 
excavation  between  the  flanges  of  the  soldier  piles. 


It  is  impor taint  Chat  Che  lagging  is  carefully  wedged 
against  the  soil  behind  the  boards  in  order  to  reduce 
the  settlements  around  the  excavation.  Also  precast  or 
cast-in-piace  concrete  painels  can  be  used  as  shown  in 
Fig  Ic.  The  deep  excavations  required  for  some  of  the 
subway  stations  in  Hong  Kong  have  been  stabilized  by 
this  method. 

In  silt  or  in  fine  saind  there  is  a  risk  of  erosion  of 
the  soil  below  the  ground  water  level  and  the  resulting 
settlements  can  be  large.  Soldier  piles  and  lagging 
construction  should  therefore  be  avoided  in  these  soils 
when  the  giound  water  level  is  high.  Tlie  j^T'OUi.d  waL^* 
level  can.  however,  be  lowered  temporarily  with  well 
points  or  filter  wells  to  prevent  erosion  and  failure 
of  the  excavation  by  bottom  heave.  In  stiff  to  hard 
clays  it  may  be  advantageous  to  use  pairs  of  channels 
as  soldier  piles  instead  of  steel  H-piles  (Fig  Ic). 
TTie  wale  beams  can  then  be  eliminated  in  order  to 
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reduce  the  costs  since  the  anchors  can  be  placed 
between  the  two  channels. 


Rails  are  used  as  lateral  support  in  Fig  Id.  The 
spacing  is  usually  0.2  to  0.3  m.  This  support  method 
is  mainly  used  in  stony  or  blocky  soils  above  the 
ground  water  level.  The  rails  are  often  placed  in 
predrilled  holes  when  the  content  of  stones  or  boulders 
is  high  since  the  rails  cannot  be  driven.  The  rails 
are  often  brittle  due  to  the  low  ductility  of  the  steel 
(high  strength  steel).  They  are  difficult  to  splice  by 
welding.  Therefore,  bolted  Joints  are  often  used.  In 
dry  sand  above  the  ground  water  level  plywood  boards 
are  sometimes  placed  between  tne  rails  to  contain  the 
sand.  In  stiff  medium  to  stiff  clays  or  in  silty 
soils,  the  soil  is  normally  protected  by  shotcrete  as 
Illustrated  in  Fig  le.  The  reinforced  shotcrete  arches 
transfer  the  lateral  pressure  from  the  soil  to  the 
rails.  The  thickness  of  the  shotcrete  is  normally 
about  50  mm. 

Also  bored  piles  can  be  used  as  lateral  support  in  deep 
excavations  as  illustrated  in  Fig  If.  In  soft  clay  the 
piles  should  overlap  while  in  medium  to  sti.'f  clay 
overlapping  is  not  required.  The  distance  between  the 
piles  can  be  relatively  large.  The  unprotected  area 
between  the  piles  is  often  covered  by  shotcrete. 
Overlapping  bored  piles,  so-called  contiguous  bored 
piles,  are  common  in  Singapore  also  in  soft  clay  as 
foundation  for  high  rise  buildings  and  as  lateral 
support , 


ANCHORS  AND  STRUTS 

Differfc..t  support  systems  can  be  used  for  a  deep 
excavation  in  soil:  clay  or  silt  as  illustrated  in  Fig  2 
depending  on  the  soil  and  ground  water  conditions  and 
on  the  size  (width,  length  and  depth)  of  the 
excavation. 

The  choice  of  support  system  depends  mainly  on  the 
costs,  on  restrictions  at  the  worksite,  on  available 
equipment  In  the  area  and  on  the  experience  of  the 
consultant  or  of  the  contractor.  For  example,  adjacent 
buildings  may  be  damaged  by  excessive  settlements  If  a 
cantilever  sheet  pile  wall  Is  used  to  support  a 
relatively  deep  excavation.  Also  water  mains,  sewer 
lines  tmd  heating  ducts  can  be  damaged  by  the  resulting 
large  settlements  and  lateral  displacements.  Excessive 
settlements  can  also  be  caused  by  the  installation  of 
the  anchors  as  well  as  by  the  driving  of  piles  inside 
the  excavation.  Struts  may.  therefore,  be  chosen 
Instead  of  ground  anchors  to  reduce  the  risks.  The 
settlements  can  be  reduced  further  by  preloading  the 
struts  or  the  ground  anchors.  If  the  anchors  are  left 
permanently  in  the  ground  they  may  interfere  with 
future  construction  such  as  the  driving  of  sheet  piles. 
However,  different  anchor  systems  have  been  developed 
during  the  last  few  years  which  can  be  removed  after 
use  and  where  the  settlements  caused  by  the 
Installation  of  the  ground  anchors  will  be  small. 

The  lateral  earth  pressure  behind  a  cantilever  sheet 
pile  wall  (Fig  2a)  Is  resisted  by  the  passive  earth 
pressure  below  the  bottom  of  the  excavation  while  for 
an  anchored  or  strutted  sheet  pile  wall  the  lateral 
earth  pressure  is  resisted  by  ground  tuichors  or  by 
struts  as  shown  In  Fig  2b  and  2c.  respectively.  Ground 
anchors  or  struts  are  normally  required  in  soft  clay 
when  the  depth  of  the  excavation  exceeds  2  to  3  m. 

In  a  large  and  wide  excavation  the  length  of  the  struts 
will  be  large  if  the  struts  are  horizontal.  They  had 
to  be  braced  to  prevent  buckl  ing  as  can  be  seen  in 
Fig  3.  The  struts  will,  however,  interfere  with  the 
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Fig  2  Support  systems 


work  in  the  excavation  and  reduce  the  efficiency. 
Horizontal  bracing  is  common  in  Singapore. 

The  anchors  or  the  struts  can  either  be  horizontal  or 
Inclined.  In  narrow  deep  cuts  horizontal  struts  are 
used  while  in  large  and  wide  excavations  the  struts  are 
often  inclined.  The  inclined  struts  are  generally 
supported  at  the  bottom  of  the  excavation  by  a  concrete 
slab  or  by  separate  Individual  concrete  footings.  It 
should  be  observed  that  the  inclined  struts  or  anchors 
will  cause  an  axial  force  In  the  sheet  piles  which 
affects  the  stability  of  the  wall. 

A  number  of  different  ground  tuichor  systems  using  bars, 
wires  or  strands  have  been  developed  during  the  last  20 
years  as  described  by  e.g.  Hanna  (1982).  A  relatively 
high  pressure  is  often  used  In  sand  or  silt  for  the 
grouting  of  the  tendons  in  order  to  enlarge  the  hole  so 
that  a  bulb  is  formed  around  the  tendons  within  the 
groutec  section,  the  fixed  einchor  length.  The 
tube-a-manchette  method  can  be  used  especially  in  sand, 
gravel  and  rock  to  control  the  grouting.  The  bore  hole 
can  be  enlarged  mechanically  in  stiff  clay,  using  a 
special  cutting  device  in  order  to  increase  the  tensile 
resistance  of  the  ground  anchors.  Also,  H-bcams  have 
been  used  as  ground  anchors  in  Sweden  In  very  soft 
clay.  The  pull-out  resistance  is  high  due  to  the  large 
surface  area. 
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Fig  3 


Braced  sheet  pile  wall 


Rods  (bars)  are  normtilly  used  when  the  load  in  the 
anchors  is  relatively  low.  less  than  about  400  I’-N. 
while  cables  (wires  or  strands)  are  utilised  as  tendons 
when  the  load  exceeds  about  400  kN.  The  anchor  rod  or 
wires  are  often  prestressed  in  order  to  reduce  the 
horizontal  displacements  and  the  deformations  of  the 
wall  and  thus  the  settlements  during  the  excavation. 
Ground  anchors  are  mainly  used  for  tcmpor<ary  structures 
because  of  the  risk  of  corrosion  of  the  tendons  or  of 
the  EUichor  rods.  The  corrosion  can  be  reduced  for 
permanent  anchors  by  enclosing  the  tendons  and  hv 
introducing  a  fluid  between  the  covering  and  the 
tenoons.  Also  cathodic  protection  can  be  used. 

A  recent  de-  .'lopment  is  expander  bodies.  This  new  type 
of  anchor  consists  in  principle  of  a  folded  thin  steel 
sheet,  which  can  inflated  In-situ  through  (he  injection 
of  cement  grout  as  shown  in  Fig  4  (Broms.  1987).  The 
expander  bodies  can  either  be  driven  into  the  soil  or 
placed  in  predrilled  cased  holes  depending  on  the  soil 


Fig  4  Expounder  bodies 


conditions.  The  volume  of  the  grout  required  for  the 
expansion  and  the  pressure  should  be  mens-Ted  in  nrder 
to  check  the  ultimate  resistance.  Tlie  maximum  grout 
pressure  in  granular  soil  is  3  to  4  MPa.  The  main 
advantage  with  this  new  type  of  ground  anchor  is  that 
the  size  and  the  shape  of  the  anchors  are  controlled. 

In  Sweden,  the  Lindo  and  rhe  JB  methods  where  llio 
casing  is  provided  with  a  sacrificial  drilling  bit  are 
used  for  the  drilling  of  the  boreholes.  Also  different 
eccentric  drilling  methods  liave  been  developed  e.g. 
Odex.  Exier  and  Alvik  to  facilitate  the  installation  of 
the  casing  and  to  reduce  the  costs.  An  additional 
method  is  the  In-Si  tu  Anchoring  Method  where  the  a’^eb'^r 
rods  are  used  as  drill  rods  during  the  drilling  of  the 
boreholes.  Casing  is  not  required.  However,  the 
allowable  load  is  relatively  low  for  thi.s  type  of 
anchor  and  the  method  is  therefore  relatively 

ex])cnsi  VC . 

The  chosen  method  of  installation  of  the  struts  and  of 
the  anchors  affects  both  the  total  lateral  earth 

pressure  as  well  as  the  eartii  pressure  distribution. 
Wl^en  relatively  stiff  struts  are  used.  the  lateral 
earth  pressure  can  be  considerably  higlier  than  the 
active  Rankine  earth  pressure  particularly  '-lose  to  the 
ground  surface  while  at  the  too  liic  aieral  earth 
pressure  can  be  lower  than  the  active  Rankine  earth 

pressure.  The  reason  for  this  difference  is  the 
relatively  small  lateral  deflection  of  the  sheet  pile 
wall  close  to  the  ground  surface^  during  rhe 

construction  since  the  struts  are  normallv  wedged  arid 
preloaded . 

A  certaia  snwi!!  lateral  deflcctioti  is  letjuired  (o 
mobilize  the  shear  strezigih  of  the  sr>il  heJdnd  the  wall 
aruj  to  reduce  ':he  lateral  earth  pressure.  In  dense 
sand  a  lateral  d ..  placements  of  0.fi;3%  of  the  deptli  of 
the  excavation  is  normally  sufficient  to  reduce  tlie 
lateral  earth  pressure  to  the  active  Kankiric  earth 
pressure.  When  the  sand  is  loose  the  ref;iiirrd  lateral 
deflection  is  approximately  0.'2X  of  the  ciepth  A  mvirh 
larger  defortreit  irin  is  required  in  soft  clay 
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DESIGN  PRINCIPLES 


The  following  four  steps  are  normally  followed  in  the 
design  of  a  sheet  pile  wall 

o  Evaluation  of  tlie  magnitude  and  the  distribution 
of  the  lateral  earth  pressure  behind  the  sheet 
pile  wall 

o  Calculation  of  the  requited  penetration  depth 

o  De  term  j  n:i  t  ’  on  of  the  moment  distribution  in  the 
sheet  piles 


two  angles  is  usually  only  a  few  degrees.  An  estimate 
of  the  long  term  ground  watc;  level  and  the  changes 
that  may  occur  with  time  is  also  necessary.  Percussion 
drilling  and  coring  are  normally  required  in  rock.  The 
quality  of  the  rock  can  often  be  estimated  from  the 
drilling  rate.  The  compressive  and  tensile  strengths 
can  be  determined  by  unconfined  compression  and  or 
point  load  tests. 

The  conditions  of  the  adjacent  structures  should  also 
be  investigated  (dilapidation  survey).  The  type  of 
foundation  (spread  footings.  raft  or  piles)  is 
important  since  it  can  affect  the  choice  of  ';"nport 
system. 


o  Estimation  of  the  axial  force  in  the  ground 
anchors  or  in  the  struts 

Extensive  investigations  rc  normally  required  in  the 
field  and  in  the  laboratory  to  determine  the  depth  and 
the  'hickness  of  the  different  soil  strata  and  of  the 
underlying  rock  as  well  as  their  strength  and 
deformation  properties  as  indicated,  for  example.  In 
the  British  Code  of  Practice  (CP2001).  Penetration 
tcst.a  are  mainly  used  in  cohesionless  soils  (sand  and 
gravel)  in  order  to  estimate  the  relative  density,  the 
angle  of  internal  friction  tind  unit  weight.  Cone 
penetration  tests  (CPT)  arid  weight  sound'ngs  (WST)  are 
preferred  before  the  standard  penetration  test  (SPT) 
because  of  the  uncertainties  connected  with  this 
testing  method.  However,  representative  samples  are 
obtained  with  SPT  so  that  the  soil  can  be  classified. 
The  size  and  the  shape  of  the  soil  particle  arc 
important  as  well  as  the  gradation  sinc^  these 
parameters  affect  the  friction  angle  of  the  soil. 

The  driving  of  the  sheet  piles  are  affected  by  stones 
and  boulders  in  the  soil.  The  stone  and  boulder 
content  nf  the  different  strata  and  the  difficulties 
that  mfiy  be  cncotmtered  during  the  driving  of  the  sheet 
piles  can  normally  be  evalauted  from  weight  (WST)  or 
ram  soundings  (DP)  or  from  cone  penetration  tests 
(CFF),  Driving  tests  with  full  size  sheet  piles  may  be 
required  for  large  Jobs.  Stress  wave  measurements  can 
be  helpful  to  determine  the  driving  resistance  and  the 
efficiency  of  the  driving.  It  is  also  important  to 
determine  the  location  and  possible  variations  of  the 
ground  water  level. 

For  anchored  or  strutted  walls  the  depth  of  any  soft 
clay  or  silt  layers  below  the  bottom  of  the  excavation 
and  the  variation  of  the  thickness  of  these  layers  are 
pjart  icularly  important  since  the  stability  of  the  wall 
depends  to  a  large  extent  on  the  passive  earth  pressure 
that  can  develop  at  the  toe  of  the  sheet  pile  wall. 
The  depth  '"o  a  firm  layer  below  the  bottom  of  the 
excavation  can  usually  be  determined  by  penetration 
tests.  Also  seismic  methods  can  be  used. 

Penetration  tests  especially  cone  penetration  tests 
(CPT)  and  weight  soundings  (WST)  are  useful  in  cohesive 
soils  in  order  to  determine  the  sequence  and  the 
thickness  of  the  different  layers.  The  undrained  shear 
strength  of  the  clay  is  normally  evaluated  by  field 
vane  tests.  Undisturbed  samples  obtained  preferably  by 
a  thin-walled  piston  sampler  are  usually  required  when 
the  shear  strength  of  the  soil  is  evaluated  in  the 
laboratory  by,  for  example,  unconfined  compression, 
fall-cone  or  laboratory  vane  tests.  Undrained  triaxial 
tests  are  often  used  to  determine  the  undrained  shear 
strength  of  stiff  fissured  clay.  The  water  content, 
the  liquid  and  plastic  limits  of  the  clay  should  also 
be  measured.  Drained  triaxial  or  direct  shear  tests 
are  required  for  heavily  overconsolidated  clays  in 

order  to  evaluate  or  .  The  difference  between  the 
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In  the  design  of  anchored  or  braced  sheet  pile  walls  it 
is  preferable  to  use  cliarac  ter  is  t  ic  strengths  and 
cltaracteristic  loads  which  takes  into  account  the 
uncertainties  connected  with  the  determination  of  the 
shear  strength  of  the  soil  or  of  the  rock  and  the 

loading  conditions.  A  design  strength  f,  =  f, /t  is 

d  km 

used  in  the  calculation  of  the  lateral  earth  pressures 
whe-e  f^  is  the  characteristic  strength  of  the  soil  or 

the  rock  and  is  a  partial  factor  of  safety  larger 

than  I.O.  Exterriai  loads  are  treated  in  a  similar  way. 
\  design  load  -  ^k^f  ^  partial 

coefficient  and  is  the  characteristic  load,  is  then 

used  in  the  calculations  of  the  lateral  earth 
pressures  The  probability  that  the  characteristic 
load  will  be  exceeded  in  the  field  should  not  be 
greater  than  5%.  The  failure  mode  or  failure  mechanism 
and  the  deformation  required  to  mobilize  the  peak 
stance  of  the  soil  should  also  be  considered  when 
the  required  partial  factor  ol  tfety  is  evaluated  as 
well  as  cracks  and  fissures.  A  statistical  analysis  of 
the  test  results  may  in  some  cases  be  helpful. 

A  global  factor  of  safety  F^  is  often  used  in  the 

design  of  both  anchored  and  strutted  sheet  pile  walls. 
A  value  of  1.5  on  is  often  chosen  for  clays  with 

respect  to  the  required  oenetration  depth  in  order  to 
prevent  failure  by  rotation  of  the  sheet  pile  wall 
about  the  anchor  level.  For  cohesionless  soils  a 
global  factor  of  safety  of  2.0  is  normally  required. 


UTERAL  EARTH  PRESSURE 

Possible  failure  mechai;isms  of  anchored  or  strutted 
sheet  pile  walls  supported  at  several  levels  are  shown 
in  Fig  5.  Failure  may  occur  when  the  anchors  or  struts 
rupture  or  buckle  (Figs  5a,  5b  or  5c)  or  when  the 
moment  capac-'ty  of  the  wall  has  been  exceeded  {5d.  5e 
or  5f).  The  deformations  of  the  sheet  piles  during  the 
excavation  affect  both  the  magnitude  and  the 
distribution  of  the  lateral  earth  pressure  behind  the 
wall.  The  lateral  eartii  pressure  can  be  considerably 
lower  than  the  active  Ranklne  earth  pressure  between 
the  support  levels  due  to  arching  v'hen  the  lateral 
deflections  of  the  wall  are  large.  Ac  the  strut  or 
anchor  levels  the  lateral  earth  pressure  can  be 
considerably  higher  that  the  active  Rguikine  earth 
pressure  as  pointed  out  by  e.g.  Rowe  (1957). 

The  earth  pressure  distribution  for  temporary 
structures  in  clay  is  shown  in  Fig  6.  This 

distribution  is  in  principle  the  same  as  that  proposed 
by  Terzaghi  and  Peck  (1967).  A  trapezoidal  earth 
pressure  distribution  can  be  used  in  the  calculation  of 
the  force  in  the  anchors  and  in  the  struts  as  well  as 
of  the  required  penetration  depth.  The  lateral  earth 
pressure  is  assumed  to  be  [pH  -  ^c  ]  above  the  bottom 
of  the  excavation  when  the  deptn  of  the  excavation 
exceeds  and  0.3.5pH  when  the  depth  is  less  than 

4c  /p. 
u 

Below  the  bottom  of  the  excavation  the  net  pressure, 
the  difference  in  the  lateral  earth  pressure  on  both 

sides  of  the  wall  is  (pH  -  N  .  c  )  where  N  .  Is  the 
'  cb  u^  cb 

bearing  capacity  factor  of  the  soil  with  respect  to 
bottom  heave.  This  factor  depends  on  the  dimensions  of 
the  excavation  (depth,  width  and  length).  The  net 
pressure  will  be  negative  and  contribute  to  the 
stability  when  pH  <  N  ,  c  and  positive  when  pH  >  N  .  c  . 


Fig  6  Design  of  anchored  and  braced  sheet  pile 
wails  in  soft  clay 


It  is  proposed  to  use  the  net  pressure  below  the  bottom 
of  the  excavation  at  the  design  instead  of  the 
coefficient  m  as  proposed  by  Terzaghi  and  Peck  (19(57} 
to  take  into  account  the  increase  of  the  strut  or 
anchor  loads  when  the  shear  strength  of  the  clay  is  low 
below  the  bottom  of  the  excavation  compared  with  the 
total  overburden  pressure.  A  similar  calculation 
method  has  been  proposed  by  Aas  (1984)  stnd  by  K:irlsrud 
(1986). 

It  has  been  assumed  in  the  calculation  of  the  net  earth 
pressure  that  the  adhesion  (c^)  along  the  sheet  piles 

corresponds  to  the  undrained  shear  strength  of  the  clay 
(c^) .  The  bearing  capacity  factor  will  be  reduced 

when  c  <  c  .  For  an  infinitely  long  excavation  N  ,  = 
a  u  j  *«. 

4c  when  c  =  0.  a  reduction  by  about  30%. 
u  a  ^ 

A  relatively  large  lateral  deflection  is  required  to 
develop  the  passive  lateral  earth  pressure  in  front  of 
the  wall  amd  thus  the  net  pressure  when  the  shear 
strength  of  the  clay  is  low.  Adjacent  buildings  can  be 
damaged  by  the  resulting  large  settlements.  It  may 
therefore  be  advisable  for  soft  clay  to  use  a  lower 
lateral  earth  pressure  than  the  net  pressure  in  the 
calculation  of  the  required  penetration  depth. 

The  total  lateral  earth  pressure  when  the  depth  of  the 
excavation  is  less  than  the  critical  depth 

corresponds  approximately  to  the  lateral  earth  pressure 
at  rest  (K^  Z  0.7  to  0.8).  This  earth  pressure  may  be 

used  in  the  design  of  permanent  structures  in  soft 
clay.  The  preload  in  the  anchors  and  in  the  struts 
should  preferably  be  adjusted  periodically  especially 
in  soft  clay  to  compensate  for  creep  and  consolidation 
of  the  soil  behind  the  wall. 

In  a  heavily  overconsolidated  clay  it  is  important  that 
the  lateral  earth  pressure  is  sufficiently  high  close 
to  the  ground  surface  to  eliminate  any  tensile  stresses 
in  the  soil  and  to  prevent  cracking  of  the  clay. 
Vertical  tensile  cracks  may  reduce  the  shear  strength 
of  the  clay  and  increase  the  lateral  pressure  when  the 
cracks  are  filled  with  water  after  a  heavy  rainstorm. 
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IK)TTOM  HEAVT-: 

In  the  design  of  a  strutted  or  anchored  sheet  pile 
walls  in  soft  clay  ^failure  by  bottom  heave  had  to  be 
considered  as  illustrated  in  Fi^  1.  The  part  of  the 
sheet  piles  that  extends  below  the  bottom  of  the 
excavation  in  Fig  7a  mast  resist  a  lateral  earth 
pressure  that  depends  on  the  depth  of  the  excavation 
and  on  the  undrained  shear  strength  of  the  ci-’y. 

It  is  proposed  to  use  the  net  earth  pressure  as  shown 
in  Fig  0  for  the  part  of  the  sheet  pile  wall  iliat 
extends  below  the  lowest  strut  level.  This  part  of  the 
wall  functions  as  a  cantilever  which  carries  the  load 
caused  by  the  lateral  earth  pressure  behind  the  sheet 
piles.  This  load  is  partly  resisted  by  the  passive 
earth  pressure  between  tne  two  sheet  pile  walls. 

The  passi'.e  earth  pressure  is  affected  by  the  distance 
(B)  between  the  two  walls.  If  this  dista  .ce  is  less 
than  approximately  the  penetration  depth  then  the 
passive  earth  pressure  at  the  bottom  of  the  sheet  piles 
can  be  evaluated  from  the  relationship 

a  =  2c  +Dp  +  2c  D/B  ( 1 ) 
p  u  u  '  ' 

Vr'hen  the  distance  B  between  the  sheet  piles  exceeds  the 
penetration  depth  D  (B>D)  it  is  proposed  to  evaluate 
the  passive  earth  pressure  from  the  following 
relationship  (Janbu.  1972) 

Op  =  1  +  /3  +  Dp  (2) 

where  ^3  =  c  /c  .  It  should  be  noticed  that  the  passive 
a  u  * 

undrained  shear  strength  as  determined  from  triaxial 
extension  tests  should  be  used  in  the  calculations. 
This  shear  strength  may  be  lower  than  that  determined 
by  e.g.  field  vane  tests. 

A  load  factor  equal  to  1.0  has  been  used  with  respect 
to  the  unit  weight  of  the  soil  and  the  water.  In  the 
soft  clay  below  the  bottom  of  the  excavation  the  net 

lateral  pressure  is  ['r.q  +  pH,  -pH  -  N  ,  c  /-r  1  where 
f  I  w  w  cb  u 

^cb  stability  factor  with  respect  to  bottom 

heave  (Fig  8).  In  the  intermediate  sand  laver  the  net 
pressure  will  be  positive  and  contribute  to  the 
stability  of  the  w.ll.  The  lateral  earth  pressure  will 
to  a  large  extent  depend  on  the  pore  water  pressure  in 
this  layer. 

A  2.0  m  thick  unreinforced  concrete  slab  will  be  oast 
below  water  at  the  bottom  after  excavation  down  to  the 
required  depth  to  ’'revent  heaving  when  the  water  level 
in  the  excavation  is  lowered. 

If  the  adhesion  {o  )  along  the  sheet  piles  corresponds 
to  the  undrained  shear  strength  (c^)  of  the  clay,  then 

Op  =  2.83  +  Dp  (3) 

When  the  penetration  depth  is  large  compared  with  the 
width  B.  the  passive  pressure  between  the  two  rows  will 
normally  be  larger  than  the  outside  earth  pressure  and 
the  sheet  piles  wl  '  I  be  supported  at  least  partly  by 
the  passive  earth  pressure  between  the  two  walls. 

The  uplift  pressure  at  the  bottom  of  the  sheet  pile 
wall  depends  on  the  depth  of  the  excavation  H,  the 
penetration  depth  u.  the  undrained  jhear  strength  of 
tfie  clay  as  well  as  on  the  shape  of  the  excavation 


Fig  7  Design  of  braced  sheet  pile  walls  in  soft 
clay 

(B/L).  The  uplift  pressure  at  the  bottom  of  the  sheet 
piles  (Fig  7b)  can  be  evaluated  from  the  equation 

o^  =  (H  +  D)  p  -  (4) 

where  is  a  stability  factor  (Fig  8)  which  can  be 

determined  from  the  following  relationships  (Bferrum 
and  Hide,  1956). 

Neb  =  5  (1  +  0.2  H/B)  (1  +  0-2  B/L)  (5) 

when  H/B  ^  2.5  and  f  rom 

N^b  =  7.!^  (1  +  0.2  B/L)  (6) 

when  H/B  >  2.5. 

This  uplift  pressure  had  to  be  resisted  by  the  weight 
of  the  soil  below 'the  bottom  of  the  excavation  and  by 
the  adhesion  c^  of  the  clay  along  the  sheet  piles. 

%  =  Dp  +  2c^D/B  (7) 

In  the  calculation  of  the  required  penetration  depth  is 
Is  advantageous  to  use  load  factors  (-tj.)  and  partial 

safety  factors  (t^)  as  mentioned  previously. 

The  proposed  design  method  is  illustrated  in  Fig  9a  for 
a  braced  sheet  pile  wall.  The  sheet  piles  liavc  been 
driven  through  soft  marine  clay  (Upper  Marine  Clay,  M) 
into  an  underlying  intermediate  layer  with  sand  (FI). 
Below  this  intermediate  layer  Is  a  second  layer  with 
soft  marine  clay  (Lower  Marine  Clay,  M).  The  shear 
strength  of  the  clay  is  low. 

It  Is  anticipated  that  the  excavation  of  the  fill  and 
the  soft  clay  will  be  carried  out  below  water  in  order 
to  prevent  failure  of  the  excavation  by  bottom  heave 


eo/io  /j/3 
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Fig  8  Stability  factor 


due  to  the  very  low  shear  strength  of  the  clay.  The 
v;atcr  level  in  the  excavations  will  be  kept  at  or  above 
the  ground  level  in  order  to  increase  the  stability  of 
the  excavation.  Bored  piles  arc  used  to  support  the 
bottom  slab.  The  piles  will  be  installed  before  the 
start  of  the  excavation  and  provided  with  a  permanent 
casing  to  prevent  necking  of  the  concrete  during  the 
casting  because  of  the  low  shear  strength  of  the  clay. 


The  earth  pressure  distribution  when  the  excavation  has 
reached  the  maximum  depth  is  shown  in  Fig  9a.  The 
lateral  earth  pressure  above  the  bottom  of  the 
excavation  corresponds  to  [tj-q  +  pHj  -  where  Vj. 


is  a  load  factor  and  is  a  partial  factor  of  safety. 
The  uplift  pressure  on  the  concrete  slab  will  vary.  A 
higher  uplift  pressure  (q^)  is  expected  on  the  slab 

next  to  the  two  sheet  pile  walls  compared  with  that 
(q^)  at  the  center  of  the  slab  as  shown  in  Fig  9b  and 

Fig  9c.  respectively. 

The  uplift  pressure  q^  in  Fig  9b  depends  on  the  total 
overburden  pressure  (^^q  PHj)  outside  the  sheet  pile 

wall  at  the  level  of  the  concrete  slab,  on  the  lateral 
resistance  of  the  sheet  piles  q.^,  on  the  shear  strength 


Pig  9a  Proposed  design  method  for  a  strutted  sheet 
pile  wall  In  soft  cloy 
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Fig  9b  Bottom  heave  (upper  clay  layer) 


Fig  9c  Bottom  heave  (lower  clay  layer) 


of  the  clay  c  ,  and  on  the  stability  factor  N  ,  .  This 
ul  ■'  cb 

uplift  pressure  will  act  on  a  strip  with  a  width  that 
corresponds  to  the  depth  of  the  clay  layer  below  the 
concrete  slab. 

The  stability  number  for  the  excavation  (D/L  =  0.58)  is 
5.9  when  the  excavation  is  long  compared  with  the  width 
(B/L  =  0)  as  can  be  seen  from  Fig  7.  However,  a 
relatively  large  deformation  will  be  required  to 
mobilize  the  avertige  shear  strength  of  the  clay.  A 
partial  factor  of  safety  of  about  1.4  is  required  to 
limit  the  maximum  wall  movement  to  1%  of  the  excavation 
depth  (Hana  and  Clough,  1981). 


respectively)  and  B  is  the  total  width  of  the 
excavation.  The  adhesion  (c^)  along  the  sheet  piles 

and  the  piles  in  the  soft  clay  is  estimated  to  0.8c  , 

u 

where  is  the  undrained  shear  strength  as  determined 

by  e.g.  field  vane  tests.  It  is  suggested  that  the 
unit  skin  friction  resistance  in  the  sand  (Fl)  can  be 
taken  as  1%  of  q^.  where  q^  is  the  cone  resistance  as 

determined  by  cone  penetration  tests  (CPT).  It  has 
thus  been  assumed  that  the  total  skin  friction 
resistance  along  the  piles  and  the  sheet  piles  can  be 
distributed  uniformly  over  the  total  width  of  the 
excavation. 


The  uplift  pressure  within  the  center  part  of  the 
excavation  can  be  estimated  as  shown  in  Fig  9c.  This 
uplift  pressure  q^  will  be  lower  than  that  next  to  the 

two  sheet  pile  walls  (Bj)  because  of  the  relatively 
high  shear  strength  or  the  lower  marine  clay 

The  overburden  pressure  at  the  bottom  of  the  fluvial 
material  Fl  depends  on  the  average  unit  weight  of  the 
soil  above  this  layer. 

The  confining  pressure  q^  below  the  bottom  of  the 

intermediate  layer  (Fl)  at  the  centre  of  the  excavation 
can  be  estimated  from  the  equation. 

‘’4  ^  ‘*3  *  ‘*l''l  *  *  ^s^ 


where  2Q  is  the  total  skin  friction  reslsttince  per 
s 

unit  length  along  the  sheet  piles  and  the  piles  In  the 

marine  clay  and  in  the  Fl  material  (f  ,  and  f 

'  si  s2 


SHEET  PILE  WALLS  SUPPORTED  BY  INCLINED  ANCHORS 

An  einchored  sheet  pile  walls  may  fall  when  the  vertical 
bearing  '■apacity  of  the  sheet  piles  is  exceeded  as 
Illustrated  in  Fig  10  in  the  case  the  emchors  are 
inclined.  The  inclined  anchors  produce  a  vertical 
force  in  the  sheet  piles  which  may  cause  the  sheet 
piles  to  settle  if  the  embedment  depth  is  not 
sufficient.  A  settlement  (6^)  will  also  cause  the  wall 

to  move  outwards  (5jj)  a  distance  6^  tan  a  where  a  is 

the  inclination  of  the  anchor  rods  or  of  the  cables  at 
the  level  of  the  anchor  (Fig  10).  The  inclination  of 
soil  anchors  in  soil  is  often  20  degrees  while  for  rock 
anchors  the  inclination  is  normally  45  degrees.  The 
inclination  can  be  Increased  in  order  to  reduce  the 
length  of  the  anchor  rods  or  of  the  cables  and  thus  the 
cost.  The  vertical  component  of  the  anchor  force  along 
the  sheet  piles  is.  therefore,  often  higher  when  the 
sheet  piles  have  been  driven  into  rock  compared  with 
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Fig  10  Vertical  stability  of  sheet  pile  wall  with 
inclined  anchors 


soil  anchors  because  of  the  difference  in  inclination 
of  the  tendons.  The  sheet  piles  can  generally  be 
driven  to  a  higher  resistance  when  competent  rock  is 
located  close  to  the  bottom  of  the  excavation  and  rock 
anchors  are  used.  It  is  then  relatively  easy  to  resist 
the  high  vertical  force  in  the  sheet  piles. 

When  the  depth  to  rock  or  to  a  layer  with  a  high 
bearing  capacity  is  relatively  large  and  soil  anchors 
had  to  be  used  then  it  is  difficult  to  resist  the 
vertical  component  of  the  anchor  force  by  adhesion  or 
by  friction  along  the  sheet  piles.  It  may  then  be  more 
economical  to  reduce  the  inclination  of  the  anchors  and 
to  increase  the  length  of  the  anchor  rods  or  of  the 
cables.  Then  the  length  of  the  sheet  piles  can  be 
reduced  because  of  the  reduced  axial  force. 

Figs  11a  and  11b  illustrate  the  forces  acting  on  a 
braced  and  anchored  sheet  pile  walls  in  clay, 
respectively.  The  normal  force  N  and  the  shear  force  T 
(T  is  proportional  to  the  active  undrained  shear 
strength  of  the  soil  c^)  act  along  the  assumed  failure 

plane.  The  weight  (W)  of  the  sliding  soil  wedge  is 
approximately  the  same  for  the  two  cases.  The  force 
(C^)  along  the  sheet  piles  depends  on  the  adhesion  (c^) 

between  the  sheet  piles  and  the  clay  below  the  bottom 
of  the  excavation.  The  inclination  and  the  magnitude 
of  the  force  (R)  in  the  anchors  or  in  the  struts  will, 
however,  be  different. 

It  can  be  seen  from  the  two  force  diagrams  in  FiS  H 
that  both  the  normal  force  N  on  the  failure  plane  and 
the  passive  earth  pressure  force  which  are  required 

for  equilibrium  will  be  larger  for  an  amchored  sheet 
pile  wall  when  the  anchors  are  inclined  than  for  a 
braced  or  a  strutted  wall  when  the  struts  are 
horizontal .  Thus  a  larger  penetration  depth  and  a 
higher  passive  earth  pressure  will  be  required  for  an 
anchored  wall  where  the  tendons  are  inclined  comnared 
with  a  braced  wall. 

The  staoility  of  an  anchored  sheet  pile  wall  can  be 
expressed  by  the  stability  factor  defined  by  the 


Fig  11  Stability  of  anchored  and  braced  sheet  pile 
walls 
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equation  (pH  +  -jr-q)  =  N  .  c  /-r  where  (pH  +  nr.q)  is 
cr  CD  u  m  cr 

the  total  overburden  pressure  at  the  bottom  of  the 

excavation  H  is  the  critical  depth  and  c  is  the 
cr  u 

undrained  characteristic  shear  strength  of  the  clay. 
The  total  overburden  pressure  depends  on  the  critical 
depth  of  the  excavation  (the  meiximum  depth  when  the 

excavation  is  still  stable),  the  unit  weight  of  the 
soil  p  emd  on  the  surcharge  load  q. 

The  stability  factor  as  shown  in  Fig  12  is  a 

function  of  the  inclination  of  the  anchors  (a),  the 
penetration  depth  (D)  of  the  sheet  piles  below  the 

bottom  of  the  excavation  and  the  adhesion  (c  )  between 

a' 

the  sheet  piles  and  the  clay.  At  B  =1.0  the  adhesion 

P 

corresponds  to  the  undrained  shear  strength  of  the  soil 

c  .  At  p  =0  the  adhesion  is  equal  to  zero.  It  can 

up  ^ 

be  seen  from  Fig  12  that  the  stability  factor  N  , 

cb 
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Fig  13  Total  stability  of  an  anchored  sheet  pile 
wal  1 


sheet  piles  have  not  been  driven  to  refusal  in  a  hard 
layer  and  the  vertical  stability  of  the  wall  is  low 
then  a  value  on  of  4.1  should  be  used  in  the 

calculations. 

The  stability  may  be  reduced  especially  In  silty  clays 
when  piles  have  been  driven  close  to  an  existing  sheet 
pile  wall  due  to  the  remoulding  of  the  soil  and  the 
resulting  increase  of  the  pore  water  pressures  that 
take  place  during  the  driving.  In  this  case  a  value 
equal  to  3.6  on  can  be  used. 


Fig  12  Stability  Factor  N  . 
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Increases  with  Increasing  value 

increasing  force  R  in  the  anchors 
value  has  been  reached.  If  this 

exceeded  then  N  ,  will  decrease, 
cb 


on  P  and  with 
P 

until  a  critical 
critical  value  is 


In  order  to  simplify  the  calculations  Sahlstrom  and 
Stille  (1979)  have  proposed  for  soft  normally 
consolidated  clay  that  the  stability  factor  should 

be  taken  as  5.1  when  the  sheet  piles  are  driven  to  a 
hard  stratum  so  that  the  end  bearing  capacity  of  the 
sheet  piles  will  be  sufficient  to  resist  the  axial 
force  caused  by  the  inclined  anchors.  In  the  case  the 


In  most  cases  failure  takes  place  In  the  undisturbed 
soil  between  the  flanges  (P  =  1.0)  of  the  sheet  piles 

since  the  perimeter  area  is  large.  Usually  a  layer  of 
clay  will  cling  to  the  surface  euid  come  up  together 
with  the  sheet  piles  when  they  are  pulled. 


The  length  of  the  anchors  should  be  sufficient  so  that 
the  stability  of  the  sheet  pile  wall  will  be  adequate 
with  respect  to  a  deep-seated  failure.  In  Fig  13  is 
shown  the  forces  acting  on  an  anchored  sheet  pile  wall 
in  a  cohesionless  soil  and  the  corresponding  force 
diagram.  The  rear  face  of  the  indicated  sliding  wedge 
had  to  resist  the  lateral  earth  pressure  P^.  The 

required  passive  earth  pressure  equilibrium 
be  determined  ns  shown  In 


can 

which 


ns 

modification  of 


Fig  13  (Broms,  1968) 
the  Kranz  method  which  is 
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widely  used  in  Germany  and  Austria.  It  has  been 
assumed  in  the  analysis  that  the  critical  failure 
surface  is  located  (a/2)  from  the  end  of  the  anchors, 
where  a  is  the  spacing  of  the  anchors.  It  has  thus 
been  assumed  that  the  inclination  of  the  failure 
surface  behind  the  anchors  is  +  1/2  <p‘).  The  main 
advantage  with  the  proposed  calculation  method  is  its 
simpl ici ty . 

It  is  also  necesary  to  check  the  stability  of  the  wedge 
located  above  the  fixed  anchor  length  as  illustrated  in 
Fig  14.  The  failure  surface  has  been  assumed  to  extend 
a  distance  (a/2)  from  the  end  of  the  anchor  block  as 
shown-  The  passive  resistance  of  the  soil  in  front  of 
the  sliding  soil  wedge  should  be  sufficic..*  to  resist 
the  lateral  displacement  of  the  wedge.  It  is  proposed 
to  use  partial  safety  factors  and  load  factors  in  the 
calculations. 


b  pp! ijQon . 


Fig  14  Stability  of  anchor  block 


STTRENCTH  OF  ANCHORS 

The  design  of  ground  anchors  has  been  reviewed  by 
Littlejohn  (1970).  The  method  that  can  be  used  to 
calculate  the  tensile  resistance  of  soil  anchors  is 
illustrated  in  Fig  15.  The  ultimate  tensile  resistance 

Q  depends  on  the  friction  resistance  Q  ,  ,  along  the 
uit  skin 

grouted  part  of  the  anchor  and  on  the  end  resistance 

®end  as  expressed  by  the  relationship 

Quit  =  «skln  "  «end  (9) 


Fig  15  Tensile  resistance  of  ground  anchors 


The  displacement  required  to  develop  the  maximum  skin 
friction  is  small,  a  few  mm,  compared  with  the  relative 
large  displacement  which  is  required  to  mobilize  the 
end  resistance. 

In  cohesion less  soils  (sand  and  gravel)  the  pull-out 
resistance  (s^)  depends  on  the  effective  overburden 

pressure  and  on  the  friction  angle  between 

grouted  part  of  the  anchors  aind  the  soil  as  expressed 
by  the  equation 

s  =  Ka’  tan  (10) 

a  vo  a  '  ' 

The  friction  angle  Is  normally  assumed  to  correspond 
to  the  angle  of  internal  friction  of  the  soil  or 

The  coefficient  K  depends  mainly  on  the  relative 
density  of  the  soil.  This  coefficient  can  for  dense, 
coarse  and  wellgraded  sand  or  gravel  be  as  high  as  2  to 
3  due  to  the  dllatancy  of  the  soil.  In  loose  fine  sand 
and  silt  the  coefficient  K  can  be  as  low  as  0.5.  The 
assumed  value  on  K  should  be  verified  by  load  tests. 

The  tensile  resistance  can  also  be  estimated  from  the 
grout  pressure  used  during  the  installation  of  the 
anchors,  from  the  grout  pressure  required  for  the 
expansion  of  the  expander  bodies  or  from  the 
penetration  resistance  as  determined  by  e.g.  cone 
penetration  tests  (CPT) ,  standard  penetration  tests 
(SPT)  or  weight  soundings  (WST). 

It  is  proposed  to  use  the  equations  suggested  by 
Baquelin  et  al  (1978)  for  bored  piles  to  estimate  the 
pull-out  resistemce  from  the  maximum  grout  pressure 

(p  *).  The  tensile  resisteuice  of  the  anchors 
grout 

increases  generally  with  increasing  grout  pressure 
especially  in  hard  rock  and  in  dense  sand  and  gravel. 
The  capacity  of  the  anchors  will  also  Increase  with 
increasing  length  of  the  grouted  zone,  the  fixed  anchor 
length.  In  sand  emd  gravel  there  is.  however.  a 
maximum  effective  length.  If  this  effective  length  is 
exceeded  then  there  is  no  further  increase  of  the 
anchor  force.  The  critical  length  is  about  6  m  for 
sand  and  gravel.  Cyclic  loading  will,  however,  reduce 
this  length.  The  fixed  anchor  length  is  usually  3  to 
6  m. 
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According  to  Baguelin  et  al  (1978)  the  net  base 
resistance  of  a  bored  pile  can  be  evaluated  from 

tlie  limit  pressure  p^  determined  from  pressuremeter 


■'end 


(P;, 


(H) 


where  is  i  he  initial  total  hori/onial  pressure  in 
the  ground  at  the  base  of  the  pile  and  k  is  a 
coefficient  that  depends  on  the  embedment  length  and  on 
the  magnitude  of  the  limit  pressure. 

It  is  expected,  however,  that  the  limit  pressure  will 
correspond  to  the  maximum  grout  pressure. 


grout 


P. 


grou  i 


(12) 


where  '^1'®  grout  pressure  at  the  ground 

surface,  p  is  the  unit  weight  of  the  grout  and  z 

grout  ”  ^ 

is  the  depth. 


For  the  case  the  tensile  resistance  corresponds  to  70% 
of  the  ultimate  be.aring  capacity  of  a  bored  pile  then 
the  end  resistance  cf  the  anchors  can  be  calculated 
from  the  equation 


Q 


end 


0.  t  k  p 


grout 


A  . 
end 


(13) 


where  k  is  a  coefficient  that  depends  on  the  embedment 
length  and  on  the  magnitude  of  the  limit  pressure  and 
'^end  cross-sectional  area. 


The  unit  skin  friction  resistance  f  of  a  pile  in  sand 

s 

or  gravel  will  normally  be  0.5%  to  2%  of  the  point 
resistance  (Meyerhof.  1956).  The  skin  friction  will 
generally  increase  with  decreasing  particle  size  and 
increasing  cone  resistance.  It  is  suggested  for  sand 
and  gravel  that  the  skin  friction  resistance  should  be 
taken  as  1%  of  the  unit  end  resistance.  For  silt  2%  is 
proposed. 

The  total  skin  friction  resistance  Q  ,  .  of  the 

ski  n 

expander  bodies  will  be  12%  of  the  total  end  resistance 
for  sand  and  gravel  and  24%  for  silt.  Then  for  sand 
and  gravel 


3  ,  =  0.78  k  p 

ult  '^gro 


(14) 


where  k  is  a  bearing  capaicty  factor  which  depends  on 
the  embedment  depth.  For  silt 


'ult 


=  I .24  Q  ,  =  0.86  k  p 
end 


grout  end 


(15) 


The  ultimate  pull-out  resistance  of  the  expander  bodies 
as  determined  by  Equs  (14)  and  (15)  has  been  plotted  in 
Fig  16  as  a  function  of  the  naximum  grout  pressure.  It 
can  be  seen  that  the  tensile  resistance  increases 
rapidly  with  increasing  grout  pressure.  It  should  be 
observed  that  the  depth  of  the  expander  bodies  should 
be  at  least  eight  times  the  diameter.  Otherwise  the 
resistance  will  be  reduced. 


/e/05f/e  Q  ,,  A/^/ 
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Fig  16  Pull-out  resistance  of  Expander  Bodies 


corresponds  a  cone  penetration  resistance  of  about 
10  MPa.  It  should  be  noted  that  the  results  are 
affected,  for  example,  by  the  particle  size,  the  depth 
below  the  ground  surface  and  the  location  of  tue  ground 
water  level.  For  silt,  sand  and  gravel  the  cone 
penetration  resistance  in  MPa  is  approximately  0.2 

0.4  and  0.6  respectively. 

However,  the  result  from  the  weight  soundings  are  at 
large  depths  (>  10  m)  influenced  by  the  friction  along 
the  sounding  rod  since  a  casing  is  not  used,  while  at 
SPT  the  results  are  affected  by  the  method  used  to  lift 
and  to  release  the  hammer.  The  energy  delivered  by  a 
free  falling  hammer  is  considerably  higher  than  that 
when  the  rope  and  pulley  method  is  used. 


The  tensile  resistance  can  also  be  calculated  from  the 
penetration  resistance  of  different  penetration  tests 
such  as  cone  penetration  tests  (CPT)  standard 
penetration  tests  (SPT)  and  weight  soundings  (WST).  A 
comparison  between  the  different  penetration  tw  .s  is 
shown  in  Table  I  tor  cohesionless  soils  (silt,  sand  and 
gravel).  For  example.  a  standard  penetration 
resistance  of  30  blows/0.30  m  In  a  medium  sand 


Load  tests  indicate  that  the  end  bearing  capacity 
corresponds  closely  to  the  cone  penetration  resistance 
(CPT)  within  a  zone  that  extends  one  pile  diameter 
below  and  3.75  pile  diameters  above  the  pile  point  (van 
der  Veen  emd  Boersma.  1952).  In  cohesionless  soils  the 
tensile  resistetnee  will  be  lower  than  the  end  bearing 
capacity  because  of  the  reduction  of  the  over-burden 
pressure  as  mentioned  above.  It  is.  therefore. 
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TABLE  I 


COMPARISON  BETWEEN  DIFFERENT  PENETRATION  TESTS 
(after  Broras  and  Bergdahl,  1982) 


Relative 

Density 

Cone  Penetra¬ 
tion  Tests  (CPT). 
Point  Resistance 

q  .  MPa 

Standard  Penetra¬ 
tion  Tests  (SPT), 
Penetration 
Resistance 

blows/30  cm 

Weigth  Sounding 
Tests,  Penetra¬ 
tion  Resistance 

N  .  ht/0.2  m 

w 

Very  loose 

<  2.5 

<  4 

<  4 

Loose 

2.5  -  5 

4-10 

10  -  30 

Medium 

5-10 

10  -  30 

30  -  60 

Dense 

10  -  20 

30-50 

60-100 

Very  dense 

>  20 

>  50 

>  100 

suggested  that  the  tensile  resistance  of  soil  anchors 
should  be  taken  as  70%  of  the  bearing  capacity  of  an 
equivalent  pile. 

Test  data  indicate  also  that  the  tensile  resistance  of 
the  expander  bodies  will  decrease  with  increasing 
dlajneter.  It  is,  therefore,  suggested  that  the  unit 
tensile  resistance  of  0.5  m  and  0.8  m  diameter  expander 
bodies  should  be  taken  as  90%  and  50%.  respectively  of 
the  resistance  of  expander  bodies  with  0.3  m  diameter. 

The  net  end  resistance  in  clay  can  be  estimated  from 
‘'2nd  =  ^  =u 

when  the  anchor  Is  located  at  least  four  dltimeters 
below  the  ground  surface. 

Also  the  skin  resistance  (c^)  will  depend  on  the 
undralned  shear  strength  c^  of  the  clay 


where  a  is  a  reduction  coefficient  which  decreases  with 
Increasing  shear  strength.  It  is  suggested  that  a 
should  be  taken  as  0.8  for  soft  clays  (c^  i  50  kPa)  and 

as  0.5  for  medium  to  stiff  clays  when  c^  >  50  kPa. 

It  should  be  noted  that  the  tensile  resistance  will 
grtulually  Increase  with  time  after  the  Installation  due 
to  the  reconsolidation  of  the  clay.  Partlculary  the 
skin  friction  resistance  is  affected.  About  1  to  3 
months  will  be  required  in  soft  clay  to  reach  the 
maximum  resistance  while  in  medium  to  stiff  clay  the 
calculated  tensile  resistance  usually  will  be  obtained 
within  a  few  weeks.  In  weathered  rock  and  residual 
soils  a  value  0.45  c^  is  commonly  used.  The  tensile 

resistance  can  be  Increased  further  by  enlarging  the 
boreholes  by  underreaming. 

The  pull-out  resistance  of  ground  anchors  In  rock  has 
been  correlated  with  the  unconflned  compressive 
strength.  The  allowable  shear  resistance  is  often 
taken  as  0. 1  q^  where  q^^  is  the  unconflned  compressive 


strength  of  small  diameter  rock  cores.  The  maximum 
shear  resistance  is  normally  limited  to  4  MPa. 
However,  the  spacing  and  the  orientation  of  the  joint 
in  the  rock  can  have  a  large  influence  on  the  pull-out 
resistance.  The  reduction  of  the  shear  resistance  has 
been  related  to  the  RQD-value  of  the  rock.  Failure  of 
rock  anchors  located  close  to  the  ground  surface  (D  < 
1.5  m)  often  occurs  when  a  cone  of  rock  is  pulled  out 
together  with  the  anchor  rod  or  the  cable.  The  tensile 
resistance  will  in  that  case  correspond  to  the  weight 
of  the  rock  cone  and  thus  to  the  unit  weight  of  the 
rock  mass. 


SETTIJEMENTS  AND  UTERAL  DISPUCEMENTS 

Deep  excavations  in  soft  clay  can  cause  settlements 
around  the  excavation.  As  a  result  surrounding 
buildings  con  be  damaged.  The  damage  can  be  related  to 
either  the  angular  distortion,  the  relative  deflection 
(sagging  and  hogging)  or  the  lateral  deformation  of  the 
building.  Buildings  are  in  general  more  affected  by 
large  relative  deflections  or  by  large  lateral 
deformations  than  by  an  angular  distortion.  Structures 
are  also  more  sensitive  to  hogging  than  to  sagging. 
Buildings  located  close  to  an  excavation  are  often 
loaded  In  compression  while  buildings  located  further 
away  are  subjected  to  lateral  tension  (elongation)  and 
may  therefore  crack.  The  location  of  the  building 
within  the  settlement  trough  around  an  open  excavation 
is  thus  Important. 

The  lateral  displacement  of  the  soil  around  deep 
excavations  and  its  effect  on  nearby  buildings  has 
attracted  so  far  relatively  little  attention.  The 
resulting  lateral  movement  can  damage  buildings  close 
to  the  excavation  and  other  structures.  A  tensile 
strain  of  only  0.1%  to  0.2X  is  often  sufficient  to 
cause  extensive  cracking  of  masonary  structures.  E.g. 
O’Rourke  (1981)  has  observed  large  lateral  strains 
behind  an  18  ro  deep  excavation.  The  resulting  lateral 
displacements  were  high  enough  to  cause  extensive 
cracking  of  masonary  structures  located  up  to  9m 
behind  the  excavation. 

Some  settlements  will  always  occur  even  when  the  best 
available  construction  technique  is  been  used  and  the 
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soil  conditions  are  favourable.  The  installation  of 
the  top  strut  is  particularly  important.  Vdien  the 
costs  of  different  methods  to  reduce  settlements  are 
estimated.  it  is  important  to  consider  also  the 
indirect  costs  e.g.  loss  of  time  and  business  caused  by 
congestion  around  the  site  due  to  the  construction. 
Grouting  and  freezing  require,  for  example,  space  for 
drilling  rigs,  mixing  and  refrigeration  units,  pipes 
and  pumps  as  well  as  for  storage  of  various  chemicals 
and  aggregates.  For  a  particular  job  it  is  impo.'tant 
that  the  total  costs  including  indirect  costs  should  be 
as  low  as  possible. 

The  finite  element  method  (FEM)  provides  an  alternative 
approach  to  analyze  deep  excavations  with  respect  to 
settlements  and  lateral  displacements.  This  method  can 
handle  complicated  soil  and  boundary  conditions.  The 
nonlinear  behaviour  of  the  soil  and  of  the  support 
system  can  be  considered  as  well  as  the  construction 
sequence.  Many  case  records  have  been  reported  in  the 
literature  where  FEM  has  been  used  to  analyze  the 
results  (D’Appolonia.  1971;  Clough  and  Davison,  1977; 
Burland  et  al.  1979:  Karlsrud  et  al.  1980;  Mana  and 
Clough.  1981  and  O’Rourke,  1981).  Roth  braced  and 
anchored  excavations  have  been  investigated  (Egger. 
1972;  Clough  and  Tsui,  IQT-l;  Stroh  and  Breth.  1976, 
Clough  and  Mana.  1977  and  Clough  and  Hansen.  1981). 
These  studies  show  that  the  settlements  and  the  lateral 
displacements  of  sheet  pile  or  diaphragm  walls  in  soft 
clay  are  to  a  large  extent  affected  by  the  factor  of 
safety  with  respect  to  base  heave,  by  the  stiffness  of 
the  wall,  by  the  support  system  (ground  anchors  and 
struts),  by  the  geometry  of  the  excavation  and  by  the 
chosen  construction  method. 

Settlements  should  be  measured  frequently  during  the 
excavation  by  level  surveying  and  the  results  should  be 
plotted  and  evaluated  so  that  remedial  measures,  if 
necessary,  can  be  taken  in  time.  Inclinometers  can  be 
e.g.  used  to  determine  the  lateral  displacements  of 
sheet  pile  or  of  diaphragm  walls.  There  are 
inclinometers  available  with  a  high  resolution 
(1:10,000)  so  that  lau  r. '  dlspl'’r#»ments  as  small  as  1 
to  2  mm  can  be  detected.  FEM  can  oe  helpful  to  locate 
the  source  of  the  settlements  or  of  the  lateral 
displacements.  Lee  et  al  (1986)  have  recently 
described  the  monitoring  of  a  deep  excavation  in  soft 
clay  in  Singapore. 

The  lateral  displacements  of  braced  and  anchored  sheet 
pile  or  of  diaphragm  walls  depend  to  a  large  extent  on 
the  stiffness  of  the  walls.  The  displacement  Is  often 

4 

expressed  in  terms  of  a  stiffness  factor  E  i  /E  I 
^  s  w  w 

where  S  is  the  vertical  spacing  of  the  struts  or  the 

anchors,  E  and  E  are  the  moduli  of  elasticity  of  the 
s  w 

soil  and  of  the  wall  material  respectively,  and  is 
the  second  area  of  moment  of  the  sheet  piles. 

Field  observations  as  well  as  FEA  Indicate  that  it  is 
importauit  to  place  the  struts  as  soon  as  possible  after 
the  excavation  has  reached  the  strut  level.  Frequently 
the  struts  are  not  Installed  until  the  excavation  had 
advanced  an  additional  two  to  three  meters.  In  that 
case  the  settlements  and  the  lateral  displacements  can 
easily  Increase  50%  to  100%.  It  is  also  important  that 
the  wale  beams  are  tightly  wedged  against  the  sheet 
piles  in  order  to  reduce  the  settlements.  Caps  should 
be  filled  with  concrete  or  be  shimmed. 

The  lateral  displacements  can  be  reduced  by  increasing 
the  stiffness  of  the  wall  or  by  decreasing  the  vertical 
spacing  of  the  struts  or  of  the  anchors  E.g.  a 
dlaphraigm  wall  can  be  used  instead  of  sheet  piles. 
Anchors  are  very  effective  since  they  can  be  placed 


close  to  the  bottom  of  the  excavation  and  be  preloaded. 
Raked  struts  and  temporary  berms  can  then  be  avoided. 

One  difficulty  with  FEM  is  the  choice  of  parameters 
since  they  should  reflect  both  the  in-si tu  behaviour  of 
the  soil  or  of  the  rock  as  well  as  the  effect  of  e.g. 
workmanship  2ind  time.  It  is  important  to  check  the 
calculations  at  an  early  stage  with  field  measurements. 
The  design  should  be  reanalyzed  using  back  soil 
properties  if  the  discrepancy  is  large. 

INSTALLATION  OF  SHEET  PILES 

It  is  often  difficult  to  drive  the  sheet  piles 
sufficiently  deep  into  the  underlying  rock  in  order  to 
provide  sufficient  lateral  resistance  so  that  the  high 
lateral  earth  pressure  behind  the  wall  can  be  resisted 
especially  when  the  depth  of  the  excavation  is  large. 
This  is  frequently  the  case  in  Sweden  where  the  soft 
clay  often  is  underlain  by  unweathered  hard  granite 
with  a  compressive  strength  of  150  to  200  MPa  or  more. 
Steel  dowels  are  often  used  which  are  driven  into  the 
rock  or  placed  in  predrilled  holes  and  grouted  in  order 
to  increase  the  lateral  resistance  of  the  sheet  piles 
as  illustrated  in  Fig  17a.  The  drilling  is  normally 
done  through  steel  pipes  which  have  been  attached  to 
the  sheet  piles  before  the  driving.  The  lateral 
resistance  of  the  steel  dowels  depends  on  the  strength 
of  the  rock  and  on  the  dimensions  of  the  dowels.  It  is 
also  possible  to  install  additional  ground  anchors 
close  to  the  bottom  of  the  excavation  as  shown  in  Fig 
17b  to  increase  the  lateral  resistance  of  the  sheet 
pi les  in  order . 

Another  common  case  is  illustrated  in  Fig  18a  where  it 
has  not  been  possible  to  drive  the  sheet  piles 
sufficiently  deep  because  of  stones  or  boulders  in  the 
soil  which  interfere  with  the  driving.  Additional 
anchors  may  be  required  at  the  toe  of  the  sheet  piles 
in  order  to  increase  the  lateral  resistance.  However, 
an  additional  row  of  anchors  will  increase  the  vertical 
force  in  the  sheet  pile  which  has  to  be  considered. 


a  5ieel  hi  Addiii-onal 

dooUels  ground  anchors 


Fig  17  Prevention  of  toe  failure  for  anchored  sheet 
pi le  wal ] 5 
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transferred  through  the  walls.  In  this  case,  the 
columns  will  function  as  an  additional  level  of  struts 
below  the  bottom  of  the  excavation.  The  required 
spacing  of  the  lime  or  cement  columns  depends  on  the 
increase  of  the  shear  strength  that  can  be  obtained 
with  lime  (quick  lime)  or  with  cement.  This  can  be 
investigated  in  the  laboratory  by  mixing  the  clay  with 
different  amounts  of  lime  and  cement.  The  optimum  lime 
content  is  usually  6%  to  10%  with  respect  to  the  dry 
unit  weight.  About  15%  to  25%  cement  is  usually 
required  in  order  to  reach  the  required  shear  strength 
of  the  stabilized  soil.  Gypsum  in  combination  with 
quicklime  can  be  beneficial  in  organic  soils. 

The  columns  will  increase  the  average  undrained  shear 
strength  of  the  soil.  In  soft  clay  the  average  shear 
strength  can  usually  be  doubled  if  the  0.5  m  diameter 
lime  or  cement  columns  are  spaced  1.4  to  1.5  m  apart. 
Lime  or  cement  columns  can  also  be  placed  behind  the 
sheet  piles  in  order  to  reduce  the  lateral  earth 
pressure  acting  on  the  wall. 

The  soil  at  the  ground  surface  has  been  excavated  in 
Fig  20  in  order  to  reduce  the  total  overburden  pressure 
at  the  bottom  of  the  excavation.  The  reduction  of  the 
lateral  earth  pressure  on  the  wall  will  be  large  below 
the  excavation  especially  when  the  total  overburden 
pressure  at  the  bottom  of  the  excavation  is 
approximately  equal  to  c^.  The  excavated  soil  can 

be  replaced  by  light  weight  fill  e.g.  expanded  shale, 
slag  or  flyash.  In  the  Scandinavian  countries  and  in 
Finland  sawdust,  bark  and  peat  are  often  used.  With 
slag  or  flyash.  pollution  of  the  ground  water  might 
become  a  problem. 


Fig  18  Vertical  stability  of  anchored  sheet  pile 
walls 


Also  jet  grouting  tmd  quick  lime  columns  can  be  used  to 
increase  the  stability  as  shown  in  Fig  20  as  has  been 
the  case  in  Singapore.  At  the  quicklime  column  method 


Erosion  may  even  occur  below  the  boulders  or  the  stones 
if  the  surface  of  the  out  is  not  protected  by.  for 
example,  shotcrete.  Drain  holes  will  be  required  to 
reduce  the  high  water  pressure  that  otherwise  may 
develop  behind  the  shotcrete  layer. 

Fig  18b  illustrates  the  case  when  the  vertical 
stability  of  the  sheet  pile  wall  is  not  sufficient  and 
the  vertical  force  in  the  sheet  piles  from  the  inclined 
anchors  will  cause  the  sheet  piles  to  settle.  The 
vertical  stability  of  the  wall  can  be  increased  by 
driving  steel  H-piles  in  front  of  the  wall  as  shown. 
The  H-plies  should  be  welded  to  the  sheet  piles  so  that 
the  vertical  force  from  the  anchors  can  be  transferred 
to  the  piles.  The  bearing  capacity  of  the  H-plles 
should  be  sufficiently  high  so  that  they  will  be  able 
to  carry  the  vertical  force. 


IMPROVEMENT  OF  THE  STABILITY  IN  SOFT  CLAY 

Different  methods  can  be  used  to  Increase  the  stability 
of  braced  or  anchored  sheet  pile  wall  in  soft  clay  as 
illustrated  in  Figs  19  through  22.  Lime  or  cement 
columns  have  been  installed  in  Fig  19  in  front  of  or 
between  the  two  rows  of  sheet  plies  in  order  to 
increase  the  average  shear  strenght  of  the  clay  tuid 
thus  the  passive  resistance  of  the  soil. 

The  lime  or  cement  columns  can  also  be  installed  in 
such  a  way  that  they  form  a  series  of  continuous  walls 
between  the  two  sheet  pile  walls  to  keep  them  apart. 
The  lateral  earth  pressure  acting  on  the  sheet  plies 
below  the  bottom  of  the  excavation  will  then  be 


Fig  19  Stabilization  with  lime  or  cement  columns 
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Fig  20  StabiliTation  with  light-weight  fill,  jet 
grouting  or  quicklime  columns 


Fig  21  Stabilization  with  Bakau  piles  and  embankment 
pi  les 


large  diameter  holes  which  are  filled  with  quicklime 
are  used.  At  this  method,  the  expansion  that  takes 
place  when  the  unslaked  lime  reacts  with  w.-iter  is 
utilized.  The  method  is  mainly  effective  in  silty 
soils  with  a  low  plasticity  index  where  a  small  change 
of  the  water  content  will  have  a  large  effect  on  the 
shear  strength.  The  effectiveness  of  the  method  is. 
however,  reduced  when  the  soil  is  stratified.  Then  the 
expansion  of  the  quicklime  columns  will  occur  faster 
than  the  consolidation  of  the  soft  soil  around  the 
columns.  As  a  result,  the  soil  will  be  displaced  and 
heave  rather  than  consolidate. 

Embankment  or  Bakau  piles  are  used  in  Fig  21  in  order 
to  reduce  the  lateral  earth  pressure  acting  of  the 
sheet  pile  wall.  The  piles  will  carry  part  of  the 
weight  of  the  clay  due  to  the  friction  or  adhesion 
along  the  piles.  The  efficiency  of  the  embankment 
piles  can  be  Increased  if  the  piles  are  provided  with 
concrete  caps  which  will  transfer  the  weight  of  the 
soil  above  the  caps  to  the  piles.  Pile  caps  are 

required  especially  when  concrete  or  steel  piles  with 
high  bearing  capacity  are  used  because  of  the  large 
length  required  to  trtmsfer  the  load  from  the  soil  to 
the  piles  though  adhesion  or  friction  along  the  piles. 
The  transfer  length  will  be  large  because  of  the 

relatively  high  pile  loads  which  are  required  in  order 
to  make  the  method  economical.  Embankment  piles  are 
common  in  Sweden.  Finland  and  Norway  particularly  in 
soft  clay.  Btikau  piles  are  extensively  used  as 
embankment  piles  in  Southeast  Asia.  They  have  the 

advantage  that  the  surface  area  is  large,  that  the 

transfer  length  is  small  and  that  they  are  cheap.  The 
diameter  is  usually  80  to  100  mm.  The  maximum  length 
is  about  6  m.  If  longer  piles  are  required  they  had  to 
be  spliced. 

The  stabilizing  effect  of  embankment  piles  is 
equivalent  to  that  caused  by  an  increase  ..f  the  unit 
weight  of  the  soil  below  the  excavation  bottom  as 
illustrated  in  Fig  22.  The  equivalent  unit  weight 

of  the  soil  when  the  embankment  piles  are  used  to 
stabilize  am  embankment  or  slope  can  be  estimated  from 
the  equation 


TT  d  c 

''eff  ^  *  2 

a 

where  d  =  diameter  of  the  piles 

c^  =  adhesion  of  the  clay  along  the  piles 

a  =  spacing  of  the  piles 

-IT  =  unit  weight  of  the  soil  between  the  piles 

An  example  where  an  7.6  m  deep  excavation  in  soft 
marine  clay  was  successfully  stabilized  with  6m  long 
Bakau  piles  has  been  described  by  Broms  and  Wong 
(1985). 

Other  methods  that  have  been  used  to  increase  the 
stability  with  respect  to  bottom  heave  are  shown  in  Fig 
27.  The  stability  can  be  improved  by  driving  a  few 
sheet  piles  to  a  soil  layer  with  high  bearing  capacity 
so  that  part  of  the  weight  of  the  soil  can  be  carried 
by  the  skin  friction  along  the  sheet  piles.  It  is  also 
possible  to  use  inclined  anchors  in  order  to  Increase 
the  vertical  stability  of  the  sheet  pile  wall  as  shown. 
This  method  can  be  economical  if  there  is  a  concrete 
slab  next  to  the  excavation.  The  stability  can  be 
Increased  as  well  by  placing  the  bottom  level  of  struts 
in  trenches  below  the  bottom  of  the  excavation. 
Thereby  the  effective  length  of  the  sheet  piles  below 
the  lower  strut  level  will  be  reduced. 
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Fie  22  Increase  of  the  equivalent  unit  weight  using 
embankment  piles 


Fig  23 


Inclined  anchors  and  lowering  of  the  strut 
leve  1 


FAILURE  OF  A  SINGLE  ANOIOR 

The  redistribution  of  the  load  that  takes  place  when 
one  or  several  of  the  anchors  or  struts  fail  has  been 
investigated  by  Stille  (1976)  and  by  Stille  and  Brcms 
(1976).  In  Fig  21  is  shown  the  load  redistribution 
that  was  observed  for  an  anchored  sheet  pile  wail  at 
Hdlntorp.  Sweden  in  a  very  soft  clay  with  an  average 
shear  strength  of  18  kPa  when  one  or  two  of  the  anchors 
were  unloaded.  For  this  sheet  pile  wall  which  was 
ancnored  at  two  levels  it  was  observed  that  the  maximum 
increase  of  the  load  in  the  adjacent  anchors  was  GX 
when  one  anchor  was  unloaded  and  that  the  load 
increased  by  an  additional  8%  when  the  load  in  a  second 
anchor  was  released.  It  is  interesting  to  note  that 
the  total  increase  of  the  load  in  all  anchors  was  only 
36X  of  the  initial  load  in  the  unloaded  anchor.  Thus 
the  total  lateral  earth  pressure  on  the  sheet  pile  wall 
decreased  by  64%  of  the  initial  load  in  the  unloaded 
anchor.  When  the  second  anchor  was  unloaded  then  the 
total  increase  of  the  load  in  the  adjacent  anchors  was 
only  16%  of  the  initial  load  in  that  anchor.  Thus  the 
total  lateral  earth  pressure  on  the  wall  decreased  by 
84%  with  respect  to  the  initial  anchor  load. 

The  corresponding  load  redistribution  for  a  sheet  pile 
wall  at  Bergshamra,  Sweden  with  three  einchor  levels  is 
shown  in  Fig  25.  In  this  case  (Panel  Bl)  the  maximum 
Increase  of  load  in  the  adjacent  anchors  was  to  35%  of 
the  initial  anchor  force  before  the  first  anchor  was 
unloaded.  The  total  lateral  earth  pressure  on  the  wall 
Increased  by  32%  with  respect  to  the  initial  anchor 
load.  In  a  second  panel  (Panel  Cl)  the  maximum 
Increase  of  the  euichor  force  in  the  adjacent  anchors 
was  14%  with  respect  to  the  initial  load  when  the  load 
in  one  of  the  anchors  was  released.  In  this  case  the 


total  lateral  earth  pressure  on  the  wall  increased  by 
•1%  with  respect  to  the  load  in  the  unloaded  tmchor 
compared  with  a  decrease  of  64%  at  Mblntorp.  The 
behaviour  of  this  sheet  pile  was  thus  different.  This 
difference  in  behaviour  can  be  explained  by  the 
difference  in  mobilized  shear  strength  of  the  clay 
behind  the  wall. 


Panel 


Fig  24  Load  redistribution  at  Mblntorp,  Sweden  at 
failure  of  one  or  two  ground  einchors  (after 
Stille,  1976) 
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Fig  26  Load  redistribution  due  to  mobilization  of 
shear  strength 


The  lateral  earth  pressure  acting  on  a  braced  or  im 
anchored  sheet  pile  wall  depends  on  the  lateral 
displacement  required  to  mobilize  the  shear  strength  of 
the  soil  behind  the  wall  and  on  the  factor  of  safety 
used  in  the  design.  The  wall  will  deflect  laterally 
when  the  load  in  one  of  the  anchors  is  released  or  the 
anchor  fails.  The  increase  of  the  lateral  deflection 
of  the  wall  is  generally  sufficient  to  mobilize  the 
shear  strength  of  (he  clay  along  a  potential  failure 
surfaces  behind  the  wall  as  Mlustrated  in  Fig  26.  A 
relative  small  deflection  is  normally  required  to 
develop  the  maximum  shear  strength  of  even  soft  clay 
compared  with  the  displacement  required  to  develop  the 
ultimate  resistance  of  the  anchors  or  of  the  struts. 
In  the  case  the  factor  of  safety  initially  is 
relatively  high  then  only  a  small  part  of  the  available 
shear  strength  will  initially  be  mobilized.  A 
reduction  of  the  force  in  one  of  the  anchors  will  then 
mainly  increase  the  average  shear  stress  along 
potential  failure  surfaces  in  the  clay.  In  this  case, 
the  increase  of  the  load  in  the  adjacent  anchors  will 
be  small  and  the  total  lateral  earth  pressure  on  the 
wall  will  decrease  when  one  of  the  anchors  is  unloaded 
or  fails  as  was  the  case  at  Molntorp. 

If  on  the  other  hand  the  factor  of  safety  is  low  and 
the  shear  strength  of  the  clay  has  been  fully  mobilized 
before  the  release  of  the  force  in  one  ot  the  anchors 
then  the  failure  of  one  of  the  anchor  will  result  in  a 
large  increase  of  the  load  in  the  adjacent  anchors. 
Ihe  total  load  on  the  sheet  pile  wall  may  even  increase 
when  the  peak  strength  of  the  clay  has  been  exceeded 
and  the  residual  shear  strength  is  lower  than  the  peak 
strength.  This  was  the  case  at  Bergshamra  where  the 
total  force  acting  on  the  sheet  pile  wall  increased 
when  the  load  in  one  of  the  anchors  was  released. 

The  consequences  when  one  of  the  ainchors  fail  will  thus 
depend  to  a  large  part  on  the  chosen  factor  of  safety. 
If  a  relatively  high  factor  of  safety  has  been  used  in 
the  design  1.5)  and  only  part  of  the  shear 
of  the  soil  will  be  mobilized  at  working  loads  then  the 
increase  of  the  load  in  the  adjacent  anchors  will  be 
small  when  one  of  the  anchors  fails.  If  on  the  other 
hand  the  factor  of  safety  is  close  to  1.0  then  the 
failure  of  one  of  the  anchors  will  cause  a  large 
increase  of  the  load  in  the  adjacent  anchors  which  also 
may  fail.  The  total  lateral  earth  pressure  on  the 
sheet  pile  wall  may  even  increase  and  cause  a 
progressive  failure  of  the  whole  vrall  (zipper  effect). 


STABILm  OF  THE  BASE  OF  A  SHEET  PILE  WALL 

Several  failure  of  BLnehored  walls  have  been  occurred  in 

Sweden  In  soft  clay.  In  Fig  27  is  shown  an  anchored 

wall  constructed  of  large  diauneier  bored  piles  (Broms 

and  Bjerke,  1973).  The  exposed  clay  between  the  piles 

was  shotcreted  during  the  excavation.  Clay  started  to 

flow  into  tb^  excavation  below  the  shotcreted  part  of 

the  wall  almost  like  tooth  paste  squeezed  out  of  a  tube 

when  the  depth  of  the  excavation  was  5.5  m.  Within  a 

few  minutes  the  excavation  was  filled  with  soft 

remoulded  clay  due  to  the  high  sensitivity  of  the  clay. 

Failure  took  place  when  the  total  overburden  pressure 

at  the  bottom  of  the  excavation  was  about  6  c  where  c 

u  u 

is  the  undralned  shear  strength  of  the  clay  as 
determined  by  field  wane  tests.  The  factor  6.0 
corresponds  to  the  stability  factor  This  type  of 

construction  using  bored  piles  and  shorcrete  Is 
therefore  not  suitable  for  soft  clay  when  the  depth  of 
the  excavation  is  laige  and  the  total  overburden 
pressure  at  the  bottom  of  the  excavation  exceeds 
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Fig  27  Failure  of  a  vertical  cut  in  soft  clay  (after 
Broms  &  Bjerke.  1973) 


(Brums  and  Bennermark,  1967).  Steel  sheet  piles  or 
contiguous  bored  piles  should  have  been  used  instead. 

Several  failures  have  also  occurred  in  Sweden  when  the 
sheet  piles  have  been  driven  to  rock  through  a  deep 
layer  of  soft  clay.  Because  of  the  high  compressive 
strength  of  the  granite  it  is  not  possible  to  drive  the 
sheet  piles  into  the  rock.  Soft  clay  was  squeezed  into 
the  excavation  tiuough  the  triangular  openings  which 
were  formed  between  the  bottom  of  the  sheet  piles  and 
the  rock  as  shown  in  Fig  28  since  the  surface  of  the 
rock  was  Inclined.  Large  settlements  were  observed 
outside  the  wall.  The  diameter  the  depressions 
corresponded  approximately  to  the  depth  of  the 
excavation. 

STABILITY  OF  DEEP  EXCAVATIONS  IN  SOFT  CLAY  IN  SINGAPORE 

Three  deep  excavations  in  soft  marine  clay  in  Singapore 
have  been  analyzed  using  a  modified  version  of  the 
computer  program  EXCAV.  In  the  original  program  which 
was  developed  at  the  University  of  California  at 
Berkeley  by  Chang  and  IXincan  (1977)  a  non-linear 
hyperbolic  soil  model  (Duncan  et  al,  1980)  is  utilized 
to  describe  the  soil  behaviour.  The  program  can  model 
the  excavation  layer  by  layer,  the  installation  cuid  the 
preloading  of  the  struts  and  the  application  of  a 
surcharge  load. 

The  first  project  Involves  a  braced  sheet  pile  wall, 
where  the  sheet  piles  have  been  driven  into  a  deep 
stratum  of  soft  marine  clay.  In  the  second  project  the 
excessive  plastic  yielding  of  a  braced  sheet  pile  wall 
has  been  investigated.  The  third  project  is  concerned 
with  the  prediction  prior  to  the  construction  of  wall 
movements  for  a  deep  excavation  in  soft  clay. 

The  short  terra  conditions  have  been  Investigated  with  a 
total  stress  etnalysis  using  the  undrained  shear 
strength  of  the  soft  clay.  The  soft  marine  clay  has 
been  assumed  to  be  saturated  and  incompressible.  A 
Poisson's  ratio  of  0.495  has  been  used  in  the  analysis. 
The  elastic  modulus  (E^)  that  corresponds  to  undrained 


conditions  has  been  assumed  to  100  c  to  200  c  .  This 

u  u 

equivalent  modulus  corresponds  to  the  initial  tangent 
modulus.  Ej  of  the  soft  clay.  The  tangent  modulus.  E^. 

is  a  function  of  E^  and  ot  tne  sttvsj  level. 


Fig  28  Failure  by  bottom  heave 
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Prolect  A.  This  project  is  located  in  the  Central 
Business  District  (CBD)  of  Singapore  (Fig  29).  The 
size  of  the  11.1  m  deep  excavation  is  42.6  m  x  27.0  m. 
The  walls  of  the  exca\.-Mon  were  supported  by  30  m  long 
sheet  piles  (FSP  IIIA)  which  were  driven  19  m  below  the 
bottom  of  excavation.  Six  levels  of  struts  supported 
the  wall.  The  vertical  spacing  of  the  strut  varied 
between  1.5  m  to  2.5  ..  The  horizontal  spacing  was 
abou  t  6  m . 

The  excavation  proceeded  in  stages.  The  struts 
supporting  the  sheet  piles  were  installed  during  each 
excavation  stage  05m  above  the  bottom  of  the 
excavation  and  tney  were  pre loaded  to  15  percent  of  the 
design  load.  Vhc  si  to  was  divided  into  three  sections 
during  the  excavation.  In  the  present  study  the 
behaviour  of  the  sheet  pile  wall  in  the  middle  section 
of  the  excavation  has  been  analyzed. 

Six  slope  indicator  pipes  were  installed  behind  the 
sheet  pile  wall  as  shown  in  Fig  29.  Surface  monuments 
were  established  to  determine  the  settlements  behind 
the  sheet  piles.  Strain  gages  were  attached  to 
selected  struts  in  order  to  evaluate  the  strut  loads. 

A  typical  soil  profile  is  shown  in  Fig  30.  A  sandy 
fill  about  1  to  2  m  thick  is  located  at  the  ground 
surface  .  The  fill  was  followed  by  a  deep  layer  with 
soft  marine  clay  which  belonged  to  the  Kallang 
Formation.  The  clay  consists  of  two  distinct  members, 
an  upper  layer  which  is  approximately  25  m  thick  and  an 
approximately  7  m  thick  lower  layer.  The  two  layers 
are  separated  by  a  layer  of  loose  to  medium  dense 
sand.  A  layer  of  stiff  sandy  silt,  basically  decomposed 
granite  was  found  below  the  marine  clay. 
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Fig  29  Instrumentation  -  Project  A 


The  water  contents  of  the  upper  and  lower  members  of 
the  soft  marine  clay  were  70%  and  50%.  respectively. 
The  liquid  and  plastic  limits  of  the  upper  marine  clay 
varied  between  80%  and  105%  and  between  60%  and  70%, 
respectively.  The  liquid  and  the  plastic  limits  of  the 
lower  marine  clay  were  70%  and  50%,  respectively. 

Oedometer  tests  Indicated  that  the  marine  clay  was 
sligntly  overconsolidated.  The  undrained  shear 
strength  for  the  upper  and  lower  members  of  the  neirlne 
clay  increased  almost  linearly  with  depth. 
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Kield  measurfment  s  iruluratcd  ttvit  the  wall  gradually 
mov(‘d  inwards  with  increasing  depth  of  the  excavation, 
ihe  (Ttiximum  deflection  of  the  middle  section  of  the 
excavation  was  lat)  to  170  mm  when  the  excavation  had 
reached  its  final  depth  of  11  m.  This  is  about  1.5%  of 
the  excavated  depth  A  comparison  between  the  measured 
and  the  computed  deflections  is  shown  in  Fig  30. 

The  observed  surface  settlements  wlicn  the  depth  of 
excavation  was  5.75  m  and  11.  1  m  are  shown  in  Fig  31. 
riie  lateral  displacements  of  the  wall  thus  caused  large 
settlements  that  spread  far  behind  the  wall.  The 
mewimum  settlement  was  about  1%  of  the  final  excavation 
depth.  It  occurred  at  a  distance  from  the  excavation 
equal  to  about  half  the  excavation  depth. 

The  measured  settlements  are  plotted  in  Fig  32  as 
proposed  by  Peck  (1^X30).  It  can  be  seen  that  the 
settlements  e\ . n  at  a  distance  of  3.5  times  the 
excavation  depth  were  large.  This  behaviour  can  be 
explained  the  restraint  of  the  lateral  deformations  and 
of  the  settlements  of  the  sheet  pile  wall  by  thfr  sand 
layer  at  the  toe  of  the  wall  as  illustrated  in  Fig  3.3. 
Iliis  was  confirmed  by  KKM. 
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l-ig  31  Measured  ground  settlements  -  Project  A 


The  maximum  bending  moment  in  the  wall  has  been  back 
calculated  from  the  curvature  of  the  sheet  piles  which 
was  determined  from  the  inclinometer  measurements. 
These  measurements  indicated  that  local  yielding  of  the 
sheet  pile  occurred  during  the  final  stage  of  the 
excavation  as  Indicated  in  Fig  34.  The  yield  moment  of 
FSP  IIIA  sheet  piles  is  about  380  kN/m/m.  The  computed 
maximum  bending  moment  by  FEM  was  372  klV/m/m.  The 
finite  element  analysis  also  indicated  that  the  wall 
was  highly  stressed  dowrj  to  about  6  m  below  the  bottom 
of  excavation. 

Both  field  measurements  and  FEA  indicate  that  the  strut 
load  increased  rapidly  with  increasing  depth  of  the 
excavation.  Tlie  strut  loads  reached  a  maximum  Just 
before  the  installation  of  the  next  level  of  struts. 
Thereafter,  the  strut  loads  decreased  slightly  with 
increasing  excavation  depth, 

A  comparison  between  measured  and  computed  strut  loads 
is  shown  in  Fig  35  for  the  top  three  levels.  The 
measured  strut  loads  agreed  closely  with  those 
calculated  by  FT'.M.  The  pressure  distribution 
determined  by  the  tributary  area  method  is  shown  in  Fig 
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Fig  32  Normalized  settlements  (Peck,  1969) 


36.  It  can  be  seen  that  the  measured  and  the  computed 
values  are  in  close  agreement.  It  appears  that  the 
apparent  pressure  diagram  proposed  by  Terzaghi  and  Peck 
(1967)  at  m  =  0.4  is  conservative.  A  better  match  is 
obtained  wi th  m  =  0.7. 

The  penetration  depth  of  the  sheet  piles  (19  ra)  below 
the  bottom  of  the  excavation  was  1.73  tiroes  the  deeth 
(Il.l  m).  An  Einalyses  using  FEM  indicated  that  the 
penetration  depth  could  have  been  reduced  by  13.5  tn 
without  any  significant  increase  of  the  strut  loads. 
This  conclusion  concurs  with  the  observation  by  Peck 
(1969)  that  very  little  is  gained  in  soft  to  medium 
stiff  clay  by  driving  the  sheet  piles  far  below  the 
bottom  of  the  excavation  provided  the  stability  of  the 
excavation  with  respect  to  bottom  heave  is  sufficient. 


fig  .33  Relationship  between  settlements  and  lateral 
displacements  -  Project  A 
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Fig  35  Strut  loads  -  Project  A 
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Project  B»  This  project,  which  is  located  just  outside 
the  Central  Business  District  in  Singapore  illustrates 
the  influence  of  the  construction  sequence  on  the 
performance  of  braced  excavations.  The  size  of  the 
H.7  m  deep  eyr^’.va'- ion  was  200  m  x  35  m.  A 
cross-section  of  the  excavation  is  shown  in  Fig  37. 
FSP  IV  sheet  piles  with  a  total  length  of  18.5  m  were 
driven  3.8  m  below  the  bottom  of  the  excavation  (D  = 
0.26H).  The  sheet  piles  were  supported  at  six  levels. 
The  vertical  spacing  of  the  struts  varied  between  2  m 
to  2.5  m.  The  horizontal  spacing  was  about  5.5  m. 

The  soil  condition  at  this  site  was  highly  variable.  A 
soil  profile  along  section  A-A  is  shown  in  Fig  38.  On 
the  west  side,  the  sheet  piles  were  driven  into  a  stiff 
sandy  silt  or  clay  (decomposed  granite).  On  the  east 
side,  the  soft  marine  clay  extended  the  full  depth  of 
the  excavation.  The  ground  water  level  was  located 
about  1.0  m  below  the  ground  surface. 

The  soil  profile  on  the  east  side  of  the  excavation  is 
similar  to  that  at  Project  A.  The  upper  and  lower 
members  of  the  Kallang  Formation  with  soft  marine  clay 
are  separated  by  a  layer  of  loose  to  medium  dense  sand. 
Below  the  marine  clay  is  a  deep  stratum  of  decomposed 
granite,  a  stiff  sandy  silt  or  clay.  The  upper  marine 
clay  is  organic  (peaty)  with  an  average  undrained  shear 
strength  of  about  10  kPa.  The  average  undrained  shear 
strength  of  the  lower  marine  clay  is  15  kPa.  The 
decomposed  granite  has  an  estlmr\ted  undrained  shear 
strength  of  about  TO  kPa.  Tlus  material  was  very 
difficijlt  to  sample  and  to  test, 
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The  soft  clay  on  the  east  side  was  adopted  in  the  FEM 
analysis  since  it  is  more  critical  th2m  the  stiff  soil 
on  the  west  side.  The  excavation  was  carried  out  in 
seven  stages.  It  should  be  noted  that  the  struts  SI 
were  placed  after  level  El  had  been  reached  (Fig  37). 
The  excavation  proceeded  down  to  level  E2  prior  to  the 
installation  of  the  struts  at  this  level.  This 
sequence  was  continued  down  to  level  E7.  The  struts 
were  preloaded  to  70%  of  the  design  load. 

The  observed  wall  movements  are  shown  In  Fig  38a.  The 
maximum  deflection  was  270  mm  which  is  1.8%  of  the 
final  excavation  depth.  This  deflection  is  relatively 
large  since  the  sheet  piles  were  driven  into  a  stiff 
soil.  The  computed  maximum  deflection  was  only  about 
200  mm  regardless  of  the  strength  and  stiffness  of  the 
soils  when  the  wall  was  assumed  to  be  linearly  elastic, 
i.e.  non-yielding. 


The  computed  deflections  at  the  different  stages  of  the 
excavation  are  shown  in  Fig  38b  for  the  case  when  the 
wall  yields.  It  can  be  seen  that  the  computed  lateral 
deflections  are  in  good  agreement  with  the  measured 
values . 

The  naximum  settlement,  100  mm.  occurred  at  a  distance 
from  the  excavation  which  corresponded  to  about 
one-half  the  excavation  depth.  The  computed 
settlements  fall  within  Zone  I  of  the  normalized 
settlement  chart  proposed  by  Peck  (1969). 

The  measured  strut  loads  were  low.  A  comparison 
between  the  measured  and  computed  apparent  lateral 
earth  pressures  is  shown  in  Fig  40.  The  measured  loads 
were  considerably  smaller  than  those  computed  by  FEM 
except  for  the  two  strut  levels  at  the  bottom  of  the 
excavation.  One  possible  explanation  of  this  behaviour 
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Fig  38  Measured  and  computed  wall  deflections 
Project  B 


Is  the  stiff  soil  at  the  west  side  of  excavation.  It 
has  been  assumed  in  the  analysis  that  the  soft  clay 
extended  over  the  entire  excavation. 

The  measured  maximum  wall  deflection.  275  urn, 
corresponds  to  about  1.9X  of  the  depth  of  the 
excavation  which  is  rather  high  for  a  sheet  pile  wall 
driven  into  stiff  soil.  This  large  deflection  could 
have  caused  by  yielding  of  the  sheet  piles  at  an  early 
stage  of  the  excavation. 

The  emalysis  indicates  that  yielding  occurred  when  the 
excavation  reached  Level  E3.  only  7  m  below  the  ground 
surface  due  to  overexcavation  prior  to  the  installation 
of  the  st.-uts.  Especially  the  first  level  of  struts  is 
affected. 

The  installation  of  the  struts  lagged  behind  the 
excavation  of  the  soft  clay  by  as  much  as  2.0  m  which 
undoubt ly  increased  the  bending  moments  In  the  sheet 
pile  wall.  It  is  thus  very  Important  to  limit  the 
difference  between  the  strut  level  and  the  excavation 
level  as  much  as  possible  when  the  >truts  are 
installed.  This  difference  should  not  exceed  0.5  m. 

The  effect  of  the  construction  sequence  was  also 
investigated  assuming  that  the  depth  of  the  excavation 
and  the  strut  levels  are  the  same  when  the  struts  are 
installed.  In  this  case,  the  computed  maximum 
deflection  is  only  120  mm  as  shown  in  Fig  40  which  is 
less  than  half  the  measured  values.  The  computed 
surface  settlements  and  the  strut  loads  were  also  much 
smaller.  In  fact  the  maximum  bending  moment  in  the 
wall  never  reached  the  yield  moment  of  the  sheet  piles, 
590  kN/m/m. 


Fig  39  Computed  and  measured  lateral  earth  pressures 
-  Project  B 
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Fig  40  V omputed  surface  settlements  -  Project  B 


Projecj _ C  With  the  knowledge  gained  from  Projects  A 

and  B.  an  attempt  was  made  to  predict  the  wall  movement 
at  Site  C  prior  to  construction.  This  site  is  located 
about  one  kilometer  away  from  Project  B.  The  length  of 
the  excavation  is  about  66  m.  The  width  varies  from 
6.0  m  to  about  12.0  m  as  shown  in  Fig  42.  The  total 
depth  is  15.0  m.  The  field  instrumentation  included 
one  inclinometer  pipe,  a  number  of  strain  gages 
attached  to  selected  struts  and  several  survey  markers. 

Steel  sheet  piles  (FSP  VIL)  supported  at  five  levels 
were  used  as  shown  in  Fig  42.  The  26  m  long  sheet 
piles  were  driven  12  m  (D  =  0.73  H)  below  the  bottom  of 
the  excavation.  The  vertical  spacing  of  the  struts 
varied  between  2.0  and  3.5  m.  The  horizontal  spacing 
was  3.7  m. 


Two  series  of  analysis  were  performed.  The  first  was 
done  prior  to  construction  while  the  second  series  was 
carried  out  after  the  excavation  had  been  completed. 
Soil  data  from  only  three  boreholes  were  available 
prior  to  excavation.  The  soil  conditions  varied 
considerably  between  the  three  holes  which  were  located 
relatively  far  from  the  site  (Fig  42).  Both  the  upper 
and  the  lower  members  of  the  soft  marine  clay  were 
present  in  Borehole  A  whereas  only  the  upper  member 
could  be  found  in  Boreholes  B  and  C.  The  depth  to  the 
bottom  of  the  soft  clay  layer  was  16.7  m  at  Borehole  A. 
11.5  m  at  Borehole  B  and  9.4  m  at  Borehole  C. 

The  soil  conditions  at  Borehole  A  was  used  in  the 
analysis  (Case  I)  since  it  was  the  closest  of  the  three 
boreholes  to  the  investigated  section.  The  average 
undrained  strength  of  the  upper  and  lower  layers  of  the 
soft  marine  clay  was  10  and  15  kPa,  respectively.  This 
is  about  the  same  shear  strength  as  that  observed  in 
Project  B.  Because  of  the  close  proximity  and  the 
similarity  of  soil  conditions  between  Projects  B  and  C. 
the  soil  parameters  in  Project  B  were  used  in  the 
analysis.  An  E  /c  ratio  of  150  was  used  for  the  upper 

layer  since  the  upper  marine  clay  was  less  peaty  than 
at  Project  B.  A  value  of  200  was  used  on  the 

E  /c  -ratio  for  the  lower  marine  clay, 
u  u 

A  comparison  of  the  measured  and  computed  wall 
deflections  after  the  excavation  had  reached  the  final 
depth  is  shown  in  Fig  43.  The  calculated  maximum 
deflection.  75  mm,  was  only  about  half  of  the  observed 
msucimum  deflection  (150  mm). 

A  parametric  study  was  done  prior  to  the  excavation 
because  of  the  variable  soil  conditions,  in  order  to 
assess  the  effect  of  the  thickness  of  the  soft  clay. 
In  one  case,  the  soft  marine  clay  was  assumed  to  extend 
down  to  20  m  depth.  This  assumption  was  later  verified 
by  a  cone  penetration  test  (CPT)  next  to  Section  A-A. 
For  this  case,  the  computed  maximum  wall  deflection  was 
142  mm  (Fig  44)  which  agreed  closely  with  the  observed 
maximum  deflection  of  150  mm.  The  surface  fill  as  well 
as  the  intermediate  sand  layer  were  assumed  to  be 
absent . 


Fig  41  Site  plan  -  Project  C 
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Fig  42  Section  A-A  -  Project  C 


Shortly  after  the  excavation  had  been  completed,  a 
second  series  of  analyses  were  carried  out  using  an 
updated  soil  profile  based  on  the  cone  penetration  test 
next  to  Section  A-A.  There  were  no  other  changes.  A 
comparison  between  of  the  computed  and  measured  wall 
deflections  at  different  stages  of  the  excavation  is 
shown  in  Fig  45.  It  can  be  seen  that  the  computed 


values  were  about  20  percent  smaller  than  the  measured 
values.  However,  the  computed  shape  of  the  deflected 
sheet  piles  compares  well  with  that  which  was  measured. 

There  are  a  number  of  factors  that  can  account  for  the 
relatively  small  computed  wall  deflections.  It  has 
been  assumed  in  the  analyses  that  the  excavation  depths 
and  the  strut  levels  were  the  same  when  the  struts  were 
installed.  However,  the  excavation  levels  during  the 
construction  were  at  least  0.5  m  lower  than  the  strut 
levels.  In  fact,  the  first  level  of  struts  was  not 
installed  until  the  excavation  was  2.0  m  to  2.5  m  below 
the  ground  surface.  This  accounts  for  the  large 
lateral  deflections  observed  at  the  first  excavation 
level  as  shown  in  Fig  45.  Furthermore,  the  lowest 
level  of  struts  (S5)  was  not  installed  until  the  firial 
depth  of  the  excavation  had  been  reached.  This 
accounted  for  the  large  observed  deflection  during  the 
final  stage  of  the  excavation.  Also  the  measured 
ground  settlements  were  much  larger  than  those 
computed. 

The  strut  loads  were  not  measured  at  this  project.  The 
computed  strut  loads  are  shown  in  Fig  45.  The  high 
strut  load  at  level  S4  was  caused  by  the  intermediate 
sand  layer.  A  similar  phenomenon  was  observed  at 
Project  B. 

The  analysis  indicates  that  an  E  /c  -ratio  of  100  to 

u  u 

200  gives  reasonable  results  for  the  soft  marine  clay 
in  Singapore  with  respect  to  settlements.  lateral 
displacements  and  strut  loads  and  that  lateral 
deflections  can  be  reduced  significantly  by  installing 
the  strut  as  early  as  possible  and  by  preloading  or 
prestressing  the  struts. 

For  a  floating  sheet  pile  wall  in  a  deep  stratum  of 
soft  clay,  the  depth  of  penetration  has  little  effect 
on  the  overall  behaviour.  A  penetration  depth  equal  to 
one-half  the  excavation  depth  appears  to  be  adequate 
provided  that  the  critical  depth  will  not  be  exceeded. 
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Fig  43  Measured  and  calculated  wall  deflections  - 
Project  C 
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Fig  46  Effect  of  unloading 


These  values  have  been  found  to  be  appropriate  for  deep 
braced  excavations  in  soft  marine  clay  in  Singapore 
(Broms  et  al,  1986)  and  the  predicted  performance  has 
agreed  well  with  that  which  has  been  observed. 
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Fig  47  Effect  of  unloeullng  on  strut  loads 


The  lateral  deflections  of  the  sheet  pile  wall  are 
shown  In  Fig  46  when  the  depth  of  the  excavation  Is 
11  m.  The  maximum  lateral  deflection  of  the  wall  is 
about  400  mm.  The  ground  settlements  outside  the 
excavtion  and  the  base  heave  within  the  excavation  are 
large  as  shown  in  the  figure.  The  calculated  maximum 
settlement  and  the  maximum  base  heave  are  about  200  inn 
and  600  mm  respectively.  The  analysis  indicates  that 
the  maximum  bending  moment  in  the  sheet  pile  wall 
increases  rapidly  with  increasing  depth  of  the 
excavation.  The  maximum  bending  moment  approached  the 
yield  strength  of  the  FSP  IIIA  sheet  piles,  80  kNm/m. 

The  lateral  deflection  of  the  sheet  piles,  the 
settlements  around  the  excavation  and  the  bottom  heave 
are  also  shown  in  Fig  46  when  a  10  m  wide  strip  of  the 
soil  has  been  removed  along  the  excavation.  It  can  be 
seen  that  the  unloading  had  only  a  marginal  effect  on 
the  settlements,  the  lateral  deflections  of  the  sheet 
pile  wall  and  on  the  base  heave.  Also  the  effect  on 
the  strut  loads  is  small  as  can  be  seen  from  Fig  47. 

Jet  grouting  has  also  been  used  in  Singapore  to  Improve 
the  soft  marine  clay  (Miki ,  1985).  At  this  method 
contiguous  or  overlapping  cylindrical  cement  columns 
are  formed  In-situ  in  the  clay.  The  diameter  of  the 
columns  can  be  up  to  2.0  m.  The  method  has.  for 
example,  been  used  to  stabilize  a  15  m  deep  excavation 
for  the  Newton  Circus  Station  of  the  Mass  Rapid  Transit 
System  (MRT)  in  Singapore  and  to  stabilize  tunnels 
excavated  in  the  soft  marine  clay  and  in  loose  sands. 

The  construction  sequence  followed  at  the  jet  grouting 
has  been  modelled  in  the  FEM-analysl;  .  First  the 
stability  of  the  sheet  plies  during  the  Installation 
has  been  analyzed.  Thereafter,  the  effect  of  the 
Jet-grouting  of  a  3  m  thick  zone  of  soft  clay  between 
the  two  sheet  pile  walls  below  the  bottom  of  the 
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Fig  48  Effect  of  Jet  grouting  (3  m) 
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excavation  has  been  investigated.  An  undrained  shear 
strength  of  150  kPa  has  been  assumed  for  the  stabilized 
3  m  thick  layer.  Cores  of  the  grouted  soil  from  actual 
projects  indicate  that  the  shear  strength  of  the 
jet-grouted  material  can  be  much  higher  than  150  kPa 

A  comparison  with  the  case  where  no  soil  improvement 
has  been  used  shows  as  indicated  in  Fig  48  that  the 
performance  of  the  excavation  Is  Improved  considerably 
by  the  Jet  grouting  and  that  the  maximum  lateral 
deflection  of  the  sheet  piles  is  reduced  by  about  50 
percent.  Also  the  settlements  and  the  strut  loads  are 
reduced  significantly  as  shown  in  Fig  49  as  well  as  the 
maximum  bending  moment  In  the  sheet  piles.  Jet 
grouting  has  been  found  to  be  a  very  effective  method 
to  Improve  the  overall  stability  of  excavations  in  soft 
clay. 

A  further  Improvement  can  be  obtained  by  Increasing  the 
thickness  of  the  jet  grouted  zone  to  6  m  as  can  be  seen 
in  Fig  51.  Mainly  the  deflections  of  the  wall  and  the 
bottom  heave  are  reduced.  The  strut  loads  are  also 
reduced  significantly  at  all  levels  (Fig  52).  The 
largest  reduction  was  observed  for  the  bottom  level  of 
struts  as  shown  in  Table  II  as  could  be  expected. 


IFEM  has  been  used  to  evaluate  the  stabilizing  effect  of 

embankment  plies.  It  was  assumed  in  the  analysis  that 
the  spacing  of  the  6  m  long  Bakau  piles  with  100  mm 
diameter  Is  0.5  m.  The  piles  are  driven  below  the 
bottom  of  the  excavation  using  a  follower.  The  tip 
level  is  located  17  m  below  the  ground  surface.  The 
results  of  the  analysis  are  presented  in  Fig  52  and  In 
Table  III  and  compared  with  the  case  without  soil 
Fig  49  Effect  of  Jet  grouting  on  strut  loads  improvement.  The  analysis  indicate  that  for  a  11  m 

deep  and  33  m  wide  excavation,  four  to  eight  rows  of 
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Fig  50  Effect  of  jet  grouting  (6  m) 


Lai  era  I  eorih  pressure^  iPci 


0  eo  /TO 


Fig  51  Effect  of  Jet  grouting  (3  m  and  6  m)  on  strut 
loads 
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Table  II  Effect  of  Jet  grouting  on  the  performance  of 
a  33  iti  wide  and  11  m  deep  braced  excavation 
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Fig  52  Effect  of  Bakau  piles 


Bakau  piles  in  front  of  each  wall  could  reduce  the 
maximum  wall  deflection  by  up  to  29X  and  the  nEutlmum 
bending  moment  In  the  sheet  piles  by  353!.  The  results 
also  indicate  a  substantial  reduction  of  the  strut 
loads  at  the  two  bottom  levels  (Fig  53)  and  an  Increase 
of  the  passive  pressure  In  front  of  the  wall.  The 
effectiveness  of  the  Bakau  piles  was  found  to  Increase 
with  decreasing  width  of  the  excavation. 
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Fig  53  Effect  of  Bakau  piles  on  strut  loads 
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Table  III  Effect  of  embankment  piles  (Bakau  piles)  on 
the  performance  of  a  33  m  wide  and  11m  deep 
braced  excavation 
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Fig  54  Construction  sequence 


The  stability  of  deep  excavations  in  soft  clay  can  also 
be  increased  by  excavating  the  soft  clay  under  water. 
The  Initial  excavation  can  be  done  dry  until  the  first 
one  or  two  rows  of  struts  have  been  installed.  Next, 
the  excavation  is  flooded  so  that  the  soft  clay  can  be 
excavated  down  to  the  final  depth.  After  the  base  slab 
has  been  cast  under  water  the  excavation  Is  dewatered 
and  the  intermediate  struts  are  installed. 

A  15  ID  deep  and  33  m  wide  excavation  has  been  analyzed 
using  FEM.  The  sides  of  the  excavation  are  supported 
by  sheet  piles  Z-45  with  a  section  modulus  (SM)  equal 

3 

to  4500  cm  /m.  Two  sets  of  analysis  were  conducted. 
In  the  first  set  a  conventional  excavation  method  with 
five  levels  of  struts  was  investigated.  The  second  set 
was  concerned  with  the  excavation  of  the  soft  clay 
under  water.  Three  levels  of  struts  are  used  to 
support  the  sheet  piles.  The  2.0  m  thick  base  slab 
will  be  cast  under  water  as  shown  In  Fig  54. 

The  results  show  a  significant  improvement  of  the 
overall  performance  (Fig  55).  The  maximum  wall 
deflection  was  reduced  by  53X.  A  44%  reduction  of  the 
base  heave  and  a  50%  reduction  of  the  ground  settlement 
were  also  obtained.  The  loads  in  the  second  and  third 
level  struts  are  reduced  slgnif Ictintly  as  well  (Fig  56 
and  Table  IV).  Because  the  base  slab  will  be  Installed 
before  the  second  and  third  level  struts,  the  axial 
load  in  the  base  slab  will  be  high  compared  with  that 
In  the  two  levels  of  struts  (Table  IV). 

The  FEM  analysis  indicates  that  excavation  under  water 
down  to  15  m  depth  is  feasible.  The  calculated  maximum 
wall  deflection,  130  mm,  and  a  maximum  ground 
settlement  of  150  mm  are  much  less  than  those  observed 
for  actual  excavations  using  cunventiunai  metnoos  even 
when  the  maximum  depth  is  less  than  11m. 
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Fig  55  Effect  of  excavation  under  water 
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fia;  >6  Effect  on  strut  luads  of  excavation  under 
water 


Excavation  under  water  has  the  main  advantage  that  the 
stability  with  respect  ’“o  base  heave  is  governed  by  the 
submerged  unit  weight  of  the  soft  marine  clay  (about 

6  k,N/m^)  rather  thtin  the  total  unit  weight  (about  16 
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kN/m  ).  The  wall  movements  during  the  dewatering  and 
the  installation  of  the  struts  after  the  installation 
of  the  base  slab  under  water  will  mainly  occur  below 
the  slab.  The  lateral  deflections  of  the  sheet  piles 
above  the  slab  will  be  small. 


Sbrn^RY 

The  design  and  construction  of  anchored  and  struted 
sheet  pile  walls  in  soft  clay  have  been  reviewed.  Most 
failures  have  been  caused  by  insufficient  penetration 
depth  of  the  sheet  piles  when  the  walls  rotate  around 
the  level  of  the  anchors  or  of  the  struts.  Failure  can 
also  be  caused  by  rupturing  of  the  anchor  rods  or  by 
buckling  of  the  struts.  The  strut  or  anchor  loads  can 
for  deep  cuts  especially  at  the  bottom  of  the 
excavation  be  considerably  higher  than  those  calculated 
by  a  conventional  method.  Fa i lure  by  bottom  hea\o  is 
also  a  possibility  which  must  be  considered  in  the 
design. 

When  inclined  anchors  are  used  it  is  also  important  to 
take  into  account  the  vertical  force  caused  by  the 
inclined  anchors  or  by  the  struts.  This  vertical  force 
can  reduce  considerably  the  stability  of  particularly 
anchored  sheet  pile  walls.  Several  failures  have 
occurred  which  have  been  caused  by  insufficient 
vertical  stability  of  the  sheet  piles  and  where  the 
vertical  force  caused  by  the  inclined  anchors  was  not 
considered  in  the  design. 

Failure  of  one  of  the  anchors  or  struts  may  lead  to 
progressive  failure  and  complete  collapse  (zipper 
effect)  of  the  wall.  If  a  sufficient  high  factor  of 
safety  is  used  in  the  design  then  the  increase  of  the 
load  in  the  adjacent  anchors  or  struts  will  be  small  at 
failure  of  one  of  the  anchors. 
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Table  IV  Tffect  of  excavation  under  water  on  the 
performance  of  a  31  m  wide  excavation 
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SYNOPSIS:  This  paper  describes  a  number  of  case  studies  by  using  numerical  procedures  conducted  by 

the  author  and  his  co-workers  over  a  number  of  years.  The  case  studies  involve  a  wide  range  of 
static  and  dynamic  s t res s -deforma ti on  ,  seepage  and  stability,  and  consolidation  problems.  The  nu¬ 
merical  procedures  use  simple  linear  and  nonlinear  elastic  models,  to  advanced  but  simplified 
hierarchical  plasticity  based  models  for  geologic  materials  and  i n te r faces /j o i n ts .  The  evolution 
from  the  use  of  simple  to  advanced  models  is  guided  by  the  realization  that  it  is  essential  to  employ 
models  that  are  capable  of  handling  the  complexities  in  geotechnical  systems.  In  addition  to  use  of 
the  conventional  and  empirical  methods,  it  is  advisable  to  develop  and  utilize  improved  and  simpli¬ 
fied  techniques  based  on  basic  principles  of  mechanics.  This  approach  can  allow  the  geotechnical 
engineer  access  to  models  and  procedures  towards  improved  and  rational  solutions  for  case  studies  and 
tor.  practical  applications. 


INTPODUCTiON 

In  conventional  case  studies  in  geotechnical  en¬ 
gineering,  the  (field)  observations  are  usually 
examined  with  the  aid  of  empirical  or  simplified 
formulas,  or  theories  to  predict  the  observed 
behavior  and  to  draw  conclusions  regarding  the 
performance  of  the  system,  the  adequacy  of  de¬ 
sign  methods  used  including  their  limitations, 
and  need  for  future  modifications.  As  the 
methods  are  highly  simplified,  the  analysis  per¬ 
formed  is  usually  on  a  highly  idealized  system 
in  terms  of  geometries  and  material  properties 
chat  can  render  itself  to  simple  calculations. 
Coupled  with  experience  and  intuition  of  the  en¬ 
gineer,  this  approach  can  provide  satisfactory 
solutions  for  many  problems.  However,  since  it 
does  not  allow  for  factors  such  as  irregular 
geometries,  nonlinear  soil  properties  and  com¬ 
plicated  loadings,  for  many  other  problems,  the 
conventional  methods  may  not  be  appropriate  for 
realistic  solutions. 

The  notion  that  the  uncertainties  in  material 
properties,  geometry  and  loadings  in  geotech¬ 
nical  problems  are  high  and  hence,  conventional 
methods  are  all  that  is  required,  and  advanced 
(computational)  methods  may  not  be  wa rra n t ed  ,a nd 
may  not  be  precise!  This  is  because  whether  one 
uses  a  conventional  method  or  an  advanced  modern 
met‘od,  the  uncertainties  are  essentially  the 
sa^a.  While,  on  the  other  hand,  the  modern 
methods  are  capable  of  easy  analysis  of  the 
effects  of  uncertainties  through  parametric 
studies,  and  also  capable  to  incorporation  in 
the  analysis  itself,  of  newly  developing  models, 
e.q.  for  the  material  behavior.  With  this  be¬ 
lief,  it  IS  considered  useful  and  meaningful 
from  a  practical  viewpoint  of  case  studies  to 
use  modern  (computer)  methods  with  improved 
treat'^ent  of  material  response  and  other  factors. 

Scope 

The  scope  of  this  paper  includes: 


1.  A  review  of  the  author's  work  in  case 
studies  involving  field  measurements  using  com¬ 
puter  (finite  element,  finite  difference) 
methods  for  the  following  problems: 

(a)  Static  Stress-Deformation 

(i)  Axially  and  Laterally  Loaded 
Piles  -  1974,  1980 
{ii)  Group  Piles  -  1974,  1986 

( i i i )  Tunnel s  -  1983 

(iv)  Retaining  Walls  -  1983,  1985 

(v)  Anchors  -  1 986 

(b)  Seepage  and  Deformable  Flow 

(i)  Seepage  in  River  Banks  -  1971, 
1972,  1983 

(ii)  Consolidation  of  Layered 
Foundations  -  1977 

(iii)  Seepage  in  Dams  -  1980,  1983, 

1986,  1987 

(iv)  Stress  and  Seepage  in  Dams  -  1983 

(c)  Dynamic  and  Earthquake  Analysis 

(i)  Model  Nuclear  Power  Plant  -  1984 

2.  Consideration  of  mechanical  behavior  of  geo¬ 
logic  materials  and  interfaces  and  joints, 
starting  from  simple  elastic  and  nonlinear 
elastic,  to  recently  proposed  new  hierarchical 
and  unified  plasticity  based  approach  by  the 
author  and  co-workers.  Here,  the  author  has 
gone  through  a  gradual  realization  that  it  is 
beneficial  to  think  that  a  nonliijar  elastic 
model,  with  its  simple  look,  may  oe  appropriate 
for  some  problems,  only  where  it  is  applicable. 
However,  for  realistic  simulation  of  the  be¬ 
havior  of  geologic  materials,  it  is  essential  to 
develop  improved  models  from  the  basic  prin¬ 
ciples  of  mechanics.  The  author  has  found  that 
such  models  with  sound  fundamentals  need  not  be 
complicated  if  derived  through  a  rational  pro¬ 
cess  of  simplifications  for  practical 
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a u plication.  in  fact,  the  hierarchical  models 

[1-4]  represent  such  an  approach  and  involve 
equal  or  lesser  number  of  material  constants  as 
compared  to  nonlinear  elastic  models,  and  at  the 
same  time,  are  capable  of  accounting  for  factors 
such  as  volume  changes,  stress  paths,  nonasso- 
ciativ'ness,  softening  and  anisotropy. 

3.  With  the  above  viewpoint,  in  the  following, 
are  described  a  number  of  case  studies,  con¬ 
ducted  by  the  author  since  1970.  Comments  are 
offered  on  the  capability,  limitations  and  im¬ 
provements  in  various  material  models  in 
conjunction  with  computational  methods. 

CASE  STUDIES 

This  paper  would  be  too  long  if  all  the  applica¬ 
tions  were  described  in  details.  Also,  case 
studies  involving  field  problems  are  related  to 
other  studies  involving  theoretical  considera¬ 
tions  and  laboratory  verifications.  To  overcome 
this,  it  is  proposed  to  outline  the  case  studies 
oresented  below  and  the  related  wO'  ks  in  Tables  1, 
?,  and  3  -^or  Static  S  t  re  s  s  -  De  f  o  rma  t  i  on  ,  Seepage 
and  Deformable  Flow  and  Dynamics  and  Earthquake, 
resoectively.  Some  related  case  study  topics 
that  are  not  reviewed  herein  are  also  mentioned 
in  these  tables.  The  tables  present  statements 
of  the  oroblens,  constitutive  or  material 
model  [s)  e^’Dloyed  and  other  factors,  numerical 
techniques,  and  special  comments. 


In  the  following,  brief  destriptions  of  only  se¬ 
lected  case  studies  involving  field  verifications 
are  given  with  critical  comments  on  the  constitu¬ 
tive  models  and  their  gradual  progression  toward 
iiiproved  characterization  and  on  the  numerical 
techniques  and  improvements  therein.  Details  of 
numerical  analysis  such  as  meshes  are  shown  only 
for  some  problems,  whereas  for  others  only 
typical  comparisons  of  computations  and  observa¬ 
tions  are  included. 

S  ta  1 1 c  Stress -De  fo  rma  t i on 

Example  1  -  Axially  Loaded  Piles :  Figure  1 
shows  comparisons  between  predicted  and  observed 
behavior  for  a  typical  axially  loaded  steel  pi pe 
pile,  o_u  te_r^  diameter  =  41  cm.  ,  Tength  -  16  m , 

3T  in  sand  tested  in  the  field  at  the  Arkansas 
Lock  and  Dam  No.  4  (LD4)  site  [6].  Here,  in  the 
early  stage  of  finite  element  applications,  non¬ 
linear  elastic  model  using  hyperbolic  simulation 
[7]  was  used,  which  is  considered  essentially 
similar  to  the  piecewise  representation  through 
data  points  used  before  [8]  and  the  spline  rep¬ 
resentation  [9]  in  the  sense  that  they  are  based 
on  Dieccwise  linear  elastic  approximation.  The 
constants  for  these  models  are  found  from  a  set 
of  triaxial  test  data  with  cylindrical  specimens. 
The  interface  element  used  was  a  modified  ver¬ 
sion  of  that  with  zero  thickness  as  proposed  in 
Pe^.  10.  A  set  of  design  charts  (fig.  11  in 
Pef.  5)  were  also  prepared  for  finding  bearing 
capabilities  of  piles  in  sands. 

The  results  indicated  that  for  monotonic  loading, 
the  finite  element  scheme  with  nonlinear  elastic 
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In  most  cases,  predicted  i-iply  back  predictions 
of  observed  response. 


Fig.  1  Comparisons  for  Pile  No.  10,  LD4 

models  can  provide  satisfactory  predictions  of 
load  displacement  curves  and  bearing  capacity  for 
piles. 

Although  the  results  allow  for  nonlinear  simula¬ 
tion  of  a  set  of  the  stress-strain  curves,  the 
above  models  can  mainly  allow  for  monotonic 
loading.  They  are  deficient  in  terms  of  allowing 
for  factors  such  as  volume  change,  stress-path, 
un 1 oad i ng- re  1 0 ad i ng  and  nonassoci ati ve  response. 
Moreover,  these  models  cannot  adequately  repre¬ 
sent  unloading  and  reloading  responses  vital  in 
many  geotechnical  problems.  Hence,  their  use 
should  be  tempered  with  caution. 

Example  2  -  Pile  Supported  Lock:  Figure  2  shows 
comparisons  between  predictions  and  observations 
of  settlements  of  different  points  at  various 
times  during  sequential  construction  for  the 
s t res s - de f 0 rma t i on  behavior  of  pile  supported 
Columbia  Lock,  on  the  Ouachita  River  near 
Columbia,  Louisiana,  Fig.  3  [11].  Here,  the 
three-dimensional  pile  foundation  system  was 
idealized  as  structurally  equivalent  two-dimen¬ 
sional  system . 

The  foundation  bOils  consisted  of  cohesive  back- 
swamp  deposits  or  cohesionless  substratum 
deposits  or  both,  beneath  the  east  wall,  and 
tertiary  deposits  interfacing  with  colluvium  and 
substratum  deposits  beneath  the  west  wall  [12]. 
The  stress-strain  model  used  was  nonlinear 
elastic,  simulated  through  hyperbola.  The  inter¬ 
face  model  used  was  the  same  as  in  Example  I. 
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TABL 

.E  1.  Static  Str 

ess  Deformation 

1 

2 

Material 

3 

Other 

4 

Numeri cal 

P  r  0  b  1  e  m 

Behav i or 

Factors 

Procedure 

1. 

Axially  Loaded 
"o  0  t i n  q  s 

•  Nonlinear  Elastic 
-  Data  Points 

2-0  Finite  El ement 

O 

Axially  Loaded 
Piles 

•  Nonlinear  Elastic 
-  Hyperbolic 

2-D  Finite  El ement 

3. 

Laterally  Leaded 
Structures 

•  Nonlinear  Elastic 
-  Ramberg- Osgood 

•  Construction 
Sequences 

1-D  Finite  Element 

1 

Pile  Groups 

•  Nonlinear  Elastic 
-  Hyperbolic 

•  Construction 
Sequences 

•  Downdrag 

2- D  Simulation  (cf 

3- D), Finite  El ement 

5  . 

Pile  Groups 

•  Nonlinear  Elastic 
-  Hyperbol  i  c 

•  New  Thin-Layer 
Interface 

3-D  Finite  Element 

6  . 

Tunnel s 

•  PI asti ci ty 

-  Drucker-Prager 

•  Construction 
Sequences 

•  Thin-Layer  Joint 

2-D  Finite  El ement ; 
Displacement,  Hybrid 
Mixed 

7  . 

Retaining  Walls 

•  Plasticity 
-  von  Mises 

-  Construction 
Sequences 

•  Thin-Layer 
Interface 

•  Flexible 
Structures 

2-D  Finite  El ement  , 
Displ a  cement ,  Hybrid, 
Ml  xed 

3. 

Foot! ngs  ,  Walls, 

Options  for  Non- 

•  Thin-Layer 

1-D,  2-D  and  3-D 

Track  Mechanics 

Linear  Elastic 
and  Plasticity 
-  von  Mi ses  , 

Drucker-Prager  , 
Critical  State, 
Cap 

Interface 
•  FI  exi  bl  e 
Structures 

Finite  El ement 

9. 

Anchors 

•  Hierarchical 
Associative/ 
Nonassoci ative 

PI asti ci ty 

•  Thin-Layer 

I  nterface 

•  Interaction 

•  Stress  Relief 

3-D  Finite  Element 

Fiq.  2  Settlement  Versus  Construction  Sequences 
at  Typical  ‘lodes,  199  and  483  (1  ft  = 

0. 305  m) 

Here  the  normal  stiffnesses  during  compressive 
and  tensile  normal  stresses  is  adopted  arbi¬ 
trarily  to  very  high  and  very  low  values, 
respectively.  The  shear  stiffness  is  simulated 


by  using  the  nonlinear  elastic,  hyperbolic 
model  . 

The  computer  analysis  with  the  nonlinear  elastic 
model  provide  reasonable  to  satisfactory  pre¬ 
dictions  of  settlements  and  distribution  of 
loads  in  the  pile  groups.  They  also  provided  a 
good  prediction  for  the  drag  forces  on  the  lock 
walls  which  compared  well  with  the  observed 
val ues  [  12  ] . 

Exampl e _ 3  si  Lateral  1 y _ Loaded  Structures:  A 

generalized  one-dimensional  fini te  el ement  pro¬ 
cedure  with  idealizations  shown  in  Fig.  4  was 
used  to  predict  field  behavior  of  a  laterally 
loaded  (wooden)  pile  and  a  sheet  pile  retaining 
wall.  Fig,  5,  the  latter  involved  (approximate) 
simulation  of  construction  sequences  [13]. 

The  material  behavior  was  simulated  oy  us  -.g 
spring  elements  to  represent  translational  and 
rotational  components.  The  nonlinear  response 
was  simulated  as  nonlinear  elastic  using  a 
R arnbe rg - us  good  type  function,  which  .ontains  the 
hyperbola  as  a  special  case. 
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TABLE  2.  Seepage  and  Deformable  Flow 


1 

2 

3 

Materi  al 

Other 

Probl em 

Behav i or 

Factors 

4 

Numerical 

Procedure 


1.  Transient  Seepage 
in  Ri  ver  Banks 

2 .  Seepage  i n  Dams 


3 .  Seepage  i n  Dams 


4.  Stress  Seepage 
and  Stability  of 
Dams 


5.  Consolidation 


Darcy ' s  Law 

•  Steady/Free  Surface 

•  Stability 

2-D 

Finite  Difference 

Darcy ' s  Law 

•  Steady/Free  Surface 

•  Stability 

2- D 

3- D 

Finite  Element 

Finite  Element 

Variable  Mesh 

Darcy's  Law 

•  Steady/Free  Surface 

•  Stabi 1 i ty 

2- D 

3- D 

Finite  Element 

Finite  El ement 

Residual  Flow  Procedure 
Invariant  Mesh 

Darcy's  Law 
Plasticity; 
von  M i s  e  s  , 
Drucker-Prager 

•  Steady /Free  Surface 

•  Construction  Sequences 

2-D 

Finite  El ement 

Residual  Flow  Procedure 
Invariant  Mesh 

Oarcy's  Law 
Linear  Elastic 

PI  as  t i c i ty 

•  Construction  Sequences 

•  Anisotropy 

2-D 

Finite  Element 

-  Critical  State 


TABLE  3.  Dynamic  and  Earthquake 


12  3  4 

Material  Other  Numerical 

Behavior  Factors  Procedure 


1  . 

Model  Nuclear  Power 

•  Plasticity: 

•  Simulated 

Earthquake 

2-D  Finite 

El ement 

Plant  Structure  in 

-  Hierarchical 

•  Thin-Layer 

Interfaces 

Field 

and  Cap 

2. 

Instrumented  P  le 

Plasticity 

•  Thin-Layer 

Interfaces 

2-D  Finite 

El ement 

Segments 

-  Hi  era  rch i cal  , 

•  Pore  Water 

Pressure 

Anisotropic 
Harden i ng 

Fig.  3  Finite  Element  Mesh  for  Lock  and 
Foundations  (1  ft  =  0.305  m) 


Figure  6  shows  comparisons  for  1 oad - d i sp 1  a  cement 
response  of  the  wooden  pile  tested  in  the  field. 
Comparisons  for  the  lateral  displacements  of  the 
sheet  pile  for  one-  and  two-dimensional  predic¬ 
tions  and  observed  response  are  shown  in  "ig.  7. 
This  shows  that  the  one-dimensional  procedure 
can  provide  satisfactory  predictions  of  the 
field  behavior  of  some  laterally  loaded 
structures . 


Example  4  -  Braced  Excavation:  Field  response 
of  a  braced  wall  for  excavation  tested  in  the 
field  in  Norway  [14]  was  backpredi cted  by  using 
displacement,  hybrid  and  mixed  finite  element 
procedure  [15,  16].  Details  of  the  wall  and  the 
finite  element  mesh  are  shown  in  Figs.  8  and  9, 
respectively . 


The  construction  sequences  involving  eight  stages 
simulated  are  given  below: 


Stage  1 

Stage  2 

Stage  3 

Stage  4 

Stage  5 
Stage  6 

Stage  7 
Stage  8 


Compute  initial  stresses,  install  wall 
and  excavate  to  el.  +  0.2m. 

Install  first  strut  A,  and  excavate  to 
el .  -2.0m. 

Install  struct  B,  and  excavate  to 
el.  -3.0m. 

Install  strut  C,  and  excavate  to 
el.  -4.0m. 

Excavate  to  el .  -5.0m. 

Install  struct  0,  and  excavate  to 
el.  -6.0m. 

Excavate  to  el.  -7.0m. 

Install  strut  R,  and  excavate  to 
el .  -8.0m. 
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Fig.  6  Comparisons  for  Wooden  Pile;  Arkansas 
River,  Lock  and  Dam  No.  4 


(b)  Ideal i zation 

Fig.  4  Axially  and  Laterally  Loaded  Structures 
and  Idealization 


Fig.  5  Sheet  Pile  Wall 


Late^'a  lei  e.  C'  '' 

1  •  :  3 


Fig.  7  Comparisons  for  Lateral  Displacements  of 
Sheet  Pile  Wall 

The  clayey  soils  were  characterized  by  using  an 
elastic-plastic  model  with  von  Mises  yield  cri¬ 
terion,  while  the  wall  and  the  struts  were 
assumed  to  be  linear  elastic. 

The  new  thin-layer  element  [17]  was  us-"'  to 
characterize  the  behavior  of  the  interfaces. 

Figures  10,  11  and  12  show  typical  comparisons 
Detween  predictions  and  observations  for  wall 
deflections,  heave  and  wall  pressures, 
respect i ve ly . 

It  can  be  seen  that  overall  the  back  predictions 
are  satisfactory.  It  was  found  that  the  zero 
thickness  element  [10]  adopted  for  soi 1 -structure 
problems  usually  does  not  provide  satisfactory 
predictions  of  interface  stresses  in  flexible 
walls  and  situations  where  modes  such  as  de¬ 
bonding  other  than  slippage  under  compressive 
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8  Vaterland  1,  Site  and  Soil  Profile  (14) 
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9  Finite  Element  Mesh  for  Vaterland  1 
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Fig.  11  Comparison  of  Heave  at  Node  3  (Figure  9) 


Fig.  12  Earth  Pressures  (Stage  5) 


stresses.  On  the  other  hand,  the  nen  thin-layer 
element  [17]  provides  improved  predictions  for 
the  interface  response  and  wall  pressures,  and 
also  of  various  deformation  modes.  The  von  Mises 
plasticity  model  may  be  appropriate  for  essen¬ 
tially  undrained  response  of  clays.  However,  it 
is  not  capable  of  providing  satisfactory  predic¬ 
tions  of  volume  changes,  stress  ath  dependence 
and  dilative  response. 

Example  5  -  Tunnels:  The  problem  of  an  instru¬ 
mented  section  of  the  tunnel  in  the  Atlanta 
subway  system  [18]  and  the  finite  element  mesh 
[19]  are  shown  in  Figs.  13  and  14,  respectively. 
The  construction  sequences  simulated  are  dis¬ 
cussed  in  Ref.  19. 

The  rocks  in  the  system  were  assumed  to  be  linear 
elastic  with  the  el  asti  c  modul  i  E  and  found  from 
cylindrical  and  multi  axial  tests  [19].  The 
joints  were  simulated  using  the  thin-layer  ele¬ 
ment,  and  its  properties  were  found  from 
laboratory  direct  shear  tests. 

Figure  15  shows  comparisons  for  displacements 
along  an  instrumented  section;  this  and  other 
comparisons  [19]  were  satisfactory.  However , 
for  various  reasons  such  as  material  modelling 


10  Wall  and  Soil  Deformations  (Stage  5) 
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and  nearby  blasting,  the  extensometer  readings 
at  the  base  of  the  test  cavern  were  not  predicted 
satis  factor! 1 y . 
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ig.  13  Generalized  Geologic  Section  Used  for 

Analysis  of  Atlanta  Subway  Tunnels  (18) 


Example  6  -  Anchors  in  Sand :  In  the  next  step 
towards  improved  material  characterization,  the 
new  general  yet  simplified  hierarchical  plas¬ 
ticity  based  modelling  approach  [1-4]  was  used 
to  study  three-dimensional  field  behavior  of 
grouted  anchors  in  sand  [20].  The  interface  re¬ 
sponse  was  simulated  by  using  the  thin-layer 
element ,  Fig.  16. 


Fig.  16  Schematic  of  Solid  and  Interface 
£  1 ements 


Figure  17  shows  details  of  the  anchor-soil  sys¬ 
tem  tested  in  the  field  [21]  and  Fig.  18  shows 
details  of  the  three-dimensional  finite  element 
mesh  for  the  anchor-wall  system. 


ig.  14  Finite  Element  Mesh 


Fig.  15  Comparison  Between  Calculated  and 
Observed  Displacements  at  EE 


Fig.  17  Details  of  Components  of  Anchor 

The  loading  was  simulated  incrementally  as  in 
the  field.  Figure  19  shows  comparisons  between 
predictions  and  observations  for  the  load-dis¬ 
placement  responses  of  the  fixed  anchor  head, 
and  Fig.  20  shows  load  distributions  along  the 
fixed  (grouted)  anchor  length.  Figure  21  shows 
distributions  of  normal  and  shear  stresses  in 
the  interfaces  between  soil  and  anchor  for 
linear  and  nonlinear  analyses. 

It  can  be  seen  that  the  finite  element  procedure 
with  the  hierarchical  associative,  isotropic 
hardening  model  and  with  the  thin-layer  eien’ent 
provides  very  good  predictions  of  load  disp'are- 
ment,  and  stress  distribution  responses  as  well 
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Fig.  20  Axial  Load  Distribution  in  Steel  Along 
Fixed  Anchor 
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Details  of  Finite  Element  Mesh: 

(a)  Overall;  'b)  Along  Grouted  Anchor; 
and  (c)  Across  Grouted  Anchor 
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Anchor  Head  (Point  B  in  Fig.  17) 


Fig.  21  Normal  and  Shear  Stress  Distributions 

in  Interface  Elements  on  Grouted  Anchor 
(a)  At  P  =  SO  kN;  (b)  At  P  =  150  kN; 
and  (c)  At  P  =  250  kN 


as  the  phenomenon  of  stress  relief  and  arching 
at  the  ends  of  the  anchor. 

FLOW  THROUGH  (RIGID)  MEDIA:  SEEPAGE 

Steady  and  transient  seepage,  confined  or  uncon¬ 
fined  (with  free  surface)  is  an  important 
consideration  in  stable  design  of  slopes,  banks 
and  dams.  Although  nonlinear  constitutive  laws 
describing  relation  between  velocity  and  hy¬ 
draulic  gradient  may  be  required  for  some 
problems,  the  linear  Darcy's  law  is  commonly 
employed  in  both  conventional  and  computational 
procedures  . 

The  finite  difference  and  finite  element  proced¬ 
ures  developed  by  the  author  and  co-workers  [22- 
29]  have  been  applied  for  predictions  of  and 
verifications  with  respect  to  a  number  of  ana¬ 
lytical,  laboratory  and  field  problems.  Here 
typical  applications  involving  field  problems 
and  free  surface  flow  are  described.  The  tech¬ 
niques  developed  involve  (a)  variable  mesh  and 
(b)  invariant  mesh.  The  latter  is  based  nn  a 
new  method,  called  the  Residual  Flow  Procedure 
(RFP),  proposed  by  the  author  [22,  24,  26].  The 
RFP  is  mathematically  different  from  " ethods  pro¬ 
posed  by  other  i nves t i ga tors  [30]  and  has  been 
found  by  Westbrook  [31]  to  be  ec u' valent  to  the 
recently  proposed  variational  inequality  methods 
^or  the  flow  problem.  The  PF?  involving  th^  in¬ 
variant  mesh  is  considered  to  be  sui’.'erior  to  the 
variable  mesh  procedure  [23]. 

Example  7 _ -  River  Eanks  :  The  variable  mesh 

“■inite  el  ement  orocedure  [23]  was  used  to  back- 
predict  transient  develop ""ent  "'■ee  surfaces 

due  to  fluctuations  (drawdown;  in  the  Mississippi 
°iver  Banks;  typical  instru’"entea  cross  section 
at  Walnut  Bend  5  with  the  borinc  log  and  fluc¬ 
tuations  in  the  river  stages  arr  shown  in 
" i q .  22. 

O.S'«-.C£.  '  ■ 


(a)  Cross  Sect i on 
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(b)  Variation  of  Head 

Fig.  22  Cross  Section  and  Variation  of 

Piezometer  and  River  Heads  at  Walnut 
Bend  6 


The  finite  element  raesh  and  tv.'iral  : up  a  r  i  s  o  n  s 
between  back  predictions  at  tv-'u  1 1  n;e  levels 
during  the  drawdown  are  shown  in  -ig.  23.  The 
values  of  permeability  k,  pomsity  r  and  ppe 
time  step  2.t  are  also  shown  on  Fig.  23.  These 
results  indicate  that  the  nui'iC"  i^al  procedures 
provide  very  good  predictions  af  the  observed 
response . 


Pig.  3  3  Mesh  and  Co'-pa  r  i  s 

F  re  '  i  1 1  i  or. s  and  b  ^ 


A''ter  a  co-n  rehen  s  i  ve  sene-  •  ,  :■  'v'''.-  be¬ 
tween  predictions  and  obser,t-.  -  •_  n-a 

laboratory  (using  Hele-Shaw  "  .■  '  ;•  :  f'e  *ieic 

behavior,  design  charts  for  s  t  i  ‘  t  .  fialyjis 
were  also  prepared  [32]. 

£_x  ampi  e _ 8  -  Earth  Dam  :  The  '‘it':  b  s  e  \  1 1  o  n  s 

and  maten'al  ^operties,  variali  ■  '•..•ervoir 
head  with  time  and  details  .r-e'-'-an  jam 

were  provided  by  the  U.  S.  Bu'-.tu  .  '  F  tj  c  1  a"i  a  t  i  o  n 
[25],  Fig.  24.  The  material  in  the  da’  was 
mostly  clay,  and  the  coefficient  of  o  r";oa  b  i  1  i - 
ties  at  various  locations,  F'g.  24, c).  obtained 
from  laboratory  permeability  and  c  ,1  n  s  c  1  i  d  a  t  i  o  n 
tests,  were  used  to  adopt  an  averaic  value  of 
k  -  0.01  ft/year  (0.03  m/yr). 

The  finite  element  mesh  consist'.-d  of  408  nodes 
and  318  elements.  Fig.  25.  Co  :i‘'isons  between 
predictions  and  observations  for  co  giuted  head 
for  typical  piezometer  locatio'-.  are  shown  in 
Fig.  26.  Despite  various  a  p  p  no  x  i  ■■■  a  t  i  0  n  s  such 
as  the  adoption  of  average  pe rsie a b  i  1  1  ty  and 
assumption  of  fully  saturated  condition  instead 
of  possible  partial  saturation,  the  c  om:;  a  r  i  s  on  s 
show  good  agreements. 


Detai'.  3  c  She  f'" an  Dai" 


Finite  Element  Mesh  for  the  Sherman  Dam 


Comparisons  of  Computed  and  Observed 
Heads 


Example  9  -  Combined  Stress  and  Seepage  in  Dams ; 
The  assumption  of  rigid  skeleton  in  conventional 
seepage  may  be  too  restrictive  for  certain  field 
situations  because,  in  general,  soils  in  dams  or 
slopes  experience  deformations  during  seepage. 
The  general  way  of  treating  the  problem  is  to 
use  coupled  (Biot's)  theories  for  dynamic  and 
static  analysis  of  porous  media.  For  practical 
analysis,  however,  it  may  often  be  appropriate 
to  use  the  intermediate  uncoupled  approach. 

Here  the  nonlinear  stress  analysis  is  performed 
by  superimposing  on  it  known  seepage  forces 
caused  by  steady  or  transient  seepage. 

Applications  of  the  uncoupled  approach  for  back 
predictions  of  the  field  behavior  of  various 
dams  have  been  presented  in  Ref.  27.  Here  the 
RFP  is  coupled  with  a  nonlinear  finite  element 
with  el  a s t op  1  a s t i c  models  for  soils.  The  pro¬ 
cedure  also  allows  for  sequential  construction 
(embankment)  of  dams  or  banks  with  simultaneous 
transient  change  in  head,  and  slope  stability 
analysis. 

The  procedure  possesses  a  number  of  advantages: 
For  example,  (a)  the  systematic  approach  for  un¬ 
coupled  analysis,  (b)  with  RFP  the  same  mesh  is 
used  for  both  stress  and  seepage  analysis, 

(c)  avoids  necessity  of  assuming  horizontal 
(transient)  free  surfaces  in  the  region  between 
upstream  and  the  core  of  dam  as  was  done  in 
Ref.  33,  and  (d)  can  allow  for  partial 
saturati on . 

Figure  27  shows  a  cross  section  of  the  Oroville 
Dam  [33]  and  transient  locations  of  free  surface 
due  to  tt.e  hydrograph  showing  variation  of  head 
with  time  in  the  reservoir.  Figures  28  and  29 
show  comparisons  between  computed  and  observed 
horizontal  movements  for  two  sections,  and  ob¬ 
served  movemei’ts  of  the  core  section, 
respectively.  The  back  predictions  show  good 
correlation  with  observations. 


Fig.  27  Section  of  Oroville  Dam,  Hydrograph 

and  Compuied  Locations  of  Free  Surfaces 
During  Reservoir  Filling 

Example  10  -  Consolidation,  Seepage  in  Deformable 
Sol  1 s :  In  order  to  allow  for  ful 1  coup! i ng  be- 
tween  flow  and  deformation,  Biot's  theory  of 
flow  through  deformable  media  is  often  used  [34], 
Here  both  the  displacements  and  pore  water  pres¬ 
sure  are  assumed  to  be  unknowns  in  the  finite 
e 1 emen  t  analysis. 

Computations  using  a  two-dimensional  finite  ele¬ 
ment  procedure  based  on  the  Biot's  theory  were 
performed  for  a  layered  foundation  involving 
clay  deposits.  Fig.  30  [35],  the  finite  element 
mesh  i s  shown  in  Fig.  31  . 
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Co"'D3rison  of  Computed  and  Observed 
Horizontal  Movements  for  Two  Sections 


■■'v  i 


Comparisoi  of  Computed  Movements  at  a 
Section  in  Core 


It  was  found  [35]  that  the  settlement  computa¬ 
tions  from  the  conventional  one-dimensional 
Terzaghi  theory  were  far  too  smaller  than  those 
observed  in  the  field.  Among  the  reasons  for 
the  discrepancy  are  the  two-dimensional  nature  of 
the  system,  anisotropic  characteristics  of  the 
varved  clay  and  the  history  of  loading.  The 
finite  element  computations  included  effects  of 
these  three  factors.  In  addition,  parametric 
studies  were  performed  in  which  the  ratios  of 
the  horizontal  to  vertical  permeabilities  of  the 
varved  clay  were  varied.  The  computed  settle¬ 
ments  are  compared  with  the  observed  values  at 
typical  locations  in  Fig.  32.  It  can  be  seen 
that  the  proposed  procedure  is  caoable  of  pre¬ 
dicting  the  observed  response,  and  that  the 
computations  with  k  /k  =10  showed  the  bpst 
correlation.  This  ?atYo  is  comparable  to  that 
found  for  many  varved  clays. 
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The  h  i  e  ra  rc 'll  c  a  1  nodel  also  allows  for  a  general 
yet  sinipli'ied  "lodel  for  anisotropic  hardening 
due  to  cyclic  loading  [2,  4].  A  procedure 
called  Gene'-jliced  Time  Finite  Element  (GTFEM) 
is  also  priccsed  for  impi^oved  time  integration 
for  nonlin-a-  dyna'cics  problems  [42], 

The  autho'-  and  co-workers  [  36-42]  have  performed 
c  0'"f' re  hen  5  ■  .  e  research  on  the  above  factors  and 
aoDlied  th-:-  finite  element  procedure  for  com- 
oarisons  with  analytical  solutions,  and 
experimental  'labc'-atory  and  field)  observations. 

E  X  a  "•  p  1  e  ■  1 _ N  u  c  1  ear  l^owe  r  Plant  Structure  ; 

A  typical  a o n 1 i c c t i o n  for  behavior  of  a  model 
nuclear  oow-'r  plant  structure  SIMQUAKE  II  tested 
in  the  field  [37,  43]  is  given  belov. 

-igure  33  snows  details  of  the  SIMQUAKE  II  test 
structure,  in.oiving  a  1/8  scale  model  of  a  nu¬ 
clear  oQwer'  cianr  founded  'n  a  cohesionless  soil 
[43].  'he  :  : 'u  c  t re  ,  interfaces  and  boundary  of 
the  soil  island.  Fig.  33,  were  instrumented  with 
d  i  s  p  1  a  ce-'s  r  :  ,  velocity,  acceleration  and  pressure 
measuring  devices.  A  blast  type  load  was  applied 
in  two  everts  at  an  interval  of  1.2  seconds. 


Fig.  33  i/8  scale  Model  SIMQUAKE  Structure  (SOI) 

Ino'udinq  Structural  and  Near-Field 
!  n s  r  u  m  e  n  t  a  t  i  0  n  [43] 

The  interfaces,  see  mesh  in  Fig,  34,  were  charac¬ 
terized  by  u'c'ng  the  Rambe  r  g  -  Os  good  type  model 
and  allowed  ‘‘or  no  slip,  slip,  debondinr  and  re¬ 
bonding  motions,  as  well  as  control  of 
interpenetrcion.  The  sand  was  characterized  by 
using  both  the  cap  [43]  and  the  -version  of 
the  hierarchiral  model  [2].  The  measured  ve¬ 
locities  on  the  boundaries  of  the  soil  island 
were  integrated  to  obtain  the  displacement  vs. 
time  input. 


Fig.  34  Mesh  Used  in  Simulation  of  Soil- 

Structure  Interaction  Due  to  SIMQUAKE  il 

Figures  35,  36  and  37  show  comparisons  between 
predictions  and  observations  for  typical  hori¬ 
zontal  and  vertical  velocities  and  contact 
pressures,  respectively.  It  can  be  seen  that 
overall  the  predictions  show  good  comparisons 
with  observations.  The  interface  model  assigns 
arbitrary  high  or  low  value  for  the  normal  sfff- 
ness  during  bonded  and  debonded  states, 
respectively.  This  may  be  one  of  the  reasons  for 
the  discrepancies.  It  is  observed  that  for  re¬ 
alistic  simulation  of  int  rfoce  risponse 
appropriate  constitutive  models  for  the  normal 
response  should  be  developed  and  used  [40]. 


Fig.  35  Comparison  of  Computed  and  Measured 
H  0  r  i  z  0  n  t  .  1  V  e  1  o  c  i  t  y  -  T  i  c  H  i  s  t  o  r  y  at 
Too  of  Structure,  Point 
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Fig.  36  Comparison  of  Computed  and  Measured 
Vertical  Ve 1 oci ty-Ti me  History  at 
Upstream  Corner  of  Structure,  Point  Q 


Time  (sec) 


Fig.  37  Comparison  of  Calculated  and  Measured 
Normal  Contact  Stress-Time  Histories 
Beneath  Upstream  Corner  of  Structure 

CONCLUSIONS 

Use  of  both  conventional  and  modern  solution 
procedures  are  important  components  for  develop¬ 
ment  of  safe  and  economical  schemes  for  design, 
analysis  and  performance  evaluation  of  field 
structures.  The  'art'  of  geotechnical  engi¬ 
neering  toward  development  of  simplified  and 
empirical  procedures  relies  on  intuition,  ex¬ 
perience  and  scientific  thinking.  The  tradition 
of  using  conventional  and  empirical  procedures 
tor  case  studies  is  Important  in  our  heritage 


for  design  of  geotechnical  systems,  and  can  pro¬ 
vide  satisfactory  solutions  for  many  problems; 
they  need  to  be  used,  nurtured,  and  improved. 

At  the  same  time,  it  is  essential  to  continue 
vigorously  to  develop  innovative  and  advanced 
procedures  through  a  process  of  rational  simpli¬ 
fication  starting  with  fundamental  principles  of 
mechanics  and  physics  so  as  to  reduce  or  elimi¬ 
nate  a  number  of  assumptio''s  inherent  in  the 
conventional  procedures.  This  is  vital  because 
many  complex  factors  such  as  nonlinear  response, 
loadings,  geometries  and  environmental  effects 
influence  response  of  geotechnical  problems. 

This  paper  presents  a  summary  of  the  personal  ex 
perience  of  the  author  involving  continuous 
modifications  in  thinking  from  use  of  conven¬ 
tional  to  advanced  computer  procedures.  One  of 
the  main  factors  in  this  narrative  has  been 
constitutive  models  for  geologic  materials  and 
discontinuities.  Here  the  author  has  gone  from 
use  of  linear  elastic  and  piecewise  linear 
elastic  models  about  two  decades  ago  to  general 
models  that  can  go  beyond  the  capabilities  of 
the  models  used  in  the  past.  In  this  growth, 
the  objective  of  working  towards  'simplified' 
models  that  can  be  applied  easily  in  practice, 
starting  from  fundamentals,  has  been  followed. 
The  author  can  conclude  that  it  is  possible  to 
develop  as  or  more  simplified  models  than  linear 
and  nonlinear  elastic  that  can  allow  inclusion 
of  many  important  effects  towards  more  rational 
case  studies  of  geotechnical  problems. 

Finally,  the  author  believes  that  in  order  to 
remain  competitive  and  advance  into  the  next 
century,  it  is  essential  to  improve  our  iiietiiods 
through  scientific  inquiry  coupled  with  in¬ 
tuition  and  experience,  in  addition  to  using 
and  improving  on  conventional  empirical 
procedures . 
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SYNOPSIS:  Ground  expansion  and  finally  sliding  occurred  in  one  corner  of  the  25  m  deep  open 
excavation  for  the  powerhouse.  The  movement  occurred  in  a  slickensided  claystone  overlain  by  water 
bearing  sandy  gravel.  The  cause  was  expansion  of  the  claystone  followed  by  its  weakening  from  water 
pressure  in  the  open  slickensided  cracks.  The  excavation  was  finally  stabilized  by  drainage  Pl“s 
reinforced  sloping  walls  restrained  by  cable  anchors  in  the  rock  below.  The  paper  summarizes  the 
pertinent  soil  and  rock  properties  and  describes  the  analyses  of  the  movements,  the  corrective 
measures  and  their  varied  performance,  and  the  professional  lessons  to  be  gained. 


INTRODUCTION 

The  Saguling  project  Is  the  largest 
hydroelectric  plant  in  the  Republic  of 
Indonesia.  It  is  in  West  Java,  about  100  km 
southeast  of  the  Capital,  Jakarta,  and  about 
40  Km  west  of  Bandung,  a  large  industrial  and 
commercial  center.  The  Citurum  River  rises  in 
a  ring  of  volcanic  mountains  in  West  Java. 
The  mountains  interrupt  the  flow  of  moist  air 
from  the  Indian  Ocean  and  producing  high 
rainfall  within  the  Citurum  watershed.  The  98 
m  high  dam  creates  the  reservoir  just  upstream 
of  the  river's  fall  through  a  narrow  canyon 


(m) 


Fig.  j.  IVoflle  of  the  Citurum  River 

between  mountain  ridges  on  its  way  to  the  sea . 
The  water  is  directed  around  the  canyon  in 
twin  tunnels  6  km  long,  down  a  mountainside  in 
twin  penstocks  in  a  cut  as  deep  as  25  m  ( 82 
ft),  and  into  the  Powerhouse,  developing  385  m 
(1270  ft)  of  head.  The  Installed  generating 
capacity  is  700  megawst  lj  ■'ri  *-13117  with  a 
potential  capacity  of  1400  megawatts  in 
peaking  power.  The  river  profile  is  shown  in 
Fig.  1. 


Fig.  2  Layout  of  Filncipal  Project  Components 

The  major  project  components  are  the  river 
diversion  tunnels,  the  rockfill  dam  with  an 
earth  core,  waterway  tunnels,  surge  tanks 
Bk.ebl  penstocks,  power  house,  and  switchyard. 
They  extend  for  about  8  km  across  low 
mountains  and  narrow  valleys  occupied  by  rice 
fields,  teak  plantations,  and  occasional 
Jungle,  with  numerous  small  villages  connected 
by  narrow  winding  roads.  The  principal 
component  layout  is  shown  in  Fig.  2. 
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construction  required  roads  for  access  and 
housing  for  personnel,  beginning  during  site 
exploration  and  continuing  through 
constr-'ct  ion  and  eventually  for  project 
operation . 

The  design  was  largely  complete  in  raid  1980 
after  about  5  years  of  planning  and 
investigation.  Construction  commenced  in 
September  1981  and  was  virtually  complete  in 
1935.  The  project  has  been  generating  power 
for  more  than  two  years,  and  is  a  key 
component  of  the  national  electric  power 
company,  PLN. 

Geotechnical  Problems  During  Construction 

Both  the  site  geology  and  climate  present 
problems  for  engineering  design  and 
construction.  Most  were  anticipated  and 
overcome  without  incidents.  However, 
landslides  were  an  intermittent  hazard  to 
construction  works  and  a  cause  of  construction 
delay  and  additional  cost. 

The  site  geology  is  complex.  Most  of  the  site 
form.ations  have  a  volcanic  origin.  Many  are 
intrusions  and  indurated  volcanic  ash;  others 
are  sediments  derived  from  the  erosion  and 
redeposition  of  volcanic/materials  in  the  sea 
or  in  a  shallow  lake  basin  between  the 
mountains.  The  formations  are  comparatively 
young:  the  oldest  of  Tertiary  age  and  the 
youngest  contemporary  accumulations  of  silt 
from  the  muddy  streams  and  volcanic  ash  from 
still  active  nearby  volcanoes. 

There  is  local  limestone  of  Tertiary  Age 
formed  during  periods  of  land  subsidence  that 
alternated  with  violent  uplifts  of  the  land. 
Tectonic  forces  produced  folding  and  tilting 
of  these  young  formations,  with  some  of  these 
forces  remaining  to  confound  engineers  and 
geologists.  Because  of  recent  tectonic 
movements,  many  of  the  more  brittle  tuffs  and 
similar  rocks  contain  networks  of  cracks. 
These  are  both  surfaces  of  weakness  and 
confined  aquifers  in  which  water  pressure 
reduces  effective  normal  stress  and  shear 
resistance . 

The  climate  is  hostile,  particularly  to  land 
stability  and  durability  of  engineered 
construction.  The  average  rain  of  2320  mm  or 
91  in.  comes  largely  during  the  6  month  wet 
season,  beginning  in  late  November  and  ending 
in  April  or  May.  Rainfall  can  be  extremely 
intense,  including  violent  thunderstorms.  The 
dry  season  alternates  between  periods  of  no 
rain  of  several  weeks  long  periods  of 
predominately  dry  weather  with  occasional 
short  wet  periods.  As  a  result  humidity 
ranges  from  moderate  to  very  high,  and 
fluctuates  rapidly  during  the  dry  season. 

Tlio  T-^mceroture  is  uniformly  high,  30  to  35  C 
during  the  day  and  18  to  20  C  at  night. 
Because  of  the  high  rainfall  and  warm 
Lempei  a  Lur"^ ,  ror.k  weathering  occurs  rapidly. 
The  near  surface  soils  and  rock  either  remain 
saturated  or  become  saturated  during  the  rainy 
season.  Standing  water  in  rice  fields  and 
irrigation  of  all  crops  during  the  dry  season 
aggravates  the  water  problems. 


The  combination  of  complex  formations  makes  it 
difficult  to  accurately  characterize  the  soils 
and  rocks  and  to  analyze  stability.  Similarly 
the  environmental  changes  causing  weathering 
and  pore  pressure  increases  are  difficult  to 
quantify.  Therefore,  all  of  the  stability 
problems  were  not  anticipated  in  project 
design. 

Objective  of  Paper 

Despite  the  geologic  and  environmental 
conditions  it  has  been  possible  to  identify 
some  of  the  complexities  after  failure  has 
occurred  and  to  determine  how  to  avoid  similar 
problems  in  the  future.  Although  instability 
accompanied  excavation  at  many  project 
locations,  this  paper  Is  limited  to 
instability  in  the  Powerhouse  excavation.  The 
failures  have  been  previously  described  by 
Maru  and  Shaw,  1984.  The  purpose  of  this 
paper  is  to  describe  the  movements,  evaluate 
the  difficulties  with  their  evaluation,  and  to 
show  what  changes  are  needed  in  our 
engineering  methods  to  improve  our  technology. 


Fig.  3  The  Powerhouse  Excavation  Looking 
Northwest  with  the  Limestone  Ridge 
in  the  Background,  January  1983, 
with  the  Anchored  Concrete 
Restraining  System  under 
Construction 


THE  POWERHOUSE  SITE 

The  Powerhouse  is  a  narrow  flood  plain  and 
alluvial  terrace  on  the  right  bank  of  the 
river,  where  the  canyon  broadens  and  the  slope 
decreases.  The  river  surface  is  normally  El. 
253  m  (835  ft),  the  flood  plain,  El.  255,  and 
the  terrace  El.  265,  12  m  or  40  ft  above  the 
river.  Just  south  of  the  site  a  narrow 
irregular  limestone  ridge  with  steep  slopes  is 
cut  by  the  river.  The  ridge  crest  is  about 
200  m  or  660  ft  south  of  the  Powerhouse  s“.i  it 
rises  to  about  El.  395,  13C  :.i  or  430  ft  above 
the  terrace.  To  the  north,  the  land  slopes 
steeply  upward  to  about  El.  700  or  2310  ft. 
The  waterway  tunnels  exit  on  this  slope  and 
feed  twin  steel  penstock  tubes  which  drop 
northwestward  into  the  powerhouse.  Figure  3 
shows  the  excavation  looking  north  from  the 
lower  penstock  toward  the  limestone  ridge. 
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Fig.  4  Powerhouse  Plan 

The  Powerhouse  plan  is  shown  in  Fig.  4  and  a 
typical  cross  section  through  one  of  the 
turbine-generator  units  in  Fig.  5.  Its  long 
wall  is  parallel  to  the  river.  The  penstocks 
enter  the  site  from  the  southeast  corner, 
bifurcate  and  turn  toward  the  river.  In  order 
to  minimize  cavitation  the  turbine  scroll 
cases  are  well  below  river  level.  This 
required  excavation  to  EL.  232  m,  33  m  or  109 
ft  below  the  terrace  for  the  draft  tubes  and 
to  El.  240,  25  m  or  about  83  ft  below  the 

terrace  for  the  general  excavation  including 
the  penstocks. 

WEST  EAST 
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Fig.  6  Contract  Design  for  Excavation  Cross 
Section 

obvious  fissile  structure.  The  clay  minerals 
are  dominantly  kaolinite  and  illite.  Deeper 
horizons  of  the  claystone  are  calcareous,  and 
contain  some  raontmorillonite .  The  plasticity 
of  the  remolded  reworked  claystone  is  low,  and 
is  classified  as  CL,  even  those  horizons 
containing  montmoril Ionite.  The  stratum  is 
firm  to  hard  with  unconfined  compressive 
strengths  of  5  to  45  kg/cm^.  The  cores  show 
the  claystone  to  be  cut  by  numerous  fissures, 
with  random  orientations  and  spacings  of 
between  10  and  100  cm.  Many  of  the  fissures 
are  slickensided,  as  illustrated  in  Fig.  7. 


Fig.  5  Powerhouse  Cross  Section 
Soil  and  Rock  Conditions 

The  soil  and  rock  conditions  were  explored  by 
seismic  refraction  profiles,  boring  with 
intermittent  soil  samples  and  continuous  rock 
coring,  and  shallow  test  pits.  Laboratory 
tests  for  index  properties  of  soil  and  for  the 
strength  of  the  rock  cores  were  made  to  define 
engineering  properties  for  project  design. 
Geologic  cross  sections  were  prepared  showing 
the  elevations  of  the  strata  boundaries  for 
both  design  and  construction  planning. 


Fig.  7  Slickensided  Claystone  from  Vicinity 
of  the  October  1982  Slide 

Beneath  the  claystone  is  a  soft  limestone  also 
of  Tertiary  Age.  It  has  the  strength  of  poor 
concrete,  and  is  relatively  massive  with  few 
fissures . 

The  boundary  between  the  terrace  and  claystone 
dips  down  gently  toward  the  river  to  the  west. 
The  boundary  between  the  claystone  and 
limestone  dips  down  to  the  east  and  south,  so 
the  claystone  rapidly  thickens  in  that 
direction. 


Fig.  6  is  a  typical  excavation  cross  section, 
from  the  contract  drawings,  depicting  three 
distinct  strata.  A  sandy  gravel  terrace, 
about  10  in  thick  is  uppermost.  It  consists  of 
cobble  to  fine  graver-sxze  rounded  particles 
of  limestone,  sandstone,  and  some  volcanlcs, 
with  a  matrix  of  sand  and  partially  bonded  by 
silt  and  clay.  Below  is  massive  claystone, 
15  to  30  m  thick.  It  is  well  Indurated, 
apparently  by  consolidation,  but  without  an 


The  limestone  ridge  appears  to  be  supported  on 
the  claystone  with  the  boundary  between  the 
two  materials  dipping  gently  to  the  southeast. 
Discrepancies  in  formational  boundaries  to  the 
north  and  east  suggest  some  faulting. 
However,  the  fault  surface  has  not  been 
identified.  By  way  of  contrast  with  the 
deeper  limestone,  the  ridge  contains  numerous 
steeply  dipping  fissures  which  have  been 
enlarged  by  solution  and  are  filled  with  soft 
red  residual  silty  clay. 
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Ground  Water 


The  ground  water  table  is  typically  in  the 
lower  sandy  gravel  about  2  to  4  m  above  the 
claystone,  and  slopes  downward  toward  the 
river.  It  is  fed  by  rainfall  infiltration  and 
by  springs  that  exit  along  the  base  of  the 
limestone  ridge  at  its  contact  with  the 
claystone  below. 

Excavation  Requirements 

The  designers  adapted  the  site  elevations  to 
the  harder  lower  claystone  and  the  limestone 
in  order  to  provide  a  sufficiently  rigid 
foundation  for  the  power  house  machinery.  The 
optimization  of  support  and  excavation 
dictated  the  powerhouse  orientation.  However, 
with  the  limestone  falling  off  to  the 
southeast,  deep  excavation  was  required  in  the 
upper  claystone  for  the  penstocks  where  they 
entered  the  powerhouse . 

( 


The  contract  drawings  depict  the  powerhouse 
excavation  to  be  sloping  with  intermediate 
berms  as  shown  in  Fig.  6.  The  cut  faces  were 
to  be  restrained  during  construction  by 
concrete  facings  anchored  into  the  claystone 
and  the  limestone.  After  the  structures  were 
complete,  the  excavation  was  to  bo  backfilled 
and  the  anchored  facings  would  have  no  further 
function.  The  basis  for  the  design  slopes  and 
the  anchoring  is  not  given,  but  it  is  presumed 
that  the  claystone  and  limestone  strengths 
included  v?'' th  the  contract  documents  were 
considered. 

Contractors  Excavation  Plan 

The  contractor's  excavation  plan  differed 
somewhat  from  that  of  the  designer.  First, 
the  level  of  the  terrace  surface,  El.  265  m, 
was  extended  to  the  north  70  m  or  230  ft  by 
cutting  into  the  south  face  of  the  limestone 


Fig.  8  The  May  1982  Cracking  and  Bulging 
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ridge  to  provide  a  space  for  an  aggregate 
crusher,  stockpiles,  and  the  concrete  batch 
plant.  rhis  required  cutting  a  near  vertical 
face  as  deep  as  20  m  into  the  limestone. 
Second,  the  excavation  perimeter  was  enlarged 
to  provide  more  gentle  slopes  in  the  claystone 
(2.7  H  to  1  V)  instead  of  the  1  to  1  slopes 
depicted  in  the  contract  documents.  The 
objective  apparently  was  to  minimize  or 
eliminate  the  need  for  the  anchored  facings. 
There  were  no  formal  drawings  nor  engineering 
computations  to  support  these  changes,  but  the 
high  unconfined  compressive  strengths  of  the 
claystone,  as  given  in  the  contract  documents, 
probably  were  considered. 


MAY  1982  MOVEMENT 
Description  of  Failure 

By  May  1982  the  excavation  had  reached  El.  244 
m,  a  depth  of  20.7  m  or  68  ft,  reaching  the 
upper  surface  of  the  limestone  over  much  of 
the  site.  As  the  excavation  approached  this 
level,  extensive  cracking  and  bulges  gradually 
developed  in  the  slopes  of  the  northeast 
corner,  and  in  the  level  work  area  further  to 
the  north  and  east.  These  are  shown  in  Fig. 
8.  Springs  developed  in  the  excavated  slope 
at  the  contact  between  the  gravel  terrace  and 
claystone . 

The  cracks  were  tensile  openings  with  little 
or  no  evidence  of  vertical  displacement.  Most 
were  arcuate  as  well  ps  discontinuous,  with 
their  general  trend  parallel  to  the  excavation 
faces.  The  excavation  faces  bulged  upward  and 
outward  toward  the  excavation.  However,  there 
was  no  evidence  of  overall  translation  of  the 
cracked  materials  in  a  downhill  direction. 

Cracking  to  North 

A  search  was  made  for  more  widespread 
cracking.  Some  additional  tension  cracks  were 
found  in  the  bench  cut  for  the  aggregate  and 
batch  plant  to  the  North.  Cracks  with 
vertical  or  shear  displacement  were  found  near 
the  top  of  the  ll'isstone  ridges  nearly  200  m 
to  the  North,  and  directly  above  the  steep 
face  of  the  limestone  cut  for  the  aggregate 
and  batch  plant  bench.  Because  there  had  been 
no  previous  search  for  cracks,  it  is  not  known 
whether  these  cracks  were  caused  by  the  bench 
cutting  or  by  the  powerhouse  excavation.  The 
evidence  of  Insects  nest  in  the  cracks 
suggests  that  the  cracks  occurred  before 
powerhouse  excavation.  The  springs  at  the  toe 
of  the  bench  excavation  continued  to  seep 
despite  the  end  of  the  wet  season. 

Analysis  of  Failure 

New  tests  were  made  of  the  claystone  to  define 
its  shear  strength  in  more  detail  than  can  be 
deduced  from  the  unconflned  compression  tests. 
The  results  for  saturated  samples  in 
consol idated-undralned  shear  with  pore 
pressure  measurements  (effective  stress)  are 

0  =  23  to  28  deg,  c'  =  0.14  to  0.31 

kg/cm^  (4  samples) 

0-13  to  15  dog,  c'  =  0.65  to  1.05 

kg/cm^  (3  samples) 


Back  analyses  were  made  of  the  northeast 
corner  slope  assuming  that  it  had  undergone 
landsliding  with  a  circular  cross  section. 
The  circle  was  presumed  to  intersect  the  top 
of  the  slope  at  an  observed  crack  and  the  toe 
of  the  slope,  as  shown  in  Fig.  9.  The 
subdivision  of  the  claystone  into  two  units, 
slickensided  and  calcareous,  is  based  on  new 
borings  made  in  the  cracked  zone. 
Unfortunately  there  was  no  evidence  of  a 
failure  surface  in  the  continuous  core 
samples;  the  circular  failure  was  assumed  for 
convenience  in  computation.  The  ground  water 
levels  were  deduced  from  open  wells  drilled 
into  the  slope  and  from  observed  seeps  in  the 
slope. 


meters' 


Fig.  9  Cross  Section  of  the  May  1982 
Movements 

The  back  analysis  can  be  satisfied  by  various 
combinations  of  0'  and  c'  ranging  from  0'=3O, 
c'=0.3  kg/cm^  to  0'=15°,  c'=1.0  kg/cm^.  The 
designers  arbitrarily  selected  an 
intermediate,  conservative  combination  for 
analysis  of  corrective  measures:  0’=22®  and 
c'=0.26  kg/cm^. 

Counter  Measures 

Various  countermeasures  were  planned  by  the 
designer  after  discussions  with  the  contractor 
to  Increase  the  "safety  factor  of  1",  presumed 
in  the  failure  back-analysis,  to  1.2.  These 
measures  included  drains  to  reduce  the  ground 
water  level  and  H-piles  to  augment  the  shear 
resistance  of  the  presumed  failure  surface. 
First,  the  slope  was  re-excavated  to  sounder 
claystone  with  few  cracks,  as  shown  by  the 
dashed  line  in  Fig.  9.  Eleven  pit  wells  were 
excavated  through  the  sandy  gravel  and  about 
half  a  meter  into  the  claystone.  These  were 
built  as  concrete  box  caissons. 

Eight  250  mm  or  10  in.  diameter  drilled  wells 
were  installed  in  the  northeast  corner  between 
the  excavation  and  the  concrete  plant,  spaced 
20-40  m  apart.  These  were  extended  2  m  into 
the  limestone.  Each  Included  a  50  mm  thick 
gravel  pack  throughout  the  depth  to  provide 
for  rapid  infiltration.  The  locations  of  both 
sets  of  wells  are  shown  in  Fig.  11,  the  plan 
of  the  October  sliding. 

Horizontal  drain  holes  10  m  long  and  50  mm  in 
diameter  were  planned  for  the  slopes  at  three 
different  levels  to  provide  additional 
drainage  for  the  claystone  and  gravel. 

Flattening  of  the  slopes  was  considered,  but 
space  was  not  available. 
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The  designers  analyses  based  on  the 
arbitrarily  selected  shear  parameters  showed 
tnat  even  with  drainage,  additional  shear 
resistance  of  44  tons  per  meter  of  slope  were 
required  for  the  desired  computed  safety 
factor  of  1.2.  Four  rows  of  200  x  200  mm  (8 
in)  H  piles  were  planned.  (They  were  later 
enlarged  to  350  x  350  mm  [14  in.].)  The  piles 
would  penetrate  about  2  m  into  the  limestone 
to  fix  them  against  rotation.  They  were  stiff 
enough  to  resist  bending  from  the  resisting 
force  applied  at  the  level  of  the  assumed 
circular  failure  surface.  The  number  of  piles 
was  based  on  adding  the  shear  strength  of  the 
steel  at  its  intersection  with  the  failure 
surface,  to  the  shear  resistance  of  the  soil. 
For  conservatism  the  number  of  piles  required 
was  doubled.  No  consideration  was  given  to 
pile  claystone  shear  transfer  nor  strain 
compatibility.  The  locations  of  the  pile 
rows,  two  on  each  of  the  two  intermediate 
beams,  on  the  re-excavated  slope  are  shown  on 
Fig.  9. 


Fig.  10  H-Piles  and  Capping  Beam 

The  piles  on  each  berm  were  connected  together 
by  steel  angles  in  a  simple  truss  and  encased 
in  a  reinforced  continuous  concrete  beam,  as 
shown  in  Fig.  10.  The  purpose  of  this  beam 
was  to  provide  some  resistance  against 
rotation  of  the  tops  of  the  piles  and  to 
transfer  loads  between  areas  of  greater  and 
less  movement. 

Critique  of  Correactive  Measures 

The  analyses  upon  which  the  corrective 
measures  were  based  were  flawed.  First,  the 
available  evidence  never  showed  that  a 
landslide  had  occurred.  The  ground  bulged 
upward  and  outward,  without  accompanying 
subsidence  and  with  neither  toe  bulges  nor 
scarps.  No  shear  surfaces  were  Identified. 
Instead,  the  movement  appeared  to  be  the 
result  of  soil  expansion,  probably  with 
movement  along  the  existing  slickensides,  and 
caused  by  the  stress  release  from  excavation. 
Later  tests  showed  the  claystone  to  be 
expansive,  with  expansive  pressures  of  more 
than  2.5  kg/cm^. 

The  deep  wells  were  too  remote  from  the 
expansion  zone  to  effectively  drain  the 
sllckenslded  cracks  in  the  claystone  and  the 
pit  wells  could  only  lower  the  water  level  in 
the  gravel.  The  horizontal  drains  planned 
were  too  short  and  too  widely  spaced  to  drain 
the  random  claystone  cracks.  Worse,  their 
installation  was  halted,  when  only  a  few  of 
those  first  Installed  produced  water. 
Excavation  of  the  loosened  material  steepened 
the  slopes  and  added  to  the  stress  release  and 
unbalanced  loads  in  the  excavation  face. 


t-inaiiy,  the  resistance  ot  rne  H-piies 
depended  on  the  assumed  locatiot,  of  a  sliding 
surface  and  on  adding  the  shear  of  the  steel 
to  the  shear  of  the  soil  without  regard  to 
load  transfer  or  strain  compatibility. 


OCTOBER  1982  SLIDING 
Failure  Description 

Slow  bulging  and  cracking  continued  while  the 
corrective  measures  were  being  installed.  A 
failure  occurred  in  the  northeast  corner  with 
rapid  movement  on  October  18,  1982.  By  way  of 
contrast  with  the  May  cracking,  movement 
developed  suddenly,  and  included  both 
subsidence  at  the  top  of  the  slope  and  bulging 
at  the  toe.  It  commenced  two  days  after  a 
very  intense  rain,  following  two  months  of 
very  dry  weather.  Fig.  11  shows  the  northeast 
corner  of  the  excavation,  with  the  distortion 
of  the  truss  connecting  the  H-piles. 


Fig.  11  Buckling  of  the  Truss  Connecti.ng  the 
H-Piles  by  Sliding  in  the  Northeast 
Corner  of  the  Excavation 


Most  of  the  countermeasures  planned  following 
the  May  cracking  and  bulging  had  been 
installed.  Installation  of  horizontal  drains 
had  been  temporarily  stopped  because  they 
produced  little  water.  The  concrete  capping 
beam  for  the  piles  had  not  been  constructed; 
however,  this  beam  was  never  considered  in  the 
analyses  for  added  stability. 

The  toe  of  the  slope  bulged  outward  1  to  2  m; 
the  top  of  the  slope  subsided  a  few  cm, 
opening  and  extending  the  previous  cracks. 
The  major  movements  were  in  the  center  of  t  le 
slope  where  the  surface  moved  more  than  1  m 
horizontally  down  slope,  accompanied  by  deep 
cracking  and  by  local  subsidence  and  upheaval, 
as  the  claystone  mass  distorted. 

The  greatest  vertical  displacement  occurred 
Just  downhill  of  the  upper  line  of  H-piles. 
This  displacement  was  accompanied  by  a  40  m 
long  arcuate  scarp  and  an  open  crack  50  to  100 
mm  wide.  Downhill,  wedges  of  claystone  moved 
differentially  to  form  an  elongated  graben. 
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Fig.  12  Plan  of  the  October  1982  Sliding  and  Earlier  Drain  System 


A  plan  of  the  excavation  showing  the  cracking 
and  bulging  in  the  northeast  corner  as  well  as 
two  smaller,  unrelated  slides  along  the  upper 
west  lopes  is  shown  in  Fig.  12. 

The  H-piles  were  dragged  downslope  with  the 
movement,  but  very  non-uni formly.  The  upper 
rows  moved  a  few  cm  and  tilted  downslope  only 
slightly.  The  truss  and  the  tops  of  the  piles 
in  the  lower  rows  moved  downslope  up  to  1.7  m 
accompanied  by  partial  buckling  of  the  truss 
from  bowing  as  shown  in  Fig.  11.  Most  of  the 
H-piles  tilted  downhill,  one  18  degrees  from 
the  vertical.  Fig.  13a.  The  H-plles  offered 
some  resistance,  but  the  claystone  cracked  and 
tore  around  them.  Fig.  13b. 

Excavation  into  the  toe  of  the  slope  disclosed 
a  well  defined  failure  surface.  It  continued 
to  move  about  1  cm  per  hour  two  weeks  after 
the  major  movement. 

Investigation 

The  site  conditions  at  the  time  of  the  failure 
were  investigated  by  the  designer  and  by  the 
Author  as  a  consultant  to  the  owner.  A  number 
of  pertinent  facts  emerged. 


I'here  was  no  evidence  of  new  cracking  or 
movement  at  the  aggregate-concrete  plant  nor 
in  the  limestone  ridge  above.  The  movement 
was  confined  to  the  northeast  corner  of  the 
excavation.  The  area  involved  was  smaller 
than  and  within  the  area  of  the  May  cracking. 

A  few  of  the  drain  wells  were  producing  water, 
most  were  not.  The  water  table  rose  1  m 
following  the  intense  rain  in  an  observation 
well  in  the  sliding  zone,  then  fell  slowly. 
One  of  the  shaft  wells  filled  with  water 
following  the  rain  and  remained  full  several 
hours  before  it  could  be  pumped  down. 
Unfortunately,  the  caisson  walls,  excavated 
into  the  claystone,  had  no  drain  holes  to 
bleed  water  out  of  the  gravel  terrace  aquifer. 
About  1  out  of  5  of  the  horizontal  drains 
produced  water  (not  unusual  for  horizontal 
drains ) . 

The  H-piles  did  not  penetrate  into  the 
limestone  as  specified.  Instead,  they  stopped 
abruptly  at  the  top  of  the  calcareous 
claystone,  penetrating  into  it  only  1  to  3  cm. 
This  failure  to  drive  the  piles  as  specified 
had  been  overlooked  by  the  designer  and  was  a 
surprise  when  it  was  uncovered. 
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Fig.  13a  H-Pile  Tilted  18  Deg  frorr.  V  rtical 
and  Heave  of  Claystone  on  Slope  from 
the  October  1982  Slide 


Fig.  13b  Claystone  Tearing  on  the  Downhill 
Slide  of  an  H-Pile  from  Slope 
Movement  in  the  October  1982  Slide 

The  tilt  of  the  piles  were  equivalent  to  the 
horizontal  movement  of  their  tops.  This  shows 
that  they  had  tilted  as  stiff  members, 
rotating  about  their  tips,  driven  just  into 
the  calcareous  claystone. 


Swell  tests  were  conducted  of  both  the 
slickensided  and  calcareous  claystone:  Free 

swell.  2  to  20%;  swell  pressure  0.2  to  2.6 
kg/cm^ . 

The  swelling  in  low  plasticity  claystone  is 
probably  the  result  of  residual  stress.  It  is 
likely  that  the  slickensides  and  residual 
stresses  were  caused  tectonically. 

Mechanism  of  Movements 

A  c'oss  section  of  the  October  slide  is  shown 
in  Fig.  14.  The  earlier  analyses  had 
presummed  a  circular  cross  section  of 
movement,  as  shown  in  Fig.  9,  and  repeated  in 
Fig.  14.  However,  the  pile  tilting  and  ground 
movement  indicate  that  the  motion  was  nearly 
linear.  A  near  horizontal  surface  probcbly 
followed  the  upper  limit  of  the  calcareous 
claystone,  connecting  with  the  surface  cracks 
through  networks  of  existing  slickensided 
cracks . 


SOUTH  N0"TH 
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Fig.  14  Cross  Section  of  Sliding  in  the 
Northeast  Corner  of  the  Excavation 


The  movement  developed  in  two  stages.  First, 
excavation  without  support  allowed  the 
claystone  to  expand,  opening  the  slickensided 
cracks  within  the  mass  and  producing  cracks  in 
the  ground  surface.  Second,  ground  water  and 
surface  runoff  penetrated  the  opened  cracks, 
developing  pressure.  The  weakened  mass 
expanded  horizontally.  Expansion  was  resisted 
by  the  friction  on  the  cracks  (reduced  by  pore 
pressure)  and  the  resistance  of  the  crack 
asperities.  The  H-plles  possibly  prevented 
the  sliding  from  becoming  catastrophic. 
However,  they  tore  the  slickensided  claystone 
and  their  lack  of  embedment  caused  them  to 
tilt  and  aggravate  the  cracking. 

Corrective  Measures 


Added  Testing 

Additional  soil  tests  were  conducted  on 
samples  of  the  slickensided  claystone.  The 
earlier  tests  had  all  been  of  Intact 
claystone,  between  the  slickensided  cracks. 
The  new  tests  were  of  the  slickensided  cracks. 
There  was  a  startling  contrast  with  the 
earlier  tests;  the  effective  friction  angles 
were  about  12  to  15  deg  with  little  or  no 
cohesion . 


Further  corrective  measures  were  designed 
considering  that  no  additional  space  was 
available  for  flattening  slopes  and  that  the 
construction  of  counter  measures  must  be 
within  the  capabilities  of  the  powerhouse 
contractor  and  Indonesian  based  contractors 
because  of  the  time  required  to  mobilize 
foreign  contractors  or  to  import  materials. 
The  new  data  on  rock  expansion  and  the 
continuing  movements  in  the  northeast  slope 
indicated  that  further  expansion  of  the 
claystone  would  be  likely  with  further  loss  of 
strength. 
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Furtiier  movement  was  prevented  by  horizontal 
wood  lagging  supported  by  steel  H-piles 
driven  as  cantilevers  into  the  claystone 
below . 


^stem  Performance 


No  significant  movements  occurred  in  the  final 
support  system.  The  excavations  have  been 
backfilled  to  provide  level  parking  and 
service  areas  around  the  plant.  No  movements 
have  been  noted  during  2  years  of  operation. 
The  cost  of  the  failures  and  their  correction 
has  not  been  fully  identified.  Beyond  the 
direct  costs  are  the  cost  of  delay  and  of 
acceleration.  The  estimated  total  cost 
probably  exceeded  $10  million. 


Fig.  16  Constructing  the  Anchor  Concrete 
Facing  Walls  to  Support  the  East 
Excavation  Slopes 


Fig.  15  The  Final  Excavation  Support  System 

A  concrete  block,  initially  restrained  by 
gravity-friction  on  the  limestone  was  designed 
to  support  the  northeast  corner.  Tie  back 
tendon  anchors  were  dded  when  the  block 
moved.  Its  limited  resistance  was  confirmed 
when  the  strength  data  on  the  slickensides  in 
the  claystone  became  available.  Most  of  the 
excavation  was  supported  by  sloping  concrete 
walls  restrained  by  tendon  anchors  into  the 
calcareous  claystone  and  the  limestone.  At 
the  bottom  of  the  south  end  of  the  excavation, 
vertical  tied  back  walls  were  added  because  of 
limited  space.  These  were  installed  using 
slurry  supported  excavations  vlth  the  slurry 
replaced  by  concrete.  These  measures  are 
shown  on  Fig.  15  and  Fig.  16. 

Small  Slides 

Two  smaller  slides  occurred  in  the  upper  parts 
of  the  excavation  face  shortly  after  the 
Intense  rain  of  October  13--one  at  the  north 
end  of  the  east  slope  and  one  near  the  south 
end  of  the  east  slope.  Their  locations  are 
shown  in  Fig.  12.  Both  were  confined  to  the 
sandy  gravel  stratum.  The  cause  was  excess 
pore  water  pressure  and  weakening  of  the  dried 
clay  bonding  in  the  terrace  materials. 


CONCLUSIONS 

Water  pressure  in  the  slickensided  claystone 
was  the  cause  of  the  movements  in  the 
powerhouse  excavation  slopes.  Although  the 
slickensides  were  recognized,  their 
significance  was  not  understood  either  by 
those  who  identified  them  and  those  who  made 
analyses  and  designs.  Eventually,  the 
excavation  slopes  were  stabilized,  but  at 
considerable  additional  cost  and  delay. 

These  failures  and  their  correction  provide  a 
number  of  valuable  lessons  for  our  professio.n. 
These  include  both  technical  details  and 
broader  issues  of  interdisciplinary  action. 

Technical  Issues 

Small  fractures  that  are  insignificant 
geologically  can  play  a  key  part  in  soil  and 
rock  strength.  Testing  intact  portions  of 
fractured  soil  or  rock  is  grossly  misleading. 
The  strength  and  rigidity  of  the  mass  is 
largely  controlled  by  the  fractures;  therefore 
testing  should  concentrate  on  these  defects. 
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Residual  sti'esses  play  an  important  part  in 
the  desiqn  of  structures  to  support  the 
vqroiind.  Tills  has  been  recognized  in  tunnel 
; upper t  engineering;  it  is  largely  ignored  in 
earth  pressures  on  walls  and  excavation 
support  systems. 

The  residual  stress  influences  the  design 
three  ways.  First,  if  no  allowance  is  made 
for  movement,  the  lateral  pressure  can  be 
greater  than  the  vertical  stress  produced  by 
soil  or  rock  weight.  Second,  depending  on  the 
rigidity  of  the  soil  or  rock,  considerably 
more  movement  will  be  required  to  reduce  the 
lateral  pressure  to  the  active  state  than  is 
required  for  materials  with  gravity  stress 
alone.  Such  large  movements  can  be 
intolerable  in  some  situations.  Third,  the 
s;tres,s  release  allows  existing  cracks  to  open. 
Those  that  were  initially  watertight  can 
accept  water,  allowing  pore  pressures  to  act 
on  the  era- ked  surface.  This  changes  the  mass 
behavior  as  was  demonstrated  in  the  Saguling 
sliding.  Such  residual  stresses  have  been 
largely  ignored  in  geotechnical  engineering, 
because  there  have  been  no  convenient  ways  to 
measure  thorn.  With  the  modern  techniques  of 
hydraulic  fracturing  and  the  various 
dilatomoters  that  can  be  introduced  in  bore 
holes,  engineers  can  now  measure  residual 
stro.ssos  and  include  them  in  their  analyses. 

Back  analysis  of  a  failure  must  be  based  on 
accurate  information  on  the  kinematics  of  that 
failure.  If  the  presumed  motion  is  in  error, 
conclusions  based  on  an  analysis  of  the 
erroneous  motion  will  also  be  wrong.  If  the 
nature  of  the  movement  cannot  be  determined, 
then  many  possibilities  must  be  evaluated--a 
form  of  parametric  study.  The  corrective 
design  then  is  adapted  to  the  range  of 
answers . 

Analyses  of  soi 1 -structure  interaction  must 
consider  the  relative  rigidities  and  strengths 
of  those  materials  that  control  their 
interaction.  Assuming  that  a  pile  contributes 
shear  resistance  to  a  landslide  equivalent  to 
the  shear  strength  of  its  steel  is  wrong  when 
it  does  not  consider  the  possibility  that  the 
pile  will  shear  the  soil  instead. 

Drainage  design  must  recognize  that  real 
aquifers  are  highly  variable.  The  failure  of 
some  drain  holes  to  find  water  should  not 
discourage  the  installation  of  more  drain 
holes;  one  hole  draining  a  key  aquifer  may  be 
suf  f icient . 

Broader  Issues 

Meaningful  interaction  between  engineers  and 
geologists  is  essential.  The  geologists 
recognized  the  slickensiding  in  the  mudstone; 
they  did  not  fully  understand  their 
engineering  significance.  The  engineers  were 
informed  of  the  presence  of  the  si ickensldes, 
but  didn’t  visualize  how  they  controlled  their 
design.  The  geologist  gave  the  slickenslded 
soil  samples  to  the  laboratory.  The 
laboratory  tested  the  Intact  material  between 
the  sllckensides  because  it  was  difficult  to 
trim  specimens  that  Included  the  weaknesses. 


No  one  informed  the  laboratory  staff  of  the 
significance  of  the  sllckensides.  Thus  the 
importance  of  the  cracks  fell  through  the 
cracks  between  the  different  viewpoints  of  the 
geologists,  the  laboratory  engineers,  and  the 
design  engineers.  Instead,  geotechnical 
engineers  must  have  an  understanding  of 
geology  and  engineering  geologists  must  have 
an  understanding  of  engineering  design. 
Unfortunately,  interdisciplinary  understanding 
appears  to  be  declining  instead  of  improving. 
Jurisdictional  jealousy  between  professions 
can  destroy  all,  as  union  labor  has 
demonstrated.  The  combined  knowledge  and 
wisdom  of  all  relevant  professions  are 
required  to  solve  the  complex  problems  in 
geotechnical  engineering. 

What  is  economical  or  practical  design  in  one 
area  at  a  particular  time  may  not  be  in 
another  because  of  local  resources  of 
manpower,  money,  and  technology.  The  H-piles 
failed  to  restrain  mudstone  partially  because 
they  could  not  be  installed  as  the  design 
required.  The  deficiency  was  ignored  because 
the  contractor  had  no  means  to  drive  them 
further.  The  design  must  fit  the  resources 
and  capabilities  of  the  moment. 

Failure  in  a  civil  engineering  is  more  than  a 
problem;  it  is  an  opportunity.  Failure  is  the 
only  full  scale  test  of  any  large  engineering 
system.  As  a  test,  it  provides  valuable 
lessons  to  the  profession.  i 

As  professionals,  we  should  take  advantage  of 
the  lessons;  otherwise,  the  failure  may  be 
repeated.  Moreover,  we  have  already  paid  for 
the  lessons. 

The  Saguling  Project  has  survived  its 
powerhouse  movements  and  is  now  generating 
power  as  its  design  anticipated. 
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SYNOPSIS:  The  Lipari  Lar.dfill,  located  near  Pitman,  New  Jersey,  is  a  16-acre  former  sand  and  gravel  and  waste  disposal 
site  that  operated  from  1958  through  early  1970.  This  site  was  ranked  the  number  c.'.a  site  in  the  U.S.  EPA's  first 
National  Priority  List  of  uncontrolled  hazardous  waste  disposal  sites.  Site  investiga^’ions  and  analysis  of  contami¬ 
nation  both  on-  and  off-site  began  in  late  1979.  Design  of  the  Phase  I  remediation,  consisting  of  encapsulation  utiliz¬ 
ing  a  vertical  barrier  keyed  into  a  relatively  impermeable  clay  layer  and  a  cover  over  the  entire  site,  began  in  late 
1982.  Construction  of  the  leachate  containment  system  began  in  the  fall  of  1983  and  was  completeo  in  November  1984  at 
a  cost  of  approximately  $2,205,000.  U.S.  EPA  is  about  to  implement  the  Phase  II  remedial  actions  consisting  of  batch 
flushing,  extraction  and  treatment  of  contaminated  groundwater  and  removal  and  treatment  of  stream  and  lake  sediments 
contaminated  by  leachate  migration  through  surface  waters.  This  Phase  II  program  is  expected  to  cost  about  $12.3 
million  and  take  about  7-1/2  years  to  complete. 


INTRODUCTION 

Development  and  implementation  of  remedial  measures  for 
control  and  cleanup  of  the  uncontrolled  hazardous  waste 
disposal  site  is  unlike  anything  the  geotechnical 
professional  has  previously  faced.  We  are  dealing  with 
issues  that  require  careful  evaluation  and  understanding 
in  order  to  implement  effective  remedial  actions.  The 
principal  issues  that  require  consideration  include; 

0  Complex  and  continually  changing  regulatory  envir¬ 
onment  at  all  levels  of  government--federal ,  state, 
and  local . 

0  Federal  legislation  dealing  with  cleanup  (CERCLA 
and  SARA)  has,  as  the  principal  basis  for  imple¬ 
menting  cleanup,  the  concept  of  cost  recovery  from 
Potentially  Responsible  Parties  (PRP).  This  means 
that  the  ultimate  client  for  technical  services  in 
remedial  actions  implemented  under  this  legislation 
is  the  lawyer. 

0  The  public  has  greater  awareness  and  interest  in 
the  cleanup  of  hazardous  waste  sites  than  any  other 
technical  issue  facing  society  today.  Citizen 
groups  will  monitor  and  question  every  step  and 
decision  in  the  remedial  action  process. 

0  The  liability  issues  associated  with  design  and 
construction  of  remedial  measures  are  unknown  at 
this  point  but  are  potentially  monumental.  Third 
party  environmental  damage  suits  could  be  enormous 
in  terms  of  award  and  come  decades  after  completion 
of  remedial  activities. 

0  There  are  no  "standards  of  practice"  for  cleanup  of 
hazardous  waste  sites.  While  we  have  standards  for 
various  elements  of  geotechnical  practice,  such  as 
slurry  walls  and  flexible  membrane  liner  systems, 
we  have  not  developed  standards  for  the  total  reme¬ 
dial  system.  This  situation  is  exacerbated  by  the 
public  demand  for  "Complete  and  Total"  cleanup  of 
these  sites. 


The  Lipari  Landfill  is  a  16-acre  site  used  as  both  a 
source  of  sand  and  gravel  and  a  disposal  facility  for 
municipal  and  industrial  wastes  located  near  Pitman,  New 
Jersey.  This  site,  ranked  first  in  U.S.  EPA's  National 
Priority  List  (NPL)  in  193?,  was  the  first  "Superfund" 
site  where  design  and  initial  remedial  measures  were 
implemented  under  the  interagency  agreement  between  the 
U.S.  EPA  and  the  U.S.  Army  Corps  of  Engineers  (USCE). 

This  paper  describes  the  investigative  work,  feasibility 
and  engineering  studies,  preparation  of  contract  docu¬ 
ments,  and  construction  of  the  leachate  containment  sys¬ 
tem  for  the  Lipari  Landfill. 

SITE  CONDITIONS 

History 

The  Lipari  Landfill  is  located  at  the  southwestern  edge 
of  the  town  of  Pitman,  New  Jersey,  approximately 
1,500  feet  north  of  U.S.  Route  322  and  1-1/2  miles  west 
of  Glassboro  State  College.  The  eastern  limit  of  the 
site  is  about  400  feet  west  of  Chestnut  Branch,  which 
flows  in  a  northerly  direction  toward  Alcyon  Lake,  some 
1,000  feet  from  the  site.  Chestnut  Branch  is  a  tributary 
of  Mantua  Creek,  eventually  discharging  to  the  Delaware 
River.  Features  of  the  area  surrounding  the  Lipari  Land¬ 
fill  are  shown  on  Figure  1. 

The  property  was  purchased  in  1958  by  Mr.  Nick  Lipari  who 
then  started  a  sand  and  gravel  operation  on  the  site. 

The  use  of  the  property  for  mining  and  processing  of  sand 
and  gravel  also  made  the  site  attractive  for  use  as  a 
landfill.  The  integration  of  these  two  activities  began 
in  1958  with  excavation  of  sand  and  gravel  pits, 
subsequently  filling  each  pit  with  waste.  Materials  from 
the  site  were  used  to  cover  waste  as  filling  proceeded 
and  for  final  cover  after  each  pit  was  filled.  These 
operations  were  continued  until  the  middle  of  1971. 


Liquid  wastes  were  dumped  from  1958  until  approximately 
December  of  1969,  and  solid  wastes  were  dumped  from  1958 
through  May  of  1970,  when  the  landfill  was  closed 
iHarrington,  1980).  The  exact  nature  and  quantities  of 
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FIGURE  1 

Location  of  the  Lipari  Landfill  (Wright,  1981b) 


wastes  disposed  of  at  the  Lipari  Landfill  are  unknown 
since  detailed  records  were  not  kept.  Estimates  based  on 
records  of  parties  known  to  have  disposed  of  material  at 
the  site  suggest  that  about  12,000  cubic  yards  of  waste 
are  buried  on  site.  Liquid  wastes  disposed  of  at  the 
site  are  estimated  at  approximately  2.9  million  gallons. 
In  mr  It  instances,  liquid  wastes  were  disposed  of  uncon¬ 
tained,  since  drums  were  emptied  and  removed  from  the 
site  for  salvage  and  resale  (Harrington,  1980). 

Prior  to  1971,  the  operation  of  the  Lipari  Landfill  was 
considered  to  be  both  legally  and  environmentally  sound 
by  the  various  regulatory  agencies  involved.  The  land¬ 
fill  was  inspected  on  a  regular  basis  by  the  Department 
of  Health  and  its  successor,  the  Department  of  Solid 
Waste  Management  beginning  in  1963.  In  1970,  the  first 
signs  of  problems  began  to  appear,  as  leachate  was 
observed  seeping  from  walls  of  the  landfill.  Official 
notification  for  correction  was  given  the  operator  of  the 
landfill  in  July,  1971.  Attempts  to  contain  and  control 
the  seeps  had  little  impact,  and  the  New  Jersey  Depart¬ 
ment  of  Environmental  Protection  (NJDEP)  brought  suit 
against  the  owners  for  the  facility  (Harrington,  1980). 

Site  Description 

The  physical  characteristics  of  the  landfill  are  shown  on 
Figure  2.  It  is  estimated  that  the  actual  disposal  sites 
covered  an  area  of  about  six  acres,  south  of  the  present 
course  of  Rabbit  Run.  The  highest  point  within  the  dis¬ 
posal  area  is  approximately  elevation  134.  The  disposal 
site  is  on  a  plateau  about  30  feet  above  the  Chestnut 
Branch  drainage.  The  remainder  of  the  plateau  area,  not 
disturbed  for  sand  and  gravel  operations  and  disposal  of 
wastes,  was  orchard.  Residential  areas  developed  to  the 
east  of  the  site,  across  the  Chestnut  Branch  Stream  chan¬ 
nel  (Wright,  1980). 

Leachate  discharges  into  Rabbit  Run  were  observed  along 
the  entire  south  bank  and  the  stream  channel  bottom. 
Leachate  was  also  observed  discharging  along  the  eastern 
wall  of  the  plateau  into  Chestnut  Branch.  The  leachate 
discharges  occurred  in  both  discrete  and  nondiscrete 
flows  below  elevation  105  (Wright,  1980). 

Subsurface  Conditions 

The  Lipari  Landfill  is  underlain  by  relatively  horizontal 


(Wright,  1981b) 

geologic  units  that  strike  northeast-southwest,  and  dip 
slightly  to  the  southeast.  The  units  of  concern  at  the 
site  include  (in  descending  order)  Cohansey  Sand,  Kirk¬ 
wood  Formation,  Manasquan  Formation,  and  the  Vincentown 
Formation.  Geologic  cross-sections  of  the  site  are  shown 
on  Figure  3. 

The  landfill  site  is  located  in  the  Cohansey  Sand  at  the 
northwest  boundary  of  its  outcrop.  This  unit  consists  of 
fine  to  medium  silty  sand  with  lenses  of  clay  and  gravel. 
The  unit  is  stratified,  with  occasional  layers  of  hard 
iron-cemented  sandstone.  Based  on  exploration,  sampling 
and  testing  done  at  the  site  (Wright,  1981a),  the 
Cohansey  Sand  can  be  differentiated  into  upper  and  lower 
units. 

The  upper  unit  of  the  Cohansey  Sand  is  exposed  in  the 
plateau  area  of  the  Lipari  Landfill.  It  generally  occurs 
above  elevation  100.  This  upper  unit  consists  of  orange- 
brown  fine  lo  coarse  sand  and  fine  to  medium  gravel,  with 
traces  of  silt  and  clay.  This  unit  is  the  source  of  sand 
and  gravel  mined  at  the  site. 

The  lower  Cohansey  Sand  outcrops  along  the  eastern  bank 
of  the  plateau,  above  the  Chestnut  Branch  marsh.  This 
unit,  nearly  horizontal,  dips  slightly  to  the  southeast 
and  is  composed  of  greenish-gray  fine  to  medium  sand  with 
some  silt.  No  gravel  was  encountered  in  the  borings 
{Wright,  1981a). 

The  Cohansey  Sand  is  unconfined  in  the  area  of  the  Lipari 
Landfill,  resulting  in  groundwater  recharge  through  dir¬ 
ect  infiltration  through  the  outcrop  exposure.  The  water 
from  the  Cohansey  unit  has  historically  been  used  in  the 
area  for  farm  and  rural  domestic  water  supplies.  How¬ 
ever,  high  naturally  occurring  iron  concentrations  in  the 
area  have  made  this  aquifer  unsuitable  for  domestic  use 
(Wright,  1980). 

The  Kirkwood  Formation  underlies  the  Cohansey  Sand,  and 
is  approximately  75  feet  thick  in  the  area  of  the  Lipari 
site.  The  Kirkwood  Formation  consists  of  an  upper  clay 
unit,  ranging  in  thickness  from  8  to  14  feet  across  the 
site  plateau  (Wright,  1981a),  underlain  by  very  fine  to 
medium  sand  unit.  The  top  of  the  Kirkwood  Formation 
ranges  from  elevation  92  to  about  80  across  the  plateau. 
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FIGURE  3 

Geologic  Cross-Sections,  Lipari  Landfill  (Wright,  1981b) 
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The  outcrop  of  the  Kirkwood  Formation  forms  a  band 
2  miles  wide,  northwest  of  the  site,  extending  through 
Alcyon  Lake.  Groundwater  recharge  to  the  Kirkwood  Forma¬ 
tion  occurs  through  outcrops  and  by  downward  seepage  from 
the  Cohansey  Sand.  The  Kirkwood  is  considered  a  minor 
aquifer  in  the  area,  yielding  insignificant  flows 
(Wright,  1980). 

The  Vincentown  Formation  underlies  the  Kirkwood  Formation 
at  the  site,  and  is  considered  the  shallowest  major 
aquifer  in  the  area  other  than  the  Cohansey  Sand  (Wright, 
1980).  The  unit  is  approximately  18  feet  thick  beneath 
the  site,  and  consists  of  fine  to  coarse  sand  lithified 
with  clay  and  small  amounts  of  calcite  cement.  The  unit 
also  contains  traces  of  mica  and  fossilized  shell  frag¬ 
ments  (Wright,  1981a). 

Geologic  units  occurring  beneath  the  Vincentown  Formation 
are  not  believed  to  be  threatened  by  contamination  from 
the  Lipari  site  (Wright,  1981a).  Additional  investiga¬ 
tions  are  currently  being  conducted  by  U.S.  ERA  as  part 
of  the  Phase  II  remedial  activities  for  the  site. 

Hydrogeology 

Contaminated  groundwater  moved  from  the  disposal  area 
through  the- Cohansey  Sand,  discharging  as  diffuse  seepage 
along  the  eastern  edge  of  the  plateau  in  Chestnut  Branch. 
This  contaminant  plume  then  moved  via  the  surface  water 
regime  into  Alcoyn  Lake.  In  addition,  the  downward  gra¬ 
dient  between  the  Cohansey  Sand  and  the  underlying 
Kirkwood  Formation  (sand  unit)  has  introduced  contami¬ 
nants  into  the  lower  formation.  Groundwater  surface  in 
the  Cohansey  Sand  is  shown  in  Figure  4,  Piezometric 
levels  in  the  Kirkwood  Formation  on  Figure  5. 


Hydrogeologic  parameters  used  in  various  alternative 
analyses  and  for  design  of  the  leachate  containment  sys¬ 
tem  are  as  follows  (CH2M  HILL,  1983): 

0  All  inflow  to  the  encapsulated  area  results  in  con¬ 
taminated  leachate. 

0  Flow  through  the  Cohansey  Sand  to  Chestnut  Branch 
is  between  20,000  and  62,000  gallons  per  day 
(Wright,  1981a). 

0  The  encapsulation  system  should  reduce  flow  through 
the  Cohansey  Sand  by  90  percent. 

0  The  Kirkwood  Formation  clay  layer  is  approximately 
14  feet  thick,  with  a  primary  permeability  of 
1.0  X  10-7  cm/sec  (Wright,  1981a). 

0  Upgradient  water  level  elevation  of  120. 

0  Downgradient  water  level  elevation  of  100. 

0  Potentiometric  level  in  the  Kirkwood  Formation  sand 
unit  of  elevation  91. 

A  summary  of  leachate  flows  used  in  the  analyses  are 
shown  on  Table  1,  and  a  summary  of  significant  pollutants 
found  in  the  Lipari  Landfill  leachate  are  listed  in 
Table  2. 

INITIAL  REMEDIAL  MEASURES— BASIS  OF  DESIGN 

Investigations,  evaluations,  and  development  of  remedial 
alternatives  for  the  Lipari  Landfill  began  in  1979  and 
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are  ongoing  today.  Since  U.S.  EPA  began  coordinating 
activities  at  the  site,  some  15  different  engineering  and 
technical  consultants  have  been  engaged  in  these  various 
investigations,  studies,  analyses  and  design. 

These  activities  included  site  investigations,  technical 
evaluation  of  abatement  alternatives,  and  development  of 
work  scope  and  specif ications  for  cutoff  wall  construc¬ 
tion  by  R.E.  Wright  Associates,  Inc.  (Wright,  1980, 

1981a,  1981b).  In  addition.  Radian  Corporation  conducted 
a  cost  effectiveness  assessment  of  remedial  measures  and 
an  environmental  assessment  of  the  various  remedies  con¬ 
sidered  for  the  Lipari  Landfill  (Radian,  1982a,  1982b). 
CH2M  HILL  conducted  detailed  engineering  analyses  and 
developed  plans  and  specifications  for  th“  I  ipari  Land¬ 
fill  leachate  containment  system,  the  Phase  I  remedial 
measures  program  for  the  site. 

The  Leachate  Containment  System  for  the  Lipari  Landfill 
consists  of  a  vertical  barrier  founded  in  the  Kirkwood 
Formation  clay  unit  around  the  entire  plateau  area  (see 
Figure  5),  an  impermeable  cover  system  over  the  area  con¬ 
tained  by  the  vertical  wall,  and  a  permanent  groundwater 
monitoring  system  to  evaluate  the  effectiveness  of  the 
Phase  I  remedial  program.  The  following  discussion  des¬ 
cribes  the  Lipari  Landfill  Leachate  Containment  System. 

Cover  System 

Cover  systems  for  the  site  were  evaluated  based  on  the 
fol lowing  cri teria ; 

0  The  native  soil  at  the  site  is  highly  permeable;  a 
cover  system  will  provide  the  only  effective  bar¬ 
rier  to  vertical  recharge.  The  cover  system  shall 
have  an  equivalent  permeability  equal  to  or  less 
than  a  12-inch  thick  clay  layer  with  a  permeability 
of  1  X  10-7  cm/sec. 

0  Cover  over  the  barrier  shall  protect  it  from  vehi¬ 
cular  traffic,  vegetative  root  penetration,  ultra¬ 
violet  radiation,  ozone  degradation,  oxidation. 


(Wright,  1981b) 


microbial  attack,  and  from  freeze-thaw  and  wet-dry 
cycles . 

0  The  covered  area  shall  have  a  minimum  slope  of 
2  percent  to  promote  surface  runoff. 

0  All  areas  within  the  vertical  seepage  barrier  shall 
be  covered,  and  the  area  may  be  used  for  construc¬ 
tion  related  activities  both  before  and  after  cover 
placement. 

0  The  cover  will  seal  around  all  openings,  such  as 
monitoring  wells,  and  shall  seal  against  the  verti¬ 
cal  seepage  barrier. 

0  The  cover  system  will  not  contact  contaminated  soil 
or  groundwater.  Contaminated  soil  from  the  verti¬ 
cal  seepage  barrier  construction  will  be  placed 
within  the  containment  area  and  covered  with  non- 
contaminated  soil  before  construction  of  the  cover 
system. 

0  Although  a  leachate  collection  and  treatment  system 
is  not  planned  as  part  of  the  initial  remedial  mea¬ 
sures,  the  cover  system  must  be  designed  to  accom¬ 
modate  such  systems  in  the  future. 

Cover  systems  evaluated  included  soil-bentonite  mixtures, 
natural  clay,  synthetic  membranes,  sprayed-on  asphalt 
emulsion,  and  rigid  systems.  Based  on  detailed  analysis 
and  comparison  to  the  design  criteria  discussed  above, 
flexible  synthetic  membrane,  compacted  clay,  and  soil- 
bentonite  were  selected  f^'r  detailed  evaluation 
(CH2M  HILL,  1983).  Cost  comparisons  of  these  three  sys¬ 
tems  are  presented  in  Table  3. 


Both  the  natural  clay  and  flexible  synthetic  membrane 
liner  options  were  designed,  with  bidders  given  the 
option  to  choose.  Details  of  the  cover  system  designs 
are  shown  on  Figure  6. 
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Rate  of  Leachate  Discharge  In  , 

(gallons  per  minute) 


Source  of  Discharge 

Groundwater- 

Area-Discharge 

Streamf low- 

Chemical  Mass- 

Flow  Method 

Method 

Gaging  Method 

Balance  Method 

Landfill  watershed 

(0.0717  sq.  mi.) 

87,000 

(60) 

74,000 

(51) 

183,000 

(127) 

62,000 

(43) 

Landfill 

8,100 

(6  acres  or  0.0094 
sq.  mi.) 

(6) 

Lsndflll,  plus  polluted  area 

22,000 

between  landfill  and 

Cliestnut  Branch  (16  acres 
or  0.0250  sq.  mi.) 

(1C) 

Rabbit  Run 

43,000  to  108,000 

(30  to  75) 

Diffuse  leachage  seepage  33 

,000  to  65,000 

16,000  to  47,000 

130,000  to  161,000 

8,640  to  40,000 

(23  to  45) 

(11  to  33) 

(90  to  112) 

(6  to  28) 

Leachate  contribution  to 

5,760  to  14,000 

Rabbit  Run 

(4  to  10) 

Vertical  lealtaqe  through 

Kirkwood  clay  unit 
a)  Beneath  landfill  area 

550 

(6  acres) 

(0.4) 

b)  Beneath  affected  area 

1,460 

(16  acres) 

(1) 

1.  Includes  discharge  to  south  side  of  Rabbit  Run  and  to  diffuse  leachate  seepage  along 
Chestnut  Branch. 


2.  Includes  groundwater  derived  from  infiltration  onto  landfill. 


TABLE  1 

Leachate  Flow  Analyses  (Wright,  1980) 


Vertical  Barrier 

The  objectives  of  a  vertical  barrier  for  the  Lipari  site 
were  to  reduce  seepage  of  contaminated  groundwater  into 
Rabbit  Run  and  Chestnut  Branch,  reduce  downward  migration 
of  contaminants  through  the  Kirkwood  Formation,  and  pro¬ 
vide  a  50  year  design  service  life.  To  evaluate  cutoff 
wall  alternatives,  the  following  criteria  were  used: 


0  The  vertical  barrier  should  encircle  the  contami¬ 
nated  area  with  a  360-degree  enclosure,  encapsu¬ 
lating  all  known  burial  sites. 

0  The  cutoff  wall  should  enclose  as  much  of  the  down- 
gradient  contamination  as  possible,  essentially 
maintaining  an  alignment  on  the  site  plateau. 


Parametara 

Sample  3/ 

22  Aug.  79 

Sample  3/ 

11  Oct.  79 

16  April  1980 

14  May  1980 

pH  (unite) 

5.2 

6.35 

Calcium  (ng/1) 

- 

. 

27 

Iron  (ag/l) 

- 

- 

100.4 

352.6 

Potaasiun  (mq/1) 

- 

. 

59.2 

Sodium  (mg/1) 

- 

- 

43 

Methylene  Chloride  (mg/1) 

0.7 

2,890 

990 

2.8 

1,  2-Clchlorolthane  (ng/1) 

- 

1,338 

5,800 

Benaene  (mg/l> 

1,607 

1,190 

430 

1,200 

Toluene  (mg/1) 

15,500 

12,700 

3,100 

17,500 

Ethyl  benaene  (mg/1) 

663.6 

583 

880 

1,600 

Bis  (2-Chlorathyl) 

Ether  (aig/1) 

210,000 

23,000 

20,000 

440 

Phenol  (mg/1) 

4,307 

2,400 

5,500 

1,000 

TABLE  2 

Chemical  Pollutants  in  Lipari  Leachate 
(CH2M  HILL,  1983) 
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TYPICAL  SECT/O/S  AT  EDGE  OF e^JCAPSULATED  AREA 


b)  Synthetic  Membrane 
FIGURE  6 

Cover  System  Alternates  (USCE,  1983) 

0  The  vertical  barrier  should  extend  a  minimum  of 
2  feet  into  the  upper  clay  layer  of  the  Kirkwood 
Formation,  up  to  55  feet  below  ground  surface. 

0  The  vertical  barrier  should  have  an  equivalent  per¬ 
meability  equal  to  or  less  than  a  2-foot  thick  soil 
barrier  having  a  permeability  of  1  x  10-7  cm/sec. 

0  Along  most  of  the  wall  alignment,  the  groundwater 
and  soil  excavated  will  be  contaminated.  Spoil 
excavated  from  the  trench  can  be  disposed  of 
on-site,  beneath  the  cover  system. 

Two  methods  of  vertical  barrier  wall  construction  were 
evaluated;  the  slurry  trench  method  and  the  vibrating 
beam  method. 

The  primary  advantage  of  the  slurry  trench  method  is  that 
the  thickness  of  the  wall  and  trenching  method  of  con¬ 
struction  ensure  wall  integrity  and  continuity.  The 


keying  of  the  wall  into  the  clay  layer  can  be  ascertained 
by  visual  inspection  of  excavated  materials.  In  addi¬ 
tion,  the  techniques  are  conventional  and  proven  con¬ 
struction  technology.  However,  since  the  wall  is  to  be 
constructed  in  contaminated  soil  and  groundwater,  great 
care  would  be  required  to  handle  and  properly  dispose  of 
slurry  and  excavated  material.  The  potential  hazard  to 
air  quality  caused  by  volatile  organics  in  the  excavated 
materials  were  of  concern.  In  addition,  the  impacts  of 
organic  contaminants  on  the  oermeability  of  trench  back¬ 
fill  materials  required  evaluation. 

The  vibrated  beam  method  is  a  proprietary  method  of  cut¬ 
off  wall  construction  developed  by  Slurry  Systems,  Inc. 

In  this  method,  a  2-  to  6-inch  thick  wall  is  constructed 
by  driving  an  H-pile  to  the  required  cutoff  depth  and 
injecting  an  impermeable  slurry  mix  into  the  void  left  as 
the  H-pile  is  extracted.  A  wall  is  completed  by  overlap¬ 
ping  placement  of  the  H-pile. 

The  vibrated  beam  cutoff  wall  has  the  advantages  of  rapid 
construction  and  no  need  for  handling  of  contaminated 
excavation.  The  method  can  also  be  used  in  steeper  ter¬ 
rain  than  conventional  slurry  trench  construction  requir¬ 
ing  less  site  grading  along  the  wall  alignment. 

The  principal  disadvantage  of  the  vibrated  beam  method  is 
that  the  continuity  of  the  wall  between  adjacent  panels 
is  difficult,  if  not  impossible,  to  ensure.  Installing 
the  H-pile  to  the  best  driving  tolerances  would  result  in 
pile  plumbness  within  1  percent.  The  installation  of  a 
50-foot  deep  vibrated  beam  cutoff  to  this  tolerance  would 
result  in  a  horizontal  deviation  of  6  inches  at  the  base 
of  the  wall.  Since  the  wall  is  nominally  only  4  inches 
wide,  a  gap  in  the  cutoff  could  easily  result.  Variation 
in  subsurface  materials,  or  natural  or  manmade  obstruc¬ 
tions  could  also  cause  deviations  in  vibrated  beam  pan¬ 
els. 

The  leachate  constituents  summarized  in  Table  2  were  used 
to  evaluate  the  effects  of  contaminated  groundwater  on 
various  cutoff  wall  materials.  Materials  evaluated 
included  soil-bentonite  backfill,  asphalt  and  emulsions, 
cement-bentonite  mixes  and  concrete  (CH2M  HILL,  1983). 
Site-specific  laboratory  permeability  tests  for  various 
wall  materials  were  not  conducted  during  the  analysis  and 
design  phase  because  of  extremely  tight  implementation 
schedules.  However,  information  from  review  of  litera¬ 
ture  (D'Appolonia,  1980  and  Anderson,  1981)  and  of  unpub¬ 
lished  data  collected  from  other  sites  was  used  to 
develop  design  recommendations. 

Although  preliminary  engineering  analyses  and  feasibility 
studies  (Wright,  1981b,  Radian,  1982a)  recommended  the 
vibrated  beam  method  for  construction  of  the  vertical 


Soil-Bentonite 

Natural  Clay 

Description: 

6”  Topsoil 

6"  Topsoil 

30"  Soil  Cover 

30"  Soil  Cover 

4  Ib/sf  Bentonite 

12"  Natural  Clay 

Permeability: 

Cost  : 

lO”^  cm/sec 

10~^  cm/sec 

Synthetic  Membrane 

6"  Topsoil 

18*  Soil  Cover 

36inil  Reinforced  Membrane 

lO”^®  cm/sec 


Earthwork 

$ 

185 

Imported  Fill 

425 

Liner 

370 

Grading/Grass 

TT 

290 

,270 

000 

$  185 

000 

425 

000 

540 

000 

290 

,000  $1,440 


000 

$  185,000 

000 

200,000 

000 

470,000 

000 

290,000 

"500 

$1,145,000 

TABLE  3 

Cost  Comparison  of  Alternative  Cover  Systems 
(CH2M  HILL,  1983) 
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cutoff  barrier,  the  slurry  trench  method  was  selected  for 
design.  The  selected  design  called  for  a  nominal  30-inch 
wide  slurry  supported  trench  keyed  2  feet  into  the 
Kirkwood  Formation  clay  layer  and  backfilled  with  a 
soi 1 -bentoni te  mixture. 

The  soi 1 -bentoni te  mixture  was  selected  because  it  is 
conventional,  proven  technology  and  provides  a  plastic, 
low  permeability  backfill.  The  contract  specifications 
required  well  graded  materials  with  maximum  particle  size 
of  3  inches,  mixed  with  a  minimum  20  percent  by  weight  of 
plastic  fines.  Uncontaminated  on  site  material  above  the 
water  table  was  acceptable  for  the  basic  backfill  mater¬ 
ial.  The  plastic  fines  was  imported  material  passing  the 
No.  200  sieve  having  a  Liquid  I imit  greater  than  20  and  a 
Plasticity  Index  greater  than  4  (USCE,  1983). 


INITIAL  REMEDIAL  MEASURES--C0NSTRUCTI0N 

Contract  documents  for  the  Lipari  Landfill  Leachate  Con¬ 
tainment  System  were  prepared  by  CH2M  HILL  for  the  Kansas 
City  District,  U.S.  Army  Corps  of  Engineers  (USCE)  under 
a  U.S.  EPA  Zone  1  Remedial  Response  Action  Contract.  The 
construction  contract  was  advertised  in  May  of  1983,  with 
bids  opened  June  30,  1983. 

On  June  9,  1983,  Slurry  Systems,  Inc.,  licensee  of  the 
vibrated  beam  method,  filed  a  bid  protest  with  the  U.S. 
Comptroller  General,  claiming  that  their  technology  was 
unfairly,  without  authority  and  with  no  technical  basis 
excluded  from  the  project.  The  protest  was  based  on  the 
fact  that  the  U.S.  EPA  Administrator's  decision  on  con¬ 
tainment  strategies  for  the  Lipari  site  incorporated  the 
recommendations  from  the  initial  reports  (Wright,  1981b) 
in  the  Record  of  Decision.  A  final  decision  was  rendered 
by  the  Comptroller  General  on  December  13,  1983,  denying 
the  protest.  The  denial  was  based  in  part  on  the  fact 
that  while  various  reports  were  used  in  evaluation  and 
development  of  the  Record  of  Decision,  it  did  not  state 
that  conclusions  of  any  particular  study  was  adopted 
(Comptrol ler  General ,  1983). 

The  contract  for  the  leachate  containment  system  was 
awarded  to  D'Appolonia  Waste  Management  Services,  Inc., 
with  construction  beginning  in  August  of  1983.  The  con¬ 
tractor  selected  the  flexible  synthetic  membrane  cover 
system.  Work  was  essentially  completed  in  November  of 
1984  for  approximately  $2,205,000.  One  claim  concerning 
leachate  overtopping  of  the  vertical  wall  remains  unset¬ 
tled. 

Resident  engineering  and  construction  management  for  the 
leachate  containment  system  contract  were  provided  by  the 
Philadelphia  District  USCE,  with  design  interpretations 
provided  by  Kansas  City  District  personnel  and  support  as 
needed  from  the  CH2M  HILL  design  team.  In  addition, 

U.S.  EPA  had  oversight  responsibilities. 

FUTURE  REMEDIATION 

U.S.  EPA  has  been  monitoring  performance  of  the  leachate 
containment  system  since  its  completion  in  late  1984. 
Detailed  analyses  of  system  performance  are  scheduled  for 
publication  in  April  of  1988.  Preliminary  indications 
are  that  the  containment  system  is  behaving  as  expected. 

There  are,  however,  several  activities  contemplated  for 
the  Phase  II  remedial  measures  at  the  Lipari  site.  These 
measures  include  on-site  elements  and  off-site  remedial 
activities.  On-site  measures  are  expected  to  include 
batch  flushing  and  extraction  and  treatment  of  contami¬ 
nated  groundwater  within  the  contained  area.  Off-site 
measures  include  removal  and  treatment  of  contaminated 
sediment  in  Rabbit  Run,  Chestnut  Branch,  and  Alcyon  Lake. 
It  is  also  expected  that  extraction  and  treatment  of  con¬ 


taminated  groundwater  from  the  lower  Kirkwood  Formation 
sand  unit  may  be  required.  It  is  estimated  that  the 
Phase  II  programs  will  take  about  7-1/2  years  to  complete 
and  cost  approximately  $12.3  million.  The  U.S.  EPA 
Administrator’s  Record  of  Decision  for  Phase  II  remedial 
measures  is  expected  by  April  of  1988. 

CONCLUSIONS 

Approximately  14  years  after  leachate  was  first  observed 
seeping  from  the  Lipari  Landfill,  the  construction  of  a 
containment  system  was  completed.  It  is  expected  that 
"final"  cleanup  of  this  site  will  not  be  completed  until 
some  25  years  after  the  initial  observation  of  seepage, 
at  a  total  cost  for  remediation  for  the  Lipari  Landfill 
that  will  approach  $15  million. 

The  technical  issues  associated  with  the  cleanup  of  the 
Lipari  Landfill  are  not  overly  complex  and  are,  with 
reasonable  expectations,  simple  to  implement.  What  is 
difficult  for  the  technologist  to  fully  comprehend  and 
implement  in  the  design  and  construction  process  are  the 
public's  expectations  for  hazardous  waste  site  cleanup. 

We  cannot  meet  these  expectations  until  technology  can 
develop  effective  means  to  positively  educate  the  public 
about  the  fallacy  of  "risk-free"  solutions  and  100  per¬ 
cent  removal  of  contaminants.  This  situation  is  com¬ 
pounded  by  the  plethora  of  public  agencies,  scores  of 
consultants,  and  artificial  separation  of  investigation, 
analysis,  design  and  construction  management  responsibi- 
1 ities. 

The  geotechnical  profession  has  made  and  will  continue  to 
make  major  contributions  to  cleanup  and  restoration  of 
uncontrolled  hazardous  waste  disposal  sites.  Limitations 
created  by  institutional  constraints  have  not  allowed  the 
implementation  of  efficient,  innovative  geotechnical 
solutions  to  site  remediation.  The  challenge  to  our  pro¬ 
fession  is  to  educate  both  the  regulator  and  the  public 
as  to  the  benefits  of  two  simple  precepts--continuity  of 
thought  and  the  use  of  the  observational  method  to  effi¬ 
ciently  and  effectively  remediate  the  uncontrolled  haz¬ 
ardous  waste  disposal  site. 
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Case  Histories  in  Seismic  Response  Analysis 
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SY>’OPSIS:  The  reliability  anl  utility  of  ilynamic  response  analysis  in  aeotechnical  engineerina  is 
explore  1  hv  a  series  of  case  histories.  A  detail ed  study  of  the  seismic  response  of  Mexico  City 
sites  during  the  IhAI  earthquake  shows  clearly  the  limitations  of  present  methods  for  estimatino  the 
appropriate  input  motions  for  analysis  and  the  necessity  of  usina  a  suite  of  representative  input 
motions.  Analyses  of  seismic  soi 1 -s tructure  interaction  are  conducted  on  centrifuaed  models  suhjec- 
te 1  to  simulated  earthquake  loadinq.  Finally  the  seismic  response  of  a  tailings  dam  is  investioated 
usina  nonlinear  dynamic  effective  stress  analysis. 


T\'"’ROPt'CTI0M 

~he  basic  elements  in  the  dynamic  analysis 
of  a  soi 1 -structure  system  are  input  motion, 
appropriate  models  of  site  and  structure,  con¬ 
stitutive  relations  fipr  all  materials  present, 
and  a  stable,  efficient,  accurate,  computa¬ 
tional  procedure.  The  specification  of  the 
input  motion  and  the  selection  of  an  appropri¬ 
ate  constitutive  relation  are  the  most 
difficult  steps  in  the  analysis. 

Linear  elastic  analysis  is  appropriate  for 
low  levels  of  shaking  in  relatively  firm 
ground.  As  the  shaking  becomes  more  intense, 
soil  response  becomes  nonlinear.  A  great 
variety  of  constitutive  relations  are  available 
for  nonlinear  response  analysis  ranging  from 
equivalent  linear  elastic  models  to  elastic- 
plastic  models  with  both  isotropic  and  kinema¬ 
tic  hardening.  An  additional  complication  is 
the  effect  of  seismically  induced  porewater 
pressures.  If  these  become  significant,  the 
corresponding  reduction  in  effective  stresses 
will  result  in  significant  reductions  in  moduli 
and  strength  which  must  be  taken  into  account. 
Therefore,  for  some  problems,  the  simpler  total 
stress  methods  of  analysis  are  not  adequate; 
effective  stress  methods  must  be  used. 

The  most  widely  used  methods  for  dynamic 
analysis  are  base’  on  the  equivalent  linear 
model.  Compute;  programs  representative  .-,f 
this  approach  are  SHAKE  (Schnabel  et  al . ,  1972) 
for  one-dimensional  analysis  (1-D)  and  FLUSH 
( Lysmer  et  al  .  ,  1975)  for  2-D  analysis.  These 

programs  perform  total  stress  analyses  only. 

In  recent  years,  there  has  been  a  distinct 
shift  towards  the  use  of  nonlinear  total  and 
effective  stress  methods  of  analysis.  A  number 
of  nonlinear  1-D  programs  are  now  available 
which  give  similar  results  for  a  given  site 
(Streeter  et  al.,  1973;  Lee  and  Finn,  1975;  Lee 
and  Finn,  1978;  Martin  et  al . ,  1978;  Dikmen  and 
Ghaboussi,  1984).  A  widely  used  program  of 
this  kind  is  DFSRA-2  (Lee  and  Finn,  1978)  which 
has  been  used  for  site  response  studies  both 
onshore  and  offshore. 

A  number  of  programs  are  also  available 
for  2-D  nonlinear  dynamic  effective  stress 


analysis.  The  simplest  kind  are  based  on  non¬ 
linear  hysteretic  models  of  soil  response  using 
hyperbolic  skeleton  loading  curves  anil 
unloading-reloading  response  defined  by  the 
Masing  criterion  (Masing,  1926).  A  representa¬ 
tive  program  of  this  type  is  TARA-3,  the  third 
in  an  evolving  series  of  TARA  programs  (Finn  et 
al.,  1986).  This  program  has  been  subjected  to 
critical  evaluation  over  the  last  three  years 
using  data  from  centrifuge  model  tests 
sponsored  by  the  U.S.  Nuclear  Regulatory 
Commission  through  the  European  Office  of  the 
U.S.  Army  Corps  of  Engineers.  Some  of  these 
tests  have  been  described  previously  by  Finn 
(1986).  Some  results  from  this  study  will  be 
presented  later. 

2-D  elastic-plastic  models  for  dynamic 
effective  stress  analysis  are  generally  based 
on  Biot's  equations  (Biot,  1941)  for  coupled 
fluid-soil  systems.  However  few  of  these  have 
been  incorporated  in  commercially  available 
programs.  The  most  widely  used  program  of  this 
type  is  DYNAFLOW  (Prevost,  1981).  The  elastic- 
plastic  effective  stress  models  offer  the  most 
general  descriptions  of  soil  response.  How¬ 
ever,  the  properties  required  in  some  of  them 
are  difficult  to  measure  and  the  programs  make 
heavy  demands  on  computational  time.  Analyses 
using  these  models  have  been  conducted  on  super 
computers  to  cut  the  turn  around  time.  Recent 
studies  comparing  a  Japanese  program  of  this 
type,  DIANA-J,  with  the  nonlinear  program 
TARA-3  showed  TARA-3  to  be  a  minimum  of  50-60 
times  faster  (Yoshida,  1987). 


EQUIVALENT  LINEAR  ANALYSIS  OF  SITE  RESPONSE  AT 
MEXICO  CITY  SITES 

Mexico  City  is  located  in  the  sooth  west  corner 
of  the  Valley  of  Mexico  on  the  edge  of  the 
former  Lake  Texcoco.  During  the  1985  earth¬ 
quake,  ground  accelerations  were  recorded  on 
hard  sites  in  the  foothills  of  the  University 
district  (UNAM)  and  on  the  soft  deposits  of  the 
old  lake  bed.  The  locations  of  the  accelero- 
qraph  sites  are  shown  in  Fig.  1. 
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Fig.  1.  Soil  zones  and  accelerograph  sites  in 
Mexico  City  (after  Mitchell  et  al.,  1986). 


Soil  conditions  in  the  lake  zone  are 
characterized  by  soft  clay  deposits  overlying 
dense  sands  and  much  stiffen  clays  with  shear 
wave  velocities  comparable  to  those  of  soft 
rock.  Romo  and  Seed  (1986)  characterized  the 
lake  zone  sites  as  homogeneous  clay  layers  with 
the  properties  shown  in  Table  1.  The  CAF  and 
CAO  sites  are 


al  .  ,  1972).  They  used  the  Pasadena  record  of 

the  1952  Kern  County  earthquake  (M  »  7.6)  as  a 
representative  input  motion  after  scaling  it 
appropriately  for  peak  acceleration  (an,ax  = 
0.035  g)  and  frequency  to  obtain  strong 
response  around  a  period  of  two  seconds,  the 
period  of  the  SCT  site.  This  scaling  resulted 
in  a  good  match  between  the  computed  accelera¬ 
tion  response  spectrum  for  the  SCT  site  and  the 
average  spectrum  of  the  two  horizontal  compon¬ 
ents  of  acceleration  recorded  at  the  site 
(Fig.  3).  This  analysis  was  repeated  for  the 
present  study  with  similar  results  (Fig.  3). 


Table  1 .  Properties  of  Mexico  City  Sites  for 
Dynamic  Analysis  (after  Romo  and 
Seed,  1986). 


Site  Depth 


SCT  35-40m 
CAO  55m 

CAF  45m 


Shear  Wave 
Velocity 

75-80  m/s 
65-75  m/s 
70  m/s 


Unit  Weight 


1 . 2  t/m3 

1.2  t /m  3 
1.2  t /m  3 


located  in  Central  de  Abastos  (Fig.  1).  The 
shear  wave  velocities,  ,  were  determined  from 
the  natural  periods  of  the  sites  obtained  from 
the  Fourier  spectra  of  the  recorded  motions 
(Romo  and  Seed,  1986).  The  corresponding  shear 
moduli,  G,  were  obtained  from  G  =  pV|  in  which 
0  =  mass  density  of  the  soil.  These  values 

compared  well  with  moduli  derived  from  the 
results  of  resonant  column  and  cyclic  triaxial 
tests  (Romo  and  Jaime,  1986).  The  variations 
of  shear  modulus  and  damping  ratio  of  Mexico 
City  clay  as  a  function  of  shear  strain  (Leon 
et  al.,  1974;  Romo  and  Jaime,  1986)  are  shown 
in  Fig.  2. 

Tlie  response  of  the  lake  zone  sites  will  be 
analyzed  in  two  ways,  (1)  following  the  usual 
procedure  of  using  a  scaled  acceleration  record 
from  another  earthquake  as  a  representative 
input  motion  and  (2)  using  the  rock  outcrop 
motions  recorded  at  UNAM  (Finn  et  al,  1988). 


Analysis  Using  Scaled  Motion 

Romo  and  Seed  (1986)  analysed  the  three  lake 
bed  sites  using  the  program  SHAKE  (Schnabel  et 


Fig.  3.  Response  spectra  (5%  damping)  of 
computed  motions  and  average  response  spectra 
of  the  recorded  motions  at  the  SCT  site. 


The  acceleration  response  spectrum  of  the 
scaled  Pasadena  motions  is  shown  in  Fig.  4 
together  with  the  spectrum  of  the  motions 
scaled  for  peak  acceleration  only.  It  is  clear 
that  scaling  for  frequency  resulted  in  a  major 
shift  in  the  period  of  strong  spectral 
response.  Such  a  major  scaling  for  frequency 
would  probably  not  have  been  considered 
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Fiq.  4.  Response  spectra  (5%  ^anpina)  for 
Pasa.4ena  recorH  showlnq  effect  of  frequency 
sea  lino. 


necessary  had  it  not  been  for  the  availability 
of  the  1985  qround  notion  records  which  showed 
that  the  peak  response  at  the  SCT  site  occurred 
around  a  period  of  2  sec  and  that  the  rock 
motion  had  relatively  high  response  at  the  same 
period.  The  predominant  period  of  rock  input 
motions  would  probably  have  been  estimated  at 
around  1.5  sec  based  on  the  relationship 
between  predominant  period  and  distance  to  the 
causative  fault  developed  by  Seed  et  al  . 
(1969). 

Mote  that  uniform  scaling  of  a  record  for 
frequency  does  more  than  simply  shift  the 
period  of  peak  response  to  the  desired  fre¬ 
quency.  It  also  enlarges  the  frequency  range 
in  which  strong  response  may  be  encountered. 
Therefore  input  motions  with  predominant 
periods  greatly  different  from  the  required 
predominant  period  should  not  be  uniformly 
scaled  unless  broad  band  strong  response  is 
desired . 

Analysis  Using  Rock  Outcrop  Motions 

Accelerations  were  recorded  at  two  hard  sites 
at  UNAM.  The  motions,  designated  CUOl  and 
CUIP,  were  recorded  on  the  first  floor  of  a 
three  storey  building  and  in  the  free  field 
respectively.  The  seismic  response  of  the  SCT 
site  was  analyzed  using  the  N90W  and  NOOE 
components  of  these  motions  as  input  motions  to 
the  SHAKE  program.  The  peak  horizontal  accel¬ 
erations  of  these  components  are  as  follows; 
CU01-N90W  =  0.034  g,  CUOl-NOOE  =  0.028  g, 

CUIP-N90W  =  0.035  g  and  CUIP-NOOE  =  0.032  g. 
Detailed  discussions  of  the  characteristics  of 
the  recorded  ground  motions  are  given  by 
Anderson  et  al . ,  1986a,  1986b. 

The  acceleration  response  spectra  for  the 
computed  ground  motions  are  compared  with  the 
corresponding  spectra  of  the  recorded  motions 
in  Figs.  5  and  6.  In  the  N90W  direction,  both 
spectra  of  the  computed  motions  underestimate 
the  spectrum  of  the  recorded  motions  both  in 
terms  of  peak  spectral  acceleration  and  the 
range  of  strong  response  (Fig.  5).  The  agree¬ 
ment  in  the  case  of  the  NOOE  components  is  much 
better  (Fig.  6).  Clearly  the  motions  at  the 


Fia.  5.  Response  spectra  (551  dampinq)  of 
recorded  and  computed  notions  in  the  N90W 
direction  at  the  SCT  site. 


Fiq.  6.  Response  spectra  (5%  damping)  of 
recorded  and  computed  motions  in  the  NOOE 
direction  at  the  SCT  site. 


SCT  site  must  have  a  much  greater  directional 
bias  than  the  rock  motions  recorded  at  HNAM. 
This  is  evident  from  the  acceleration  plots  in 
Figs.  7a  and  7b,  which  show  the  total  accelera¬ 
tion  paths  for  the  CUIP  motions  at  the  UNAM 
site  and  the  SCT  site  respectively.  Note  that 
the  acceleration  paths  for  the  SCT  site  lie  in 
an  elongated  band  inclined  significantly  more 
to  the  N90W  direction  than  to  the  NOOE 
direction . 

A  close  match  between  the  computed  and 
measured  spectra  for  the  N90W  direction  is 
obtained  if  the  CUIP  input  motions  are  scaled 
to  a  peak  acceleration  of  0.095  g  from  0.035  q 
as  shown  in  Fig.  8.  Note  that  the  peak 
spectral  accelerations  are  approximately  equal 
and  the  range  of  peak  response  is  now  consider¬ 
ably  wider  than  that  obtained  using  the 
unsealed  motions  as  input  (Fiq.  5).  Even  the 
shoulder  in  the  recorded  response  spectrum  to 
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E~W  Componenl(cm/i«c/i*c) 


Fio.  ■’a.  iNecordei!  acce  1  e  rat;  ions  at  the  CHIP 
site. 


E-W  Compon»ni(cm/nc/iec) 


Fiq.  7b.  Recoriied  accelerations  at  the  SCT 
site. 


the  riqht  of  the  peak  response  is  now  repro- 
(iuced.  When  the  N90W  component  of  the  CHOI 
motions  are  scaled  also  to  0.095  q,  the 
computed  response  is  sliohtly  greater  than  the 
recor.led  response  but  the  correct  shape  is 
reproduced.  By  further  refinement  in  the 

scaling  a  closer  match  could  be  obtained  in  the 
region  of  peak  response.  Rut  the  lesson  is 
already  clear  that  scaling  of  the  rock  outcrop 
motions  by  a  factor  of  about  2.5  is  necessary 
to  get  a  good  match  between  recorded  and 
computed  spectra  in  the  N90W  direction  in  the 
region  of  peak  response.  Note  ti.at  the  scaling 
to  match  peak  response  has  resulted  in  higher 
computed  responses  around  a  period  of  1  sec. 
It  is  not  possible  to  get  simultaneously  a  good 
match  in  both  these  regions  of  the  response 
spectrum.  A  reasonable  match  may  be  obtained 
in  the  NOOK  direction  with  little  or  no  scaling 
(Fig.  6). 


=0  I  ;  3  a  5  6 

Period  (seconds) 


Fig.  8.  Response  spectra  (5%  damping)  of 
recorded  and  computed  motions  in  the  N90W 
direction  at  the  RCT  site,  scaled  outcrop 
notions  as  input. 


There  are  a  number  of  possible  explanations 
for  the  discrepancies  betveen  recorded  and 
computed  spectra  when  the  rock  outcrop  motions 
are  used  as  input.  If  it  is  assumed  that  the 
shear  bean  model  adequately  represents  the 
dynamic  response  of  the  sites  then  it  must  be 
assumed  that  the  rock  outcrop  motions  are  modi¬ 
fied  as  they  pass  into  the  hard  sand  layer, 
acquiring  a  directional  bias  and  a  redistribu¬ 
tion  of  peaks.  But  it  seems  unlikely  that  this 
is  the  sole  explanation.  It  is  probable  that 
surface  waves  are  generated  in  the  stratum 
above  the  sand  layer  with  periods  dependent  on 
the  local  thickness  and  stiffness  of  the  layer. 
Information  on  these  waves  would  not  be 
included  in  the  rock  outcrop  motions,  resulting 
in  significant  long  period  differences  between 
computed  and  recorded  responses.  An  interest¬ 
ing  example  of  this  is  provider!  by  data  from 
the  Oji  site  in  Japan  (ohta  et  al.,  1977). 


2-D  NONLINEAR  DYNAMIC  FFFFCTIVF  STRESS 
ANALYSIS 

2-D  dynamic  analyses  are  usually  conducted 
using  equivalent  linear  finite  element  analyses 
in  the  frequency  domain.  There  has  been  little 
verification  of  these  methods  because  of  a  lack 
of  adequate  field  data. 

There  are  certain  important  phenomena  in 
soi 1 -structure  interaction  outside  the  sc'pe  of 
conventional  frequency  domain  analysis. 
Typical  examples  are  uplift  during  rocking, 
permanent  deformations,  the  effects  of  seismic- 
ally  induced  porewater  pressures,  hysteretic 
behaviour  and  stick-slip  behaviour  at  interf¬ 
aces  between  structure  and  foundation  soils. 

The  program  TARA-3  (Finn  et  al.,  1986)  was 
developed  to  cope  with  such  problems.  The 
capability  of  the  program  will  be  demonstrated 
by  using  it  to  analyze  one  of  the  NRC  centri¬ 
fuge  tests  which  models  the  response  of  a  heavy 
two-dimensional  structure  embedded  in  a  satura¬ 
ted  sand  foundation  to  seismic  excitation. 
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ANALYSIS  riv  TARA-3 

In  '"ARA-3,  response  in  shear  is  assume  1  to  be 
nonlinear  an  1  hysteretic  with  unloa^Iinq  and 
reloavlina  st  ress -s t r a i n  paths  defined  by  the 
'■'asm-!  rriterion  (Masina,  1926).  The  response 
nt  tr!e  soil  to  uniforr-  all  roun'i  pressure  is 
asso.-ed  t  1  be  nonlinearly  elastic  and  dependent 
on  the  -ean  normal  effective  s’  ’-ess.  Porewater 
pressures  lurinp  shakirp  are  computed  usinq  the 
^  a  r  t  i  n  -  F 1  nn  -  S  eo!l  porewater  pressure  model 
('■'artin  et  al  1976)  modified  to  take  into 
account  the  effects  of  initial  static  shear 
stress.  Moduli  and  strenqth  are  continuously 
-od.i‘''ied  lurinn  analysis  to  reflect  chanaes  in 
the  effective  stress  reaime.  A  detailed 
desr-riotion  of  the  constitutive  relations  in 
"'ARA-3  is  liven  by  Finn  (1996). 

For  analysis  involvinp  so i 1 -s t ruct ure  inter¬ 
action  it  -ay  be  important  to  model  slippage 
between  tiie  structure  and  soil.  Slip  nay  occur 
lurinn  very  str-ong  shaking  or  even  under  moder¬ 
ate  shakinn  if  hinh  porewater  pressures  are 
levelopel  inler  the  structure.  TARA-3  contains 
s  1  i  n  elements  m  the  Goodman  (Goodman  et  al  .  , 
10691  type  to  allow  for  relative  movement 
between  soil  an  1  str!icture  in  both  sli-linq  and 
rackim  modes  during  earthquake  excitation. 


model  therefore  simulated  a  structure  approxi¬ 
mately  8.6  m  high  by  12  m  wide  embedded  2  m  in 
the  foundation  sand. 

De-aired  silicon  oil  with  a  viscosity  of  80 
centistokes  was  used  as  a  pore  fluiil  in  order 
to  model  the  drainage  conditions  in  the  proto¬ 
type  during  the  earthquake.  If  the  linear 
scale  factor  between  model  and  prototype  is  N, 
then  excess  porewater  pressures  dissipate 
approximately  times  faster  in  the  model  than 
in  the  prototype  if  the  same  fluid  is  used  in 
both.  The  rate  of  loading  by  seismic  excita¬ 
tion  will  be  only  M  times  faster.  Therefore, 
to  model  prototype  drainage  conditions  during 
the  earthquake,  a  pore  fluid  with  a  viscosity  N 
times  the  prototype  viscosity  must  be  used, 
""his  viscosity  was  achieved  by  an  appropriate 
blending  of  commercial  silicon  oils.  Tests  by 
Eyton  (1982)  have  shown  that  the  stress-strain 
behaviour  of  fine  sand  is  not  changed  when 
silicon  oil  is  substituted  for  water  as  a  pore 
fluid.  In  the  gravitational  field  of  80  q,  the 
structure  underwent  consolidation  settlement 
which  led  to  a  significant  increase  in  density 
under  the  structure  compared  to  that  in  the 
free  field.  This  change  in  density  was  taken 
into  account  in  the  analysis. 

The  locations  of  the  accelerometers  (ACC) 
and  nressure  transducers  (PPT)  are  shown  in 
^■iq .  10.  Analyses  of  previous  centrifuge  tests 


V'lPFI.  S-'-R''cT!’RF  EMBFOPEP  in  SATI'RATEP  sand 


A  schematic 
shown  in  Fio 
aluminum 
wide  by  108 


view  of 
9.  It  is 
al loy  and 
mm  high,  i : 


the  model  structure  is 
made  from  a  solid  piece 
has  dimensions  150  mm 
7.  the  plane  of  shaking. 


Fig.  9.  Centrifugal  model  of  embedded 

structure. 


The  length  perpendicular  to  the  plane  of  shak¬ 
ing  is  470  mm  and  spans  the  width  of  the  model 
container.  The  structure  is  embedded  a  depth 
of  25  mm  ir.  the  sand  foundation.  Sand  was 
glued  to  the  base  of  the  structure  to  prevent 
slip  between  structure  and  sand. 

The  foundation  was  constructed  of  Leighton 
Buzzard  Sand  passing  British  Standard  Sieve 
(BS.S)  Mo.  52  and  retained  on  RSS  No.  100.  The 
mean  grain  size  is  therefore  0.225  mm.  The 
sand  was  placed  as  uniformly  as  possible  to  a 
nominal  relative  density  D^.  =  52*. 

During  the  test  the  model  experienced  a 
nominal  centrifugal  acceleration  of  80  q.  The 


Fig.  10.  Instrumentation  of  centrifuged  model. 


indicated  that  TAPA-3  was  capable  of  modelling 
acceleration  res,  onse  satisfactorily.  There¬ 
fore,  in  the  present  test,  more  instrumentation 
was  devoted  to  obtaining  a  good  data  base  for 
checking  the  ability  of  TARA-3  to  predict 
residual  porewater  pressures. 

As  may  be  seen  in  Fig.  10,  the  porewater 
pressure  transducers  are  duplicated  at  corres¬ 
ponding  locations  on  both  sides  of  the  centre 
line  of  the  model  except  for  PPT  2255  and  PPT 
1111.  The  purpose  of  this  duplication  was  to 
remove  any  uncertainty  as  to  whether  a  differ¬ 
ence  between  computed  and  measured  porewater 
pressures  might  be  due  simply  to  local  inhomo¬ 
geneity  in  density. 

The  porewater  pressure  data  from  all  trans¬ 
ducers  are  shown  in  Fig.  11.  These  records  show 
the  sum  of  the  transient  and  residual  porewater 
pressures.  The  peak  residual  pressure  may  be 
observed  when  the  excitation  has  ceased  at 
about  95  milliseconds.  T.ie  pressures  recorded 
at  corresponding  points  on  opposite  sides  of 
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the  r-ynt  re  line  such  as  PPT  2631  ani  PPT  2338 
are  ■'lon^TaHy  quite  sirilar  althounh  there  are 
■'1'%’ u-'as  1 V  Tirv^r  iifferonces  in  the  levels  of 
an’  resi.’ual  porewater  pressures, 
""here^nro  it  >''ari  be  assumeil  that  the  sand 
foLinda*- 1  •'H  is  rer^arkahly  symnetrical  in  its 
nr ''perr  i  es  abnat  the  centre  line  of  the  model, 
hence  ■’"easarel  an  1  computed  porewater  pressures 
are  e  v'pare  ’  -^nly  fnr  locations  on  one  side  of 
tb.e  'en*:re  line  of  the  node!  only,  the  right 
b.  ri  ’  SI  \  e  . 


Fin.  11.  ^oppiete  porewater  pressure  data  from 
cen t  r i fnac  t es t . 


Fig.  12.  Recorded  and  computed  horizontal 
accelerations  at  ACC  1R3B. 
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;-nvipi'7[.Ti  aNT>  MKASHRF.D  ACCEr.ERATIOM  RESPONSES 

The  so  i  I -s  t  r  uc  t  u  re  interaction  moclel  was 
oonverte.'l  to  prototype  scale  before  analysis 
usim  TAPA-3  anrl  all  '1ata  are  quoted  at  proto¬ 
type  scale.  Soil  properties  were  consistent 
with  relative  density. 

The  conputed  and  measured  horizontal  accel¬ 
erations  at  the  top  of  the  structure  at  the 
location  of  ACC  I  93fl  are  shown  in  Fiq.  12. 
They  are  very  sinilar  in  frequency  content, 
each  correspond inq  to  the  frequency  of  the 
input  notion  qiven  by  ACC  3441  (Fiq.  11).  The 
peaV  acce 1  era t ions  aqree  fairly  closely. 

The  vertical  accelerations  due  to  rockinq  as 
recorded  by  ACC  1900  and  those  computed  by 
TARA-3  are  shown  in  Fiq.  13.  Aqain,  the 
computed  accelerations  closely  match  the 
recorded  accelerations  in  both  peak  values  and 
frequency  content.  Note  that  the  frequency 
content  of  the  vertical  accel erat ions  is  much 
hiqher  than  that  of  either  the  horizontal 
acceleration  at  the  same  level  in  the  structure 


Fiq.  13.  Recorded  and  computed  vertical 
accelerations  at  ACC  1900. 


or  that  of  the  input  motion.  This 
because  the  foundation  soils  are  much 
under  the  normal  compressive  stresses 
rockinq  than  under  the  shear  stresses 
by  the  horizontal  accel erations . 


occurs 
stiffer 
due  to 
induced 


COMPUTED  AND  MEASURED  POREWATER  PRESSURES 

The  porewater  pressures  in  the  free  field 
recorded  by  POT  28  SI  are  shown  in  Fiq.  14.  In 
this  case  the  chanqes  in  the  mean  normal 
stresses  are  not  larqe  and  *-he  fluctuations  of 
the  total  porewater  pressure  about  the  residual 
value  are  relatively  small.  The  peak  residual 
porewater  pressure,  in  the  absence  of  drainaqe, 
is  qiven  directly  by  the  pressure  recorded 
after  the  earthquake  excitation  has  ceased.  In 
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Fia.  14.  Recorded  and  computed  porewater 
pressures  at  PPT  2851. 


the  present  test,  significant  shaking  ceased 
after  7  seconds.  A  fairly  reliable  estimate  of 
the  peak  residual  pressure  is  given  by  the 
record  between  7  and  7.5  seconds.  The  recorded 
value  is  slightly  less  than  the  value  computed 
by  TARA-3  but  the  overall  agreement  between 
measured  and  computed  pressures  is  quite  good. 

As  the  structure  is  approached,  the  recorded 
porewater  pressures  show  the  increasing  influ¬ 
ence  of  soi 1 -structure  interaction.  The  pres¬ 
sures  recorded  by  PPT  2846  adjacent  to  the 
structure  (Fig.  15)  show  somewhat  larger  oscil- 


Test  RSSlll/EQl  PPT2846 


Fig.  15.  Recorded  and  computed  porewater 
pressures  at  PPT  2846. 


lations  than  those  recorded  in  the  free  field. 
This  location  is  close  enough  to  the  structure 
to  be  affected  by  the  cyclic  normal  stresses 
caused  by  rocking.  The  recorded  peak  value  of 
the  residual  porewater  pressure  is  given  by  the 
relatively  flat  portion  of  the  record  between  7 
and  7.5  seconds.  The  computed  and  recorded 
values  agree  very  closely. 


Transducer  PPT  2338  is  located  directly 
under  the  structure  near  the  edge  and  was  sub¬ 
jected  to  large  cycles  of  normal  stress  due  to 
rocking  of  the  structure.  These  fluctuations 
in  stress  resulted  in  similar  fluctuations  in 
mean  normal  stress  and  hence  in  porewater 
pressure.  This  is  clearly  evident  in  the  pore¬ 
water  pressure  record  shown  in  Pig.  16.  The 


Test  RSSlll/EQI  PPT2338 


Fig.  16.  Recorded  and  computed  porewater 
pressures  at  PPT  2338. 


higher  frequency  peaks  superimposed  on  the 
larger  oscillations  are  due  to  dilations  caused 
by  shear  strains.  The  peak  residual  porewater 
pressure  which  controls  stability  is  observed 
between  7  and  7.5  seconds  just  after  the  strong 
shaking  has  ceased  and  before  significant 
drainage  has  time  to  occur.  The  computed  and 
measured  residual  porewater  pressures  agree 
very  closely. 

Contours  of  computed  porewater  pressures  are 
shown  in  Pig.  17.  They  indicate  very  symmetri¬ 
cal  distribution  of  residual  porewater 
pressure.  Recorded  values  are  also  shown  in 
this  figure. 

Stress-Strain  Response 

It  is  of  interest  to  contrast  the  stress-strain 
response  of  the  sand  under  the  structure  with 
that  of  the  sand  in  the  free  field.  The 
stress-strain  response  at  the  location  of  pore¬ 
water  pressure  transducer  PPT  2338  is  shown  in 
Fig.  18.  Hysteretic  behaviour  is  evident  but 
the  response  for  the  most  part  is  not  strongly 
nonlinear.  This  is  not  surprising  as  the 
initial  effective  stresses  under  the  structure 
were  high  and  the  porewater  pressures  reached  a 
level  of  only  about  20%  of  the  initial  effec¬ 
tive  vertical  stress. 

The  response  in  the  free  field  at  the  loca¬ 
tion  of  PPT  2851  (Fig.  19)  is  strongly 
nonlinear  with  large  hysteresis  loops  indicat¬ 
ing  considerable  softening  due  to  high 


Fig.  17.  Contours  of  computed  porewater  pressures. 
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PPT  2338  -  TmI  RSSIII/EQI  - 


Fiq.  18.  Stress  strain  response  imtier  the 
St  ructure . 


Fiq.  19.  Stress  strain  response  in  the  free 
field . 


porewater  pressures  and  shear  strain.  At  this 
location  the  porewater  pressures  reached  about 
80%  of  the  initial  effective  vertical  pressure. 


ANALYSIS  OF  DAMS 

Since  the  development  of  TARA-3  in  1986,  it  has 
been  used  to  estimate  the  seismic  response  of  a 


number  of  dams.  In  particular,  it  has  been 
used  to  determine  the  peak  dynamic  displace¬ 
ments  and  the  post-earthquake  permanent 
deformations.  Typical  results  for  the  proposed 
Lukwi  tailings  dam  in  Papua  New  Guinea  will  be 
presented  to  show  the  kind  of  data  that  is 
provided  by  a  true  nonlinear  effective  stress 
method  of  analysis  (Finn  et  al.,  1987,1988). 

Lukwi  Tailings  Dam 

The  finite  element  representation  of  the  Lukwi 
tailings  dams  is  shown  in  Fig.  20.  The  sloping 
line  in  the  foundation  is  a  plane  between  two 
foundation  materials.  Upstream  to  the  left  is 
a  limestone  with  shear  modulus  G  =  6.4  x  lO® 
kPa  and  a  shear  strength  defined  by  c '  =  700 

kPa  and  ij>  '  =  45°.  The  material  to  the  right  is 
a  siltstone  with  a  low  shearing  resistance 
given  by  c '  =0  and  if'  =  12°.  The  shear  modu¬ 
lus  is  approximately  G  =  2.7  x  10®  kPa.  The 
difference  in  strength  between  the  foundation 
soils  is  reflected  in  the  dam  construction. 
The  upstream  slope  on  the  limestone  is  steep 
whereas  the  downstream  slope  on  the  weaker 
foundation  is  much  flatter  and  has  a  large  berm 
to  ensure  stability. 

The  dam  was  subjected  to  strong  shaking  with 
a  peak  acceleration  of  0.33  g  (Fig.  21).  The 


Fig.  21.  Input  motion  of  analysis  of  Lukwi 
tailings  dam. 


response  of  the  limestone  foundation  is  almost 
elastic  as  shown  in  Fig.  22  by  the  shear 
stress-shear  strain  response  for  a  typical 
element . 

The  response  of  the  siltstone  foundation  is 
strongly  nonlinear.  The  deformations  increase 
progressively  in  the  direction  of  the  initial 
static  shear  stresses  as  shown  in  Fig.  23. 
Since  the  analysis  starts  from  the  initial 
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Fig.  20.  Finite  element  idealization  of  Luwki  tailings  dam. 
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Shrar  Strain  (p«rcenl) 

Fiq.  22.  Shear  stress-shear  strain  response  of 
limestone  foundation. 
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Shear  Strain  (percent) 

♦  24.  Shear  stress-shear  strain  response  in 
the  berm. 
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Fiq.  25.  Computed  accelerations  of  a  point 
near  the  crest. 


Fiq.  23.  Shear  stress-shear  strain  response  of 
siltstone  foundation. 


post-construction  stress-strain  condition 
subsequent  large  dynamic  stress  impulses  move 
the  response  close  to  the  highly  nonlinear  part 
of  the  stress-strain  curve.  It  may  le  noted 
that  the  hysteretic  stress-strain  loops  all 
reach  the  very  flat  part  of  the  stress-strain 
curve,  thereby  ensuring  successively  large 
plastic  deformations. 

An  element  in  the  berm  also  shows  strong 
nonlinear  response  with  considerable  hysteretic 
damping  (Fiq.  24). 

The  acceleration  time  history  of  a  point 
near  the  crest  in  the  steeper  upstream  slope  is 
shown  in  Fig.  25.  The  displacement  time 
history  of  the  point  is  shown  in  Fig.  26.  Note 
that  the  permanent  deformation  is  of  the  order 
of  25  cm.  Most  of  this  was  generated  by  a 
large  permanent  slip  which  occurred  about 
8  secs  after  the  start  of  shaking. 

The  deformed  shape  of  the  central  portion  of 
the  dam  is  shown  to  a  larger  scale  in  Fig.  27. 


no  4  0  0  0  12  0  16  0  20.0  24.0 

Time  (secs) 

Fig.  26.  Displacement  history  of  a  point  near 
the  crest. 


CONCLUSIONS 

The  selection  of  representative  motions  for 
use  as  input  in  seismic  response  analyses 
requires  considerable  skill  and  a  deep  under¬ 
standing  of  the  role  of  system  characteristics 


Fig.  27.  Deformed  shape  of  the  dam  after  the 
earthquake  to  enlarged  scale. 


in  defining  seismic  response.  The  practice  of 
selectinq  just  a  few  candidate  motions,  which 
is  unfortunately  fairly  common,  may  be  danaer- 
ously  unconservative. 

The  very  common  practice  of  modelling  the 
incoming  seismic  waves  as  horizontal  shear 
waves  propaqatina  vertically  is  inadequate 
wherever  sianificant  surface  waves  are  present. 
T  *■  ""av  c'so  he  inadequate  close  to  the 
epicentre . 

Dynamic  analysis  provides  a  constant  ordered 
approach  to  estimating  the  characteristics  of 
site  specific  motions.  It  allows  parametric 
studies  to  be  conducted  which  are  powerful 
guides  to  judgement.  Estimating  "exact" 
seismic  response  parameters  is  impossible; 
defining  safe  but  economical  design  parameters 
with  the  help  of  an  adequate  supply  of  repre¬ 
sentative  input  motions  for  dynamic  response 
analysis  is  feasible  and  practical. 

Phenomenological  aspects  of  soil-structure 
interaction  are  clearly  demonstrated  in  centri¬ 
fuge  tests  such  as  hiah  frequency  rocking 
response,  the  effects  of  rocking  on  porewater 
pressure  patterns  and  the  distortion  of  free- 
field  motions  and  porewater  pressures  by  the 
presence  of  a  structure. 

The  comparison  between  measured  and  computed 
responses  for  the  centrifuge  model  of  a  struc¬ 
ture  embedded  in  a  saturated  sand  foundation 
demonstrates  the  wide  ranging  capability  of 
TARA-3  for  performing  complex  effective  stress 
soi 1 -structure  interaction  analysis  with 
acceptable  accuracy  for  engineering  purposes. 
Seismically  induced  residual  porewater 
pressures  are  satisfactorily  predicted  even 
when  there  are  significant  effects  of  soil- 
structure  interaction.  Computed  accelerations 
agree  in  magnitude,  frequency  content  and 
distribution  of  peaks  with  those  recorded.  In 
particular,  the  program  was  able  to  model  the 
high  frequency  rocking  vibrations  of  the  model 
structures.  This  is  an  especially  difficult 
test  of  the  ability  of  the  program  to  model 
soil-structure  interaction  effects. 

The  program  TARA-3  can  compute  directly  the 
permanent  deformations  of  earth  dams  under 
seismic  loading.  The  utility  of  TARA-3  in 
practice  was  demonstrated  by  the  analysis  of 
the  Lukwi  tailings  dam.  Com.puted  stress-strain 
responses  show  the  widely  different  responses 
of  the  different  foundation  materials  to  the 
design  earthquake.  The  computed  final  deformed 
shape  of  the  dam  itself  reflected  clearly  the 
influence  of  dam  geometry  and  the  different 
foundation  materials. 

The  nonlinear  effective  stress  analysis 
provides  a  very  clear  overall  picture  of  the 
response  of  the  dam  to  the  design  earthquake  as 
well  as  providing  the  designer  with  all  the 
details  necessary  in  zones  of  potential 
concern . 
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SYNOPSIS:  Cellular  cofferdams  are  reviewed  from  the  point  of  view  of  recent  developments,  with  a 
particular  focus  on  movements.  It  is  found  that  applications  for  cofferdams  are  expanding,  with 
uses  extended  beyond  the  conventional  temporary  systems  to  permanent  navigation  and  retaining 
structures.  Results  from  instrumented  cofferdams  show  that  some  conventional  analysis  procedures 
for  predicting  interlock  force  and  internal  stability  are  excessively  conservative.  Where 
conditions  do  not  deviate  far  from  the  norm,  movement  patterns  for  cofferdams  can  be  quantified  and 
predicted.  For  more  exotic  cases,  finite  element  procedures  are  available  that  yield  reasonable 
predictions  of  behavior. 


INTRODUCTION 

Cellular  cofferdams  are  normally  temporary, 
serving  to  surround  an  area  in  a  body  of  water 
so  that  it  can  be  dewatered  and  used  for  con¬ 
struction.  A  plan  view  of  this  type  of  system 
is  shown  in  Figure  1  for  the  Stage  1  cofferdam 
used  for  construction  of  a  portion  of  the  re¬ 
placement  Lock  and  Dam  26  on  the  Mississippi 
River.  The  cofferdam  is  formed  by  means  of 
linked  cells,  each  of  which  is  created  by  driv¬ 
ing  interlocking  steel  sheetpiles.  The  cell 
may  be  circular,  diaphragm,  or  cloverleaf  in 
shape,  although  circular  is  the  most  common. 
As  shown  in  Figure  1,  the  circular  shape 
actually  only  applies  to  the  main  cells,  with 
the  circular  cells  connected  by  smaller  arc 
cells.  The  wall  that  the  main  cell  and  arc 
cell  share  is  termed  the  common  wall.  Where 
the  common  wall  joins  the  converging  main  and 
arc  cells,  a  special  wye  or  tee  element  is 
used. 

For  many  years,  cofferdam  technology  was 
relatively  static.  Design  methods  remained 
untested,  and  in  many  cases  gave  conflicting 
answers.  In  recent  years,  this  situation  has 
changed.  Cofferdams  have  found  use  in  a  wider 
variety  of  applications,  including  retaining 
structures,  waterfront  and  harbor  structures, 
and  floodwalls.  This  has  led  to  new  forms  of 
loading,  increased  concern  about  movements, 
and  the  use  of  the  cofferdam  as  a  permanent 
system . 

The  past  15  years  have  also  seen  a  number  of 
new  investigations  of  cofferdam  behavior.  In  a 
tew,  key  cases,  cofferdams  have  been  instru¬ 
mented,  leading  to  data  that  allows  behavior 
trends  to  be  better  understood,  particularly  as 
to  movements.  Also,  several  groups  have 
adapted  the  finite  element  method  to  coffer¬ 
dams,  leading  to  insights  into  the  nature  of 
the  soil-structure  interaction  process  in  these 
systems,  and  a  linkage  of  movements  in  the 
structure  and  the  soil.  Finally,  other  workers 
have  developed  modifications  to  the  conven¬ 
tional  design  technology.  This  paper  reviews 


each  of  these  subjects,  and  assesses  the 
potential  for  future  developments. 


LOCK  AND  DAM  NO.  26  (R ) -STAGE  1 


Fig.  1  -  Layout  and  Instrumention  of 
Stage  1  Cofferdam 

CONVENTIONAL  ANALYSIS  AND  DESIGN  PROCEDURES 

Conventional  geotechnical  design  considerations 
for  cofferdams  include  internal  and  external 
stability  (Figure  2).  Internal  stability  is 
concerned  with  the  degree  of  loading  of  the 
sheetpile  interlocks  and  connecting  elements, 
and  the  possibility  of  a  shear  failure 
developing  through  the  cell  fill  under  the 
distortions  that  occur  during  lateral  loading. 
External  stability  considers  the  possibility 
that  the  cofferdam  behaves  as  a  unit  and  is 
subject  to  bearing  failure,  sliding  on  the 
base,  or  overturning.  Special  considerations 
for  cofferdams  on  rock  relate  to  the 
possibility  of  sliding  on  weak  planes  in  the 
rock.  Broader  aspects  of  cofferdam  design 
involve  overtopping,  marine  impact,  ice 
loading,  and  construction  related  problems. 
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Fig.  2  -  Typical  Failure  Modes  of 
Cellular  Cofferdams 


Lacroix,  et  al.  (1970)  and  Rossow,  et  al.(1987) 
have  provided  thorough  reviews  of  conventional 
design  approaches.  These  efforts  will  not  be 
repeated  in  this  section,  rather  only  those 
areas  where  some  new  knowledge  has  been 
developed  will  be  discussed.  These  include 
methods  for  calculating  interlock  loads  for 
main  or  arc  cell  elements,  interlock  loads  for 
the  common  wall,  and  internal  stability. 

There  are  a  number  of  conventional  methods  for 
determining  interlock  loads.  All  are  based 
upon  the  equation: 

t  =  p  X  r  .  (1) 

in  which  t  =  interlock  load,  p  =  pressure 
exerted  by  the  fill,  normally  as  applied  to  the 
inboard  side  of  the  cell,  and  r  =  radius  of 
the  cell.  Differences  in  the  methods  lie  in 
the  distribution  assumed  for  the  fill  pressure, 
and  in  the  maximum  value  assigned  for  the  pres¬ 
sure.  In  Figure  3  four  commonly  used  alterna¬ 
tives  are  given;  Terzaghi  (1945),  Tennessee 
Valley  Authority  (1957),  Corps  of  Engineers,  as 
outlined  in  NAVDOCKS  Design  Manual  DM7  (1971), 
and  Schroeder  and  Maitland  (1979)  .  For  pur¬ 
poses  of  convenience,  these  will  henceforth  be 
referred  to  by  the  symbols  TZ,  TVA,  COE,  and 
SSM.  The  S&M  approach  represents  the  most 
recent  development.  As  is  seen  in  Figure  3, 
the  TZ  and  COE  methods  assume  triangular  pres¬ 
sure  distributions  which  continuously  increase 
with  depth,  while  the  other  two  increase  to  a 
certain  depth,  and  then  decrease  to  zero.  It 
is  Important  to  note  that  the  TVA  and  S&M  dis¬ 
tributions  are  not  Intended  to  reflect  the 
actual  earth  pressure  distribution.  Rather, 
they  are  designed  to  be  used  to  generate  the 
correct  distribution  of  interlock  load  when 
using  Equation  (1).  These  methods  reflect  the 


fact  that  the  interlock  load  must  decrease  near 
the  dredge  line  because  of  the  restraint  of¬ 
fered  by  the  embedded  portion  of  the  cell. 
Instrumentation  data  from  cofferdams  and  finite 
element  analyses  support  tnis  concept.  Further 
comment  on  this  will  be  made  later  in  this 
paper. 

The  common  wall  is  subjected  to  a  pull  from 
both  the  main  and  arc  cells.  Thus,  it  is 
generally  accepted  that  the  common  wall  is  sub¬ 
jected  to  a  higher  force  than  either  the  main 
or  arc  cell  wall.  The  calculation  of  forces  in 
the  common  wall  is  usually  based  on  one  of  two 
approaches:  (1.)  The  secant  formula  of  the  TVA: 

tew  =  P  L(sec  )  .  (2) 

in  which  L  =  centerline  distance  between  main 
and  are  cells;  and  =  angle  between  center- 
line  of  main  cell  and  wye  connection  point; 
and,  (2.)  The  Swatek  (1969)  formula: 

t^w  =  P  L  .  (3) 

Of  the  two,  the  secant  formula  gives  the  larger 
force  prediction,  and  as  will  be  shown  subse¬ 
quently,  field  data  support  the  Swatek  ap¬ 
proach. 


Note:  o-y'  is  vertical  effective  stress 


Fig.  3  -  Pressure  Distributions  for 
Calculation  of  Interlock 
Forces 
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A  number  of  alternative  methods  have  been 
proposed  for  analysis  of  internal  shear  failure 
under  the  action  of  lateral  loading.  Probably 
the  most  widely  accepted  procedure  is  that 
postulated  by  Terzaghi  (1945).  As  shown  in 
Figure  4,  he  assumes  that  the  soil  in  the  cell 
undergoes  shear  along  a  vertical  plane  due  to 
the  overturning  moment  generated  by  the  re¬ 
sultant  of  the  lateral  loads  acting  on  the 
cofferdam.  The  external  shear  force  on  the 
base  of  the  cofferdam  fill,  Q,  is  a  function  of 
the  external  or  driving  moment,  M.  Q  is  re¬ 
lated  to  the  driving  moment  as  Q  =  3M/2b,  where 
b  =  the  diameter  of  the  cell.  The  force  Q  is 
resisted  by  the  internal  soil  friction  on  the 
assumed  vertical  shear  plane,  and  the  friction 
in  the  interlocks,  and  the  factor  of  safety 
against  internal  shear  failure  by  this 
technique  is: 

F  =  ^  K  (tan  ;  +  f) 


where,  f  =  coefficient  of  friction  on  the 
interlocks,  K  =  the  earth  pressure  coefficient 
acting  on  the  vertical  plane,  =  unit  weight 
of  the  soil,  and  H  =  the  height  of  the  cell. 
The  principal  unknown  in  this  approach  is  the 
value  of  the  parameter  K.  Terzaghi  assumed  it 
to  be  0.5.  Schroeder  and  Maitland  (1979)  argue 
that  this  is  too  conservative,  and  that  a  more 
reasonable  value  is  1.0,  thus  doubling  the 
allowable  resultant  lateral  load.  Finite 
element  analyses  have  tended  to  support  this 
finding  (Singh  and  Clough,  1988) . 


Fig.  4  -  Terzaghi 's  Design  Method 
for  Cellular  Cofferdams 


Alternative  methods  for  internal  failure  in  the 
fill  to  that  of  Terzaghi  were  proposed  by 
Krynine  (1945),  Hansen  (1953),  and  Cummings 
(1957)  .  Reasonable  doubt  still  exists  over 
which  of  the  procedures  is  correct,  and  no 
cofferdam  has  been  documented  to  have  failed  in 
this  manner.  Model  tests  by  Maitland  and 
Schroeder  (1979)  support  the  Terzaghi  approach 
if  the  earth  pressure  coefficient  used  is  1.0, 
and  not  0.5  as  suggested  by  Terzaghi.  However, 
in  the  model  tests,  the  cofferdam  had  to  be 
tilted  50  %  of  the  cell  height  to  generate  the 


failure.  Thus,  it  appears  that  a  better  ap¬ 
proach  to  design  would  be  to  use  limiting  de¬ 
formations  as  the  control,  since  the  large 
movements  required  to  cause  internal  shear 
would  obviously  be  unacceptable.  In  following 
sections  of  this  paper,  methods  are  suggested 
to  allow  calculation  of  the  likely  movements  of 
a  cellular  cofferdam. 

FINITE  ELEMENT  ANALYSIS  PROCEDURES 

Conventional  analysis  techniques  for  cofferdams 
are  largely  semi-empirical,  and  are  limited  to 
conditions  similar  to  those  for  which  we  have 
an  experience  base.  The  concepts  of  soil- 
structure  interaction  upon  which  the 
conventional  methods  are  based  are  elementary, 
and  do  not  reflect  the  true  nature  of  the 
problem  in  many  instances.  Further,  they  are 
unable  to  predict  cofferdam  movements  and 
deflections.  The  latter  drawback  is  important 
in  where  the  cofferdam  is  deformation  sensi¬ 
tive,  or  in  the  case  deformations  are  to  be 
monitored  and  used  to  judge  the  performance  of 
the  cofferdam. 

Early  efforts  at  finite  element  analyses  of 
cofferdams  were  conducted  without  a  full  ap¬ 
preciation  of  the  complexity  of  the  system, 
particularly  relative  to  the  extra  flexibility 
in  the  cells  provided  by  the  interlocks. 
Clough  and  Hansen  (1977)  first  applied  the 
method  to  a  real  cofferdam  in  the  analysis  of 
the  Willow  Island  Cofferdam.  This  effort 
focused  on  the  effects  of  lateral  loading  using 
a  two-dimensional  "vertical  slice"  model.  The 
cell  was  represented  by  front  and  back  bending 
elements  connected  by  a  series  of  flexible 
springs.  The  spring  stiffnesses  were  derived 
on  the  basis  that  the  cell  acted  as  a  perfect 
pressure  vessel.  The  cell  fill  model  incor- 
corporated  allowances  for  nonlinear  behavior, 
and  provisions  were  made  for  slip  between  the 
cell  walls  and  the  cell  fill.  Deformation 
predictions  using  this  model  were  reasonable 
for  lateral  loading,  but  were  unrealistically 
small  for  the  filling  stage.  Stevens  (1980) 
later  used  the  Clough  and  Hansen  model  to  re¬ 
analyze  the  Willow  Island  Cofferdam,  but  he 
reduced  the  stiffness  of  the  connecting  springs 
for  the  front  and  back  walls  to  allow  for  more 
flexibility,  and  hence  to  indirectly  account 
for  interlock  induced  deformations  in  the  cell. 
This  approach  produced  reasonable  predictions 
of  movements  for  both  filling  and  lateral  load¬ 
ing,  but  there  was  no  general  method  available 
to  determine  the  degree  by  which  the  flexi¬ 
bility  should  be  reduced  for  interlock  in¬ 
fluences  . 

An  intensive  investigation  into  finite  element 
analyses  of  cofferdams  was  triggered  by  the 
construction  and  instrumentation  of  the  Lock 
and  Dam  26  Replacement  (R)  cofferdam.  Using 
the  results  of  a  series  of  tests  on  sheetpile 
assemblies,  the  senior  author  and  his  co¬ 
workers  were  able  to  develop  three  two- 
dimensional  models  which  incorporated  many  of 
the  key  aspects  of  cofferdam  behavior  (Clough 
and  Kuppusamy,  1985,-  Kuppusamy,  et  al .  ,  1985). 
Each  of  the  two-dimensional  models  addresses  a 
different  aspect  of  the  problem.  All  incor¬ 
porate  allowances  for  interlock  yielding,  non¬ 
linear  soil  behavior,  slip  between  the  cell 
fill  and  natural  soils  and  the  steel  sheet- 
piles,  and  construction  sequence.  Further 
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work  by  Mosher  (1988)  has  extended  these  con¬ 
cepts  to  three-dimensional  finite  element 
analyses . 

Figure  5  shows  the  results  of  an  axisymmetric 
analysis  of  the  filling  of  one  of  the  main 
cells  of  Lock  and  Dam  26  (R)  .  The  results  are 
given  in  terms  of  radial  deflections  of  the 
cell,  and  interlock  forces  as  a  function  of  the 
degree  of  flexibility  of  the  cell.  The  flexi¬ 
bility  of  the  cell  is  described  in  terms  of  the 
parameter  "E-Ratio,”  which  is  the  ratio  of  the 
modulus  used  for  the  cell  in  the  horizontal 
direction  to  that  used  for  the  vertical  direc¬ 
tion.  To  allow  for  interlock  stretching,  the 
E-Ratio  must  be  less  than  one.  It  can  be 
shown  from  interlock  tests,  and  by  comparison 
of  predicted  results  to  observed  that  the 
appropriate  E-latio  for  the  cell  filling  stage 
is  in  the  range  of  0.03-0.05.  Importantly, 
with  this  level  of  E-Ratio,  the  cells  typically 
expand  enough  on  filling  to  cause  active  condi¬ 
tions  within  the  cell  fill,  and  lead  to  the 
lowest  possible  interlock  forces. 
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Fig.  5  -  Results  of  Axisymmetric  Analysis- 
End  of  Cell  Filling  -  Lock  &  Dam 
26  (R) 


The  contours  of  lateral  stresses  predicted  for 
the  cell  fill  for  Lock  and  Dam  26  (R)  Stage  1 
cofferdam  after  completion  of  filling  are  given 
in  Figure  6.  The  stress  contours  reveal  a 
pattern  of  arching,  caused  by  significant 
portion  of  the  vertical  weight  of  the  fill 
being  picked  up  by  the  shear  between  the  cell 
sheetpiles  and  the  fill.  As  reported  by  Clough 
and  Goeke  (1986),  the  arching  was  reflected  in 
differences  in  insitu  test  results  performed 
near  the  sheetpiles  and  near  the  center  of  the 
cells  for  the  Lock  and  Dam  26  (R)  Stage  1 
cofferdam. 

Figures  7  and  8  show  comparisons  of  results 
predicted  by  the  axisymmetric  and  three- 
dimensional  finite  element  models  for  cell 
filling,  and  those  obtained  in  the  instrumen¬ 
tation  program  for  Lock  and  Dam  26  (R)  coffer¬ 
dam.  Results  from  both  of  the  finite  element 


models  reasonably  match  the  averages  of  the 
observed  data  for  deflection  and  interlock 
loads.  Movements  of  the  instrumented  cells  are 
also  closely  predicted  for  differential  loading 
caused  by  dewatering  and  flooding,  Clough  and 
Kuppusamy  (1985) .  Further  analyses  of  other 
cofferdams  by  Singh  and  Clough  (1988)  using  the 
finite  element  tools  support  the  idea  that  if 
proper  parameters  are  defined  for  the  models, 
realistic  predictions  of  cofferdam  behavior  can 
be  obtained. 
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Fig.  6  -  Lateral  Stress  Contours  - 
End  of  Cell  Filling  - 
Lock  &  Dam  26  (R) 


Recent  design  applications  of  the  finite 
element  models  have  been  made  for  cofferdams 
used  as  floodwalls  (Peters,  1987),  and  water¬ 
front  structures.  Figure  9  shows  predicted 
deflections  for  a  cell  used  ®  proposed 
offloading  facility  in  Alaska  which  is  sub¬ 
jected  to  strong  ice  loading  just  at  the  water 
line.  The  ice  loading  causes  the  cell  to  be 
distorted  at  the  water  line,  and  also  to  be 
translated  as  a  unit  by  the  ice  loading. 
Analyses  of  this  type  were  used  to  help  select 
cell  fill  properties  and  foundation  preparation 
techniques  for  the  offloading  facility  so  as  to 
hold  cell  deflections  within  tolerable  limits. 
Instrumentation  results  will  be  available  in 
the  near  future  for  several  projects  to  check 

the  validity  of  the  finite  element  predictions. 
However,  the  methods  have  already  proven  much 
of  their  merit  in  providing  information  to  aid 
in  critical  design  decisions. 


1600 


Depth  From  Top  of  Cell-Ft. 


Fig.  7  -  Comparison  of  Radial  Deflection 
from  Axisymmetric  and  Three- 
Dimensional  Analyses  -  End  of 
Filling 
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Fig.  8  -  Comparison  of  Predicted  Interlock 
Force  from  Axisymmetric  and  Three- 
Dimensional  Analyses  -  End  of 
Filling 


Fig.  9  -  Predicted  Deflections  for  Proposed 
Alaskan  Offloading  Facility 


DESCRIPTION  OF  COFFERDAMS  USED  IN  CASE  HISTORY 
REVIEW 

In  Table  1  the  key  aspects  are  given  for  the 
six  cofferdams  used  in  this  case  history  re¬ 
view.  The  first  four  are  more  conventional 
cases  where  the  cofferdam  serves  as  a  temporary 
system  to  allow  dewatering  for  construction 
within  a  body  of  water.  The  latter  two  are 
permanent  systems,  serving  as  waterfront  and 
soil  retaining  structures.  Instrumentation  to 
monitor  the  cell  filling  stage  was  successfully 
installed  for  only  two  of  the  cases,  the  Lock 
and  Dam  26  Stage  1  cofferdam,  and  the  cofferdam 
for  the  Trident  Drydock. 

The  diameter  of  the  six  cofferdams  ranged  from 
62  to  76  ft,  and  their  height  above  the  dredge 
line  varied  from  36  to  80  ft.  Sheetpile  embed¬ 
ments  varied  widely,  with  the  smallest  at  the 
Willow  Island  cofferdam  where  a  rock  foundation 
was  present,  to  the  largest  at  the  Lock  and  Dam 
26  (R)  Stage  1  cofferdam  with  35  ft  of  embed¬ 
ment. 

Fill  for  all  of  the  cofferdams  was  sand,  al¬ 
though  in  the  Seagirt  case  a  10  ft  layer  of 
soft  silt  soil  remained  in  the  cell  beneath  the 
fill.  In  the  case  of  the  Trident  and  Fulton 
Terminal  6  cofferdams  the  cell  fills  were 
densified  using  vibratory  compaction  after  they 
were  placed.  The  Trident  case  is  also  unique 
in  that  with  unwatering  of  the  interior  of  the 
cofferdam,  the  cells  themselves  were  dewatered 
to  increase  the  weight  of  the  cell  fill.  In 
other  cases,  the  cell  fill  remains  partially 
saturated  with  water  seeping  from  outboard  to 
inboard  side.  The  Lock  and  Dam  26  (R)  coffer¬ 
dams  used  special  wellpoints  just  on  the  in¬ 
terior  of  the  cofferdam  to  insure  that  the 
seepage  water  level  was  kept  below  dredge  line. 

Foundations  for  all  of  the  case  histories  were 
generally  sound,  with  the  materials  composed  of 
dense  sands,  rock,  or  hard  clays.  The  poorest 
foundation  was  for  certain  areas  of  the  Seagirt 
cofferdam,  where  in  some  places  it  was  composed 
of  a  fissured  stiff  clay. 
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Loading  was  provided  by  water  for  most  of  the 
cofferdams,  except  for  the  Seagirt  and  Fulton 
Terminal  6  cases.  The  Seagirt  cofferdam,  was 
designed  to  support  dredged  spoil,  and  the 
Fulton  Terminal  6  cofferdam  carried  the  load  of 
the  sand  fill  used  to  form  the  base  for  a 
wharf . 

REVIEW  OF  CASE  HISTORY  DATA  FOR  CELL  FILLING 

Relatively  few  cofferdams  have  been  instru¬ 
mented  and  monitoreu  for  the  cell  filling 
stage.  This  is  attributable  to  the  problems  of 
maintaining  workable  instrumentation  on  the 
sheetpiles  as  they  are  driven,  and  in  obtaining 
reasonable  zero  readings  on  them  before  they 
are  stabilized  by  filling  the  cells.  Fortu¬ 
nately,  as  noted  earlier,  in  two  instances  in¬ 
strumentation  has  been  successfully  implemented 
during  cell  filling.  In  the  case  of  both  the 
Trident  drydock  (Sorota,  et  al.,  1981)  and  the 
Lock  and  Dam  26  (R)  Stage  1  cofferdams  (Moore 
and  Kleber,  1985),  strain  gages  were  applied  to 
cells  to  allow  determination  of  interlock 
forces  during  filling.  Only  in  the  case  of 
Lock  and  Dam  26  (R)  Stage  1  cofferdam  were  the 
inclinometers  in  place  to  measure  cell  move¬ 
ments  during  filling.  A  section  through  the 
Lock  and  Dam  26  (R)  Stage  1  cofferdam  is  shown 
in  Figure  10.  As  can  be  seen  from  the  date  in 
Table  1,  the  two  cofferdams  are  similar  in  many 
characteristics,  although  the  Trident  cells  had 
a  greater  height,  less  sheetpile  embedment,  a 
smaller  diameter  to  height  ratio,  and  was  sup¬ 
ported  by  a  better  foundation  material. 
Notably,  after  fill  placement,  the  cell  fill  in 
the  Trident  case  was  densified  using  a  vibra¬ 
tory  technique. 

Interlock  Forces  on  Filling 

In  Figure  11  the  ranges  of  the  measured  main 
cell  interlock  forces  for  the  two  cases 
immediately  after  fill  placement  are  shown. 
The  trend  in  the  data  is  for  the  interlock 
forces  to  increase  with  depth  to  a  point 
slightly  above  the  dredge  line,  and  then  to 
decrease  after  that.  With  compaction  of  the 
fill  for  the  Trident  cofferdam,  the  interlock 
stresses  showed  a  clear  increase  over  the 
placement  values.  For  purposes  of  comparison 
with  predicted  interlock  forces  the  measured 
values  at  the  completion  of  cell  filling  are 
shown  with  those  determined  using  the  the  TVA 


Fig.  10  -  Typical  Coll  Schematic  of 
Lock  6.  Dam  26  (R) 
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Fig.  12.  '  Comparison  of 
SiM  Interlock 
sured  Values 


Interlock  Force  (Kips/ 
In)  Lock  a  Dam  26 
(R) -  Stage  1 

Predicted  TVA  and 
Forces  with  Moa- 


and  SiM  methods  in  Figure  12.  General  conclu¬ 
sions  that  are  drawn  from  the  measured  inter- 
l0'~k  forces  from  the  filling  stage  are: 

1. )  The  observed  interlock  force  distributions 

follow  a  similar  trend  to  that  defined  by 
the  TVA  or  SiM  methods. 

2. )  The  TVA  method  tends  to  predict  interlock 

forces  for  cell  placement  which  fit  the 
average  observed  values  for  the  Lock  and 
Dam  26  (R)  case  well,  but  are  on  the  low 
side  fcr  the  Trident  case.  Conversely, 
the  S&M  method  is  on  the  high  side  for 
L.yck  and  Dam  26  (R)  ,  and  fits  the  average 
well  for  the  Trident  case. 

3. )  The  maximum  interlock  force  typically 

occurs  at  distances  of  0.125H  and  0.25H 
above  the  dredge  line  fcr  the  Trident  and 
Lock  and  Dam  26  (R)  cofferdams  respec¬ 
tively.  The  higher  location  for  the  maxi¬ 
mum  interlock  force  is  associated  with  the 
greater  embedment  of  the  Lock  and  Dam  26 
(R)  cofferdam  versus  that  of  the  Trident 
case . 

4. )  The  earth  pressure  coefficient  for  the 

compacted  fill  in  the  Trident  cofferdam  is 
higher  than  could  be  reasonably  predicted 
by  either  the  TT/A  or  SSM  methods.  This  is 
likely  due  to  either  built-in  compaction 
stresses,  or  break  down  of  arching  effects 
in  the  fill  as  a  result  of  the  disturbance 
in  the  fill  by  the  compaction. 

As  would  be  expected  from  conventional  theory, 
the  measured  values  of  interlock  forces  in  the 
common  walls  of  the  two  cofferdams  are  higher 
than  those  in  the  main  cells.  However,  the 
measured  values  are  less  than  would  b»  expected 
by  the  TVA  secant  formula,  and  more  consistent 
with  the  predictions  of  the  Swatek  approach. 


Cell  Displacements  on  Filling 

The  different  measurements  of  cell  displace¬ 
ments  generated  by  filling  for  Lock  and  Dam  26 
(R)  Stage  1  cofferdam  inclinometers  yielded  the 
same  gene”al  trends,  but  thcic  was  a  rather 
wide  spread  in  magnitudes  (Figure  t) .  This  is 
likely  due  to  the  extreme  flexibility  of  the 
cofferdam  before  and  during  filling.  The 
deflected  shape  indicates  increasing  cell 
bulging  down  to  a  point  about  0.25H  above  the 
dredge  line,  and  decreasing  movements  after 
this.  The  location  of  the  maximum  bulge  is 
consistent  with  the  location  defined  fcr  the 
measured  maximum  interlock  force,  as  it  should 
be.  This  location  of  maximum  bulge  is  also 
consistent  with  that  suggested  by  Lacroix  et 
al.  (1970)  for  other  cofferdams  with  similar 
conditions . 

REVIEW  OF  CASE  HISTORY  DATA  FOR  COFFERDAM.S 
.SUBJECTED  TO  DIFFERENTIAL  LOADING  BY  WATER 

The  data  available  for  the  four  temporary 
cofferdams  varies  in  extent  and  consistency. 
In  some  cases,  there  was  only  a  survey  net  to 
measure  movements  of  the  top  of  the  cells 
(Stage  2  cofferdam  of  Lock  and  Dam  26)  ,  while 
in  others  data  were  obtained  from  inclinometers 
and  strain  gages  as  well. 

Interlock  Forces 

In  the  application  of  diffe  o;  , ial  loads  to  the 
two  cofferdams  instrumented  for  interlock 
force,  conditions  differed.  At  Lock  and  Dam  26 
(R)  Stage  1,  a  restraining  berm  was  placed  on 
the  interior  of  the  cofferdam  before  unwatering 
began.  During  unwatering,  a  dewatering  system 
was  activated  which  controlled  the  underseepage 
beneath  the  cofferdam.  The  Trident  cofferdam 
was  unusual  in  that  upon  unwatering  of  the  in¬ 
terior,  the  cell  fills  themselves  were  de¬ 
watered  . 
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For  Lock  and  Dam  26  (R)  ,  the  maximum  interlock 
forces  showed  decreases  during  berm  placement, 
unwatering,  and  flooding  by  percentages  of  3, 
40,  and  27  respectively.  These  decreases  are 
all  counter  to  conventional  theory  which  would 
predict  no  change  for  berm  placemei.t,  and  an 
increase  on  initial  unwatering  and  flooding. 
Interestingly,  the  finite  element  analyses  of 
this  cofferdam  correctly  predicted  these  trends 
(Clough  and  Kuppusamy,  1985) .  The  reason  for 
the  lack  of  agreement  between  conventional 
theory  and  the  actual  behavior  is  shown  in  che 
finite  element  analyses  to  lie  in  the  effects 
of  the  stabilizing  berm.  The  initial  berm 
loading  works  against  the  pressures  exerted  by 
the  cell  fill,  and  lowers  the  net  load  at  a 
point  near  the  maximum  interlock  force.  Upon 
unwatering  and  flooding,  the  cell  walls  are 
pushed  against  the  berm  which  then  mobilizes 
the  strength  of  the  soil  in  the  berm,  and 
generates  additional  resistance  to  lower  the 
net  loading  on  the  sheetpiles. 

In  the  Trident  cofferdam,  where  no  berm  was 
present,  unwatering  led  to  an  increase  of 
interlock  forces  on  the  unwatered  or  inboard 
side,  and  a  decrease  on  the  outboard  side. 
This  response  is  consistent  with  conventional 
theory,  and  reflects  the  fact  that  there  is  no 
element  requiring  further  consideration  of 
soil-structure  interaction  beyond  the  simplest 
concepts.  The  contrast  between  the  Trident  and 
Lock  and  Dam  26  (R)  Stage  1  cofferdams  shows 

the  importance  of  soil-structure  interaction  in 
cofferdam  behavior. 

Cell  Movements 

The  inclinometer-based  movements  of  the 
instrumented  cells  for  the  Trident  and  Lock  and 
Dam  26  (R)  Stage  1  cofferdams  allow  the  cell 

wall  displacemant  patterns  to  be  d'^termined. 
Figures  13  and  14  show  the  measured  profiles 
for  the  outboard  and  inboard  sides  for  two  of 
the  typical  cells  for  each  cofferdam.  The  pro¬ 
files  reflect  the  effects  of  the  unwatering 
isolated  from  the  previous  displacements  in¬ 
duced  by  filling.  The  Trident  cell  tended  to 
rotate  in  a  relatively  uniform  pattern,  while 
the  Lock  and  Dam  26  (R)  cell  underwent  more  of 
a  distortion  effect  with  the  lower  portions  of 
the  cells  restrained.  This  difference  can  be 
attributed  to:  (1)  The  differences  in  cell 
embedments,  with  those  for  the  Trident  cell 
small,  and  those  for  the  Lock  and  Dam  26  (R) 

cell  large;  (2)  The  presence  of  the  restraining 
berm  against  the  inboard  sheetpiles  for  Lock 
and  Dam  26  (R)  ;  and,  (3)  the  especially  dense 

condition  of  the  fill  at  the  Trident  cofferdam. 
One  notable  common  trend  in  the  results  is  that 
the  outboard  side  moved  more  than  the  inboard 
side,  a  behavior  that  is  confirmed  in  other 
measurements  shown  subsequently. 

The  inclinometer  measurements  are  interesting, 
but  they  only  represent  the  movement  of  one 
cell.  Thus,  it  is  also  useful  to  study  the 
survey  data  for  top  of  cell  movement  since  this 
is  available  for  many  cells,  and  allows  an 
insight  into  the  scatter  of  behavior  as  well  as 
other  aspects  of  response.  In  Figure  15  the 
survey  data  obtained  during  the  unwaterlng  of 
Lock  and  Dam  26  (R)  Stage  1  cofferdam  for 


Trident  Orydock 


Fig.  13.  -  Movement  of  Cell  5  of  Trident  Dry- 
dock  Cofferdam  during  Dewatering 


LOCK  AND  DAM  NO. 26  (R) 


30  ft 

I - 1  Structure  Scole 


Fig.  14  -  Movement  of  Cell  33  of  Lock  &  Dam 
26  (R)  during  Dewatering 
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Fig.  15  -  Movements  of  11  Typical  Cells  dur¬ 
ing  Dewatering  (optical  survey) 
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movements  of  the  tops  of  11  typical  upstream 
and  downstream  cells  are  plotted  versus  the 
differential  head  between  the  outboard  and 
inboard  side  of  the  cells.  The  differential 
head  is  a  simple  measure  of  the  loading  applied 
to  the  cells.  The  range  in  cell  movements  as 
well  as  the  averages  are  shown.  The  following 
trends  stand  out: 

1. )  Although  there  is  scatter  in  the  data, 

there  is  a  consistent  trend  for  the  cell 
displacements  to  increase  almost  line- 
arally  with  differential  head. 

2. )  The  average  of  the  inboard  cell  movements 

is  uniformly  larger  than  those  of  the  out¬ 
board  cell  movements. 

Review  of  the  data  from  other  cofferdams  shows 
the  same  response  as  indicated  in  these  conclu¬ 
sions,  and  a  similar  response  is  seen  in  finite 
element  analyses  (Martin  and  Clough,  1988) . 


Figure  16  extends  the  movement  data  for  the  11 
typical  cells  of  Lock  and  Dam  26  (R)  Stage  1 
cofferdam  to  include  the  behavior  that  was  ob¬ 
served  as  the  water  levels  fluctuated  after 
completion  of  unwatering.  The  changes  in  dif¬ 
ferential  water  head  first  involved  a  small 
decrease.  This  was  followed  by  a  flood  event 
in  December  of  1982.  As  the  head  reached  es¬ 
sentially  60  ft  and  threatened  to  overtop  the 
cells,  the  Corps  of  Engineers  began  voluntary 
flooding  of  the  interior  of  the  cofferdam  using 
an  emergency  spillway.  This  immediately  led 
to  a  decrease  of  the  differential  head  acting 
on  the  cofferdam.  As  is  seen  in  Figure  16,  the 
response  of  the  cofferdam  to  these  loadings  was 
not  the  same  as  that  which  developed  on  initial 
unwatering.  Each  event  led  to  cumulative  in¬ 
creases  in  movements.  The  response  to  the 
December  high  water  was  particularly  sharp  with 
deformations  increasing  v/ith  differential  head 
faster  than  during  unwatering.  It  is  believed 
that  this  is  caused  by  the  fact  that  the  moment 
arm  of  the  high  water  about  the  cofferdam  cen¬ 
terline  is  greater  than  that  of  the  normal 
pool,  and  that  the  high  water  leads  to  more 
submergence  of  the  cell  fill,  thus  reducing  the 
effective  stresses  and  stiffness  of  the  fill. 
It  is  also  notable  that  the  outboard  sheetpiles 
moved  more  than  the  inboard  sheetpiles  during 
the  high  water  loading,  where  the  opposite  was 
true  on  unwatering.  This  reversal  is  caused  by 
the  fact  that  the  high  water  loading  is 
directly  applied  to  the  outboard  sheetpiles. 


To  compare  the  four  temporary  cofferdam 
movements,  the  measured  displacements  of  the 
tops  of  the  cells  are  normalized  by  dividing  by 
the  free  height  of  the  cell,  and  then  plotted 
against  the  differential  head  which  is  also 
normalized  by  the  free  cell  height  (Figure  17) . 
The  amount  of  data  tabulated  for  each  project 
varies;  only  limited  inclinometer  information 
was  available  for  Willow  Island,  but  for  the 
others,  each  point  represents  the  average  of 
many  survey  measurements.  As  is  seen  in  the 
figure,  the  nondlmensionallzed  movements  follow 
the  loading  directly,  and  in  an  almost  linear 
fashion  until  the  very  high  levels  of  loading 


Fig.  16  -  Dewatering  and  Flood  Response 
11  Typical  Cells  (optical 
survey  1 


Differential  Heod/Free  Height 


Fig.  17  -  Normalized  Loads  and  Movements  for 
Cofferdams  under  Water  Loading.s 

are  reached.  In  order  of  increasing  non- 
dimensionalized  movements,  the  cofferdams  are 
ranked  as  Willow  Island,  Lock  and  Dam  26  (R) 
Stages  1  and  2,  and  Trident.  This  ranking  is 
consistent  with  the  relative  conditions  for  the 
cofferdams.  Willow  Island  has  the  largest 
diameter  to  height  ratio,  the  strongest 
foundation,  and  a  stabilizing  berm,  and  it 
shows  the  smallest  displacements.  The  Trident 
cofferdam  has  one  of  the  smallest  diameter  to 
height  ratios,  no  interior  stabilizing  berm, 
and  the  greatest  height,  and  it  shows  the 
largest  displacements.  The  Lock  and  Dam  (R)  26 
cofferdams  have  conditions  which  fall  between 
the  other  two,  and  displacements  which  do  like¬ 
wise. 

The  general  level  of  the  nondlmensionallzed 
movements  are  of  interest  since  the  consistency 
of  the  trends  shown  for  the  cofferdams  suggest 
that  they  can  be  used  to  help  predict  the 
likely  level  of  movement  of  cofferdams  with 
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similar  conditions.  There  are  two  other 
reference  points  of  this  type  worthy  of  men¬ 
tion.  Swatek  (1967)  reports  that  in  his  ex¬ 
perience  the  typical  temporary  cofferdam  moves 
1  %  of  its  free  height  at  the  top  of  the  cell. 
This  would  be  high  for  the  average  movement 
data  in  Figure  17,  where  none  of  the  values 
exceeded  0.6  %.  However,  if  the  extreme 
movements  were  considered  at  each  cofferdam, 
then  the  1  %  figure  would  not  be  far  from  the 
observed  value.  In  finite  parametric  studies, 
Singh  and  Clough  (1988)  report  that  the  move¬ 
ments  should  not  exceed  0.5  %  for  a  conserva¬ 
tively  designed  cofferdams,  particularly  if 
there  is  a  stabilizing  berm  present.  It  would 
appear  from  all  of  the  information  that  for 
prudent  design  of  a  cofferdam  on  good 
foundation  conditions,  a  value  of  0.5  to  1  %  of 
the  free  cell  height  could  be  used  to  estimate 
displacements. 
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dense  sand.  Before  driving  the  sheeting,  an 
upper  layer  of  soft  silt  was  dredged.  With  the 
sheets  in  place,  fill  was  dredged  into  the 
cells,  and  in  the  area  behind  the  cells  to 
create  a  level  working  surface.  The  fills  in 
the  cells  and  behind  the  cells  was  vibrated 
into  a  dense  condition,  with  an  estimated 
relative  density  of  about  80  %. 

Both  the  Seagirt  and  Fulton  Terminal  6 
cofferdams  underwent  significant  deformations 
as  a  result  of  the  lateral  loads  applied  to 
them.  In  Figure  19,  the  lateral  movements 
measured  at  the  tops  of  selected  cells  for  boch 
cofferdams  are  plotted  versus  date,  with  key 
activities  at  the  sites  noted.  For  the  Seagirt 
case,  two  sets  of  data  are  shown,  one  for  a 
section  of  the  cofferdam  on  a  clay  foundation, 
and  one  for  a  section  on  the  dense  sand.  The 
movements  for  the  Seagirt  cofferdam  do  not 
represent  the  entire  deformation  history  of 
this  system,  since  some  movement  occurred 
before  measurement  benchmarks  were  installed. 


Fig.  18  -  Typical  Cell  Schematic  of 
Seagirt  Cofferdam 


REVIEW  OF  CASE  HISTORY  DATA  FOR  COFFERDAMS 
SUBJECTED  TO  OTHER  THAN  WATER  LOADINGS 

The  Seagirt  and  Fulton  Terminal  6  case 
histories  represent  unique  situations  in  that 
these  cofferdams  are  subjected  to  loading  other 
than  by  water.  Figure  18  shows  typical  section 
for  the  Seagirt  cofferdam  in  the  area  where  it 
was  founded  on  sand.  In  other  areas,  this 
cofferdam  was  founded  on  a  fissured  hard  clay. 
The  Seagirt  cofferdam  was  originally  intended 
as  a  temporary  system  for  the  containment  of 
the  slurry  created  by  excavation  for  the  1-95 
Baltimore  Harbor  tunnel.  Several  years  sub¬ 
sequent  to  the  construction  of  the  tunnel,  it 
was  decided  to  use  the  cofferdam  and  its  re¬ 
tained  fill  as  a  waterfront  terminal.  This 
review  focuses  on  the  cofferdam  performance 
before  the  time  changes  were  instituted  to 
upgrade  the  system  for  its  permanent  use.  The 
upper  soils  at  the  site  were  soft  organic 
clays,  and  these  were  underlain  by  either  stiff 
fissured  clays,  or  dense  sands.  The  cells  were 
driven  through  the  upper  soils  to  a  shallow 
embedment  in  the  underlying  stiffer  soils.  A 
sand  fill  was  placed  into  the  cells  without 
removing  the  soft  soils  that  remained  Inside 
the  cells. 

The  Fulton  Terminal  6  cofferdam  case  history  is 
described  by  Schroeder  (1987).  This  structure 
serves  as  a  container  wharf,  and  is  founded  on 


Maximum  lateral  movements  for  the  Seagirt  case 
reached  about  5  ft  for  the  cell  on  founded  on 
clay,  and  1  ft  for  the  cell  founded  on  dense 
sand,  values  equal  to  13  and  3  %  respectively 
of  the  free  cell  height.  While  most  of  the 
displacements  of  the  cells  occurred  during 
active  construction,  a  significant  portion  of 
those  for  both  foundation  condition  are  time- 
dependent.  Because  no  inclinometers  were  in 
place  during  the  construction,  the  exact 
sources  of  the  movements  cannot  be  determined. 
However,  it  seems  reasonable  that  the  large 
deformations  are  in  part  related  to  the 
presence  of  the  soft  organic  silts  in  the  cell 
and  in  the  soil  on  either  side  of  the  cell. 
Also,  where  the  hard  clay  formed  the  foundation 
material,  it  is  likely  that  the  sheetpiles  in 
the  front  of  the  cells  plunged  into  the  clay 
causing  a  rotation  of  the  cells  forward. 

As  is  seen  in  Figure  19,  lateral  displacement 
due  to  placement  of  fill  behind  the  cell  was 
only  1.0  ft,  or  about  1.5%  of  the  cell  height. 
Inclinometers  installed  on  the  cofferdam  cells 
allowed  a  definition  of  sources  of  movements. 
A  significant  amount  of  displacement  was  ob¬ 
served  at  the  dredge  line  and  below,  indicating 
movements  of  the  embedded  portion  of  the 
sheetpiles . 

_  Elopsed  Time  ,  months 


Fig.  19  -  Lateral  Displacements  of 
Cells  Loaded  by  .Soil 
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The  performances  of  the  Seagirt  and  Fulton 
Terminal  6  cofferdams  lead  to  the  following 
observations: 

i) .  Despite  large  deformations  of  the  coffer¬ 
dams,  they  continued  to  perform  ade¬ 
quately  sh'^w’^g  the  resilence  of  these 
flexible  structures. 

2. )  The  lateral  movements  of  the  cofferdams 

loaded  by  soil  were  larger  than  those  of 
the  cofferdams  loaded  by  water. 

3. )  The  movements  of  the  Seagirt  cofferdam  are 

larger  than  those  for  the  Terminal  6  cof¬ 
ferdam,  presumably  due  to  poorer  founda¬ 
tion  conditions  and  the  presence  of  the 
weak  silt  in  the  fill. 


SUMMARY  AND  CONCLUSIONS 

Until  the  early  1970 's,  the  technology  for 
cellular  cofferdams  was  relatively  static. 
Design  methods  were  largely  empirical,  and  the 
main  use  for  cofferdams  was  as  a  temporary 
structure  to  allow  construction  in  the  dry  in  a 
body  of  water.  Since  that  time,  a  number  of 
studies  of  the  subject  have  taken  place  in  the 
form  of  model  and  full-scale  instrumentation 
projects.  Also,  investigators  have  developed 
finite  element  models  with  realistic  allowances 
for  many  of  the  important  aspects  of  the 
complex  cofferdam  problem.  Conclusions  from 
the  work  to  date  include: 

1. )  Model  studies  have  led  to  new  methods  for 

calculating  interlock  forces  and  internal 
stability.  These  generally  lead  to  less 
conservative  answers  than  are  obtained  by 
the  early  design  techniques. 

2. )  For  finite  element  methods  to  successfully 

model  the  cellular  cofferdam,  they  must 
account  for  the  nature  of  the  construction 
process,  the  nonlinear  soil  behavior, 
flexibility  added  to  the  system  through 
sheetpile  interlock  deformations,  and  slip 
between  the  sheetpiles  and  the  soils. 

3 .  )  Finite  element  analyses  show  that  the 

soil-structure  interaction  process  in  the 
cofferdam  is  complicated  because  of  the 
flexibility  of  the  system  and  the 
large  deformations  that  occur. 

4. )  Earth  stability  berms  placed  on  the  in¬ 

terior  of  the  cofferdam  have  an  impact  on 
the  behavior  both  in  reducing  overall  cell 
deformations,  and  in  limiting  the  develop¬ 
ment  of  interlock  forces  in  the  cell  by 
providing  a  restraint  at  the  location 
where  the  interlock  forces  are  usually  the 
largest. 

5. )  For  cells  with  significant  embedment,  the 

maxim.um  interlock  force  and  cell  bulge 
occurs  at  a  distance  of  about  0.25H  above 
the  dredge  line. 

6. )  For  cells  with  small  embedments,  the  maxi¬ 

mum  interlock  force  and  cell  bulge  occurs 
at  a  distance  less  than  0.25  H  above  the 
dredge  line. 

7 .  )  The  maximum  interlock  force  can  be  reason¬ 

ably  calculated  using  either  the  TVA  or 


SScM  methods  when  a  earth  berm  is  not  pre¬ 
sent.  If  an  earth  berm  is  present,  then 
these  methods  will  lead  to  conservative 
predictions  of  interlock  forces  for  condi¬ 
tions  after  filling. 

8 .  )  Average  lateral  displacements  at  the  top 

of  conservatively  designed  cofferdams 
under  the  action  of  water  loading  will  be 
in  the  range  of  0.5  %  of  the  cell  height. 
Repeated  loading  by  high  water  can  lead 
to  cumulative  increases  of  cofferdam  move¬ 
ments  . 

9. )  Lateral  displacements  of  cofferdams  are 

controlled  by  the  magnitude  of  the  lateral 
loading,  and  follow  the  loading  magnitude 
almost  linearally  so  long  as  the  factor  of 
safety  of  the  system  is  well  above  one. 

10. )  Densification  of  the  cell  fill  causes  in¬ 

creases  in  interlock  forces  and  cell  dis¬ 
placements  over  those  induced  during  cell 
filling. 

11. )  In  the  cases  considered  herein,  cofferdams 

loaded  by  soil  moved  more  than  those 
loaded  by  water. 

12. )  Cellular  cofferdams  are  resilient  struc¬ 

tures,  and  are  able  to  sustain  large  dis¬ 
placements  and  distortions  without  fail¬ 
ure. 
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